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FOREWORD 

The American Institute of Steel Construction, founded in 1921, is the nonprofit technical 

specifying and trade organization for the fabricated structural steel industry in the United 

States. Executive and engineering headquarters of AISC are maintained in Chicago. The 

Institute is supported by four classes of membership: Full Members engaged in the fabri

cation, production and sale of structural steel; Associate Members, who include Erectors, 

Detailers, Service Consultants, Software Developers, and Steel Product Manufacturers; 

Professional Members, who are individuals or firms engaged in the practice of architecture 

or engineering, including architectural and engineering educators; and Affiliate Members, 

who include Building Inspectors, Code Officials, General Contractors, and Construction 

Management Professionals. The continuing financial support and active participation of 

Members in the engineering, research, and development activities of the Institute make 

possible the publishing of this Seismic Design Manual. 

The Institute's objective is to make structural steel the material of choice, by being 

the leader in structural-steel-related technical and market-building activities, including: 

specification and code development, research, education, technical assistance, quality 

certification, standardization, and market development. 

To accomplish this objective, the Institute publishes manuals, design guides and 

specifications. Best known and most widely used is the Steel Construction Manual, 

which holds a highly respected position in engineering literature. The Manual is based 

on the Specification for Structural Steel Buildings and the Code of Standard Practice 

for Steel Buildings and Bridges. Both standards are included in the Steel Construction 

Manual for easy reference. 

The Institute also publishes technical information and timely articles in its Engi

neering Journal, Design Guide series, Modern Steel Construction magazine, and other 

design aids, research reports and journal articles. Nearly all of the information AISC 

publishes is available for download from the AISC web site at www.aisc.org. 
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PREFACE 

This is the third edition of the AISC Seismic Design Manual, intended to assist designers 

in properly applying AISC standards and provisions in the design of steel frames to resist 

high-seismic loadings. This Manual is intended for use in conjunction with the AISC Steel 

Construction Manual, 15th Edition. 

The following consensus standards are printed in Part 9 of this Manual: 

• 2016 Seismic Provisions for Structural Steel Buildings (ANSI/ AISC 341-16)

• 2016 Prequalified Connections for Special and Intermediate Steel Moment Frames for

Seismic Applications (ANSI/ AISC 358-16)

The design examples contained in this Manual demonstrate an approach to the design, 

and are not intended to suggest that the approach presented is the only approach. The com

mittee responsible for the development of these design examples recognizes that designers 

have alternate approaches that work best for them and their projects. Design approaches that 

differ from those presented in these examples are considered viable as long as the AISC 

Specification and AISC Seismic Provisions, sound engineering, and project specific require

ments are satisfied. 

The following major changes and improvements have been made in this revision: 

• More thorough and comprehensive design examples, updated for the 2016 AISC

Seismic Provisions and 2016 AISC Specification

• Addition of Section 1.4 regarding the identification of elements that are part of the

seismic force-resisting system

• Addition of examples illustrating the bracing of beams in special moment-frame systems

• Addition of a bolted flange plate example for a special moment frame system

• Addition of an example addressing the strong-column weak-beam exception in a

special moment frame system

• Addition of special truss moment frame examples

• Addition of multi-tiered ordinary concentric braced frame examples

• Addition of a buckling-restrained braced frame brace-to-beam/column connection

example

• Inclusion of the chevron effect in braced frame examples

• Inclusion of ASTM A913, ASTM A500 Grade C, and ASTM Al085 steel in select

tables and examples
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SCOPE 

The specification requirements and other design recommendations and considerations 

summarized in this Manual apply in general to the design and construction of seismic force

resisting systems in steel buildings and other structures. The AISC Seismic Design Manual 

is intended to be applied in conjunction with the AISC Steel Construction Manual, which 

provides guidance on the use of the AISC Specification for Structural Steel Buildings. 

In addition to the requirements of the AISC Specification, the design of seismic force

resisting systems must meet the requirements in the AISC Seismic Provisionsfor Structural 

Steel Buildings, except in the following cases for which use of the AISC Seismic Provisions 

is not required: 

• Buildings and other structures in Seismic Design Category (SDC) A

• Buildings and other structures in SDC B or C with R = 3 systems [steel systems not

specifically detailed for seismic resistance per ASCE/SEI 7, Table 12.2-1 (ASCE,

2016)]

• Nonbuilding structures similar to buildings with R = 1 1/2 braced-frame systems or R = 1

moment-frame systems; see ASCE/SEI 7 Table 15.4-1

• Nonbuilding structures not similar to buildings (see ASCE/SEI 7, Table 15.4-2), which

are designed to meet the requirements in other standards entirely

Conversely, use of the AISC Seismic Provisions is required in the following cases: 

• Buildings and other structures in SDC B or C when one of the exemptions for steel

seismic force-resisting systems above does not apply

• Buildings and other structures in SDC B or C that use cantilever column systems

• Buildings and other structures in SDC B or C that use composite seismic force

resisting systems (those containing composite steel-and-concrete members and those

composed of steel members in combination with reinforced concrete members)

• Buildings in SDC D, E or F

• Nonbuilding structures in SDC D, E or F when the exemption above does not apply

The Seismic Design Manual consists of nine parts addressing various topics related to the 

design and construction of seismic force-resisting systems of structural steel and structural 

steel acting compositely with reinforced concrete. Part 1 stipulates the specific editions of 

the specifications, codes and standards referenced in this Manual, and provides a discussion 

of general design considerations related to seismic design. Part 2 provides some guidance on 

structural analysis procedures employed. For the design of systems not detailed for seismic 

resistance, see Part 3. Parts 4 through 7 apply to the various types of seismic force-resisting 

systems, including design examples. Part 8 discusses other systems, such as diaphragm 

chords and collectors, that are important in seismic design. For applicable AISC seismic 

standards, see Part 9. 
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1-4 GENERAL DESIGN CONSIDERATIONS 

1.1 SCOPE 

The design considerations summarized in this Part apply in general to the design and con

struction of steel buildings for seismic applications. The specific editions of specifications, 

codes and other references listed below are referenced throughout this Manual. 

1.2 APPLICABLE SPECIFICATIONS, CODES AND 
OTHER REFERENCES 

Specifications, Codes and Standards for 
Structural Steel Buildings 

Subject to the requirements in the applicable building code and the contract documents, the 

design, fabrication and erection of structural steel buildings is governed as indicated in the 

AISC Specification Sections A I and B2, and AISC Seismic Provisions Sections A2 and B2 

as follows: 

1. ASCE/SEI 7: Minimum Design Loads and Associated Criteria for Buildings and Other

Structures, ASCE/SEI 7-16. Available from the American Society of Civil Engineers,

ASCE/SEI 7 provides the general requirements for loads, load factors and load com

binations (ASCE, 2016).

2. AISC Specification: Specification for Structural Steel Buildings, ANSI/ AISC 360-16.

This standard provides the general requirements for design and construction of struc

tural steel buildings, and is included in Part 16 of the AISC Steel Construction Manual

and is also available at www.aisc.org (AISC, 2016a).

3. AISC Seismic Provisions: Seismic Provisions for Structural Steel Buildings, ANSI/

AISC 341-16. This standard provides the design and construction requirements for

seismic force-resisting systems in structural steel buildings, and is included in Part 9

of this Manual and is also available at www.aisc.org (AISC, 2016b).

4. ANSI/ AISC 358: Prequalified Connections for Special and Intermediate Steel Moment

Frames for Seismic Applications, ANSI/AISC 358-16. This standard specifies design,

detailing, fabrication and quality criteria for connections that are prequalified in accor

dance with the AISC Seismic Provisions for use with special and intermediate moment

frames. It is included in Part 9 of this Manual and is also available at www.aisc.org

(AISC, 2016c).

5. AISC Code of Standard Practice: Code of Standard Practice for Steel Buildings and

Bridges, ANSI/AISC 303-16. This document provides the standard of custom and usage

for the fabrication and erection of structural steel, and is included in Part 16 of the AISC

Steel Construction Manual and is also available at www.aisc.org (AISC, 2016d).

Other referenced standards include: 

1. RCSC Specification: Specification for Structural Joints Using High-Strength Bolts

reprinted in Part 16 of the AISC Steel Construction Manual with the permission of the

Research Council on Structural Connections and available at www.boltcouncil.org,

provides the additional requirements specific to bolted joints with high-strength bolts

(RCSC, 2014).
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2 .  AWS DI.I: Structural Welding Code-Steel, AWS Dl.l /Dl.IM:2015 (AWS, 2015). 

Available from the American Welding Society, A WS D 1.1 provides additional 

requirements specific to welded joints. Requirements for the proper specification 

of welds can be found in A WS A2.4: Standard Symbols for Welding, Brazing, and 

Nondestructive Examination (A WS, 2007). 

3. AWS DJ .8: Structural Welding Code-Seismic Supplement, AWS Dl.8/Dl.8M:2016.

Available from the American Welding Society, A WS D 1.8 acts as a supplement to

A WS D 1.1 and provides additional requirements specific to welded joints in seismic

applications (A WS, 2016 ).

4. ACI 318: Building Code Requirements for Structural Concrete, ACI 318-14. Avail

able from the American Concrete Institute, ACI 318 provides additional requirements

for reinforced concrete, including composite design and the design of steel-to-concrete

anchorage (ACI, 2014).

Other AISC Reference Documents 

The AISC Steel Construction Manual (AISC, 201 7), referred to as the AISC Manual, is 

available from AISC at www.aisc.org. This publication provides design recommendations 

and specification requirements for various topics related to steel building design and con

struction. 

1.3 SEISMIC DESIGN OVERVIEW AND 

DESIGN CONSIDERATIONS 

Performance Goals 

Seismic design is the practice of proportioning and detailing a structure so that it can with

stand shaking from an earthquake event with acceptable performance. The AISC Seismic 

Provisions for Structural Steel Buildings are intended to provide a means of designing struc

tures constructed to respond to maximum considered earthquake ground shaking, as defined 

in ASCE/SEI 7, with low probability of collapse, while potentially sustaining significant 

inelastic behavior and structural damage. Fundamental to seismic design is the practice of 

proportioning and detailing the structure so that it can withstand large deformation demands, 

accommodated through inelastic behavior of structural elements that have been specifi

cally designed to withstand this behavior acceptably. This requires careful proportioning 

of the structural system so that inelastic behavior occurs in pre-selected elements that have 

appropriate section properties to sustain large inelastic deformation demands without loss 

of strength, and assuring that connections of structural elements are adequate to develop the 

required strength of the connected members. 

Performance appropriate to the function of the structure is a fundamental consideration 

for the seismic design. Potential considerations are post-earthquake reparability and ser

viceability for earthquakes of different severity. Most structures are designed only with 

an expectation of collapse prevention to minimize risk to life when subject to a maximum 

considered earthquake, rather than assuring either the feasibility of repair or post-earthquake 

utility. Buildings assigned to Risk Categories III and IV, as defined in ASCE/SEI 7, are 

expected to withstand severe earthquakes with limited levels of damage, and in some cases, 

allow post-earthquake occupancy. The criteria of the AISC Seismic Provisions, when used 
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1-6 GENERAL DESIGN CONSIDERATIONS 

together with the requirements of ASCE/SEI 7, are intended to provide performance appro

priate to the structure's risk category 1. For some buildings, performance that exceeds these 

expectations may be appropriate. In those cases, designers must develop supplementary 

criteria to those contained in the AISC Seismic Provisions and ASCE/SEI 7. 

Building performance is not a function of the structural system alone. Many building 

structures have exhibited ill effects from damage to nonstructural components, including 

breaks in fire protection systems and impaired egress, which have precluded building func

tions and thus impaired performance. Proper consideration of the behavior of nonstructural 

components is essential to enhanced building performance. Industrial and nonbuilding 

structures often contain elements that require some measure of protection from large defor

mations. 

Generally, seismic force-resisting systems (SFRS) are classified into three levels of 

inelastic response capability, designated as ordinary, intermediate or special, depending 

on the level of ductility that the system is expected to provide. A system designated as 

ordinary is designed and detailed to provide limited ability to exhibit inelastic response 

without failure or collapse. The design requirements for such systems, including limits 

on proportioning and detailing, are not as stringent as those systems classified as interme

diate or special. Ordinary systems rely on limited ductility and overstrength for collapse 

prevention when subject to a maximum considered earthquake. Structures such as these 

must be designed for higher force demands with commensurately less stringent ductility 

and member stability requirements. 

Some steel structures achieve acceptable seismic performance by providing ductility in 

specific structural elements that are designed to undergo nonlinear deformation without 

strength loss and dissipate seismic energy. Examples of ductile steel structures include spe

cial moment frames, eccentrically braced frames, and buckling-restrained braced frames. 

The ability of these structures to deform inelastically, without strength loss or instability, 

permits them to be designed for lower forces than structures with ordinary detailing. 

Enhanced performance, relative to that provided by conformance to the AISC Seismic 

Provisions and ASCE/SEI 7, can be a required consideration for certain nuclear structures 

and critical military structures, but is beyond the scope of this Manual. Critical structures gen

erally are designed to remain elastic, even for large infrequent seismic events. 

Applicable Building Code 

National model building codes are published so that state and local authorities may adopt 

the code's prescriptive provisions to standardize design and construction practices in their 

jurisdiction. The currently used model code in the U.S. for the structural design of buildings 

and nonbuilding structures is the International Building Code (ICC, 2018). Often times 

the adopted provisions are amended based on jurisdictional requirements to develop local 

building codes (e.g., California Building Code and the Building Code of New York City). 

Local codes are then enforced by law and any deviation must be approved by the local build

ing authority. As the local code provisions may change between jurisdictions, the AISC 

Specification and AISC Seismic Provisions refer to this code as the applicable building code. 

1 Codes have historically used occupancy category. This classification was changed to risk category in

ASCE/SEI 7-10 and IBC 2012. Where classification by occupancy category is still employed, the more 

stringent of the two is used. 
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The primary performance objective of these model codes is that of "life safety" for build

ing occupants for all the various demands to which the building will be subjected. To satisfy 

this objective for structures required to resist strong ground motions from earthquakes, these 

codes reference ASCE/SEI 7 for seismic analysis and design provisions. Seismic design 

criteria in this standard prescribe minimum requirements for both the strength and stiffness 

of SFRS and the structural elements they include. The seismic design criteria in ASCE/ 

SEI 7 for the most part are based on the NEHRP Recommended Provisions for Seismic 

Regulations for New Buildings and Other Structures (FEMA, 2015). 

The seismic design of nonbuilding structures is addressed separately in ASCE/SEI 7, 

Chapter 15. Nonbuilding structures are defined as all self-supporting structures, other 

than buildings, that carry gravity loads and that may be required to resist the effects of 

seismic loads, with certain exclusions. Buildings are defined as structures whose intended 

use includes shelter of human occupants. ASCE/SEI 7 develops an appropriate interface 

with building structures for those types of nonbuilding structures that have dynamic behav

iors similar to buildings. There are other nonbuilding structures that have little similarity 

to buildings in terms of dynamic response, which are not specifically covered by AISC 

documents. 

Risk Category and Seismic Design Category 

In ASCE/SEI 7, the expected performance of a structure is determined by assigning it to a 

risk category. There are four risk categories (I, II, III and IV), based on the risk posed to 

society as a consequence of structural failure or loss of function. In seismic design, the risk 

category is used in conjunction with parameters that define the intensity of design ground 

shaking in determining the importance factor and the seismic design category for which a 

structure must be designed. There are six seismic design categories, designated by the letters 

A through F. Structures assigned to Seismic Design Category (SDC) A are not anticipated 

to experience ground shaking of sufficient intensity to cause unacceptable performance, 

even if they are not specifically designed for seismic resistance. Structures in SDC B or C 

can experience motion capable of producing unacceptable damage when the structures have 

not been designed for seismic resistance. Structures in SDC D are expected to experience 

intense ground shaking, capable of producing unacceptable performance in structures that 

have unfavorable structural systems and that have not been detailed to provide basic levels 

of inelastic deformation response without failure. Structures assigned to SDC E and F are 

located within a few miles of major active faults capable of providing large magnitude 

earthquakes and ground motions with peak ground accelerations exceeding 0.6g. Even well

designed structures with extensive inelastic response capability can be severely damaged 

under such conditions, requiring careful selection and proportioning of structures. 

Earthquake Ground Motion and Response Spectrum 

An earthquake causes ground motions that may propagate from the hypocenter in any direc

tion. These motions produce horizontal and vertical ground accelerations at the earth's surface, 

which in turn cause structural accelerations. While it is possible to use earthquake ground 

motions recorded in past earthquakes to simulate the behavior of structures, the 

required analysis procedures are complex, and the analysis results are sensitive to the 

characteristics of the individual ground motions selected, which may not actually be 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



1-8 GENERAL DESIGN CONSIDERATIONS 

similar to those a structure will experience in the future. To simplify the uncertainty 
and complexity associated with using recorded motions to predict a structure's response, 
response earthquake spectra are used. A response spectrum for a given earthquake ground 
motion indicates the maximum (absolute value), expressed either as acceleration, velocity 
or displacement, that an elastic single-degree-of-freedom (SDOF) oscillator will experience 
as a function of the structure's period and equivalent damping factor. Figure 1-l(a) shows 
an example of an acceleration response spectrum. On average, low-rise buildings [Figure 
1-1 (b )] tend to have short periods, while tall structures tend to be flexible with longer 
periods [Figure 1-l(c)]. For a given ground motion, short period structures tend to experi
ence higher acceleration, and therefore, higher inertial force (mass times acceleration), 
than do longer period structures. However, long period structures generally experience 
greater displacement. 

Multi-story buildings are multi-degree-of-freedom systems with multiple modes of 
vibration. Each mode has a characteristic deflected shape and period. Since earthquake 
ground motion contains energy caused by vibration across an entire spectrum of frequen
cies, each frequency that corresponds to a mode imparts energy into the structure. Figure 
1-2 shows an example of a five-story building frame and the modal information for the first
four modes. Although the mode shapes are shown separately, the actual building motion will
consist of combined response in each of the several modes. Using the modal shape of the
structure for each mode and the effective percentage of the structure's mass mobilized
when vibrating in that mode, it is possible to use the same SDOF response spectrum dis
cussed above to determine the maximum response for each mode. These maxima are then
combined to estimate the total maximum response based on the participation of each mode.
These maxima for the various modes will generally occur at different points in time. Modal
combination rules approximately account for this effect. Detailed information about struc
tural response using modal analysis can be found in Chopra (2016).

Maximum Considered Earthquake and 

Design Basis Earthquake 

Ground motion hazards in ASCE/SEI 7 are defined as maximum considered earthquake 
ground motions. They are based on the proximity of the site to active faults, the activity 
of these faults, projected magnitude of the event these faults can produce, and the regional 
and local geology at a site. The design intent of ASCE/SEI 7 is to assure that ordinary 
occupancy structures (structures assigned to Risk Categories I and II) have no greater than 
a 10% chance of collapse should they experience maximum considered earthquake shak
ing. Except for regions located within a few miles of major active faults, such as some 
sites in coastal California, the maximum considered earthquake is selected with an annual 
frequency that will provide a uniform collapse risk of l % probability in 50 years ( denoted 
MCER). In regions close to major active faults, the MCER is capped by a conservative 
deterministic estimate of the ground motion resulting from a maximum magnitude earth
quake on the nearby fault, resulting in a higher collapse risk. The MCER is represented by a 
generalized elastic acceleration response spectrum. This response spectrum is subsequently 
reduced by two-thirds to represent the response for the design basis earthquake for which 
a structure is designed. Additional information about this reduction can be found in ASCE/ 
SEI 7, Section Cl 1.8.3. 
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Fig. 1-1. Earthquake acceleration and structure response. 
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1-10 GENERAL DESIGN CONSIDERATIONS 

Systems Defined in ASCE/SEI 7 

A steel SFRS is generally classified into three levels of expected inelastic response capabil

ity, designated as ordinary, intermediate or special, depending on the level of ductility that 

the system is expected to provide. Systems designated as ordinary are designed and detailed 

to provide limited ductility, and the requirements are not as stringent as those systems clas

sified as intermediate or special. In some cases, an SFRS can be classified as a "structure not 

specifically detailed for seismic resistance" in accordance with the applicable building code. 

Each classification is characterized by the following seismic performance factors: 

• Response modification coefficient, R

• Overstrength factor, !20 

• Deflection amplification factor, Cd 

When used in combination, these factors quantitatively outline the expected performance 

of an SFRS. Other factors that influence the performance are the importance factor, le, and 

redundancy factor, p. These factors are discussed in the following. 
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Fig. 1-2. Vibration modes for a multi-degree-of-freedom building caused by 

application of a typical earthquake acceleration design spectrum. 
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Designing to meet the requirements of the AISC Seismic Provisions is mandatory for 

structures where they have been specifically referenced in ASCE/SEI 7, Table 12.2-1. 

For steel structures, typically this occurs in SDC D and higher where R is greater than 3. 

However, there are instances where an R less than 3 is assigned to a system and the AISC 

Seismic Provisions are still required. See the Scope section at the front of this Manual for 

additional discussion. 

Systems where R is greater than 3 are intended for buildings that are designed to meet the 

requirements of both the AISC Seismic Provisions and the AISC Specification. The use of 

R greater than 3 in the calculation of the seismic base shear requires the use of a seismically 

designed and detailed system that is able to provide the level of ductility commensurate with 

the value of R selected in the design. This level of ductility is achieved through a combina

tion of proper material and section selection, the use of low width-to-thickness members for 

the energy dissipating elements of the SFRS, detailing member connections to resist forces 

and deformations associated with the inelastic capacity of the system, and providing for 

system lateral stability at the large deformations expected in a major earthquake. Consider 

the following three examples: 

1. Special concentrically braced frame (SCBF) systems-As shown in Figure 1-3, SCBF

systems are generally configured so that energy dissipation will occur by tension yield

ing and/or compression buckling in the braces. The surrounding columns, beams, and

associated connections between these elements must then be proportioned to remain

essentially elastic as they undergo these deformations.

2. Eccentrically braced frame (EBF) systems-As shown in Figure 1-4, EBF systems

are generally configured so that energy dissipation will occur by shear and/or flexural

yielding in the link. The beam outside the link, connections, braces and columns must

then be proportioned to remain essentially elastic as the link is subject to inelastic

deformations.

Buckling 

Yielding 

Nominally elastic 

elements 

Fig. 1 -3. Ductile braced frames. 
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3. Special moment frame (SMF) systems-As shown in Figure 1-5, SMF systems are

generally configured so that energy dissipation will occur by flexural yielding in

the girders near, but outside of the connection of the girders to the columns. The

connections of the girders to the columns and the columns themselves must then be

proportioned to remain essentially elastic as the girders are subject to inelastic defor

mations.

-+-'==-- Nominally elastic 

elements 

Fig. 1-4. Ductile eccentrically braced frames. 

Yielding 

Nominally 

elastic 
elements 

Fig. 1-5. Ductile moment frames. 
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Seismic Performance Factors 

Response Modification Coefficient, R

1-13

The seismic design category is used, along with the SFRS type, to establish a minimum level 

of inelastic, ductile response that is required of a structure. The corresponding expected 

system behavior is codified in the form of an R factor, which is a response modification 

coefficient applied to the lateral force to adjust a structure's required lateral strength con

sidering its inelastic response capability. 

The response modification coefficient, R, accounts for ductility and overstrength in the 

SFRS. This factor is positioned in the denominator of the equation used to calculate the 

seismic base shear for the structure and, therefore, higher R values correspond to reduced 

seismic design forces. These seismic design forces are used with an elastic design model 

and, as such, are intended to acknowledge the benefit of ductility and overstrength with 

regard to the overall resistance of the SFRS. Structures designed with a large value of R 

must have extensive capability to withstand large inelastic deformation demands during 

design level shaking. Structures designed with an R approximating 1.0 are anticipated to 

experience design shaking while remaining essentially elastic. Figure 1-6 shows the relation

ship between Rand the design-level forces, along with the corresponding lateral deformation 

of the structural system (FEMA, 2015). 

Factors that determine the magnitude of the response modification coefficient are the vul

nerability of the gravity load-resisting system to a failure of elements in the SFRS, the level 

and reliability of the inelastic deformation the system can attain, and potential backup frame 

resistance such as that which is provided by dual-frame systems. As illustrated in Figure 

1-6, in order for a system to utilize a higher value of R, other elements of the system must

have adequate strength and deformation capacity to remain stable at the maximum lateral
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Fig. 1-6. Relationship between R, design level forces, and lateral deformation. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



1-14 GENERAL DESIGN CONSIDERATIONS 

deformation levels. If the system redundancy and system overstrength cannot be achieved, a 

lower value of R should be incorporated in the design and detailing of the structure. Values 

of R for all structural systems are defined in ASCE/SEI 7, Table 12.2-1. Tables l -9a and 

l -9b in this Part summarize the R factors and other factors specified in ASCE/SEI 7 for steel 

and composite systems. More detailed discussion on the system design parameters can be 

found in FEMA (2015). 

R = 3 Applications 

For structures assigned to SDC B and C in ASCE/SEI 7, the designer may choose to 

solely use the AISC Specification to design and detail the structure. The resulting systems 

(assigned an R of 3) have ductility associated with conventional steel framing not specifi

cally detailed for high seismic resistance. It is important to note, however, that even steel 

structures not specifically designed or detailed for seismic resistance possess some inherent 

amount of seismic resistance, which may be adequate to resist a limited amount of seismic 

demand. 

It is recognized that when the designer has the option to design a building to meet the 

AISC Specification with R = 3, such a design will generally be more cost effective than 

the same structure designed in accordance with the AISC Seismic Provisions using a higher 

value of R. The extra fabrication, erection and inspection costs required to achieve the high 

ductility commensurate with the higher R more than offset the additional steel tonnage 

required by the R = 3 system. 

The R = 3 option is not generally available for composite steel-concrete systems. For 

composite systems, the designer must follow the requirements outlined in ASCE/SEI 7, 

Table 12.2-1. 

Deflection Amplification Factor, Cct 

The elastic story drifts calculated under reduced lateral forces are multiplied by the 

deflection amplification factor, Cd, to better estimate the total story drifts likely to 

result from the design earthquake ground motion. These amplified story drifts are used 

to verify compliance with the allowable story drift, to investigate separation require

ments between adjacent structures, and to determine seismic demands on elements of 

the structure that are not part of the SFRS and on nonstructural components within the 

structure. 

Overstrength Seismic Load & Capacity-Limited Seismic Load Effect 

Most SFRS rely on dissipation of earthquake energy through varying levels of inelastic 

response in the structure. Steel seismic system definitions in the AISC Seismic Provisions 

designate the elements intended to dissipate the majority of this energy through ductile 

inelastic response and those that are intended to remain essentially elastic. Overstrength 

seismic loads, Emh, are prescribed for certain load combinations in ASCE/SEI 7 and in the 

AISC Seismic Provisions for the design of those elements of the seismic force-resisting sys

tem that are intended to remain essentially elastic. Overstrength seismic loads incorporate 

an amplification (overstrength) factor, Q0, that is prescribed by ASCE/SEI 7 for each given 

system. ASCE/SEI 7 and the AISC Seismic Provisions introduce a new term, the capacity

limited seismic load, Ec1, which defines the lateral seismic load level associated with the 
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maximum expected capacity of the designated yielding elements for the system. ASCE/ 

SEI 7 provides specific direction as to when each of these elevated seismic force levels 

are to be considered. The capacity-limited seismic load, Eel, represents an upper bound for 

the horizontal seismic loads on the SFRS and, therefore, Emh need not exceed Eel. These 

special seismic load combinations, involving either Eel or Emh, are invoked for members or 

connections whose inelastic behavior may cause poor system performance. Failure of these 

elements could lead to unacceptable behavior and they are, therefore, protected against large 

inelastic demands by application of the overstrength factor. 

Members and connections requiring the special seismic load combinations including 

overstrength or the capacity-limited horizontal seismic load effect in ASCE/SEI 7 include 

the following (the applicable section of ASCE/SEI 7 is provided in parentheses): 

1. Elements supporting discontinuous walls or frames (Section 12.3.3.3)

2. Collectors for structures in SDC C through F (Section 12.10.2.1)

3. Batter piles (Section 12.13.8.4)

4. Pile anchorage (Section 12.13.8.5)

5. Pile splices (Section 12.13.8.6)

In the AISC Seismic Provisions, the application of the overstrength factor, Q0, is 

addressed using the term, overstrength seismic load. The overstrength seismic load refers to 

the use of the ASCE/SEI 7 load combinations that include Q0. When overstrength seismic 

load is specified, it is acceptable for Emh to either be based on the overstrength factor, Q0, or 

be equal to the capacity-limited seismic load, Ec1. For some situations, the capacity-limited 

seismic load must be used, in which case the capacity-limited horizontal seismic load effect, 

Eel, is substituted for Emh in the special seismic load combinations in ASCE/SEI 7. See 

AISC Seismic Provisions Section B2 for more information. 

Sections of the AISC Seismic Provisions where it is permissible to apply either the over

strength seismic load or the capacity-limited seismic load for the design of certain elements 

or connections include: 

Section D l.4a-Required compressive and tensile strength of columns 

Section D 1.6-Required strength of connections between components of built-up members 

Section D2.5b-Required strength of column splices 

Section D2.6a-Required axial strength of column bases 

Section D2.6b-Required shear strength of column bases 

Section D2.6c-Required flexural strength of column bases 

Sections E3.4a and G3.4a-Moment ratio check for special moment frames and composite 

special moment frames (also referred to as the strong-column-weak-beam calculation) 

Sections E3.4c and G3.4c-Required column strength at unbraced beam-to-column con-

nections for special moment frames and composite special moment frames 

Section E5.4a-Required strength of columns in ordinary cantilever column systems 

Section E6.4a-Required strength of columns in special cantilever column systems 

Section Fl.2-Determination of eccentric moments in members for ordinary concentri-

cally braced frames, if an eccentricity is present 

Section Fl .4a-Required strength of beams in V-braced and inverted-V-braced ordinary 

concentrically braced frames 

Section Fl Ac-Required strength of brace connections, struts and columns in multi

tiered ordinary concentrically braced frames 
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Section Fl .Sc-Required strength of beams and their connections in ordinary concentri

cally braced frames 

Section Fl .6a-Required strength of diagonal brace connections in ordinary concentri

cally braced frames 

Section F2.4a-Required strength of compression braces in special concentrically braced 

frames when the exception to the lateral force distribution requirement is used 

Section F2.6b-Required strength of diaphragm collector forces in special concentrically 

braced frames 

Section F2.6c-Required strength for the limit state of bolt slip in oversized holes in 

special concentrically braced frames 

Section F3.6c-Required strength for bolt slip in brace connections with oversized holes 

Section F4.4c-Required strength of braces in buckling-restrained braced frames when 

the exception to the lateral force distribution requirement is used 

Section F4.6b-Required strength of diaphragm collector forces in buckling-restrained 

braced frames 

Section H2.6b-Required strength of diaphragm collector forces in composite special 

concentrically braced frames 

Section H3.6a-Required strength of diaphragm collector forces in composite eccentri

cally braced frames 

Sections of the AISC Seismic Provisions where the application of the capacity-limited 

seismic load for the design of certain elements or connections is required: 

Section El.6b-Required shear strength of beam-to-column connections m ordinary 

moment frames 

Sections E2.6d and G2.6d-Required shear strength of beam-to-column connections in 

intermediate moment frames and composite intermediate moment frames 

Section E3.6d and G3.6d-Required shear strength of beam-to-column connections in 

special moment frames and composite special moment frames 

Section E4.3b-Required strength of nonspecial segment members and connections in 

special truss moment frames 

Section Fl Ac-Required strength of multi-tiered ordinary braced frame columns when 

the exception to the typical requirements for tension-only bracing is used 

Section F2.3-Required strength of columns, beams, struts and connections in special 

concentrically braced frames 

Sections F3.3-Required strength of diagonal braces and their connections, beams out

side links, and columns in eccentrically braced frames 

Sections F4.3-Required strength of columns, beams, struts and connections in buckling

restrained braced frames 

Sections F5.3 and F5.6b-Required strength of horizontal and vertical boundary elements 

and connections in special plate shear walls 

See the applicable sections of the AISC Seismic Provisions for specific requirements. 

Redundancy Factor, p 

Redundancy is an important property for structures designed with the expectation that dam

age will occur. Redundant structures have alternative load paths so that if some elements 
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are severely damaged and lose load carrying capacity, other elements and load paths will be 

able to continue to provide necessary resistance. Adequate redundancy is ensured when a 

large number of elements are expected to yield or buckle throughout the structure in a pro

gressive manner before formation of a collapse mechanism occurs and when no one element 

is required to provide the full seismic resistance of the structure. To encourage provision of 

a minimum level of redundancy in the structure, ASCI/SEI 7, Section 12.3.4, stipulates a 

redundancy factor, p, based on the structure's configuration and the number of independent 

seismic force-resisting elements present. When structures do not satisfy minimum criteria, 

this factor amplifies the required strength of the lateral system. The elastic analysis of the 

SFRS is performed using the total design lateral force, V, based on the tabulated value of 

R, and p is applied to the resulting QE member force effects, where QE is the effect of hori

zontal seismic forces. 

Maximum Force Delivered by the System 

The maximum force delivered by the system is a concept used in several applications in the 

practice of seismic design. The maximum force delivered by the system is often one of the 

limits for required strength of a seismic-resisting element. For example, a thorough discus

sion of how this force may be determined for SCBF brace connections is contained in the 

AISC Seismic Provisions Commentary Section F2.6c. 

Building Joints 

Expansion Joints 

Expansion joints in a structure are provided to limit the effects of thermal expansion and 

contraction on the function of the facility and to avoid any resulting damage to structural or 

architectural components. The number and location of building expansion joints is a design 

issue not fully treated in technical literature. 

• The AISC Specification considers expansion joints a serviceability issue, and Section

L6 states that "The effects of thermal expansion and contraction of a building shall be

considered."

• ASCE/SEI 7 also considers expansion joints a serviceability issue indicating in Section

1.3.2 that "Structural systems, and members thereof, shall be designed under service

loads to have adequate stiffness to limit deflections, lateral drift, vibration, or any other

deformations that adversely affect the intended use and performance of buildings and

other structures based on requirements set forth in the applicable codes and standards,

or as specified in the project design criteria."

Typical locations of expansion joints include: 

• Where steel framing changes direction

• Separating wings of L-, U- and T-shaped buildings

• At additions to existing buildings

• At locations where interior heating conditions change, such as where heated offices

abut an unheated warehouse

• To break very long structures into shorter structures
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The width of an expansion joint is determined from the basic thermal expansion expres
sion for the material used for the structural frame: 

where 
L = length subject to the temperature change, in. 
t,.L = change in length, in. 
11T = design temperature change, °F 
a = 6.5 x 10-6 /°F, coefficient of linear thermal expansion for steel structures 

(1-1) 

See AISC Manual Table 17-11 for additional information on coefficients of expansion. 

Seismic Joints 

Seismic joints are similar in form to expansion joints but are the result of very different 
structural considerations. They must accommodate movement in both orthogonal directions 
simultaneously and their spacing is not typically affected by building length or size. Seismic 
joints are used to separate an irregular structure into multiple regular structures in an effort 
to provide better seismic performance of the overall building. 

The design of seismic joints is complex and includes efforts by all members of the design 
team to assure that the joint is properly sized, adequately sealed from weather, and safe to 
walk on, as well as to provide for adequate movement of other systems crossing the joint 
and means to maintain the fire ratings of the floor, roof and wall systems. Seismic joints 
are costly and architecturally undesirable, so they should be incorporated with discretion. 

When seismic joints are determined to be necessary or desirable for a particular building, 
the locations of the joints are often obvious and inherent. Many of the locations appropriate 
for expansion joints are also appropriate for seismic joints. Requirements for determining 
the seismic separation between buildings are prescribed in ASCE/SEI 7, Section 12.12. 

The width of seismic joints in modern buildings can vary from just a few inches to several 
feet, depending on building height and stiffness. Joints in more recent buildings tend to be 
much wider than their predecessors. This is due to several major factors, the most important 
of which is changes in the codes. Other contributing factors are the lower lateral stiffness of 
many modern buildings and the greater recognition by engineers of the magnitude of real 
lateral deformations induced by an earthquake. 

Seismic joints often result in somewhat complicated structural framing conditions. In the 
simplest of joints, separate columns are placed at either side of the joint to provide the nec
essary structural support. This is common in parking structures. When double columns are 
not acceptable, the structure must either be cantilevered from more widely spaced columns 
or seated connections must be used. In the case of seated connections, there is the tempta
tion to limit the travel of the sliding element, because longer sliding surfaces using Teflon 
plates or similar devices are costly and the seat element may interfere with other elements 
of the building. It is strongly recommended that seated connections be designed to allow 
for movements that exceed those calculated for the design basis earthquake to allow for the 
effects of greater earthquakes and because the consequences of the structure falling off of 
the seat may be disastrous. Where this is not possible, restraint cables such as those often 
used on bridges should be considered. 
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Building Separations 

Separations between adjacent buildings that are constructed at different times, have dif

ferent ownership, or are otherwise not compatible with each other may be necessary and 

unavoidable if both buildings are located at or near the common property line. ASCE/SEI 

7 prescribes required setbacks for buildings from property lines. An exception can be made 

where justified by rational analysis based on inelastic response to design ground motions. 

Building Drift 

Story drift is the maximum lateral displacement within a story (i.e., the displacement of one 

floor relative to the floor below caused by the effects of seismic loads). Buildings subjected 

to earthquakes need drift control to limit damage to fragile nonstructural elements and to 

limit second-order effects on the overall strength and stability of the structure. It is expected 

that the design of moment-resisting frames and the design of tall, narrow shear-wall or 

braced-frame buildings will be governed at least in part by drift considerations. 

The allowable story drift limits are defined in ASCE/SEI 7, Table 12.12-1, and are a 

function of the seismic lateral force-resisting system and the building risk category. The 

prescribed story drift limits are applicable to each story. They must not be exceeded in any 

story even though the drift in other stories may be well below the limit. 

Deflection Compatibility 

ASCE/SEI 7 prescribes requirements for deformation compatibility for SDC D through F 

to ensure that the SFRS provides adequate deformation control to protect elements of the 

structure that are not part of the SFRS. This is intended to ensure that these components and 

the support connections for these components are detailed to accommodate the expected 

movement due to story drift while still supporting the gravity loads. 

Lowest Anticipated Service Temperature 

Most structural steels can fracture either in a ductile or in a brittle manner. The mode of 

fracture is governed by the material temperature at fracture, the rate at which the loads 

are applied, and the magnitude of the constraints that would prevent plastic deformation. 

Fracture toughness is a measure of the energy required to cause an element to fracture; the 

more energy that is required, the tougher the material, i.e., it takes more energy to fracture 

a ductile material than a brittle material. Additionally, lower temperatures have an adverse 

impact on material ductility. Fracture toughness for materials can be established by using 

fracture-mechanics test methods. 

Traditionally, the fracture toughness for structural steels has been primarily characterized 

by testing Charpy V-notch (CVN) specimens at different temperatures [ASTM E23 (ASTM, 

2016)]. The CVN test produces failures at very high strain rates. If testing is carried out over 

a range of temperatures, the results of energy absorbed versus temperature can be plotted 

to give an S-curve as shown in Figure 1-7. Usually, three specimens are tested at a given 

temperature and the average value is used to construct the S-curve. 
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Carbon and low alloy steels exhibit a change in fracture behavior as the temperature falls 
with the failure mode changing from ductile to brittle. At high temperatures, the fracture is 
characterized by pure ductile tearing. At low temperatures, the fracture surface is character
ized by cleavage fractures. The decrease in fracture toughness at low temperatures decreases 
the fracture capacity of the member, resulting in poorer cyclic behavior. 

The AISC Seismic Provisions Commentary Section A3.4 acknowledges that in structures 
with exposed structural steel, demand critical welds may be subject to service temperatures 
less than 50°F on a regular basis. In these cases, the AISC Seismic Provisions Commentary
suggests that the minimum qualification temperature provided in A WS D 1.8 Annex A be 
adjusted such that the test temperature for the CVN toughness qualification tests be no more 
than 20°F above the lowest anticipated service temperature (LAST).

It is recognized that the LAST is defined differently in different industries. For example, 
the current AASHTO CVN toughness requirements are specified to avoid brittle fracture 
in steel bridges above the LAST, which is defined in terms of three temperature zones. In 
arctic offshore applications the LAST can be either the minimum design temperature or a 
selected value below the design temperature, depending upon the consequences of failure. 

The AISC Seismic Provisions are intended to ensure ductile performance for a low prob
ability earthquake event. The LAST is normally defined to ensure ductile performance for a 
low probability temperature extreme. The direct combination of two low probability events 
would be statistically very unlikely. As a result, the definition of LAST need not be exces
sively restrictive for seismic applications. For purposes of the AISC Seismic Provisions, 

the LAST may be considered to be the lowest one-day mean temperature compiled from 
National Oceanic and Atmospheric Administration data. For more information, go to www. 

noaa.gov and www.climate.gov. 
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Fig. 1-7. Typical Charpy V-notch test results. 
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Quality Control and Quality Assurance 

The International Building Code (ICC, 2018) refers to the 20 l 6 AISC Specification and the 

2016 AISC Seismic Provisions for all quality requirements for structural steel. The scope 

statement in AISC Seismic Provisions Section Jl gives the following explanation for quality 

control and quality assurance: 

Quality control (QC) as specified in this chapter shall be provided by the fabricator, 

erector, or other responsible contractor as applicable. Quality assurance (QA) as speci

fied in this chapter shall be provided by others when required by the authority having 

jurisdiction, applicable building code, purchaser, owner, or engineer of record (EOR). 

When ductile seismic response should be assured and the AISC Seismic Provisions govern 

the design, fabrication and erection, steel framing needs to meet special quality require

ments as appropriate for the various components of the structure. These requirements, appli

cable only to members of the SFRS, are provided in: 

• ANSI/ AISC 341, Seismic Provisions for Structural Steel Buildings

• A WS D1.8/Dl.8M, Structural Welding Code-Seismic Supplement

• ANSI/ AISC 358, Prequalified Connections for Special and Intermediate Steel Moment

Frames for Seismic Applications

• 2018 International Building Code, Chapter 17 (ICC, 2018)

Additional quality requirements are specified in: 

• ANSI/ AISC 360, Specification for Structural Steel Buildings

• ANSI/ AISC 303, Code of Standard Practice for Steel Buildings and Bridges

• AWS Dl.1/DI. IM, Structural Welding Code-Steel

• RCSC Specification for Structural Joints Using High-Strength Bolts

The requirements of AISC Seismic Provisions Chapter J specify QC and QA special re-

quirements for all responsible parties related to the following: 

• Fabricator and erector documents

• Quality assurance agency documents

• Inspection and nondestructive testing personnel

• Inspection tasks

• Welding inspection and nondestructive testing

• Inspection of high-strength bolting

• Other steel structure inspections

• Inspection of composite structures

• Inspection of piling

To meet the requirements of the International Building Code, as part of the contract 

documents, the registered design professional in responsible charge must prepare a "state

ment of special inspections," which is termed the quality assurance plan (QAP) in the AISC 

Seismic Provisions. The QAP should be prepared by the engineer of record and made a 

part of the contract documents. The plan should contain, at a minimum, a written descrip

tion of qualifications, procedures, quality inspections, resources and records to be used 

to provide assurance and supporting documentation that the structure complies with the 
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engineer's quality requirements, specifications and contract documents. Chapter J of the 

AISC Seismic Provisions provides the minimum acceptable requirements for a QAP for 

the SFRS, including requirements for the contract documents, quality assurance agency 

documents, inspection points, and frequencies, along with special requirements for weld 

and bolt inspections. 

AISC Seismic Provisions Chapter J has specific requirements for nondestructive testing 

of welds, in addition to those in AISC Specification Section N5.5, which must be shown on 

the contract documents. Quality assurance requirements for bolting include verifying that 

faying surfaces meet the specification requirements and that the bolts are properly tensioned 

per the RCSC Specification. 

Design Drawing Requirements 

Structural Design Drawing Requirements 

For systems not requiring seismic detailing, structural design drawings are to meet the 

requirements in the AISC Code of Standard Practice as stipulated in AISC Specification 

Section A4. Shop and erection drawings should follow the design documents to convey 

specified information for fabrication and erection. For systems designed to meet the AISC 

Seismic Provisions, additional requirements are provided in AISC Seismic Provisions 

Section A4 with supplementary discussion in the Seismic Provisions Commentary Section 

A4. It is important to define all structural elements in the building that resist seismic loads, 

including struts, collectors, chords, diaphragms and trusses. Also, the SFRS members 

should be identified in the design drawings. If the SFRS includes other materials, these ele

ments should be defined as such where the steel connects to them. 

SFRS Member and Connection Material Specifications 

SFRS material requirements are discussed in AISC Seismic Provisions Section A3. l and 

in the material sections of the various prequalified connections in ANSI/AISC 358. Wide

flange shapes will generally be ASTM A992 material. ASTM A992 has a specified maxi

mum yield stress and maximum yield-to-tensile ratio to ensure ductility along with a limit 

on the carbon equivalent to ensure weldability. Material requirements for the connection 

elements must be consistent with the prequalified details in ANSI/AISC 358. Bolt mate

rial grade, size, location and tensioning must be shown on the design drawings. Bolts 

often are designed as bearing-type connections with standard holes, and all bolts are 

required to be pretensioned and have Class A faying surfaces per AISC Seismic Provisions 

Section D2.2(d). AISC Seismic Provisions Section D2.3 on welded joints refers to AISC 

Specification Chapter J. AISC Specification Section 12 stipulates that all requirements from 

A WS D 1.1, including weld procedure specifications, are applicable except for the specific 

A WS DI .1 provisions cited. AISC Seismic Provisions Section A3.4a requires that all welds 

in the SFRS be made with filler metals meeting the requirements specified in A WS D 1.8, 

clauses 6.1, 6.2 and 6.3. 

Demand Critical Welds 

In the AISC Seismic Provisions, welds are designated as demand critical based on consid

eration of the inelastic strain demand and the consequence of failure. The location of these 
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demand critical welds is given in the AISC Seismic Provisions and in ANSI/AISC 358 in the 

section applicable to the designated SFRS. As specified in AISC Seismic Provisions Section 

A3.4b, "demand critical welds shall be made with filler metals meeting the requirements of 

AWS Dl .8, clauses 6.1, 6.2 and 6.3." 

There are a number of other quality control and quality assurance items associated with 

demand critical welds that are covered in the AISC Seismic Provisions and A WS D 1.8. 

Items such as use of backing bars and run-off tabs, including requirements for trimming and 

finishing of run-off tabs, are specifically addressed. 

Locations and Dimensions of Protected Zones 

Protected zones are designated by the AISC Seismic Provisions for different systems and 

generally are areas encompassing the plastic hinging region. The FEMA/SAC testing has 

demonstrated the sensitivity of these areas to fracture caused by discontinuities resulting 

from welding, penetrations, changes in section, or construction-caused notches (Ricles et 

al., 2003). Fabrication and erection work, and the subsequent work by other trades, have the 

potential to cause discontinuities in the SFRS. AISC Seismic Provisions Sections Dl .3 and 

I2. l provide detailed requirements for the protected zone. 

The locations and dimensions of these protected zones are specified in the AISC 

Seismic Provisions and in ANSI/AISC 358 for each SFRS. For example, according to 

AISC Seismic Provisions Section F2.5c, the protected zone for special concentrically 

braced frames includes "the center one-quarter of the brace length and a zone adjacent 

to each connection equal to the brace depth in the plane of buckling" as well as "ele

ments that connect braces to beams and columns." For eccentrically braced frames, AISC 

Seismic Provisions Section F3.5c defines the protected zone as the link. In any case, the 

requirements in AISC Seismic Provisions Sections D 1.3 and 12. l must be satisfied. 

When located in the protected zone, defects or discontinuities are required to be repaired 

by the responsible contractor to the satisfaction of the engineer of record. The AISC Seismic

Provisions require that the protected zones be shown on the design drawings. The contractor 

needs to use this information to control construction activities in this area. 

Additional Structural Design Drawing Detail 

Requirements in the Provisions 

Following are some of the additional requirements from the AISC Seismic Provisions that 

may affect structural design drawing details: 

1. SFRS column splice requirements are given in AISC Seismic Provisions Section D2.5a.

The splices need to be located away from beam-to-column connections, with the

provisions stipulating 4 ft or more away from the connection; however, in general,

splices should be in the middle third of the column (see Exceptions in AISC Seismic

Provisions Section D2.5a). Because of the splice strength requirements in AISC

Seismic Provisions Sections D2.5, E and F, it is important that the splice be fully

detailed on the design drawings. Where bolted splices are used there must be plates or

channels on both sides of the web.
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2. Column splice requirements for columns that are not part of the SFRS are given in

the AISC Seismic Provisions Section D2.5c. The minimum shear forces required to be

developed in these splices will require a special column splice and this detail should

also be shown on the design drawings.

3. SFRS column bases must meet the requirements of AISC Seismic Provisions Section

D2.6 and anchor rod embedment and reinforcing steel should be designed according

to AC! 318. Anchor rod sizes and locations, along with washer requirements, hole

sizes, and base plate welds must meet these design requirements and must be shown

on the design drawings. Special embedment used for base fixity must also be shown on

the structural design drawings. The Commentary to AISC Seismic Provisions Section

D2.6 gives a good discussion along with examples of how to develop these forces.

For column bases that are not part of SFRS, some consideration should be given to

developing a limited amount of base shear. AISC Seismic Provisions Section D2.6b

stipulates the required shear strength for column bases, including those not designated

as part of the SFRS.

4. Width-to-thickness ratios of SFRS members must be less than those that are resistant

to local buckling in order to achieve the required inelastic deformations. While the

width-to-thickness ratios given in the AISC Specification Tables B4. I a and B4.1 b for

compact sections are adequate to prevent buckling before the onset of strain harden

ing, tests have shown that they are not adequate for the required inelastic performance

in several SFRS. AISC Seismic Provisions Table D 1.1 gives the limiting width-to

thickness ratios for moderately ductile and highly ductile members. Classification of

members as moderately or highly ductile may govern member size for the various

systems.

5. Requirements for stability bracing of beams are provided for each system. The brac

ing required is stipulated in AISC Seismic Provisions Section D 1.2 and depends on

whether the beam is moderately or highly ductile. Special bracing is required adjacent

to plastic hinge locations. If the bracing requirement cannot be met by the floor slab

and other normal floor framing elements, then additional bracing members and associ

ated connections should be shown. For example, special moment frame beams require

bracing that satisfies the provisions for highly ductile members as given in AISC

Seismic Provisions D1.2b. While the floor slab typically will brace the top flange,

additional braces should be shown where required with the necessary connections.

AWS 01.8 Structural Welding Code-Seismic Supplement 

A WS D 1.8, clause 1.4. l ,  lists the information that the engineer of record is required to pro

vide on the contract documents related to welding of the SFRS. Additionally, gouges and 

notches are not permitted and weld contours should provide smooth transitions. A WS D 1.8 

provides recommended details for transitions. 

A WS D 1.8 contains a number of other special requirements that should be specifically 

referenced in the contract documents. In addition to the filler metal requirements mentioned 

previously, demand critical welds have the following requirements: 

• Manufacturer's certificates of conformance for filler metals

• Special restrictions on care and exposure of electrodes
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• Supplemental welder qualification for restricted access welding for bottom flange weld

ing through access holes

• Special weld sequence for bottom flange welding through access holes

• Supplementary requirements for qualification of ultrasonic testing technicians

Composite Systems 

The 2016 AISC Seismic Provisions for the seismic design of composite structural steel 

and reinforced concrete buildings are based upon the 1994 NEHRP Provisions (FEMA, 

1994) and subsequent modifications made in the 1997, 2000, 2003, 2009 and 2015 NEHRP 

Provisions (FEMA, 2015) and in ASCE/SEI 7. Because composite systems are comprised 

of integrated steel and concrete components, both the AISC Specification and ACI 318 form 

an important basis for provisions related to composite construction. 

There is, at present, limited experience in the U.S. with composite building systems 

subjected to extreme seismic loads. Extensive design and performance experience with this 

type of construction in Japan clearly indicates that composite systems, due to their inher

ent rigidity and toughness, can equal or exceed the performance of buildings comprised 

of reinforced concrete systems or structural steel systems (Deierlein and Noguchi, 2004; 

Yamanouchi et al., 1998). Composite systems have been extensively used in tall buildings 

throughout the world. 

Careful attention to all aspects of the design is necessary in the design of composite sys

tems, particularly with respect to the general building layout and detailing of members and 

connections. Composite connection details are illustrated throughout this Manual to convey 

the basic character of the force transfer in composite systems. However, these details should 

not necessarily be treated as design standards. The cited references provide more specific 

information on the design of composite connections. For a general discussion of these issues 

and some specific design examples, refer to Viest et al. (1997). 

The design and construction of composite elements and systems continues to evolve in 

practice. Except where explicitly stated, the AISC Seismic Provisions are not intended to 

limit the application of new systems for which testing and analysis demonstrates that the 

structure has adequate strength, ductility and toughness. It is generally anticipated that the 

overall behavior of the composite systems herein will be similar to that for counterpart 

structural steel systems or reinforced concrete systems and that inelastic deformations will 

occur in conventional ways, such as flexural yielding of beams in fully restrained moment 

frames or axial yielding and/or buckling of braces in braced frames. 

When systems have both ductile and nonductile elements, the relative stiffness of each 

should be properly modeled; the ductile elements can deform inelastically while the non

ductile elements remain nominally elastic. When performing an elastic analysis, member 

stiffness should be reduced to account for the degree of cracking at the onset of significant 

yielding in the structure. Additionally, it is necessary to account for material overstrength 

that may alter relative strength and stiffness. 

Parts 6 and 7 of this Manual address the design of members and connections for com

posite moment-frame and braced-frame systems, respectively, as well as guidelines for 

traversing through the AISC Seismic Provisions and AISC Specification relative to each 

specific building system. 
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Wind and Seismic Design 

Members and connections are generally not permitted to be subject to large inelastic strains 

under wind loading. In contrast, designing for seismic effects (including designing with 

R = 3) as discussed in this Part and in Part 2 is based on inelastic behavior in the lateral 

force-resisting system, although reduced forces are computed that permit the use of traditional 

force-based design equations for member selection. Thus, design for wind or seismic effects 

considers different ranges of structural response, but utilize the same design equations. 

It is often advantageous to determine which of the two loadings will govern the design 

for all elements early in the design in order to reduce the overall design effort. In some 

cases, there is a higher design load for the entire lateral force-resisting system, but very 

often some elements are governed by wind effects and others by seismic effects. In some 

cases, a simplified analysis approach is possible for the lower design load, thus reducing 

engineering effort without affecting the final design. In any case, for frames designed with 

a response modification coefficient, R, corresponding to a system type defined in the AISC 

Seismic Provisions, the proportioning rules and detailing requirements for that system must 

be followed. This may result in member sizes larger than those required to meet the force 

demands from wind effects. 

For the design of the lateral force-resisting system, comparisons may be made on the 

basis of force demands for each load. For flexible structures, it is convenient to first select 

member sizes to control drift for both wind and seismic effects, then to check the strength of 

elements for both loads, keeping in mind the applicable limitations and proportioning rules 

for the system as discussed above. 

Forces on the lateral force-resisting system must be compared for each member. A com

parison of wind base shear to seismic base shear is informative but can be misleading. In 

general, it is more informative to compare story shears and overturning moments as the 

lateral force distributions for wind and seismic effects can be very different, with seismic 

response often inducing larger overturning moments for the same base shear. Additionally, 

for elements that are required to be designed for the overstrength seismic load or capacity

limited seismic load, such as columns, brace connections, etc., a simple base shear compari

son using the basic load combinations is misleading. Similarly, for structures that require 

a redundancy factor greater than one, the base shear comparison is insufficient since this 

effect is captured in the member design load combinations. Also, limitations on member 

slenderness and compactness requirements often require members that are substantially 

larger than those required for strength demands. The commentary to ASCE/SEI 7 also dis

cusses specific situations and considerations when comparing wind and seismic effects (e.g., 

ASCE/SEI 7, Section Cl 2.8.2, regarding period determination). 

Regardless of which load produces higher story shears and overturning moments, design

ers must check seismic drift and seismic stability, as well as wind serviceability criteria. 

Further information on serviceability criteria can be found in AISC Specification Chapter L 

and ASCE/SEI 7, Appendix C. 

The design of cladding and other components represents a separate case. These elements 

must resist forces that are subject to amplification from dynamic effects (both wind and 

seismic), and a complete analysis for forces on cladding and components for both wind and 

seismic forces is often necessary. Refer to Parker (2008) for more information. 
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1.4 IDENTIFICATION OF SFRS ELEMENTS AND 

SAMPLE CONNECTION DETAILS 

Identification of SFRS Elements 

As required by AISC Seismic Provisions Section A4.1, structural design drawings and 

specifications must include designation of the SFRS and its associated members, including 

collectors and chords, and their connections. AISC Seismic Provisions Chapters A through 

D contain general requirements related to the SFRS, and AISC Seismic Provisions Chapters 

E through H contain requirements specific to system type. Figure 1-8 shows a typical plan 

with these elements identified. 

Sample Connection Details 

Connection drawings are to be created based on the requirements of AISC Seismic Provi

sions Section A4.2. AISC Code of Standard Practice Section 3.1.1 provides three options 

for connection design details. Figure l-9 and the accompanying notes satisfy the appropriate 

level of detail for Option l where the complete connection design is shown in the structural 

design documents. This figure shows a welded unreinforced flange-welded web (WUF-W) 

moment connection as an example of a fully developed connection detail. 

0) 0 0 0 0 

SFRS: 

Collector/Chord 

® 

® 

Fig. 1-8. Typical plan ident(fying SFRS elements. 
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CJP 

W-C o I u m n ----------------------

Demand critical weld 
Connection Notes 3, 6 & 9 

Connection 
Note 11 

Connection 
Note 13 

<D 

! 

Continuity 11/ plates, typ 
\/ 

Doubler PL t3 

PL t2 x (b t3) at doubler plate 

PL 12 x b with no doubler plate 
Connection Note 12 

Section A-A 

Section B -B 

CJP 

W-Beam

Shear plate PL t1 

with erection bolts 
Connection Note 10 

Demand critical weld 
Connection Notes 3, 5 & 9 

Comer clip per AWS 

01 .8 (AWS 01 .8 clip 

requirements do not 

apply on doubler side) 

W-Column

Fig. 1-9. Beam-to-column special moment frame connection 

(WUF-W) as a sample connection detail. 
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Connection Schedule 

Shear Plate Continuity Plates Doubler plate 
Column 

Beam Size thickness 
Size Thickness Fillet weld Thickness Width Fillet weld 

t1, in. W1, in. t2, in. b, in. W2, in. t3, in. 

W14x370 W24x76 ½ 7/16 
Not Not 

Not required Not required 
required required 

W14x257 W24x76 ½ 7/16 ¾ 6 ½ ½ 

Connection Notes 

1. This connection is part of a seismic force-resisting system.
2. See Connection Schedule for connection parameters.
3. Weld access holes must conform to the requirements of AWS D1 .8, Section 6.11. 1.2.
4. Steel backing at the continuity plate may be removed (Connection Note 7) or left in place (Connection Note 8).
5. Steel backing at the bottom flange must be removed (Connection Note 7).
6. Steel backing at the top flange may be removed (Connection Note 7) or left in place (Connection Note 8).
7. Where steel backing is removed, the root pass is backgouged to sound weld metal and back welded with a minimum 5/16-in.

reinforcing fillet. The toe of the reinforcing fillet does not need to be located on the continuity plate base metal.
8. Where steel backing is left in place, it has a 5/16-in. fillet to the column flange. No weld should be made from the backing to the

beam flange or continuity plate.
9. Weld tabs at beam flanges and continuity plates must be removed in accordance with AWS D1 .8, except at the outboard ends of

continuity-plate-to-column welds. Weld tabs and weld metal need not be removed closer than ¼-in. from the continuity plate edge.
10. Fabricate single plate per ANSI/AISC 358, Figure 8.3. It is acceptable to use horizontal short-slotted holes in the plate for erection

bolts.
11. Weld shear plate to beam web on three sides. See ANSI/AISC 358, Figure 8.3, for additional information.
12. When a doubler plate is required, clip stiffener plate corners to clear doubler plate to W-shape column weld and column fillet. When

no doubler plate is required, clip stiffener plate corners per AWS D1 .8.
13. Provide weld at the web doubler plate per AWS D1 .8, clause 4.3.
14. W-shapes are ASTM A992, connection plates are ASTM A572 Gr. 50, and weld electrodes are E70XX.
15. This example is dependent on AISC Seismic Provisions, ANSI/AISC 358 and AWS D1 .8 for complete detailing requirements.

Fig. 1-9 ( continued). Beam-to-column special moment frame connection 

(WUF-W) as a sample connection detail. 
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1.5 DESIGN TABLE DISCUSSION 

Seismic Weld Access Hole Configurations 

Table 1-1. Workable Weld Access Hole 
Configurations for Beams 

Fifteen configurations are given based upon the minimum seismic weld access hole profile 

in accordance with the alternate geometry provisions of A WS D 1.8, Figure 6.2. This table 

is suitable for beam-to-column connections where the alternate hole configuration per 

A WS D 1.8 is stipulated by AISC Seismic Provisions or AISC/ ANSI 358. If this alternate 

hole configuration is not required, then the typical weld access holes in the AISC Seismic 

Provisions may be as provided in the AISC Specification, A WS Dl. l  or A WS Dl.8. This 

table is intended to be used in conjunction with Table 1-3 for quick selection of weld access 

hole geometry for W-shape beams when the seismic weld access hole is used. A workable 

seismic access hole configuration from Table 1-1 is given in Table 1-3 for each shape listed. 

The weld access hole is applicable regardless of the member ductility requirements, if any. 

Where an asterisk is shown, no configuration shown in Table 1-1 meets all criteria for the 

seismic hole configuration. 

AISC Specification Section Jl.6 provides general requirements for weld access holes. 

It should be noted that the geometries shown in Table 1-1 represent only one set of con

figurations that satisfy the dimensions and tolerances in A WS D 1.8, Figure 6.2. Other 

configurations that comply with A WS Dl.8, Figure 6.2 may also be used. The special seis

mic weld access hole is required for beams in ordinary moment frames per AISC Seismic 

Provisions Section E l .6b(c), and for beams in welded unreinforced flange-welded web 

(WUF-W) moment connections per ANSI/AISC 358. 

Member Ductility Requirements 

Table 1-2. Summary of Member Ductility Requirements 

Ductility requirements are summarized for SFRS members per AISC Seismic Provisions 

Chapters E, F, G and H. 

Local Buckling Requirements 

Table 1-3. Sections that Satisfy Seismic 
Width-to-Thickness Requirements, W-Shapes 

This table summarizes the width-to-thickness requirements of W-shapes based on member 

type for both moderately and highly ductile applications. For each shape, the requirements 

for moderately ductile members are presented on the left-hand page, and the require

ments for highly ductile members are presented on the right-hand page. See Table 1-2 for 

a summary of member ductility requirements, indicated by SFRS, per the AISC Seismic 

Provisions. A wide-flange section satisfies the width-to-thickness requirements if its corre

sponding flange and web ratios are less than or equal to the limits listed in Table 1-A, which 

summarizes the requirements in AISC Seismic Provisions Table D 1.1. Note that W-shapes 
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Table 1-A 

Limiting Width-to-Thickness Ratios for 
W-Shape Flanges and Webs in Compression

Limiting Width-to-Thickness Ratio 
Member 

Flange, bit Web, hltw 

Diagonal 0.40) 
E 1.57) 

E
Brace R

y
f

y 
R

y
f

y 

For Ca<:: 0.114 

3.96) 
E (1 3.04Ca)

.9:! 
R

y
Fy 

For Ca> 0.114 
C 

>, 

1.29) 
E (2.12 Ca) :2: 1.57) 

E :! Beam,• "' 
0.40) 

E R
y

f
y 

R
y

F
y 

Column, "Cl R
y

F
y 

0 

EBF Linkb where 

Ca=__!}_ 
<Pc Py 

(LRFD) 

Ca= O.cPa
P

y 

(ASD) 

P
y 

=R
y

F
yAg 

Diagonal 0.32) 
E 1.57) 

E
Brace R

y
F

y 
RyFy 

For Ca '.c'. 0.114 

2.57) 
E (1 1.04Ca)

5 Beam," 
R

y
f

y 

'-' 
Column, For Ca> 0.114 

C 

Chords in >, 

0.88) 
E (2.68 - Ca)::, 1.57) 

E :E STMF en 

0.32) 
E R

y
f

y 
R

y
f

y S: Special 

Segment, 
R

y
f

y where 

EBF Link, Ca= (LRFD) 
SPSW <Pc Py 

VBE& HBE 
Ca= 0.cPa 

(ASD)P
y 

P
y 

=R
y

F
yAg 

a For W-shape beams in IMF systems where Ca is less than or equal to 0.114, the limiting ratio h/tw shall not exceed 

3.96) 
E

R
y

F
y 

b Applies to EBF links meeting the exception in AISC Seismic Provisions Section F3.5b.1. 
' For W-shape beams in SMF systems, where Ca is less than or equal to 0.114, the limiting width-to-thickness ratio hllw shall 

not exceed 2.57) 
E

R
y
f

y 
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that do not satisfy either moderately or highly ductile width-to-thickness ratios for any of 
the steel strengths incorporated are not included in Table 1-3. 

Diagonal brace W-shapes that satisfy the moderately or highly ductile width-to-thickness 
requirements per AISC Seismic Provisions Table D 1.1 are indicated with a "•" in the 
column labeled "Diagonal Braces" for F

y 
= 50 ksi (ASTM A992 and ASTM A913, where 

applicable). For beams, columns and links with F
y 
= 50 ksi (ASTM A992 and ASTM A913, 

where applicable) and for columns with F
y 
= 65 ksi (ASTM A913) and F

y 
= 70 ksi (ASTM 

A913), the limiting web width-to-thickness ratio is a function of a member's required axial 
strength, Pu or Pa· For these cases, the member will satisfy the width-to-thickness require
ments if Pu or Pa is less than or equal to the value tabulated for Pu max or Pa max, respectively. 
Nominal axial yield strength of a member, P

y
, is calculated as R

y
F

y
A

g
. Where "NL" is 

indicated, the values of Pu or Pa are not limited by seismic width-to-thickness ratios and are 
instead limited by the member available strength. Note that in these cases it is assumed that 
Ca

= Pu /<j)cP
y 

> 0.114 or QcPa/ P
y

> 0.114. Exceptions for intermediate moment frame and 
special moment frame beams with Ca < 0.114 are indicated in the footnotes of Table 1-A. 

Also provided is the maximum spacing of beam bracing for moderately ductile and 
highly ductile beams, Lb max, where for moderately ductile beams, Lb max = O. I 9r

y
E / R

y
F

y
, 

and for highly ductile beams, Lb max = 0.095r
y
E/R

y
F

y
. 

Table 1-4. Sections that Satisfy Seismic 

Width-to-Thickness Requirements, Angles 

Angles with F
y 

= 36 ksi (A36), including both single- and double-angle configurations, that 
satisfy AISC Seismic Provisions local buckling requirements for use as diagonal braces in 
SCBF, OCBF, EBF, and the special segment of STMF chords are indicated with a"•" in 
the corresponding column. An angle satisfies these requirements if the greatest leg width
to-thickness ratio is less than or equal to the corresponding limits listed in Table 1-B, which 
is summarized from the requirements in AISC Seismic Provisions Table D 1.1. Note that 
angles that do not satisfy either moderately or highly ductile width-to-thickness ratios are 
not included in Table 1-4. 
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Table 1-B 

Limiting Width-to-Thickness Ratios for 
Angle Legs in Compression 

Member 
Width-to-Thickness Limiting Width-to-Thickness 

Ratio Ratio 

J!?.S? 
Diagonal 0.40) E"' ·-

... -
bit ., '-' 

"Cl :::s Brace R
y
F

y oC 

Diagonal 

... ., Brace, 
0.32) E �� Chords in bit 

·- :::s R
y
F

y :C C STMF Special 

Segment 

Table 1-5a. Sections that Satisfy Seismic 

Width-to-Thickness Requirements, Rectangular HSS 

Table 1-5b. Sections that Satisfy Seismic 

Width-to-Thickness Requirements, Square HSS 

Rectangular and square HSS with F
y 

= 50 ksi (ASTM A500 Grade C and ASTM Al085 

Grade A) that satisfy the AISC Seismic Provisions local buckling requirements for use as 

columns, beams or braces in SCBF and EBF, and braces in OCBF are indicated with a"•" 

in the corresponding column. A rectangular or square HSS satisfies these requirements if its 

flange and web width-to-thickness ratios are less than or equal to the corresponding limits 

listed in Table l -C, which is summarized from the requirements of AISC Seismic Provisions

Table D 1.1. Note that HSS sections that do not satisfy either moderately or highly ductile 

width-to-thickness ratios are not included in Tables l -5a or l -5b. 
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Table 1-C 

Limiting Width-to-Thickness 
Ratios for Rectangular and Square 

HSS Walls in Compression 

Member 
Width-to-Thickness Limiting Width-to-Thickness 

Ratio Ratio 

Diagonal 
bit 0.76) E

� Brace R
y
F

y ., .,.... -
"' ·-
....... 
., CJ 
,:, ::, 
oC 

Beam, 1.18) E� 
bit 

Column R
y
F
y 

Diagonal 
bit 0.65) E

>.!!:! 
Brace R

y
F
y 

:E:;:::; 
en CJ 

·- ::, 
:C C 

Beam, 0.65) Ebit 
Column R

y
F
y 

Table 1-6. Sections that Satisfy Seismic 
Width-to-Thickness Requirements, Round HSS 

Round HSS sections with F
y 

= 46 ksi (ASTM A500 Grade C) and F
y 

= 50 ksi (ASTM 

A1085 Grade A) that satisfy the AISC Seismic Provisions local buckling requirements for 

use as columns, beams or braces in SCBF, and columns or braces in EBF, and braces in 

OCBF are indicated with a"•" in the corresponding column. A round HSS satisfies these 

requirements if its width-to-thickness ratio is less than or equal to the corresponding limit 

listed in Table 1-D. Note that round HSS sections that do not satisfy either moderately or 

highly ductile width-to-thickness ratios are not included in Table 1-6. 
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Table 1-D 

Limiting Width-to-Thickness 
Ratios for Round HSS and 
Pipe Walls in Compression 

Member 
Width-to-Thickness Limiting Width-to-Thickness 

Ratio Ratio 

>, 
Diagonal 

D/t 0.062__£_ 
;;; .., Brace RyFy 
ta= 
... -
.., r.., 

,::, :, 

0.077-E-
oC Beam, 
:E D/t 

Column RyFy 

>, a, 
Diagonal 

:E :a Brace, 
D/t 0.053__£_ en '-' 

·- :, Beam, RyFy ::r: C 

Column 

Table 1-7. Sections that Satisfy Seismic 
Width-to-Thickness Requirements, Pipes 

1-35

Pipes with F
y 

= 35 ksi (ASTM A53 Grade B) that satisfy AISC Seismic Provisions local 

buckling requirements for use as braces or columns in SCBF and EBF, and braces in OCBF 

are indicated with a "•" in the corresponding column. A pipe satisfies these requirements 

if its width-to-thickness ratio, Dlt, is less than or equal to the corresponding limit listed in 

Table 1-D. Note that pipes that do not satisfy either moderately or highly ductile width-to

thickness ratios are not included in Table 1-7. 
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Strength of Steel Headed Stud Anchors 

Table 1-8. Nominal Horizontal Shear Strength and 
25% Reduced Nominal Horizontal Shear 

Strength for One Steel Headed Stud Anchor 

The nominal shear strength of steel headed stud anchors is given in Table l-8, in accordance 

with AISC Specification Chapter I. This table provides the nominal shear strength for one 

steel headed stud anchor embedded in a solid concrete slab or in a composite slab with deck

ing, as given in AISC Specification Section I8.2a.The nominal shear strength with the 25% 

reduction as specified in AISC Seismic Provisions Section D2.8 for intermediate or special 

SFRS of Sections G2, G3, G4, H2, H3, H5 and H6 is also given in Table 1-8. According to 

the User Note in AISC Seismic Provisions Section D2.8, the 25% reduction is not neces

sary for gravity or collector components in structures with intermediate or special seismic 

force-resisting systems designed for the overstrength seismic load. Nominal horizontal 

shear strength values are presented based upon the position of the steel anchor, profile of 

the deck, and orientation of the deck relative to the steel anchor. See AISC Specification 

Commentary Figure C-I8. l .  

ASCE/SEI 7 Design Coefficients and Factors for SFRS 

Table 1-9a. Design Coefficients and Factors for 
Steel and Steel and Concrete Composite Seismic 
Force-Resisting Systems 

This table is based on ASCE/SEI 7, Table 12.2-1, and provides design coefficients and fac

tors for steel and composite seismic force-resisting systems (ASCE, 2016). 

Table 1-9b. Design Coefficients and Factors for 
Nonbuilding Structures Similar to Buildings 

This table is based on ASCE/SEI 7, Table 15.4-1, and provides design coefficients and fac

tors for steel and composite seismic force-resisting systems in nonbuilding structures similar 

to buildings (ASCE, 2016). 
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Table 1-1 

Workable Weld Access 
Hole Configurations for Beams 

@ 
G) 1�

�/' tbf 

@ 

® 

l'Y
@)

® 

@) 
IA' 

G) ---....._ ; / @ ¾"min. 

I tbf 

@ 

Dimension for weld access hole geometry in accordance with 

Access AWS D1.8, clause 6.11.1.2 

Hole Type G) ® @ @ ® 
degrees in. in. in. in. 

A 308 ½ ¾ ½ 1¼ 
B ½ ¾ 1½ 
C ¾ 1 2½ 

D 1 1¼ 3½
E 1¼ 1½ 4½ 
F 1½ 1¾ 5½ 
G 1¾ 2 6½ 
H 2 2¼ 7½ 
I 2¼ 2½ 8½ 
J 2½ 2¾ 9½ 
K 3 3 11 
L 3¼ 3½ 12½ 
M 3¾ 4 14 
N 4 4¼ 15 
0 4¾ 4½ 16 

a 30 degrees is the typical bevel angle. AWS permits other angles which will revise the remaining tablulated values. 
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Table 1-2 

Summary of Member Ductility 
Requirements 

No Ductility AISC 

Highly Moderately Requirements Seismic 

System Ductile Ductile per AISC Provisions 

Ahd Amd Seismic Section 

Provisions Reference 

Ordinary Moment Frame (OMF) • E1.5a 

Intermediate Moment Frame (IMF) 

• Beams • E2.5a 

• Columns • E2.5a 

Special Moment Frames (SMF) 

• Beams • E3.5a 

• Columns • E3.5a 

Special Truss Moment Frames (STMF) 

• Columns • E4.5a 

• Chords in Special Segment • E4.5d 

• Special Segment Diagonal Webs • E4.5d 

Ordinary Cantilever Column Systems (OCCS) • E5.5a 

Special Cantilever Column Systems (SCCS) 

• Columns • E6.5a 

Ordinary Concentrically Braced Frames (OCBF) 

• Diagonal Braces • F1.5a 

Special Concentrically Braced Frames (SCBF) 

• Diagonal Braces • F2.5a 

• Beams • F2.5a 

• Columns • F2.5a 

Eccentrically Braced Frames (EBF) 

• Diagonal Braces • F3.5a 

• Columns • F3.5a 

• Link Beams • a F3.5b.1 

• Beams Outside of the Link • F3.5a 

Buckling-Restrained Braced Frames (BRBF) 

• Beams • F4.5a 

• Columns • F4.5a 

Special Plate Shear Walls (SPSW) 

• Horizontal Boundary Elements • F5.5a 

• Vertical Boundary Elements • F5.5a 

• Intermediate Boundary Elements • F5.5a 

Composite Ordinary Moment Frames (C-OMF) • G1.5 

a See exceptions in Section F3.5b.1. 
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Table 1-2 (continued) 

Summary of Member Ductility 
Requirements 

No Ductility AISC 

Highly Moderately Requirements Seismic 

System Ductile Ductile per AISC Provisions 

Ahd Amd Seismic Section 

Provisions Reference 

Composite Intermediate Moment Frames (C-IMF) 

• Steel and Composite Beams • G2.5a 

• Steel and Composite Columns • G2.5a 

Composite Special Moment Frames (C-SMF) 

• Steel and Composite Beams • G3.5a 

• Steel and Composite Columns • G3.5a 

• Reinforced Concrete-Encased Beams eb G3.5a 

Composite Partially Restrained Moment Frames 

(C-PRMF) 

• Steel Columns • G4.5a 

• Composite Beams • G4.5b 

Composite Ordinary Braced Frames (C-OBF) • H1 .5a 

Composite Special Concentrically Braced Frames 

(C-SCBF) 

• Composite Columns • H2.5a 

• Steel Braces or Composite Braces • H2.5a 

• Steel or Composite Beams • H2.5a 

Composite Eccentrically Braced Frames (C-EBF) 

• Diagonal Braces • H3.5 & F3.5a 

• Columns • H3.5 & F3.5a 

• Link Beams •" H3.5 & F3.5b.1 

• Beams Outside of the Link • H3.5 & F3.5a 

Composite Ordinary Shear Walls (C-OSW) 

• Steel Coupling Beams • H4.5b.1 

• Encased Composite Coupling Beams • H4.5b.1,2 

Composite Special Shear Walls (C-SSW) 

• Unencased Structural Steel Columns • H5.5b 

• Concrete Encased Structural Steel Columns • H5.5b 

• Steel Coupling Beams • c H5.5c 

• Encased Composite Coupling Beams .c H5.5c,d 

Composite Plate Shear Walls (C-PSW) 

• Steel and Composite Horizontal Boundary Elements • H6.5a 

• Steel and Composite Vertical Boundary Elements • H6.5a 

a See exceptions in Section F3.5b.1. 
b See exception in Section G3.5a. 
' See exception in Section H5.5c. 
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Table 1-3 

Sections that Satisfy Seismic 

I Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile 

fy = 50 ksi Fy = 65 ksi 

Shape Beams, Columns and Links 
Diagonal 
Braces Lb max, ft 

W44x335 29.1 

x290 29.1 

x262 29.0 

x230 28.6 

W40x655 

x593 

x503 

x431 

x397 

x372 

x362 

x324 

x297 

x277 

x249 

x215 

x199 

W40x392 

x331 

x327 

x294 

x278 

x264 

x235 

x211 

x183 

x167 

x149 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

32.2 

31.7 

31.1 

30.5 

30.4 

30.1 

30.1 

29.9 

29.6 

29.9 

29.6 

29.6 

28.8 

22.0 

21.5 

21.5 

21.3 

21.0 

21.0 

21.2 

21.0 

20.8 

20.0 

19.1 

Columns 

Fy = 70 ksi 

Columns 

LRFD 

4110 

1910 

742 

443 

NL 

NL 

NL 

NL 

NL 

NL 

6620 

4980 

3930 

2680 

1520 

457 

423 

NL 

NL 

NL 

4980 

4500 

3740 

2270 

1280 

383 

355 

293 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy = 50 ksi f
y = 65 ksi 

Shape Beams, Columns and Links Columns 

W44x335 

x290 

x262 

x230 

W40x655 

x593 

x503 

x431 

x397 

x372 

x362 

x324 

x297 

x277 

x249 

x215 

x199 

W40x392 

x331 

x327 

x294 

x278 

x264 

x235 

x211 

x183 

x167 

x149 

Diagonal -------+--------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

14.6 

14.6 

14.5 

14.3 

16.1 

15.9 

15.5 

15.2 

15.2 

15.0 

15.0 

14.9 

14.8 

14.9 

14.8 

14.8 

14.4 

11.0 

10.7 

10.8 

10.6 

10.5 

10.5 

10.6 

10.5 

10.4 

10.0 

9.56 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

3110 

556 

28.4 

NL 

NL 

NL 

NL 

NL 

NL 

6570 

4470 

3180 

1510 

420 

NL 

NL 

NL 

4750 

4160 

3190 

1280 

355 

Holes 

H 

G 

F 

E 

M 

L 

K 

J 

H 

G 

G 

F 

E 

E 

K 

H 

H 

G 

G 

F 

E 

E 

D 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y = 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W36x925 • 35.6 NL 

x853 • 35.7 NL 

x802 • 35.2 NL 

x723 • 34.8 NL 

x652 • 34.2 NL 

x529 • 33.4 NL 

x487 • 33.1 NL 

x441 • 32.7 NL 

x395 • 32.4 NL 

x361 • 32.1 NL 

x330 • 32.0 5810 

x302 • 31.9 4720 

x282 31.7 3870 

x262 31.4 3180 

x247 31.2 2600 

x231 31.0 2050 

W36x256 • 22.1 4020 

x232 21.9 2970 

x210 21.5 2390 

x194 21.4 1680 

x182 21.3 1230 

x170 21.1 744 

x160 20.9 413 

x150 20.6 328 

x135 19.9 269 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 

of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy
= 50 ksi f

y = 65 ksi 

Shape Beams, Columns and Links Columns 

W36x925 

x853 

x802 

x723 

x652 

x529 

x487 

x441 

x395 

x361 

x330 

x302 

x282 

x262 

x247 

x231 

W36x256 

x232 

x210 

x194 

x182 

x170 

x160 

x150 

x135 

Diagonal -----+-------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

17.8 

17.9 

17.6 

17.4 

17.1 

16.7 

16.5 

16.4 

16.2 

16.1 

16.0 

15.9 

15.9 

15.7 

15.6 

15.5 

11.1 

10.9 

10.8 

10.7 

10.6 

10.6 

10.4 

10.3 

9.93 

Fy = 70 ksi Web 
Columns Access 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

5650 

4290 

3220 

2370 

1670 

3660 

2340 

1680 

779 

363 

145 

Holes 

0 

0 
0 

N 

M 

K 

K 

J 

H 

G 

G 

F 

F 

F 

G 

G 

F 

F 

E 

E 

E 

D 

D 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y

= 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W33x387 • 31.5 NL 

x354 • 31.2 NL 

x318 • 31.0 NL 

x291 • 30.7 5230 

x263 • 30.6 4020 

x241 • 30.2 3380 

x221 30.0 2630 

x201 29.7 1860 

W33x169 20.9 1150 

x152 20.6 730 

x141 20.3 399 

x130 20.0 286 

x118 19.4 230 

W30x391 • 30.6 NL 

x357 • 30.4 NL 

x326 • 30.1 NL 

x292 • 29.9 NL 

x261 • 29.5 NL 

x235 • 29.3 4000 

x211 • 29.1 3200 

x191 28.9 2390 

x173 28.6 1730 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 

of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy
= 50 ksi 

Shape Beams, Columns and Links 

W33x387 

x354 

x318 

x291 

x263 

x241 

x221 

x201 

W33x169 

x152 

x141 

x130 

x118 

W30x391 

x357 

x326 

x292 

x261 

x235 

x211 

x191 

x173 

Diagonal 
Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

15.7 

15.6 

15.5 

15.4 

15.3 

15.1 

15.0 

14.9 

10.4 

10.3 

10.1 

9.98 

9.68 

15.3 

15.2 

15.0 

14.9 

14.7 

14.7 

14.6 

14.4 

14.3 

f
y

= 65 ksi 

Columns 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

NL 

NL 

NL 

5130 

3600 

2850 

1930 

342 

160 

15.3 

NL 

NL 

NL 

NL 

NL 

3820 

2850 

Holes 

J 

H 

G 

G 

F 

F 

E 

E 

E 

D 

D 

C 

J 

H 

G 

F 

F 

E 

E 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y

= 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W30x148 19.0 1380 

x132 18.8 985 

x124 18.6 694 

x116 18.3 499 

x108 17.9 305 

x99 17.5 

x90 17.4 

W27x539 • 30.5 NL 

x368 • 29.1 NL 

x336 • 28.8 NL 

x307 • 28.5 NL 

x281 • 28.3 NL 

x258 • 28.1 NL 

x235 • 27.8 NL 

x217 • 27.7 NL 

x194 • 27.5 3360 

x178 • 27.1 2930 

x161 27.0 2240 

x146 26.7 1640 

W27x129 18.5 1400 

x114 18.2 983 

x102 17.9 496 

x94 17.7 273 

x84 17.3 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy
= 50 ksi f

y
= 65 ksi 

Shape Beams, Columns and Links Columns 

W30x148 

x132 

x124 

x116 

x108 

x99 

x90 

W27x539 

x368 

x336 

x307 

x281 

x258 

x235 

x217 

x194 

x178 

x161 

x146 

W27x129 

x114 

x102 

x94 

x84 

Diagonal ------+-------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

9.52 

9.39 

9.31 

9.14 

8.97 

8.77 

8.72 

15.2 

14.5 

14.4 

14.2 

14.2 

14.0 

13.9 

13.9 

13.7 

13.6 

13.5 

13.4 

9.23 

9.10 

8.97 

8.85 

8.64 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

738 

306 

179 

94.8 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

3240 

2740 

931 

446 

111 

Holes 

E 

D 

D 

D 

D 

C 

C 

M 

J 

J 

H 

H 

G 

F 

F 

E 

E 

D 

E 

D 

D 

C 

C 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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1-50

I 
Shape 

W24x370 

x335 

x306 

x279 

x250 

x229 

x207 

x192 

x176 

x162 

x146 

x131 

x117 

x104 

W24x103 

x94 

x84 

x76 

x68 

W24x62 

x55 

GENERAL DESIGN CONSIDERATIONS 

Table 1-3 (continued) 

Sections that Satisfy Seismic 

Diagonal 
Braces 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile 

f
y

= 50 ksi F
y

= 65 ksi 

Beams, Columns and Links Columns 

Lb max, ft 

27.3 

27.0 

26.7 

26.5 

26.2 

26.0 

25.7 

25.6 

25.4 

25.5 

25.1 

24.8 

24.5 

24.3 

16.6 

16.5 

16.3 

16.0 

15.6 

11.5 

11.2 

F
y

= 70 ksi 

Columns 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

2970 

2370 

1870 

1320 

1160 

857 

490 

253 

148 

150 

107 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy = 50 ksi 

Shape Beams, Columns and Links 

W24x370 

x335 

x306 

x279 

x250 

x229 

x207 

x192 

x176 

x162 

x146 

x131 

x117 

x104 

W24x103 

x94 

x84 

x76 

x68 

W24x62 

x55 

Diagonal 
Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

13.6 

13.5 

13.4 

13.2 

13.1 

13.0 

12.9 

12.8 

12.7 

12.7 

12.6 

12.4 

12.3 

12.1 

8.31 

8.27 

8.14 

8.01 

7.81 

5.76 

5.59 

f
y = 65 ksi 

Columns 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

2940 

2190 

808 

435 

131 

Holes 

K 

J 

J 

H 

G 

G 

F 

F 

E 

E 

D 

D 

C 

D 

D 

D 

C 

C 

C 

C 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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I 
Shape 

W21 x275 

x248 

x223 

x201 

x182 

x166 

x147 

x132 

x122 

x111 

x101 

W21 x93 

x83 

x73 

x68 

x62 

x55 

W21 x57 

x50 

x44 

GENERAL DESIGN CONSIDERATIONS 

Table 1-3 (continued) 

Sections that Satisfy Seismic 
Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile 

fy = 50 ksi Fy = 65 ksi 

Beams, Columns and Links 
Diagonal 
Braces Lb max, ft 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

25.9 

25.7 

25.4 

25.2 

25.0 

25.0 

24.6 

24.5 

24.4 

24.2 

24.1 

15.4 

15.3 

15.1 

15.0 

14.8 

14.4 

11.3 

10.9 

10.5 

Columns 

Fy = 70 ksi 

Columns 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

2160 

1710 

1280 

1570 

1130 

707 

524 

313 

313 

149 

89.7 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 

IR
y

= 1.1 Width-to-Thickness 
Requirements 

W-Shapes

Highly Ductile 

fy = 50 ksi f
y = 65 ksi 

Shape Beams, Columns and Links Columns 

W21 x275 

x248 

x223 

x201 

x182 

x166 

x147 

x132 

x122 

x111 

x101 

W21 x93 

x83 

x73 

x68 

x62 

x55 

W21 x57 

x50 

x44 

Diagonal ------1-------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

12.9 

12.9 

12.7 

12.6 

12.5 

12.5 

12.3 

12.2 

12.2 

12.1 

12.1 

7.68 

7.64 

7.56 

7.51 

7.39 

7.22 

5.64 

5.43 

5.26 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

1490 

928 

399 

176 

Holes 

H 

H 

G 

F 

F 

E 

E 

D 

D 

D 

D 

D 

C 

C 

C 

C 

79.8 C 

9.34 C 

B 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y

= 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W18x311 • 24.6 NL 

x283 • 24.3 NL 

x258 • 24.0 NL 

x234 • 23.8 NL 

x211 • 23.5 NL 

x192 • 23.3 NL 

x175 • 23.0 NL 

x158 • 22.9 NL 

x143 • 22.7 NL 

x130 • 22.5 NL 

x119 • 22.5 NL 

x106 • 22.2 NL 

x97 • 22.1 NL 

x86 • 22.0 1380 

x76 21.8 

W18x71 • 14.2 1200 

x65 • 14.1 919 

x60 14.0 700 

x55 13.9 537 

x50 13.8 320 

W18x46 10.8 317 

x40 10.6 90.8 

x35 10.2 71.3 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy
= 50 ksi 

Shape Beams, Columns and Links 

W18x311 

x283 

x258 

x234 

x211 

x192 

x175 

x158 

x143 

x130 

x119 

x106 

x97 

x86 

x76 

W18x71 

x65 

x60 

x55 

x50 

W18x46 

x40 

x35 

Diagonal 
Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

12.3 

12.1 

12.0 

11.9 

11.8 

11.6 

11.5 

11.4 

11.4 

11.3 

11.2 

11.1 

11.1 

11.0 

10.9 

7.10 

7.05 

7.01 

6.97 

6.89 

5.38 

5.30 

5.09 

f
y = 65 ksi 

Columns 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

1130 

780 

505 

307 

95.1 

Holes 

K 

J 

J 

H 

G 

G 

F 

F 

E 

E 

D 

D 

D 

C 

D 

C 

C 

C 

C 

C 

C 

B 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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I 
Shape 

W16x100 

x89 

x77 

x67 

W16x57 

x50 

x45 

x40 

x36 

W16x31 

x26 

GENERAL DESIGN CONSIDERATIONS 

Table 1-3 (continued) 

Sections that Satisfy Seismic 

Diagonal 
Braces 

• 

• 

• 

• 

• 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile 

f
y

= 50 ksi F
y

= 65 ksi 

Beams, Columns and Links Columns 

Lb max, ft 

21.0 

20.8 

20.6 

20.5 

13.4 

13.3 

13.1 

13.1 

12.7 

9.77 

9.35 

F
y

= 70 ksi 

Columns 

LRFD 

NL 

NL 

1370 

932 

934 

638 

441 

215 

68.4 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 

IR
y

= 1.1 Width-to-Thickness 
Requirements 

W-Shapes

Highly Ductile 

fy
= 50 ksi f

y
= 65 ksi 

Shape Beams, Columns and Links Columns 

W16x100 

x89 

x77 

x67 

W16x57 

x50 

x45 

x40 

x36 

W16x31 

x26 

Diagonal 
Braces Lb max, ft

• 

• 

• 

• 

10.5 

10.4 

10.3 

10.3 

6.68 

6.64 

6.55 

6.55 

6.34 

4.88 

4.68 

Fy = 70 ksi Web 
Columns Access 

UlFD 

NL 

NL 

870 

499 

Holes 

D 

D 

D 

C 

C 

C 

C 

C 

B 

B 

A or B 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y = 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W14x873 • 40.9 NL 

x808 • 40.3 NL 

x730 • 39.2 NL 

x665 • 38.6 NL 

x605 • 38.0 NL 

x550 • 37.5 NL 

x500 • 37.0 NL 

x455 • 36.6 NL 

x426 • 36.2 NL 

x398 • 36.0 NL 

x370 • 35.6 NL 

x342 • 35.4 NL 

x311 • 35.1 NL 

x283 • 34.8 NL 

x257 • 34.5 NL 

x233 • 34.2 NL 

x211 • 34.0 NL 

x193 • 33.8 NL 

x176 • 33.6 NL 

x159 • 33.4 NL 

x145 • 33.2 NL 

x132 • 31.4 NL 

x120 • 31.2 

x109 • 31.1 

W14x82 • 20.7 NL 

x74 • 20.7 NL 

x68 • 20.5 NL 

x61 • 20.5 NL 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 
R

y
= 1.1 Width-to-Thickness 

Requirements 
W-Shapes

I 
Highly Ductile 

fy
= 50 ksi f

y = 65 ksi 

Shape Beams, Columns and Links Columns 

W14x873 

x808 

x730 

x665 

x605 

x550 

x500 

x455 

x426 

x398 

x370 

x342 

x311 

x283 

x257 

x233 

x211 

x193 

x176 

x159 

x145 

x132 

x120 

x109 

W14x82 

x74 

x68 

x61 

Diagonal ------+--------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

20.5 

20.2 

19.6 

19.3 

19.0 

18.7 

18.5 

18.3 

18.1 

18.0 

17.8 

17.7 

17.5 

17.4 

17.2 

17.1 

17.0 

16.9 

16.8 

16.7 

16.6 

15.7 

15.6 

15.6 

10.4 

10.4 

10.3 

10.2 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

Holes 

* 

* 

* 

N 

M 

L 

L 

K 

K 

J 

J 

H 

G 

G 

F 

F 

E 

E 

E 

D 

D 

D 

D 

C 

C 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 

* The weld access hole configurations from Table 1-1 do not meet the criteria of AWS D1 .8, Figure 6.2, for this member.
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y

= 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W14x53 • 16.0 958 

x48 • 15.9 760 

x43 15.8 547 

W14x38 12.9 418 

x34 12.8 276 

x30 12.4 

W14x26 9.02 106 

x22 8.68 45.3 

W12x336 • 29.0 NL 

x305 • 28.6 NL 

x279 • 28.2 NL 

x252 • 27.9 NL 

x230 • 27.6 NL 

x210 • 27.4 NL 

x190 • 27.1 NL 

x170 • 26.9 NL 

x152 • 26.6 NL 

x136 • 26.4 NL 

x120 • 26.1 NL 

x106 • 26.0 NL 

x96 • 25.8 NL 

x87 • 25.6 NL 

x79 • 25.5 

x72 • 25.4 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



DESIGN TABLES 1-61

Table 1-3 (continued) 

Sections that Satisfy Seismic 

IR
y

= 1.1 Width-to-Thickness 
Requirements 

W-Shapes

Highly Ductile 

fy = 50 ksi f
y = 65 ksi 

Shape Beams, Columns and Links Columns 

W14x53 

x48 

x43 

W14x38 

x34 

x30 

W14x26 

x22 

W12x336 

x305 

x279 

x252 

x230 

x210 

x190 

x170 

x152 

x136 

x120 

x106 

x96 

x87 

x79 

x72 

Diagonal 
Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

8.01 

7.97 

7.89 

6.47 

6.39 

6.22 

4.51 

4.34 

14.5 

14.3 

14.1 

13.9 

13.8 

13.7 

13.6 

13.4 

13.3 

13.2 

13.1 

13.0 

12.9 

12.8 

12.7 

12.7 

Fy = 70 ksi Web 
Columns Access 

I.RFD 

941 

Holes 

C 

C 

C 

C 

B 

A or B 

18.2 B 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

A or B 

K 

K 

J 

H 

G 

G 

F 

E 

E 

D 

D 

D 

C 

C 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

I
Sections that Satisfy Seismic 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile

f
y

= 50 ksi F
y

= 65 ksi F
y

= 70 ksi 

Shape Beams, Columns and Links Columns Columns 
Diagonal 
Braces Lb max, ft 

LRFD 

W12x58 • 21.0

x53 • 20.7

W12x50 • 16.4 NL 

x45 • 16.3 NL 

x40 • 16.2

W12x35 12.9 481 

x30 12.7 274 

x26 12.6 

W12x22 7.08 202 

x19 6.86 106 

x16 6.45 47.9 

x14 6.29 

W10x112 • 22.4 NL 

x100 • 22.1 NL 

x88 • 22.0 NL 

x77 • 21.7 NL 

x68 • 21.6 NL 

x60 • 21.5 NL 

x54 • 21.4

x49 • 21.2

W10x45 • 16.8 NL 

x39 • 16.5 NL 

x33 • 16.2

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 

IR
y

= 1.1 Width-to-Thickness 
Requirements 

W-Shapes

Highly Ductile 

fy
= 50 ksi f

y
= 65 ksi 

Shape Beams, Columns and Links Columns 

W12x58 

x53 

W12x50 

x45 

x40 

W12x35 

x30 

x26 

W12x22 

x19 

x16 

x14 

W10x112 

x100 

x88 

x77 

x68 

x60 

x54 

x49 

W10x45 

x39 

x33 

Diagonal ------1-------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

10.5 

10.4 

8.18 

8.14 

8.10 

6.43 

6.34 

6.30 

3.54 

3.43 

3.23 

3.14 

11.2 

11.1 

11.0 

10.9 

10.8 

10.7 

10.7 

10.6 

8.39 

8.27 

8.10 

Fy = 70 ksi 
Web 

Columns Access 

LRFD 

Holes 

C 

C 

C 

C 

C 

C 

B 

A or B 

104 B 

27.4 A or B 

A or B 

A or B 

NL 

NL 

NL 

NL 

E 

E 

D 

D 

D 

C 

C 

C 

C 

C 

B 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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I 
Shape 

W10x30 

x26 

x22 

W10x19 

x17 

x15 

W8x67 

x58 

x48 

x40 

x35 

W8x28 

x24 

W8x21 

x18 

W8x15 

x13 

GENERAL DESIGN CONSIDERATIONS 

Table 1-3 (continued) 

Sections that Satisfy Seismic 
Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile 

fy = 50 ksi Fy = 65 ksi 

Beams, Columns and Links 
Diagonal 
Braces Lb max, ft 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

11.4 

11.4 

11.1 

7.30 

7.05 

6.76 

17.7 

17.5 

17.4 

17.0 

16.9 

13.5 

13.4 

10.5 

10.3 

7.31 

7.04 

Columns 

Fy = 70 ksi 

Columns 

LRFD 

NL 

402 

275 

223 

178 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 

IR
y

= 1.1 Width-to-Thickness 
Requirements 

W-Shapes

Highly Ductile 

fy
= 50 ksi f

y
= 65 ksi 

Shape Beams, Columns and Links Columns 

W10x30 

x26 

x22 

W10x19 

x17 

x15 

W8x67 

x58 

x48 

x40 

x35 

W8x28 

x24 

W8x21 

x18 

W8x15 

x13 

Diagonal --------1-------

Braces Lb max, ft

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

5.72 

5.68 

5.55 

3.65 

3.53 

3.38 

8.85 

8.77 

8.68 

8.52 

8.47 

6.76 

6.72 

5.26 

5.13 

3.66 

3.52 

F
y

= 70 ksi Web 
Columns Access 

LRFD 

NL 

236 

180 

NL 

NL 

NL 

Holes 

C 

B 

A or B 

A or B 

A or B 

A or B 

D 

D 

C 

C 

B 

B 

A or B 

A or B 

A or B 

A or B 

A or B 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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I 
Shape 

W6x25 

x20 

W6x16 

x12 

x9 

W5x19 

x16 

W4x13 

GENERAL DESIGN CONSIDERATIONS 

Table 1-3 (continued) 

Sections that Satisfy Seismic 

Diagonal 
Braces 

• 

• 

• 

• 

• 

• 

• 

• 

Width-to-Thickness Ry= 1.1

Requirements 
W-Shapes

Moderately Ductile 

f
y

= 50 ksi F
y

= 65 ksi F
y

= 70 ksi 

Beams, Columns and Links Columns Columns 

Lb max, ft 

12.7 

12.5 

8.07 

7.66 

7.56 

10.7 

10.5 

8.35 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-3 (continued) 

Sections that Satisfy Seismic 

IR
y

= 1.1 Width-to-Thickness 
Requirements 

W-Shapes

Highly Ductile 

fy
= 50 ksi f

y
= 65 ksi 

Shape Beams, Columns and Links Columns 

W6x25 

x20 

W6x16 

x12 

x9 

W5x19 

x16 

W4x13 

Diagonal 
Braces Lb max, ft

• 

• 

• 

• 

• 

• 

6.34 

6.26 

4.04 

3.83 

3.78 

5.34 

5.26 

4.17 

Fy = 70 ksi 
Web 

Columns Access 

I.FIFO 

NL 

NL 

NL 

Holes 

B 

A or B 

A or B 

A or B 

A or B 

B 

A or B 

A or B 

Notes: NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

- The member width-to-thickness requirements are not satisfied for the given steel grade.

Confirm ASTM A913 material availability before specifying, as discussed in AISC Manual Part 2. 

Refer to AISC Seismic Provisions Section A3.1 for restrictions on the use of steel with a specified minimum yield stress 
of 65 ksi or 70 ksi. These materials are generally limited to columns in specific seismic force-resisting systems. 
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Table 1-4 

L
Sections that Satisfy Seismic 

Width-to-Thickness Fy = 36 ksi

Requirements Ry= 1.5

Angles 

STMF 
OCBF and 

SCBF STMF 
OCBF and 

SCBF 
EBF EBF 

Shape Shape 

Chords 
Diagonal Diagonal 

Chords 
Diagonal Diagonal 

Braces Braces Braces Braces 

L12x12x11/s • L3½x3x½ • • • 

x7/16 • 

L10x10x11/s • • • 

x1¼ • L3½x2½x½ • • • 

x11/s • 

L3x3x½ • • • 

L8x8x11/s • • • x7/16 • • • 

x1 • x1/s • 

x1/s • 

L3x2½x½ • • • 

L8x6x1 • x7/16 • • • 

x1/s • x1/s • 

L8x4x1 • L3x2x½ • • • 

x1/s • x1/s • 

L6x6x1 • • • L2½x2½x½ • • • 

x1/s • • • x1/s • • • 

x¾ • x5/rn • 

L6x4x1/s • • • L2½x2x1/s • • • 

x¾ • x3/rn • 

L5x5x1/s • • • L2x2x3/s • • • 

x¾ • • • x3/rn • • • 

x% • x¼ • 

L5x3½x¾ • • • 

x% • 

L4x4x¾ • • • 

x% • • • 

x½ • 

x1/rn • 

L4x3½x½ • 

L4x3x% • • • 

x½ • 

L3½x3½x½ • • • 

x1/rn • 
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Table 1-Sa 

Sections that Satisfy Seismic 

DFy = 50 ksi Width-to-Thickness 
Requirements 

Rectangular HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS20x12x¾ • 

HSS16x12x¾ • • 

x% • • 

HSS16x8x% • • 

HSS16x4x% • • 

HSS14x10x% • • 

x½ • 

HSS14x6x% • • 

x½ • 

HSS14x4x% • • 

x½ • 

HSS12x10x½ • • 

HSS12x8x% • • • 

x½ • • 

HSS12x6x% • • • 

x½ • • 

HSS12x4x% • • • 

x½ • • 

HSS10x8x% • • • • • • 

x½ • • 

x3/a • 

HSS10x6x% • • • • • • 

x½ • • 

x3/s • 

HSS10 x 5 x3/s • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-Sa (continued) 

D
Sections that Satisfy Seismic 

Width-to-Thickness Fy = 50 ksi

Requirements 
Rectangular HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS10x4x% • • • • • • 

x½ • • 

x1/s • 

HSS10x3½x½ • • 

x1/s • 

HSS10x3x1/s • 

HSS1Dx2x1/s • 

HSS9x7x% • • • • • • • • 

x½ • • • 

x1/s • • 

HSS9x5x% • • • • • • • • 

x½ • • • 

x1/s • • 

HSS9x3x½ • • • 

x1/s • • 

HSS8x6x% • • • • • • • • 

x½ • • • • • • 

x1/s • • 

xo/16 • • 

HSS8x4x% • • • • • • • • 

x½ • • • • • • 

x1/s • • 

Xo/16 • • 

HSS8x3x½ • • • • • • 

x1/s • • 

xo/16 • • 

HSS8x2x1/s • • 

xo/16 • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



DESIGN TABLES 1-71

Table 1-Sa (continued) 

Sections that Satisfy Seismic 

DFy = 50 ksi Width-to-Thickness 
Requirements 

Rectangular HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS7x5x½ • • • • • • • • 

x% • • • 

X3/16 • • 

x¼ • 

HSS7x4x½ • • • • • • • • 

x% • • • 

xo/16 • • 

x¼ • 

HSS7x3x½ • • • • • • • • 

x% • • • 

X3/16 • • 

x¼ • 

HSS7x2x¼ • 

HSS6x5x½ • • • • • • • • 

x% • • • • • • 

X3/16 • • • 

x¼ • • 

HSS6x4x½ • • • • • • • • 

x% • • • • • • 

X3/16 • • • 

x¼ • • 

HSS6x3x½ • • • • • • • • 

x% • • • • • • 

X3/16 • • • 

x¼ • • 

HSS6x2x% • • • • • • 

xo/16 • • • 

x¼ • • 

HSS5x4x½ • • • • • • • • 

x% • • • • • • • • 

X3/16 • • • • • • 

x¼ • • 

X716 • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-Sa (continued) 

D
Sections that Satisfy Seismic 

Width-to-Thickness Fy = 50 ksi

Requirements 
Rectangular HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS5x3x½ • • • • • • • • 

x3/s • • • • • • • • 

X3/16 • • • • • • 

x¼ • • 

x3/16 • 

HSS5x2½x¼ • • 

x3/16 • 

HSS5x2x3/s • • • • • • • • 

XS/16 • • • • • • 

x¼ • • 

x3/1s • 

HSS4x3x3/s • • • • • • • • 

x5/16 • • • • • • • • 

x¼ • • • • • • 

x3/16 • • 

HSS4x2½x3/s • • • • • • • • 

XS/16 • • • • • • • • 

x¼ • • • • • • 

x3/16 • • 

HSS4x2x3/s • • • • • • • • 

x5/16 • • • • • • • • 

x¼ • • • • • • 

x3/1s • • 

HSS3½x2½x3/s • • • • • • • • 

x5/16 • • • • • • • • 

x¼ • • • • • • • • 

X3/16 • • • 

HSS3½x2x¼ • • • • • • • • 

x¾s • • • 

HSS3½x1½x¼ • • • • • • • • 

x3/16 • • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-Sa (continued) 

Sections that Satisfy Seismic 

DFy = 50 ksi Width-to-Thickness 
Requirements 

Rectangular HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS3 X 2½ Xo/16 • • • • • • • • 

x¼ • • • • • • • • 

x3/16 • • • • • • 

x1/s • 

HSS3 x 2 xo/16 • • • • • • • • 

x¼ • • • • • • • • 

x3/16 • • • • • • 

x1/s • 

HSS3x1½x¼ • • • • • • • • 

x3/16 • • • • • • 

x1/s • 

HSS3x1 x3/i5 • • • • • • 

x1/s • 

HSS2½x2x¼ • • • • • • • • 

x3/i6 • • • • • • • • 

x1/s • 

HSS2½x1½x¼ • • • • • • • • 

x3/16 • • • • • • • • 

x1/s • 

HSS2½x1 x3/rn • • • • • • • • 

x1/s • 

HSS2¼x2x3/rn • • • • • • • • 

x1/s • 

HSS2 x1 ½x3/16 • • • • • • • • 

x1/s • • 

HSS2 x1 x3/16 • • • • • • • • 

x1/s • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-Sb 

D
Sections that Satisfy Seismic 

Width-to-Thickness Fy = 50 ksi

Requirements 
Square HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS22 x 22 x 7/s • • 

HSS20x20x1/s • • 

x¾ • 

HSS18x18x1/s • • 

x¾ • • 

HSS16x16x1/s • • • 

x¾ • • 

x% • • 

HSS14x14x1/s • • • • • • 

x¾ • • • 

x% • • 

x½ • 

HSS12x12x¾ • • • • • • 

x% • • • 

x½ • • 

HSS10x10x¾ • • • • • • • • 

x% • • • • • • 

x½ • • 

x% • 

HSS9x9x% • • • • • • • • 

x½ • • • 

x% • • 

HSS8x8x% • • • • • • • • 

x½ • • • • • • 

x% • • 

xo/is • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-Sb (continued} 

Sections that Satisfy Seismic 

DFy = 50 ksi Width-to-Thickness 
Requirements 

Square HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS7x7x% • • • • • • • • 

x½ • • • • • • • • 

x3/s • • • 

Xo/16 • • 

x¼ • 

HSS6x6x% • • • • • • • • 

x½ • • • • • • • • 

x3/s • • • • • • 

xo/16 • • • 

x¼ • • 

HSS5½x5½x3/s • • • • • • • • 

Xo/16 • • • • 

x¼ • • 

HSS5x5x½ • • • • • • • • 

x3/s • • • • • • • • 

x5/16 • • • • • • 

x¼ • • 

x3/16 • 

HSS4½x4½x½ • • • • • • • • 

x3/s • • • • • • • • 

xo/16 • • • • • • • • 

x¼ • • • 

x3/16 • • 

HSS4x4x½ • • • • • • • • 

x3/s • • • • • • • • 

Xo/16 • • • • • • • • 

x¼ • • • • • • 

x3As • • 

HSS3½x3½x3/s • • • • • • • • 

x¾s • • • • • • • • 

x¼ • • • • • • • • 

x3/16 • • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-Sb (continued) 

D
Sections that Satisfy Seismic 

Width-to-Thickness Fy = 50 ksi

Requirements 
Square HSS 

Diagonal Brace Beam, Column 

Shape A500 Grade C A1085 Grade A A500 Grade C A1085 Grade A 

Amd Ahd Amd Ahd Amd Ahd Amd Ahd 

HSS3x3x% • • • • • • • • 

xo/16 • • • • • • • • 

x¼ • • • • • • • • 

x3/16 • • • • • • 

x1/a • 

HSS2½x2½xo/16 • • • • • • • • 

x¼ • • • • • • • • 

x3/16 • • • • • • • • 

x1/a • 

HSS2¼x2¼x¼ • • • • • • • • 

x3/16 • • • • • • • • 

x1/a • 

HSS2x2x¼ • • • • • • • • 

x3/16 • • • • • • • • 

x1/a • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-6 

Sections that Satisfy Seismic o 
Width-to-Thickness 

Requirements 
Round HSS 

Diagonal Brace, Beam, Column 

Shape A500 Grade C A 1085 Grade A 

tcmd tchd tcmd tchd 

HSS16.000 x 0.625 • • 

HSS14.000 x 0.625 • • • • 

x0.500 • • 

HSS12. 750 x 0.500 • • 

HSS10. 750 x 0.500 • • • • 

x0.375 • 

HSS10.000 x 0.625 • • • • 

x0.500 • • • • 

x0.375 • • 

HSS9.625 x 0.500 • • • • 

x0.375 • • 

HSS8.625 x 0.625 • • • • 

x0.500 • • • • 

x0.375 • • • • 

x0.322 • • 

HSS7.625 x 0.375 • • • • 

x0.328 • • • • 

HSS7.500 x 0.500 • • • • 

x0.375 • • • • 

x0.312 • • • 

HSS7.000 x 0.500 • • • • 

x0.375 • • • • 

x0.312 • • • • 

x0.250 • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-6 (continued) o Sections that Satisfy Seismic 
Width-to-Thickness 

Requirements 
Round HSS 

Diagonal Brace, Beam, Column 

Shape A500 Grade C A 1085 Grade A 

tcmd tchd tcmd tchd 

HSS6.875 x 0.500 • • • • 

x0.375 • • • • 

x0.312 • • • • 

x0.250 • • 

HSS6.625 x 0.500 • • • • 

x0.432 • • • • 

x0.375 • • • • 

x0.312 • • • • 

x0.280 • • • • 

x0.250 • • 

HSS6.000x0.500 • • • • 

x0.375 • • • • 

x0.312 • • • • 

x0.280 • • • • 

x0.250 • • • 

HSS5.563 x 0.500 • • • • 

x0.375 • • • • 

x0.258 • • • • 

HSS5.500x0.500 • • • • 

x0.375 • • • • 

x0.258 • • • • 

HSS5.000 x 0.500 • • • • 

x0.375 • • • • 

x0.312 • • • • 

x0.258 • • • • 

x0.250 • • • • 

x0.188 • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-6 (continued) 

Sections that Satisfy Seismic o
Width-to-Thickness 

Requirements 
Round HSS 

Diagonal Brace, Beam, Column 

Shape A500 Grade C A 1085 Grade A 

tcmd tchd tcmd tchd 

HSS4.500 x 0.375 • • • • 

x0.337 • • • • 

x0.237 • • • • 

x0.188 • • • 

HSS4.000 x 0.313 • • • • 

x0.250 • • • • 

x0.237 • • • • 

x0.226 • • • • 

x0.220 • • • • 

x0.188 • • • • 

HSS3.500 x 0.313 • • • • 

x0.300 • • • • 

x0.250 • • • • 

x0.216 • • • • 

x0.203 • • • • 

x0.188 • • • • 

x0.125 • 

HSS3.000 x 0.250 • • • • 

x0.216 • • • • 

x0.203 • • • • 

x0.188 • • • • 

x0.152 • • • • 

x0.134 • • • • 

x0.125 • • • 

HSS2.875 x 0.250 • • • • 

x0.203 • • • • 

x0.188 • • • • 

x0.125 • • • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-6 (continued) o Sections that Satisfy Seismic 
Width-to-Thickness 

Requirements 
Round HSS 

Diagonal Brace, Beam, Column 

Shape A500 Grade C A 1085 Grade A 

tcmd tchd tcmd tchd 

HSS2.500 x 0.250 • • • • 

x0.188 • • • • 

x0.125 • • • • 

HSS2.375 x 0.250 • • • • 

x0.218 • • • • 

x0.188 • • • • 

x0.154 • • • • 

x0.125 • • • • 

HSS1 .900x0.188 • • • • 

x0.145 • • • • 

x0.120 • • • • 

HSS1 .660 x 0.140 • • • • 

Note: Confirm ASTM A 1085 material availability before specifying, as discussed in Part 2 of the AISC Manual. 
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Table 1-7 

Sections that Satisfy Seismic 

0F
y 

= 35 ksi 
Width-to-Thickness 

Requirements 
Pipes 

OCBF 
SCBF 

SCCS 

and EBF and SCBF3 

Shape 

Standard Weight (Std.) 

Pipe 10 Std. • 

Pipe 8 Std. • 

Pipe 6 Std. • • • 

Pipe 5 Std. • • • 

Pipe 4 Std. • • • 

Pipe 3½ Std. • • • 

Pipe 3 Std. • • • 

Pipe 2½ Std. • • • 

Pipe 2 Std. • • • 

Pipe 1½ Std. • • • 

Pipe 1¼ Std. • • • 

Pipe 1 Std. • • • 

Pipe¾ Std. • • • 

Pipe½ Std. • • • 

a Sections also satisfy STMF truss chord requirements. 

OCBF 
SCBF 

and EBF 
Shape 

Extra Strong (x-Strong) 

Pipe 14 x-Strong • 

Pipe 12 x-Strong • • 

Pipe 1 O x-Strong • • 

Pipe 8 x-Strong • • 

Pipe 6 x-Strong • • 

Pipe 5 x-Strong • • 

Pipe 4 x-Strong • • 

Pipe 3½ x-Strong • • 

Pipe 3 x-Strong • • 

Pipe 2½ x-Strong • • 

Pipe 2 x-Strong • • 

Pipe 1 ½ x-Strong • • 

Pipe 1 ¼ x-Strong • • 

Pipe 1 x-Strong • • 

Pipe ¾ x-Strong • • 

Pipe ½ x-Strong • • 

Double-Extra-Strong (xx-Strong) 

Pipe 12 xx-Strong 

Pipe 10 xx-Strong 

Pipe 8 xx-Strong 

Pipe 6 xx-Strong 

Pipe 5 xx-Strong 

Pipe 4 xx-Strong 

Pipe 3 xx-Strong 

Pipe 2½ xx-Strong 

Pipe 2 xx-Strong 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 

• 
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Table 1-8 

0n 
Shear Stud Anchor 

Nominal Horizontal Shear Strength Fu= 65 ksi 

and 25% Reduced Nominal Horizontal 
Shear Strength for Steel Headed Stud Anchors, kips 

Normal Weight Concrete Lightweight Concrete 
Stud 

We= 145 pcf We= 110 pcf 
Deck Diameter 

Condition f!, = 3 ksi f!, = 4 ksi f!, = 3 ksi f!,=4 ksi 

in. Nominal 
25% 

Nominal 
25% 

Nominal 
25% 

Nominal 
25% 

Reduced Reduced Reduced Reduced 

% 5.26 3.95 5.38 4.04 4.28 3.21 5.31 3.98 

No Deck 
½ 9.35 7.01 9.57 7.18 7.60 5.70 9.43 7.07 

% 14.6 11.0 15.0 11.3 11.9 8.93 14.7 11.0 

¾ 21.0 15.8 21.5 16.1 17.1 12.8 21.2 15.9 

% 5.26 3.95 5.38 4.04 4.28 3.21 5.31 3.98 

Wr ;:,: 1.5 ½ 9.35 7.01 9.57 7.18 7.60 5.70 9.43 7.07 

� hr % 14.6 11.0 15.0 11.3 11.9 8.93 14.7 11.0 

¾ 21.0 15.8 21.5 16.1 17.1 12.8 21.2 15.9 ... 

% 4.58 3.44 4.58 3.44 4.28 3.21 4.58 3.44 
.:.: 
'-' Wr < 1.5 ½ 8.14 6.11 8.14 6.11 7.60 5.70 8.14 6.11 Q) 

Q 

hr % 12.7 9.53 12.7 9.53 11.9 8.93 12.7 9.53 

¾ 18.3 13.7 18.3 13.7 17.1 12.8 18.3 13.7 

% 4.31 3.23 4.31 3.23 4.28 3.21 4.31 3.23 

½ 7.66 5.75 7.66 5.75 7.60 5.70 7.66 5.75 
1 

% 12.0 9.00 12.0 9.00 11.9 8.93 12.0 9.00 

� ¾ 17.2 12.9 17.2 12.9 17.1 12.8 17.2 12.9 
... 

% 3.66 2.75 3.66 2.75 3.66 2.75 3.66 2.75 Q) 
... 

"' ½ 6.51 4.88 6.51 4.88 6.51 4.88 6.51 4.88 
,:, 2 

% 10.2 7.65 10.2 7.65 10.2 7.65 10.2 7.65 
-

"' 

¾ 14.6 11.0 14.6 11.0 14.6 11.0 14.6 11.0 .:.: 

3/s 3.02 2.27 3.02 2.27 3.02 2.27 3.02 2.27 Q) 

� ½ 5.36 4.02 5.36 4.02 5.36 4.02 5.36 4.02 
"S 3 

% 8.38 6.29 8.38 6.29 8.38 6.29 8.38 6.29 '-' 

C ¾ 12.1 9.08 12.1 9.08 12.1 9.08 12.1 9.08 

% 5.26 3.95 5.38 4.04 4.28 3.21 5.31 3.98 ... 

½ 9.35 7.01 9.57 7.18 7.60 5.70 9.43 7.07 
'-' 1 

% 14.6 11.0 15.0 11.3 11.9 8.93 14.7 11.0 Q) 

Q .Q ¾ ·c: 21.0 15.8 21.5 16.1 17.1 12.8 21.2 15.9 
... 

% 4.58 3.44 4.58 3.44 4.28 3.21 4.58 3.44 ... 

"' ½ 8.14 6.11 8.14 6.11 7.60 5.70 8.14 6.11 
,:, 2 ::, % 12.7 9.53 12.7 9.53 11.9 8.93 12.7 9.53 -

"' 

en ¾ 18.3 13.7 18.3 13.7 17.1 12.8 18.3 13.7 
C 

% 3.77 2.83 3.77 2.83 3.77 2.83 3.77 2.83 
c'ii 

½ 6.70 5.03 6.70 5.03 6.70 5.03 6.70 5.03 
3 % 10.5 7.88 10.5 7.88 10.5 7.88 10.5 7.88 

¾ 15.1 11.3 15.1 11.3 15.1 11.3 15.1 11.3 

Note: Tabulated values are applicable only to concrete made with ASTM C33 aggregates for normal weight concrete and ASTM 
C330 aggregates for lightweight concrete. 

After-weld shear stud lengths assumed to be greater than or equal to (deck height + 1.5 in.). 

All symbols shown are defined in AISC Specification Chapter I. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



DESIGN TABLES 

Table 1-9a 

Design Coefficients and Factors for 
Steel and Steel and Concrete Composite 

Seismic Force-Resisting Systems 

1-83

Response Deflection 
Structural System Limita-

Over- tions Including Structural 
Modifi-

strength 
Amplifi-

Height, hn, Limits in ftd 

Seismic Force-Resisting System cation cation 

Coefficient, 
Factor, 

Factor, Seismic Design Category 
nl 

Ra C/ B C D" E" F1 

STEEL SYSTEMS 

Steel eccentrically braced frames (EBF) 8 2 4 NL NL 160 160 100 
Steel special concentrically braced frames 6 2 5 NL NL 160 160 100 

(SCBF) 
Steel ordinary concentrically braced frames 3¼ 2 3¼ NL NL 359 359 NP9 

(OCBF) 
Steel buckling-restrained braced frames (BRBF) 8 2½ 5 NL NL 160 160 100 
Steel special plate shear walls (SPSW) 7 2 6 NL NL 160 160 100 
Steel special moment frames (SMF) 8 3 5½ NL NL NL NL NL 
Steel special truss moment frames (STMF) 7 3 5½ NL NL 160 100 NP 
Steel intermediate moment frames (IMF) 4½ 3 4 NL NL 35h NPh NPh 
Steel ordinary moment frames (OMF) 3½ 3 3 NL NL NP; NP; NP; 
Steel special cantilever column systems (SCCS) 2½ 1¼ 2½ 35 35 35 35 35 
Steel ordinary cantilever column systems 1¼ 1¼ 1¼ 35 35 NP; NP; NP; 

(OCCS) 
Steel systems not specifically detailed for 3 3 3 NL NL NP NP NP 

seismic resistance 

COMPOSITE SYSTEMS 

Steel and concrete composite eccentrically 8 2½ 4 NL NL 160 160 100 
braced frames (C-EBF) 

Steel and concrete composite special 5 2 4½ NL NL 160 160 100 
concentrically braced frames (C-SCBF) 

Steel and concrete composite ordinary braced 3 2 3 NL NL NP NP NP 
frames (C-OBF) 

Steel and concrete composite plate shear 6½ 2½ 5½ NL NL 160 160 100 
walls (C-PSW) 

a Response modification coefficient, R, used throughout ASCE/SEI 7. 
b Where the tabulated value of the overstrength factor, n0, is greater than or equal to 2 ½, n0 is permitted to be reduced by 

subtracting the value of ½ for structures with flexible diaphragms. 
' Deflection amplification factor, Cd, for use in ASCE/SEI 7, Sections 12.8.6, 12.8.7 and 12.9.1.2. 
d NL = not limited and NP = not permitted. 
'See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to buildings with a structural 

height, h0, of 240 ft or less. 
1 See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to buildings with a structural

height, hn, of 160 ft or less. 
g Steel ordinary concentrically braced frames are permitted in single-story buildings up to a structural height, h0, of 60 ft where 

the dead load of the roof does not exceed 20 psf and in penthouse structure. 
h See ASCE/SEI 7, Section 12.2.5.7, for limitations in structures assigned to Seismic Design Categories D, E or F. 
' See ASCE/SEI 7, Section 12.2.5.6, for limitations in structures assigned to Seismic Design Categories D, E or F. 
1 Ordinary moment frames are permitted to be used in lieu of intermediate moment frames for Seismic Design Categories B or C. 
Note: This table is based on ASCE/SEI 7, Table 12.2-1, and is reprinted with permission from ASCE. 
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Table 1-9a (continued) 

Design Coefficients and Factors for 
Steel and Steel and Concrete Composite 

Seismic Force-Resisting Systems 

Response Deflection 
Structural System Limita-

Modifi-
Over-

Amplifi-
tions Including Structural 

Seismic Force-Resisting System cation 
strength 

cation 
Height, hn, Limits in ftd 

Coefficient, 
Factor, 

Factor, Seismic Design Category 
nl 

Ra C/ 
B C D" E" 

COMPOSITE SYSTEMS 

Steel and concrete composite special shear 6 2½ 5 NL NL 160 160 

walls (C-SSW) 
Steel and concrete composite ordinary shear 5 2½ 4½ NL NL NP NP 

walls (C-OSW) 
Steel and concrete composite special moment 8 3 5½ NL NL NL NL 

frames (C-SMF) 
Steel and concrete composite intermediate 5 3 4½ NL NL NP NP 

moment frames (C-IMF) 
Steel and concrete composite partially 6 3 5½ 160 160 100 NP 

restrained moment frames (C-PRMF) 
Steel and concrete composite ordinary moment 3 3 2½ NL NP NP NP 

frames (C-OMF) 

DUAL SYSTEMS 

Dual Systems with SMF capable of resisting 

at least 25% of prescribed seismic forces 

Steel eccentrically braced frames (EBF) 8 2½ 4 NL NL NL NL 
Steel special concentrically braced frames (SCBF) 7 2½ 5½ NL NL NL NL 
Steel buckling-restrained braced frames (BRBF) 8 2½ 5 NL NL NL NL 
Steel special plate shear walls (SPSW) 8 2½ 6½ NL NL NL NL 
Dual Systems with IMF capable of resisting 

at least 25% of prescribed seismic forces 

Steel special concentrically braced frames 6 2½ 5 NL NL 35 NP 
(SCBF)i 

a Response modification coefficient, R, used throughout ASCE/SEI 7. 
b Where the tabulated value of the overstrength factor, n0, is greater than or equal to 2½, n0 is permitted to be reduced by 

subtracting the value of ½ for structures with flexible diaphragms. 
c Deflection amplification factor, Cd, for use in ASCE/SEI 7, Sections 12.8.6, 12.8.7 and 12.9.1.2. 
d NL = not limited and NP = not permitted. 
'See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to buildings with a structural 

height, h0, of 240 ft or less. 
1 See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to buildings with a structural

height, hn, of 160 ft or less. 

F1 

100 

NP 

NL 

NP 

NP 

NP 

NL 
NL 
NL 
NL 

NP 

g Steel ordinary concentrically braced frames are permitted in single-story buildings up to a structural height, hn, of 60 ft where 
the dead load of the roof does not exceed 20 psf and in penthouse structure. 

h See ASCE/SEI 7, Section 12.2.5.7, for limitations in structures assigned to Seismic Design Categories D, E or F. 
' See ASCE/SEI 7, Section 12.2.5.6, for limitations in structures assigned to Seismic Design Categories D, E or F. 
i Ordinary moment frames are permitted to be used in lieu of intermediate moment frames for Seismic Design Categories B or C. 
Note: This table is based on ASCE/SEI 7, Table 12.2-1, and is reprinted with permission from ASCE. 
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Table 1-9a (continued) 

Design Coefficients and Factors for 
Steel and Steel and Concrete Composite 

Seismic Force-Resisting Systems 

Response Deflection 
Structural System Limita-

Modifi-
Over-

Amplifi-
tions Including Structural 

Seismic Force-Resisting System cation 
strength 

cation 
Height, hn, Limits in ftd 

Coefficient, 
Factor, 

Factor, Seismic Design Category 
nl 

Ra C/ 
B C D" E" 

DUAL COMPOSITE SYSTEMS 

Dual Composite Systems with SMF 

capable of resisting at least 25% of 

prescribed seismic forces 

Steel and concrete composite eccentrically 8 2½ 4 NL NL NL NL 

braced frames (C-EBF) 

Steel and concrete composite special 6 2½ 5 NL NL NL NL 

concentrically braced frames (C-SCBF) 

Steel and concrete composite plate shear 7½ 2½ 6 NL NL NL NL 

walls (C-PSW) 

Steel and concrete composite special shear 7 2½ 6 NL NL NL NL 

walls (C-SSW) 

Steel and concrete composite ordinary shear 6 2½ 5 NL NL NP NP 

walls (C-OSW) 

Dual Composite Systems with IMF capable 

of resisting at least 25% of prescribed 

seismic forces 

Steel and concrete composite special 5½ 2½ 4½ NL NL 160 100 

concentrically braced frames (C-SCBF) 

Steel and concrete composite ordinary 3½ 2½ 3 NL NL NP NP 

braced frames (C-OBF) 

Steel and concrete composite ordinary 5 3 4½ NL NL NP NP 

shear walls (C-OSW) 

a Response modification coefficient, R, used throughout ASCE/SEI 7. 
b Where the tabulated value of the overstrength factor, n0, is greater than or equal to 2 ½, n0 is permitted to be reduced by 

subtracting the value of ½ for structures with flexible diaphragms. 
c Deflection amplification factor, Cd, for use in ASCE/SEI 7, Sections 12.8.6, 12.8.7 and 12.9.1.2. 
d NL = not limited and NP = not permitted. 
'See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to buildings with a structural 

height, h0, of 240 ft or less. 
1 See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to buildings with a structural

height, hn, of 160 ft or less. 

F1 

NL 

NL 

NL 

NL 

NP 

NP 

NP 

NP 

g Steel ordinary concentrically braced frames are permitted in single-story buildings up to a structural height, hn, of 60 ft where 
the dead load of the roof does not exceed 20 psf and in penthouse structure. 

h See ASCE/SEI 7, Section 12.2.5.7, for limitations in structures assigned to Seismic Design Categories D, E or F. 
' See ASCE/SEI 7, Section 12.2.5.6, for limitations in structures assigned to Seismic Design Categories D, E or F. 
i Ordinary moment frames are permitted to be used in lieu of intermediate moment frames for Seismic Design Categories B or C. 
Note: This table is based on ASCE/SEI 7, Table 12.2-1, and is reprinted with permission from ASCE. 
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Table 1-9b 

Design Coefficients and 
Factors for Nonbuilding Structures 

Similar to Buildings 

Response Deflection 
Structural System Limita-

Over- tions Including Structural 
Modifi-

strength 
Amplifi-

Height Limits, hn, in ft" 
Nonbuilding Structure Type cation cation 

Coefficient, 
Factor, 

Factor, Seismic Design Category 
Qo 

R Cd B C Db Eb F" 

Steel storage racks 4 2 3½ NL NL NL NL NL 

Building frame systems: 

Steel special concentrically braced 6 2 5 NL NL 160 160 100 

frames (SCBF) 

Steel ordinary concentrically braced 3¼ 2 3¼ NL NL 35d 35d NPd

frames (OCBF) 

With permitted height increase 2½ 2 2½ NL NL 160 160 100 

With unlimited height 1½ 1 1½ NL NL NL NL NL 

Moment-resisting frame systems: 

Steel special moment frames (SMF) 8 3 5½ NL NL NL NL NL 

Steel intermediate moment frames (IMF) 4½ 3 4 NL NL 35e, f NP"· f NPe, f 

With permitted height increase 2½ 2 2½ NL NL 160 160 100 

With unlimited height 1½ 1 1½ NL NL NL NL NL 

Steel ordinary moment frames (OMF) 3½ 3 3 NL NL NPe, f NP"· 1 NPe, 1

With permitted height increase 2½ 2 2½ NL NL 100 100 NPe, t 

With unlimited height 1 1 1 NL NL NL NL NL 

a NL= not limited and NP = not permitted. 
b See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to structures with a structural 

height, hn, of 240 ft or less. 
' See ASCE/SEI 7, Section 12.2.5.4, for a description of seismic force-resisting systems limited to structures with a structural 

height, hn, of 160 ft or less. 
d Steel ordinary braced frames are permitted in pipe racks up to 65 ft. 
' Steel ordinary moment frames and intermediate moment frames are permitted in pipe racks up to 65 ft where the moment joints 

of field connections are constructed of bolted end plates. 
1 Steel ordinary moment frames and intermediate moment frames are permitted in pipe racks up to 35 ft.
Note: This table is based on ASCE/SEI 7, Table 15.4-1, and is reprinted with permission from ASCE. 
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2-2 ANALYSIS 

2.1 SCOPE 

This Part provides an overview of the analysis prov1s1ons in ASCE/SEI 7, the AISC 

Specification, and the AISC Seismic Provisions, and how they are applied to seismic design. 

2.2 ROLE OF STRUCTURAL ANALYSIS IN DESIGN 

The basic role of analysis in seismic design is to provide the engineer with an understand

ing of the expected behavior of a structure under the design earthquake loads particular to 

the building site. In its simplest form, analysis will consist of simple static linear methods 

and will provide information on the required design strength and system deformation under 

a specified loading. When warranted, analysis may include static or dynamic nonlinear 

methods that provide information on the nonlinear deformation of individual elements, 

patterns of mechanism formation, and the peak demands that can be delivered to individual 

structural elements and their connections. The method of analysis selected must, at a mini

mum, conform to the requirements of the applicable building code. Because the results of 

seismic analysis inherently depend on the assumed properties of the structural elements, 

seismic analysis must often be performed in an iterative manner, initiating with assumed 

member sizes and configurations, and refined as member selection is confirmed. 

AISC Seismic Provisions Chapter C requires that the analysis of a seismic force-resisting 

system (SFRS) conform to the applicable building code and the AISC Specification, as well 

as additional system-level requirements prescribed in the respective system sections. 

Ductile Design Mechanism 1

Structures required to resist the effects of ground motions from earthquakes should 

be designed to promote controlled inelastic, ductile deformations within the system. 

Accepted design practice is to limit these inelastic actions to certain components of 

the SFRS in order to develop a reliable ductile design mechanism that dissipates 

energy. Components of the ductile design mechanism are then designed and detailed 

to maintain the structural integrity of the system at large inelastic deformations. How 

this energy dissipation occurs depends on the structural system type used as the SFRS.

Each SFRS in the AISC Seismic Provisions includes a "Basis of Design" section that 

defines the locations where inelastic actions are intended to occur. Accordingly, the 

provisions in ASCE/SEI 7, the AISC Specification, the AISC Seismic Provisions, and 

ANSI/ AISC 358 are intended to work together to ensure that the resulting frames 

can undergo controlled deformations in a ductile manner and that those deformations 

are distributed throughout the frame. Clearly identifying the intended ductile design 

mechanism will provide insight on which aspects of the structural model may need 

detailed consideration. Many of the ductile design mechanisms discussed in Part 

1 were identified based on structural behavior at large deformations as determined 

through nonlinear static analyses that use lateral forces to approximate the fundamental 

1 The term "ductile design mechanism" is intended to capture all possible system-specific mechanisms that

allow for control of inelastic ductile deformations. The AISC Seismic Provisions identify these mechanisms 

in the Basis of Design for each system. 
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elastic mode shape. Real structures in earthquakes exhibit variability in the formation 

of ductile design mechanisms. Thus, the design and detailing requirements of the 

AISC Seismic Provisions and ANSI/AISC 358 are intended to desensitize the structure 

to earthquake characteristics so that multiple mechanisms do not lead to undesirable 

modes of failure. 

Capacity Design 

Capacity design is a design philosophy wherein inelastic actions due to strong ground 

motion are presumed to be concentrated in predetermined critical zones of the SFRS. The 

AISC Seismic Provisions employs this methodology by stipulating that the required strength 

of certain elements of the SFRS be defined by forces corresponding to the expected capacity 

(based on available strength) of certain designated yielding members. The adjacent members 

and connections are not subject to yielding because they are designed to remain nominally 

elastic regardless of the magnitude of ground shaking; in essence, these nonyielding com

ponents are designed to be insensitive to the characteristics of the earthquake, ensuring 

that the desired ductile design mechanism(s) can develop. See AISC Seismic Provisions 

Commentary Section A3. l .  

ASCE/SEI 7 implements capacity design by using a system overstrength factor, Q0 (see 

Part 1). ASCE/SEI 7, Section 12.4, modifies some of the basic load combinations to address 

load conditions where the overstrength factor is required, but does not explicitly provide 

guidance on application to steel frames. The AISC Seismic Provisions explicitly prescribe 

where to apply the overstrength factor or, alternatively, an estimated maximum seismic 

load, referred to as the capacity-limited seismic load, determined from a capacity design 

analysis outlined in the respective chapter for each SFRS.

In many instances, ASCE/SEI 7 and the AISC Seismic Provisions explicitly prescribe 

when the overstrength seismic load is to be used. The seismic load effect including over

strength is defined in ASCE/SEI 7 as: 

(ASCE/SEI 7, Eq. 12.4-5 

and 12.4-6) 

where 

Emh = effect of horizontal seismic forces, including overstrength, as defined in ASCE/ 

SEI, Sections 12.4.3.1 or 12.4.3.2 

Ev = vertical seismic load effect 

The load effect, Emh, is based on code-specified loads and the code-specified over

strength factor, or the capacity-limited horizontal seismic load effect, Ec1. The latter 

case applies when the AISC Seismic Provisions redefines Emh as Ec1, the capacity

limited horizontal seismic load effect, resulting from the expected strengths of the 

designated yielding members of the SFRS. 

2.3 ANALYSIS PROCEDURES 

To determine the required strength of structural steel systems, members and connections, 

AISC Specification Section B3.3 permits design forces to be determined by elastic or inelastic 
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analysis. Note that AISC Specification Appendix 1.3, Design by Inelastic Analysis, is not 

intended for seismic design. For a discussion of the application of the AISC Specification, 

AISC Seismic Provisions, and ASCE/SEI 7 in seismic analysis, see Nair et al. (2011). 
While non-SFRS members and connections may be analytically assumed not to resist 

horizontal ground motion (i.e., Eh or Emh from ASCE/SEI 7), they must be reliable 

in resisting the vertical inertial forces induced by vertical ground motion (i.e., Ev from 

ASCE/SEI 7). Non-SFRS members must also be designed to ensure deformation 
compatibility at large lateral displacements to maintain structural integrity. Equally, 

the destabilizing effect that non-SFRS framing can have on a structure (e.g., leaning 
column effects) must be addressed in the analysis and design of the stabilizing SFRS. 
The SFRS also consists of diaphragms, chords and collectors. 

Elastic, Inelastic and Plastic Analysis 

Elastic seismic analysis procedures in ASCE/SEI 7 generally reduce the seismic response by 
a factor of 1 / R, where R is the response modification coefficient. The intent of this reduction 

is to target the elastic response at the onset of the first significant yield ( e.g., plastic hinge 
in a beam or compression buckling of a brace). Consequently, inelastic or plastic analysis 

as outlined in Appendix 1.3 of the AISC Specification is not permitted for determining the 
component design forces from seismic effects-see the AISC Specification Commentary to 
Appendix 1.3 for further discussion. Analytical consistency with the AISC Specification and 

the AISC Seismic Provisions is primarily maintained using an elastic analysis procedure. 
Although a nonlinear response history analysis is permitted, it is not commonly used to 
determine member design forces, but as an assessment tool to judge acceptance of a design. 

In specific cases, a nonlinear static analysis may be used to capture the nonlinear elastic 
response of a component or connection, such as when rotational springs are used to repre

sent partially restrained connections. 

AISC Specification Chapter C requires that stability be provided for the structure as a 
whole and for each of its elements. Typically, the investigation of stability is performed 
using a second-order analysis. The analysis must include consideration of certain effects that 

can influence the stability of the structure and its elements, including second-order effects 
(both P-� and P-o). Additional discussion can be found in Wilson and Habibullah (1987), 

White and Hajjar (1991), and Geschwindner (2002). 
There are different methods to address second-order effects, including iterative or nonitera

tive solutions with either stationary or incremental loading. For example, some computer 
programs use a noniterative approach whereby a vertical load combination is used in con

junction with the approximate geometric stiffness matrix to reduce the structural stiffness 
to account for geometric nonlinearities. The resulting reduced structural stiffness from this 

initial analysis is used for all subsequent load analyses (e.g., dead, live, lateral). This method 
is advantageous as it allows superposition of individual load effects because the stiffness 
is held constant. This approach typically captures only the P-� effect; P-o effects can be 

approximated by applying the B 1 amplifier of Appendix 8 or by subdividing the members. 

Other programs use an iterative analysis in which the gravity loads are applied first in 
increasing increments, with each new iteration using the deformed geometry from the pre
vious iteration. The lateral loads are then applied using this same iterative approach. This 

approach more accurately captures the change in system stiffness during each load step. If 
the solution algorithm is stable, the analysis for that iteration will converge on a displaced 
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shape; otherwise, the solution algorithm is unstable because excessive P-o effects have 

introduced singularities into the solution, indicating (idealized) physical structure instability 

(Wilson, 2010). P-o effects can be included in the analysis by segmenting columns into 

a number of elements sufficient to roughly represent the deformed shape. In the iterative 

method, superposition of individual load effects is not appropriate; this iterative analysis 

must be performed using load combinations where the gravity loads portion is applied first, 

followed by the environmental loads portion, for each required combination of gravity and 

lateral loads prescribed in the applicable building code. 

With respect to seismic analysis, the iterative analysis method is incompatible with a 

linear dynamic analysis procedure based on modal analysis, where the results from gravity 

and lateral load analyses are superimposed. Either the noniterative geometric stiffness 

method can be used to reduce the stiffness for the analysis or a first-order analysis can be 

conducted with the B1 and B2 amplifiers in Appendix 8 of the AISC Specification applied 

to the analysis results. The latter is an approximate second-order analysis procedure. The 

provisions for performing this amplified first-order analysis were developed on the basis 

of elastic theory and are not appropriate for inelastic analysis. Note that stiffness reduction 

using the geometric stiffness method should not be confused with the explicit member 

stiffness reduction required by the direct analysis method; they are different and serve dif

ferent purposes. When using the geometric stiffness method, the results from the dynamic 

analysis are combined with the other load effects (e.g., dead and live) from analyses using 

the same reduced stiffness. Either a noniterative or iterative method can be used for a linear 

dynamic analysis based on direct integration. However, in a nonlinear dynamic analysis, 

the noniterative geometric stiffness method is not valid; the analysis must be based on load 

combinations applied to the deformed geometry at each time step. 

Gravity loads should be included in the seismic analysis in order to accurately address 

second-order effects, including the destabilizing effect generated by non-SFRS framing and 

the effect of these loads on the periods of a structure. A three-dimensional mathematical 

model can be developed that captures all loading conditions or, in the case of a two-dimen

sional analysis, an ancillary leaning column, as a minimum, can be modeled as a substitute 

for the gravity (non-SFRS) framing system. The leaning column is often modeled to provide 

no lateral stiffness to the SFRS, but could be calibrated to provide the same lateral stiff

ness as that provided by the gravity columns ( or the entire gravity system considering the 

rotational stiffness of connections). 

Stability Design Methods in the AISC Specification 

The AISC Specification outlines three stability design methods and corresponding elastic 

analysis requirements (see AISC Manual Table 2-2) as follows: 

• Direct analysis method (AISC Specification Chapter C)

• Effective length method (AISC Specification Appendix 7, Section 7.2)

• First-order analysis method (AISC Specification Appendix 7, Section 7.3)

The use of each of these methods in seismic design is explained in the following discus

sions. Additional information on each of the methods can be found in the Commentary to 

the applicable sections in the AISC Specification and in AISC Design Guide 28, Stability 

Design of Steel Buildings (Griffis and White, 2013). 
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Direct Analysis Method 

Provisions for the direct analysis method (DM) are outlined in AISC Specification Sections 

C2 and C3. This analysis procedure is permitted for all steel structures and is required when 

the ratio of maximum second-order drift to maximum first-order drift, which can be taken as 

B2 in Appendix 8 using nominal stiffness properties, exceeds 1.5. The DM requires second

order effects to be considered either directly, through a second-order elastic analysis, or 

through an amplified first-order analysis. The effective length factor, K, is taken as 1.0. 

Effective Length Method 

Provisions for the effective length method (ELM) are outlined in AISC Specification 

Appendix 7, Section 7 .2. When permitted by Section 7 .2.1, there are no deviations from the 

elastic analysis provisions in ASCE/SEI 7. The ELM addresses second-order effects either 

directly through a second-order elastic analysis or through an amplified first-order analysis. 

In the ELM procedure, interaction between frame behavior and that of its members is 

approximated by the effective length factor, K. This factor is used to represent the influ

ence of the system on the strength of an individual member. Where the flexural stiffness of 

a column is considered to contribute to the lateral stability and resistance to lateral loads, 

K for that member is determined from a sidesway buckling analysis. Alternatively, the effec

tive length factor may be computed using the alignment charts as discussed in detail in the 

Commentary to AISC Specification Appendix 7, modified to include the effect of leaning 

columns. It is permitted to use K = 1.0 to design for compression effects if B2 � 1.1. 

First-Order Analysis Method 

Provisions for the first-order analysis method (FOM) are outlined in AISC Specification 

Appendix 7, Section 7.3. With this approach, second-order effects are captured through 

the application of an additional lateral load equal to at least 0.42% of the story gravity load 

applied in each load case. The nonsway amplification of beam-column moments is accom

plished by applying the B1 amplifier of AISC Specification Appendix 8. The effective length 

factor is K = 1.0. 

Analysis Methods in ASCE/SEI 7 and the 

Direct Analysis Method 

ASCE/SEI 7, Section 12.6, outlines three seismic analysis procedures as follows: 

• Equivalent lateral force procedure (ELF) (ASCE/SEI 7, Section 12.8)

• Modal response spectrum analysis (MRSA) (ASCE/SEI 7, Section 12.9.1) or linear

response history analysis (ASCE/SEI 7, Section 12.9.2)

• Nonlinear response history analysis (ASCE/SEI 7, Chapter 16)

Detailed information can be found in the commentary to ASCE/SEI 7, Section 12.6, and 

in the NEHRP Recommended Seismic Provisions for New Buildings and Other Structures 

(FEMA, 2009a). The following discussion summarizes the ELF and MRSA analysis methods 

and how they relate to the direct analysis method of the AISC Specification. 
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Equivalent Lateral Force Procedure and the Direct Analysis Method 

The provisions for the DM are consistent with the elastic analysis provisions given in 

ASCE/SEI 7, Section 12.8, for the ELF, provided that the following conditions are main

tained throughout the analysis: 

• The mathematical model for analysis considers all forms of deformation of the

structural components, including stiffness reductions and geometric imperfections in

accordance with AISC Specification Chapter C. The stability coefficient, 0, will gener

ally limit B2 to less than 1.7, permitting geometric imperfections to be neglected in the

analysis for seismic load combinations. Consequently, notional loads should be applied

in the mathematical model for gravity-only load combinations (if the same model is

used) in lieu of modeling the out-of-plumbness by shifting work points.

• When determining the applied forces to be used in the calculation of the required

strength of members, the fundamental period of the structure, T, is limited to a maxi

mum of CuTa if Tis computed by analytical methods. If the computed value for Tis

less than CuTa, then Tis used as the fundamental period. This is because Ta has been

statistically derived from actual building responses, thereby capturing all influential

factors. See commentary to ASCE/SEI 7, Section 12.8.2. According to the commentary

to AISC Specification Section C2.3 and the commentary to AISC Seismic Provisions

Section C 1, T is typically not calculated using the reduced stiffnesses required for

the DM. The purpose of these reduced stiffnesses is to capture the effects of member

geometric imperfections and uncertainties inherent in the strength reduction factor,

<I>, on the response of the member for design, not to capture the true response (i.e.,

displacements) of the structure. A period determined using these reduced stiffnesses

represents neither the initial (elastic) stiffness, nor the dynamic structural properties

under inelastic displacement. Nevertheless, the effect on calculating period with these

reduced stiffnesses is typically small or limited based on prescribed period restraints.

• Forces and deformations resulting from analysis with seismic forces reduced by a

factor of 1 / R, where R is the response modification coefficient, include second-order

effects either through a second-order analysis, an amplified first-order analysis, or a

hybrid combination of the two methods, even when not required for low values of the

stability coefficient, 0, in ASCE/SEI 7.

The AISC Specification and the AISC Seismic Provisions deal directly with strength 

design of members and connections. Verification of seismic drift limits and potential post

earthquake instability are addressed in the applicable building code. As such, some of the 

provisions for the DM are not directly applicable to a drift analysis but can be conservatively 

applied. Note that, as previously discussed, the applied story forces are not typically based 

on a period determined using the reduced stiffnesses required for the DM. The intent of the 

seismic drift analysis and stability verification in ASCE/SEI 7, Sections 12.8.6 and 12.8.7, 

is discussed in the commentary to these sections. 

Other methodologies for applying the DM have been proposed by Nair et al. (2011). 

Modal Response Spectrum Analysis and the Direct Analysis Method 

The provisions for the DM are consistent with elastic analysis provisions in ASCE/SEI 7 

for MRSA, provided that the following conditions are maintained throughout the analysis: 
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• All the requirements listed previously for the ELF are maintained.

• Forces and drifts are scaled as required by ASCE/SEI 7, Section 12.9.1.4. Note that T

used in this scaling of member forces is limited as discussed previously for the ELF.

Methodologies for including second-order effects in the MRSA are discussed previously in 

the section, Elastic, Inelastic and Plastic Analysis. 

2.4 STRUCTURAL MODELING 

A mathematical model used for structural analysis is an interpretation of what configura

tion of components, mechanical characteristics, and mass distribution is significant to the 

distribution of forces and deformations in the system. Models can be simple (such as a two

dimensional finite element model based on centerline dimensions) or highly sophisticated 

(such as a three-dimensional continuum model that can explicitly capture material non

linearity and buckling). Both strength and stiffness are required to characterize the mechanical 

properties of a component. 

Strength of Structural Elements 

The strength of structural elements is typically not a modeling consideration for elastic 

analysis. Information on modeling component strengths for nonlinear dynamic analysis can 

be found in FEMA (2009b ), NIST (2010), Deierlein et al. (2010), PEER (2010), PEER/ A TC 

(2010), NIST (2012), and ASCE (2017). 

Stiffness of Structural Elements 

AISC Seismic Provisions Chapter C states that the stiffness properties of components for 

an elastic analysis should be based on the elastic sections and that the effects of cracked 

sections should be considered for composite components. AISC Specification Chapter C and 

the commentary to AISC Seismic Provisions Chapter C give recommendations for effective 

stiffness values to be used in analysis. 

Steel Elements 

The stiffness properties of steel beams, columns and braces used in the mathematical 

model will depend upon the stability design method selected and, potentially, the magni

tude of straining the member undergoes. Reduced stiffness for all members contributing 

to the lateral stability of the structure is required when using the DM to determine design 

forces. The stiffness reduction terms in the DM include a component representing material 

nonlinearity (e.g., accounting for residual stresses) and a component representing member 

out-of-straightness and other uncertainties. Consequently, stiffness reduction is separated 

into a load-dependent factor and load-independent factor, complicating its direct application 

to dynamic analysis. 

Research has demonstrated that residual stresses have a lesser effect on shear stiffness 

than flexural stiffness. For simplicity, the shear modulus, G, can be reduced in proportion to 

the reduction in the modulus of elasticity, E, with no further reduction to account for axial 

load effects. 
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It is common to model steel beams that are part of the SFRS without composite action 
because the reliability of the composite stiffness at large inelastic deformations is question
able due to the potential for failure of steel headed stud anchors. If composite action is taken 
into account, the following applicable effects should be considered. 

Composite Elements 

The stiffness properties of steel members acting compositely with concrete should include 
the following applicable effects: concrete cracking of the section, steel reinforcement ratio, 
section configuration, material properties of the concrete, and variations of these factors 
along the member length. The flexural stiffness, EI�ff, and axial stiffness, EAeff, based on a 
transformed cracked section analysis (that also accounts for variations along the member 
length) should be used in lieu of EI and EA in all analysis methods. Recommendations 
are provided in the commentary to AISC Seismic Provisions Chapter C based on ACI 318 
prov1s10ns. 

For steel beams with a composite slab, composite action can be included where the slab 
and shear connection to the beam have been designed and detailed to provide acceptable 
behavior (see commentary to AISC Seismic Provisions Chapter G). For concrete-encased 
steel beams and beams acting compositely with a concrete slab, the lower-bound elastic 
moment of inertia, hs, should be used. For a steel beam with a composite slab in a moment 
frame with double curvature bending, the effective flexural stiffness, Eleff, can be taken as 
the average of the stiffness in the positive and negative bending regions, as follows: 

where 

n�e �.e] 

Eleff 
= 0.5 E.,Is + Eshs

Es = modulus of elasticity of steel, ksi 

hs =ls + As(YENA - d3)2 + ("'i.Qn / Fy)(2d3 + d1 - YENA)2

for a partially composite beam, in.4

= I,, for a fully composite beam, in.4

(2-1) 

(Spec. Eq. C-13-1) 

l1r = transformed moment of inertia of the beam and slab per the Commentary to AISC 
Seismic Provisions Section C 1 ( 4 ), in.4

A.,· = area of steel cross section, in.2

ls = moment of inertia for the structural steel section, in.4

"'i.Qn = sum of the nominal shear strength of steel anchors between the point of maximum 
positive moment and the point of zero moment to either side, kips 

Y ENA = distance from bottom of the steel section to the elastic neutral axis, in. 

(Spec. Eq. C-13-2) 

d1 = distance from the compression force in the concrete to the top of the steel section, 
in. 

d3 = distance from the resultant steel tension force for full section tension yield 
(Py = F ;As) to the top of the steel, in. 
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hs, based on a plastic stress distribution, is recommended for seismic analysis in lieu of 
!equiv (see commentary to AISC Specification Chapter I). 11r may be used in lieu of hs for
fully composite beams as discussed in the AISC Seismic Provisions Commentary.

AISC Seismic Provisions Commentary Chapter G discusses limitations on using partially 
composite beams in certain composite systems. 

For composite columns and braces (encased or filled), AISC Specification Chapter I pre
scribes the required stiffness for use with the DM. For members subjected to net tension, 
the axial and flexural stiffness is taken as that of the bare steel. For members subjected to 
net compression, the nominal flexural stiffness shall be taken as Eleff prescribed in AISC 
Specification Chapter I. A stiffness reduction of 0.64 is applied to Eletf for determining 
required flexural strengths within the DM. The commentary to AISC Specification Chapter 
I discusses the use of the ELM. The axial stiffness for members subjected to net compres
sion may be taken as the summation of the elastic axial stiffnesses of each component using 
transformed sections. For composite shear walls, additional guidance and recommendations 
can be found in El-Tawil et al. (2009). 

Connections and Panel Zones 

Connections and panel zones can contribute significantly to the overall lateral flexibility 
of a system, and the resulting deformations are required to be addressed in the analysis for 
determining the distribution of design forces and story drifts. In modeling moment or braced 
frames, the impact of connection size and stiffness should be considered. 

Research (FEMA, 2000a) has demonstrated that panel-zone deformations in steel moment 
frames can have a significant impact on earthquake-induced lateral drift. However, modeling 
framing using centerline-to-centerline dimensions for the framing elements can approximate 
the effects of panel-zone flexibility reasonably well for elastic analysis (see Figure 2-1 ). 
Alternatively, panel-zone models that include web doubler plates and continuity plates can 
be explicitly modeled or implicitly included by modeling partially rigid end offsets (Charney 
and Marshall, 2006). Fully rigid offsets should not be used, because this would exclude the 
effects of panel-zone flexibility (Tsai and Popov, 1990). Several panel-zone models are 
illustrated in FEMA 355C (FEMA, 2000a). If panel zones are not explicitly modeled, and if 
moments at faces of columns need to be determined (such as in R = 3 moment frames), then 
zero-stiffness end offsets may be modeled to analytically provide forces at the panel-zone 
faces without influencing the stiffness of the frame and periods of vibration. 

Explicit connection modeling by rotational springs is permitted when based on analyti
cal and experimental test data. Such an approach may be warranted when accounting for 
the effects of partially restrained connections or other mechanical characteristics of a con
nection such as bolt slip. Alternatively, beams can be modeled with an equivalent flexural 
stiffness, Eleff· 

Beams with reduced beam sections (RBS) can be addressed by physically modeling a 
prismatic or parabolic tapered section at the RBS location. If a prismatic section is used, one 
possibility is to take the moment of inertia at the outer edge of the center two-thirds of the 
RBS (ANSI/AISC 358, Chapter 5). The flange width, bt,RBS, at this location is: 
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where 

R = 

4c2 
+b

2

8c 

radius of cut from ANSI/ AISC 358, Figure 5.1, in. 

b = length of reduced beam section cut, in. 

c = depth of cut at center of reduced beam section, in. 

2-11

(2-3) 

It is common practice to not explicitly model the RBS for analysis but to use either an 

Elefffor the beam or simply amplify the elastic story drifts to account for the reduced stiff

ness, as shown in Example 4.3.1 of this Manual. Additional information on steel moment 

frames can be found in ANSI/AISC 358, FEMA 350 (FEMA, 2000b), and NEHRP Seismic 

Design Technical Brief No. 2 (Hamburger et al., 2009). For composite frames, the effects of 

cracking on the beam-to-column joint stiffness should be included. 

C 
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Lb = center-to-center length 

End offset 
Zero rigidity: Flexible length = L

b 

Full rigidity: Flexible length = Lb - dc1

Analytical beam 

Actual beam 

Actual panel zone 

1Assumes same column depth at both ends of beam

Fig. 2-1. Modeling end offsets at panel zones. 
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A common question regarding connection deformations in braced frames is whether the 

ends of a brace should be considered as a moment-resisting or a pinned connection. The 

answer will depend on the gusset connection detailing. Fundamentally, a brace-end con

nection at a beam-to-column joint or at a beam interior segment can be assumed pinned 

out-of-plane and fixed in-plane because the out-of-plane stiffness of the gusset plate is 

significantly smaller than the in-plane stiffness. Research has shown that the in-plane brace 

end connection can be modeled as a pinned connection with minor differences when com

pared to a fixed connection. Additional information on steel braced frames can be found in 

NEHRP Seismic Design Technical Brief No. 8 (Sabelli et al., 2013) and NEHRP Seismic 

Design Technical Brief No. 11 (Kersting et al., 2015). 

The AISC Seismic Provisions requires beam-column-brace connections with gussets to 

be designed to provide a large rotation capacity, or a flexural strength sufficient to ensure the 

connection remains intact as the beam or column undergoes inelastic rotation. Connections 

designed to allow relative rotation are generally modeled as pins. Connections providing 

the required flexural strength may be modeled as fixed or pinned with little or no difference 

in the frame drift or required member size. Similar to beam-to-column joints in moment 

frames, partially restrained end zones or ancillary stub members may be modeled at the 

ends of braces to represent the increased in-plane flexural stiffness provided by the gusset 

connections. The flexural stiffness at these connections typically ranges from 2 to 4 times 

that of the brace. The beam-to-column connection where a brace member intersects may 

be modeled as a fully restrained connection; otherwise, the connection may be modeled as 

a simple connection depending on project specific requirements. Additional information 

concerning steel braced frames can be found in NIST (2010) and Carter (2009). 

AISC Design Guide 20, Steel Plate Shear Walls (Sabelli and Bruneau, 2006), provides 

information regarding modeling practices for special plate shear walls. For composite con

struction, the effects of cracking on the beam-to-column joint stiffness should be included. 

Column Bases and Foundations 

ASCE/SEI 7, Section 12.7, states that for the purpose of determining seismic loads, the 

structure can be considered fixed at the base. That is, the base where seismic motions are 

introduced into the structure is globally restrained horizontally, vertically and rotation

ally about the horizontal axes. Alternatively, flexibility of the supporting soil (including 

deformations of the foundation components) or soil-structure interaction may be included. 

The theoretical derivation of soil-structure interaction effects was developed on the basis 

of a rigid foundation. Therefore, support flexibility and soil-structure interaction cannot be 

applied concurrently. 

Flexibility of the supporting soil is commonly modeled using springs, assuming the foun

dation component is rigid. Alternatively, foundation components may be explicitly modeled 

to address their flexibility. For nonlinear response history analysis, springs should directly 

model the nonlinear behavior of the supporting soil. 

Column base modeling is a function of frame mechanics, detailing, and rigidity of the 

foundation components, and is not related to the global rigidity of the seismic base. Partially 

restrained base models may be used to more accurately capture rotational characteristics of 

base-plate connections based on experimental results. Alternatively, pinned bases may be 

modeled to account for connection, foundation and soil flexibility, although the column base 

may be detailed to be fixed to the foundation component. 
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Diaphragms for Three-Dimensional Analysis 

Diaphragms, chords, collectors and associated elements distribute seismic forces to the 

SFRS. The diaphragm model used in analysis should realistically model the diaphragm's in

plane stiffness and the distribution of lateral forces. ASCE/SEI 7, Section 12.3.1, classifies a 

diaphragm as rigid, semi-rigid or flexible, depending on its in-plane stiffness. A diaphragm 

made up of a composite slab can be modeled as rigid when the diaphragm's span-to-depth 

ratio is 3 or less in structures with no horizontal irregularities. This assumption simplifies 

calculations because the diaphragm moves as a rigid body. Alternatively, a semi-rigid dia

phragm explicitly models the diaphragm's in-plane stiffness. In either model, lateral forces 

are distributed to the various SFRS in proportion to their relative elastic lateral stiffness and 

distance from the center of rigidity. For flexible diaphragms, an SFRS is assumed to resist 

forces proportional to the mass that is tributary to the SFRS. 

Diaphragm slabs can be modeled using either membrane or shell elements. In-plane 

stiffness reduction factors should be applied to account for cracking of the concrete and 

other factors that decrease the membrane stiffness of the diaphragm. Membranes differ 

from shells in that membranes do not provide out-of-plane or rotational stiffness, which can 

increase the computational demand and the flexural stiffness at joints. However, membrane 

edges have to be supported by framing. 

The axial forces developed in horizontal members on a given floor are dependent on the 

in-plane stiffness of the diaphragm model assigned to that floor. Caution should be exer

cised in assigning diaphragm models where horizontal members are designed to transmit or 

redistribute seismic forces to and between SFRS. In many cases, these members are required 

to be designed for the overstrength seismic load, and thereby, are intended to remain essen

tially elastic. 

A rigid diaphragm model prevents relative in-plane movement between nodes on a given 

floor. Thus, axial forces will not develop in horizontal members connected to the diaphragm, 

resulting in member design forces that do not include any axial force. This impacts the 

design of members that transmit forces to or between the frames of the SFRS, such as 

beams in braced frames. The effect of this node lock will increase forces carried by diagonal 

members between diaphragms. Alternatively, a semi-rigid diaphragm can be modeled. A 

disadvantage of this model is that the magnitude of the axial force in a horizontal member 

will depend on the in-plane stiffness at the node and how the diaphragm is modeled along 

the length of that member. Special attention should be given to the model that attaches the 

chord of a vertical truss to the diaphragm, as may occur with outriggers, STMF systems 

and others. 

Another alternative is to selectively release some nodes from the diaphragm constraint. 

This may also include restructuring the extents of the rigid diaphragm so that a core area is 

a rigid diaphragm and the surrounding areas are semi-rigid based on structural properties 

assigned to the diaphragm system. 

It is possible to model the diaphragm by decoupling a three-dimensional structure into 

multiple two-dimensional analyses, where lateral forces are applied as point forces at 

nodes or as uniform or triangular distributed loads along horizontal members. Capturing 

the required magnitude of the axial force in a three-dimensional analysis can be more chal

lenging as zero to very low stiffness diaphragm models can lead to increases in P-13. forces 

transferred to the SFRS and/or modeling errors. It is recommended that the analyst perform 

a parametric study with various diaphragm assignments and assemblies to determine the 
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most efficient model to adequately capture a reasonable estimate of the diaphragm behavior 

and required axial force. Additional information regarding diaphragms in steel systems can 

be found in Sabelli et al. (2011). 

Gravity Loads 

All gravity loads should be modeled in the analysis in order to accurately address second

order effects and to capture the distribution of gravity load effects on vertical force-resisting 

members. A mathematical model is commonly analyzed as a fully constructed, cohesive 

structure for each load effect or load combination. This practice is not, however, consistent 

with how a structure is built, where some load effects are distributed based on construction 

sequence. This is particularly true for the distribution of selfweight in braced frames and 

structures with outriggers or hat trusses where installation of diagonal members may be 

completed after the surrounding framing and floor system is constructed and at different 

story elevations. In the latter case, dead load effects created during construction of exterior 

vertical force-resisting members can be underestimated in the analysis because these mem

bers can, in effect, hang from the stiffer outrigger/truss system. Similarly, gravity effects 

can be distributed to diagonal braces in proportion to their contribution to joint stiffness. 

Gravity Loads in Diagonal Braces and Special Plate Shear Walls 

The AISC Seismic Provisions stipulate that the gravity forces be neglected in braces in 

buckling-restrained braced frames and web plates in special plate shear walls. These pro

visions are intended to restrict the use of SFRS components that are required to dissipate 

significant amounts of energy by inelastic actions to simultaneously provide structural integ

rity of the structure under gravity loads. Many of the capacity design analysis provisions 

have been developed based on this concept. 

This approach can be a concern for complex structures that contain purposely sloped or 

stepped non-SFRS columns or where diagonal braces are required to stabilize a structure 

that undergoes sidesway from gravity loads (e.g., a sloping structural system) or are required 

to directly participate in carrying gravity loads (e.g., a diagrid system). A three-dimensional 

nonlinear dynamic analysis may be necessary to verify the seismic performance of complex 

structures. Such an analysis should include the stiffness and deformation characteristics of 

all elements, not just those specific to the SFRS.
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3-2 SYSTEMS NOT SPECIFICALLY DETAILED FOR SEISMIC RESISTANCE 

3.1 SCOPE 

This Part shows member and connection designs for braced and moment frame systems 

that are not specifically detailed for seismic resistance. Seismic design of the seismic force

resisting system in accordance with the AISC Seismic Provisions is referred to as "seismic 

detailing" by the applicable building code. The systems in this Part are designed accord

ing to the requirements of the AISC Specification. The Scope statement at the front of this 

Manual discusses the differentiation between seismic force-resisting systems that require 

special detailing for seismic resistance and those that do not. 

3.2 GENERAL DISCUSSION 

Systems requiring structural steel design in accordance with only the AISC Specification 

are addressed in this Part. It is a common misconception that when seismic detailing of the 

seismic force-resisting system is not required, there are no other seismic design require

ments. Regardless of the seismic detailing requirements, structures assigned to Seismic 

Design Categories B through F are subject to many other seismic design considerations 

prescribed in the applicable building code. For example, ASCE/SEI 7 contains numerous 

requirements, such as: 

• Table 12.3-1, Horizontal Structural Irregularities
• Table 12.3-2, Vertical Structural Irregularities
• Section 12.4, Seismic Load Effects and Combinations
• Section 12.5, Direction of Loading
• Section 12.8.4.3, Amplification of Accidental Torsional Moment
• Section 12.10.2, Collector Elements
• Section 12.13, Foundation Design

3.3 DESIGN EXAMPLE PLAN AND ELEVATIONS 

The following sections consist of design examples for a typical building not requiring 

seismic detailing. See Figure 3-1 for a typical floor plan for this building with composite 

flooring. Design Examples 3.4.1 through 3.4.4 demonstrate the design of a typical moment 

frame for the building. See Figure 3-2 for an elevation of the moment frame. Design 

Examples 3.5.1 through 3.5.3 demonstrate the design of a typical braced frame for the build

ing. See Figure 3-3 for an elevation of the braced bay. 

The code specified loading is as follows: 

Dffoor = 85 psf 

Droof = 68 psf 

Ljtoor = 80 psf 

s = 20 psf 

Curtain wall = 17 5 lb/ft 

Wind loads are determined according to ASCE/SEI 7, Chapter 28, Part 2. The assumed 

parameters are: Basic Wind Speed is 115 miles per hour (3 second gust); Wind Exposure 

Category is B; topographic factor K21 is 1.0; and the building is in Risk Category II. Required 
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3-4 SYSTEMS NOT SPECIFICALLY DETAILED FOR SEISMIC RESISTANCE 

strengths from load combinations that include wind loads were shown not to govern over 

load combinations that include seismic loads for both the braced frame and the moment 

frame. Therefore, wind loads are not included in the design examples in Part 3. 

The necessary parameters for determining seismic loading are given with each design 

example. 

3.4 MOMENT FRAMES 

Moment frames resist lateral forces and displacements through flexure and shear in the 

beams and columns. The necessary restraint must be provided by the moment connections 

between the beam and the columns. 

Moment frames tend to have larger and heavier beam and column sizes than braced 

frames. The increase in member sizes and related costs is often accepted to gain the 

increased flexibility provided in the architectural and mechanical layout in the structure. 

The absence of diagonal bracing members can provide greater freedom in the configuration 

of walls and in the routing of mechanical ductwork and piping. Moment frames are often 

positioned at the perimeter of the structure, allowing maximum flexibility of the interior 

spaces. Drift control is required by the applicable building code to help limit damage to both 

the structural and nonstructural systems. 
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Fig. 3-3. Braced frame elevation for Examples 3.5.1, 3.5.2 and 3.5.3. 

For floor plan, see Figure 3-1. 
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3.4 MOMENT FRAMES 3-5

Because the moment frame in the following examples does not require seismic detailing, 
it is designed in accordance with the provisions of the AISC Specification.

Example 3.4.1. Moment Frame Story Drift Check 

Given: 

Determine if the moment frame satisfies the ASCE/SEI 7 seismic story drift requirements. 

Refer to the moment frame elevation shown in Figure 3-2. The applicable building code 
specifies the use of ASCE/SEI 7 for seismic story drift requirements. As given previously, 
the structure is in Risk Category II. The structure is assigned to Seismic Design Category 
C. Additionally, in accordance with ASCE/SEI 7, for an ordinary moment frame system:

Deflection Amplification Factor, Cd: 3
Seismic Importance Factor, le: 1.00

Solution: 

From a second-order elastic analysis of the structure, the elastic displacements computed 
under strength-level design earthquake forces at each level are: 

bre = 1.87 in. 
b4e = 1.54 in. 
b3e = 1.03 in. 
82e = 0.477 in. 
bbe = 0 in. 

The deflection at level x is: 

(ASCE/SEI 7, Eq. 12.8-15) 

The allowable story drift at level x, from ASCE/SEI 7, Table 12.12-1, is: 

L'la = 0.020hsx

where 
hsx = story height below level x, ft 

Between the roof level and level 4: 

Cd ( b,-e b4e ) 
8,.

=- - - - -
le 

3 .87 in. -1.54 
1.00 

= 0.990 in. 
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3-6 SYSTEMS NOT SPECIFICALLY DETAILED FOR SEISMIC RESISTANCE 

ll
a

= 0.020 ( 12.5 ft) ( 12 in./ft) 
= 3.00 in.> 0.990 in. o.k

Between level 4 and level 3: 

84 = Cd (84e 83e)
le 

3 .54 in. -1.03 
1.00 

= 1.53 in. 
ll

a = 0.020(12.5 ft)(l2 in./ft) 
= 3.00 in.> 1.53 in. o.k.

Between level 3 and level 2: 

� _ Cd (83e 82e) 
u3 -

le 

3(1 .03 in. 0.477 in.) 
1.00 

= 1.66 in. 
lla = 0.020(12.5 ft)(12 in./ft) 

= 3.00 in.> 1.66 in. o.k.

Between level 2 and the base level: 

82 = 

Cd (82e 8be) 
le 

3(0.477 in. 0 in.) 
1.00 

= 1.43 in. 
ll

a = 0.020 ( 14 ft) ( 12 in./ft) 
= 3.36 in. > 1.43 in. o.k. 

Comment: 

In this case, the member sizes resulted from strength requirements. The seismic story drift 
requirements do not always govern the design of moment frames. 

Example 3.4.2. Moment Frame Column Design 

Given: 

Refer to Column CL-1 in Figure 3-2. Verify that an ASTM A992 W12x87 is sufficient to 
resist the following required strengths between the base and second levels. The applicable 
building code specifies the use of ASCE/SEI 7 for calculation of loads. 
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3.4 MOMENT FRAMES 3-7

The load combinations that include seismic effects are: 

LRFD ASD 

LRFD Load Combination 6 from ASD Load Combination 8 from 
ASCE/SEI 7, Section 2.3.6 (including ASCE/SEI 7, Section 2.4.5: 
the permitted 0.5 load factor on L): 

I.OD+ 0.7Ev + 0.7Eh

1.2D +Ev+ Eh+ 0.5L + 0.2S 

This structure is assigned to Seismic Design Category C (p = 1.0), and from ASCE/SEI 7, 

SDS = 0.352. 

The required strengths of Column CL-1 determined by a second-order analysis, including 

the effects of P-o and P-!!. with reduced stiffness as required by the direct analysis method, 

are: 

LRFD ASD 

Pu = 233 kips Pa = 165 kips 

Vu = 35.0 kips Va = 23.4 kips 

Mutop = 201 kip-ft Marop = 131 kip-ft

Muhot = -320 kip-ft Mabot = -210 kip-ft 

There are no transverse loads between the floors in the plane of bending, and the beams 

framing into the column weak axis are assumed as pin-connected and produce negligible 
moments. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTMA992 

F
y 

= 50 ksi 

Fu
= 65 ksi 

Available Compressive Strength of Column CL-1 

Because the member is being designed using the direct analysis method, the effective 

length, Le, for flexural buckling is taken as the unbraced length, Lb, equal to 14 ft. 

From AISC Manual Table 6-2, the available compressive strength of a W12x87 is: 

LRFD ASD 

<llcPn = 925 kips 
Pn

= 616 kips 
QC 
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3-8 SYSTEMS NOT SPECIFICALLY DETAILED FOR SEISMIC RESISTANCE 

Available Flexural Strength of Column CL-1 

Check the unbraced length for flexure 

From AISC Manual Table 6-2:

L
p 

= 10.8 ft 
Lr = 43.1 ft 

Because L
p 

< Lb � Lr, the member is subject to lateral-torsional buckling. 

Calculate Cb using AISC Specification Equation Fl -1.

LRFD 
Mutop 

= 201 kip-ft 
Mu bot = -320 kip-ft 

M(x) = Mrop ( 
Mwp L 

Mbot Jx

= 201 kip-ft 
201 kip-ft-

14 ft 

= 201 kip-ft (37.2 kips)x 

Quarter-point moments are: 

IM(x = 3.50 ft)I = MA 

= 1201 kip-ft 

( 37 .2 kips) ( 3.50 ft )I 

= 70.8 kip-ft 

IM(x = 7.00 ft)I = Ms 

= 1201 kip-ft 

(37.2 kips)(7.00 n)I 

= 59.4 kip-ft 

IM(x = 10.5 ft)I = Mc 

= 1201 kip-ft 

( 37 .2 kips) ( 10.5 ft )I 
= 190 kip-ft 

Mmax = 320 kip-ft 

ASD 

Ma top 
= 131 kip-ft 

Ma bot = -210 kip-ft 

M(x) = Mwp 
( 
Mwp L 

Mbot 1x

= 131 kip-ft 
131 kip-ft 

14 ft 

= 131 kip-ft (24.4 kips)x 

Quarter-point moments are: 

IM(x = 3.50 ft)I = MA 

= 1131 kip-ft 

-(24.4 kips)(3.5o ft)I 

= 45.6 kip-ft 

IM(x = 7.00 ft)I = Ms 

= 1131 kip-ft 

(24.4 kips)(1.oo ft)I 

= 39.8 kip-ft 

IM(x = 10.5 ft)I = Mc 

=1131 kip-ft 

(24.4 kips)(10.5 ft)I 

= 125 kip-ft 

Mmax = 210 kip-ft 
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3.4 MOMENT FRAMES 

LRFD 

C _ 12.5Mmax 
h-

2.5Mmax +3MA +4Ms +3Mc 

-
1 2.5(320 kip-ft) 

-

2.5(320 kip-ft)+ 3(70.8 kip-ft) 

+4 ( 59.4 kip-ft)+ 3(190 kip-ft)

=2. 20 

ASD 

C _ 12.5Mmax 
h-

2.5Mmax +3MA +4Ms +3Mc 
12.5( 210 kip-ft) 

--

2.5(210 kip-ft)+3(45.6 kip-ft) 

+4 (39.8 kip-ft)+ 3(125 kip-ft)

= 2.19 

3-9

From AISC Manual Table 6-2, with Lh = 14 ft, the available flexural strength of a W12 x 87 is: 

LRFD ASD 

d.>hMn = 2.20 (477 kip-ft) Mn = 2.19(317 kip-ft) 
= 1,050 kip-ft Qb 

= 694 kip-ft 

Check the yielding (plastic moment) limit Check the yielding (plastic moment) limit 
state, using AISC Manual Table 3-2: state, using AISC Manual Table 3-2: 

M 
CJ.)bM

p 
= 495 kip-ft< 1,050 kip-ft __!!_ = 329 kip-ft< 694 kip-ft 

Qb 

Therefore, the yielding limit state governs Therefore, the yielding limit state governs 
and: and: 

d.>bMn = 495 kip-ft CJ.)bMn = 329 kip-ft 

Interaction of Flexure and Compression in Column CL-1 

Using AISC Specification Section HJ, check the interaction of compression and flexure in 
Column CL-1, as follows: 

LRFD ASD 

Pc: = d.>cPn , as determined previously P,. = P,, , as determined previously 
= 925 kips QC 

= 616 kips 
Pr

= P,, 
= 2 33 kips Pr 

= Pa 

= 165 kips 
P,. 233 kips 

-
P, 165 kips - -

Pc 925 kips -- -

=0.252 Pc 616 kips 
=0.268 
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LRFD 
Because Prf Pc 2'. 0.2, use AISC 
Specification Equation H 1-1 a: 

Pr +I[ Mrx + Mry J < 1.0
Pc 9 Mex Mey -

0.252 + I( 
320 kip-ft+ o J = 0.827 

9 495 kip-ft 
0.827 < 1.0 o.k.

Available Shear Strength of Column CL-1 

ASD 
Because Prf Pc 2'. 0.2, use AISC 
Specification Equation H 1-1 a: 

Pr +I[ Mrx + Mry J<I.O
Pc 9 Mex Mey -

0.268+!( 
210 kip-ft +o J = o.835

9 329 kip-ft 
0.835 < 1.0 o.k.

From AISC Manual Table 6-2, the available shear strength of a W12x87 is: 

The W12 x 87 is adequate to resist the required strengths given for Column CL-1. 

Note: Load combinations that do not include seismic effects must also be investigated. 

Example 3.4.3. Moment Frame Beam Design 

Given: 

Refer to Beam BM-I in Figure 3-2. Verify that an ASTM A992 W18x55 is sufficient to 
resist the following required strengths. The applicable building code specifies the use of 
ASCE/SEI 7 for calculation of loads. See Section 3.3 for code specified loading. 

The load combinations that include seismic effects are: 

LRFD ASD 
LRFD Load Combination 6 from ASD Load Combination 8 from 
ASCE/SEI 7, Section 2.3.6 (including ASCE/SEI 7, Section 2.4.5: 
the permitted 0.5 load factor on l): I.OD+ 0.7Ev + 0.7E11
l.2D + Ev + E11 + 0.5l + 0.2S

From ASCE/SEI 7, this structure is assigned to Seismic Design Category C (p = 1.0) and 
SDs= 0.352. 

The required strengths determined by a second-order analysis, including the effects of P-0 
and P-f:.. with reduced stiffness as required by the direct analysis method, are: 
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LRFD ASD 

Pu = 0 kips Pa = 0 kips 

Vu = 33.9 kips Va = 23.1 kips 

Mu left = -316 kip-ft Ma left = -212 kip-ft 

MCL 
= 58.6 kip-ft MCL 

= 40.6 kip-ft 

Muright = 167 kip-ft Ma right = 106 kip-ft 

Assume that the beam flanges are braced at the columns. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 

F
y 

= 50 ksi 

Fu = 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W18x55 

d = 18.1 in. 

rrs 
= 2.00 in. 

tw 
= 0.390 in. 

J = 1.66 in.4
ry = 1.67 in. 

h0 = 17.5 in. 

Available Flexural Strength of Beam BM-1 

From AISC Manual Table 6-2: 

l
p 

= 5.90 ft 

l,.
= 17.6 ft 

Sx 
= 98.3 in.3

3-11

Zx 
= 112 in.3

Because l,. < lh 
= 30 ft, the limit states of yielding and lateral-torsional buckling are appli

cable, as given in AISC Specification Section F2. 

Calculate Cb using AISC Specification Commentary Equation C-Fl -5, which applies to 

gravity-loaded beams with the top flange laterally restrained and subject to reverse curva

ture; the top flange is restrained by the composite slab. 

LRFD ASD 

Mo = Muleft Mo = Ma left 

= -316 kip-ft = -212 kip-ft 

Mi = Muright Mi = Ma right 

= 167 kip-ft = 106 kip-ft 

MCL 
= 58.6 kip-ft MCL 

= 40.6 kip-ft 
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LRFD ASD 

(M0 +Mi )* =M0 (M0 +M i )* =M0 

= -316 kip-ft = -212 kip-ft 
because Mi is positive because Mi is positive 

Cb = 3.0 2
[ M

i 
J 

8 McL Cb = 3.0 2
[ Mi J

8 CL 
3 M0 

3 (Mo+Mi )* 3 M0 
3 (Mo +Mi )* 

= 3_0_I[ 161 kip-ft 
) =3.0 2 l 106 kip-ft 

) 
3 -316 kip-ft 3 -212 kip-ft 

8 l 58.6 kip-ft 
) 

3 -316 kip-ft 
8 l 40.6 kip-ft 

) 
3 -212 kip-ft 

=3.85 =3.84 

Per the User Note in AISC Specification Section F2, the W18x55 is compact for 
F

y 
= 50 ksi. 

Using AISC Manual Table 6-2, with Lb = 30 ft, and applying Cb as previously calculated, 
the available flexural strength of a W18 x 55 is determined as follows: 

LRFD 

<pbMn = 3.85(121 kip-ft) 
= 466 kip-ft 

Check the yielding (plastic moment) limit 
state, using AISC Manual Table 3-2: 

<pbMp 
= 420 kip-ft< 466 kip-ft 

Therefore, the yielding limit state governs 
and: 
<pbMn = 420 kip-ft> 316 kip-ft o.k.

Available Shear Strength of Beam BM-1 

ASD 

Mn = 3.84(80.4 kip-ft)
Qb

= 309 kip-ft 

Check the yielding (plastic moment) limit 
state, using AISC Manual Table 3-2: 
M 
_P = 279 kip-ft< 309 kip-ft
Qb

Therefore, the yielding limit state governs 
and: 
<pbMn = 279 kip-ft> 212 kip-ft o.k.

From AISC Manual Table 6-2, the available shear strength of the W18 x 55 is: 

LRFD ASD 

<pvVn = 212 kips> 33.9 kips o.k. Vn = 141 kips> 23.l kips o.k.

Qv

The W18 x 55 is adequate to resist the loads given for Beam BM-1. 

Note: Load combinations that do not include seismic effects must also be investigated. 
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Example 3.4.4. Moment Frame Beam-to-Column 
Connection Design 

Given: 

3-13

Refer to Joint JT-1 in Figure 3-2. Design a bolted flange-plated fully restrained (FR) moment 
connection between Beam BM-1 and Column CL-1. The beam and column are ASTM A992 
W-shapes, and ASTM A572 Grade 50 is used for the connecting material. Use Group A bolts
with threads not excluded from the shear plane (thread condition N) and 70-ksi electrodes.

From Example 3.4.3, the required strengths are: 

LRFD ASD 

Vu = 33.9 kips Va = 23.1 kips 

Mu = 316 kip-ft Ma = 212 kip-ft 

Solution: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTM A572 Grade 50 

Fy = 50 ksi 

Fu
= 65 ksi 

ASTM A992 

Fy = 50 ksi 

Fu
= 65 ksi 

From AISC Specification Table J3.3, for ½-in.-diameter bolts in standard holes: 

dh = 15/16 in. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W18x55 

d = 18.1 in. tw = 0.390 in. tf = 0.630 in. Sx = 98.3 in.3 hf = 7.53 in. 

Available Flexural Strength of Beam BM-1 

AISC Specification Section F l3. l requires that tensile rupture of the tension flange be 
investigated if: 

Because Fy !Fu = 50 ksi/65 ksi = 0.769 < 0.8: 

Yr = 1.0 

For two rows of ½-in.-diameter Group A bolts in standard holes in the beam tension flange, 
using AISC Specification Section B4.3b: 
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A
.t:
� =h1t1

= (7.53 in.)(0.630 in.) 

= 4.74 in.2

A.fi,=Atg 2(dh+1!16 in.)t1

= 4.74 in.2 -2(15/16 in.+ 1li6 in.)(0.630 in.) 

= 3.48 in.2

frFyAfg = 1.0(50 ksi)(4.74 in.) 
= 237 kips 

FuAfn =(65 ksi)(3.48 in.2)
= 226 kips 

Since F,,Atn < Y1FyAJg, the limit state of tensile rupture of the flange applies. 

F,,Afn Mn = --·-Sx 

Atg 
(Spec. Eq. Fl 3-1) 

=(226 �ip;J(98.3 in.3 )(1 ft/12 in.)
4.74m. 

= 391 kip-ft 

The available flexural strength of the W18 x 55 is: 

LRFD 

<pbMn 
= 0.90(391 kip-ft) Mn 

Qb 
= 352 kip-ft> 316 kip-ft o.k.

Single-Plate Web Connection 

ASD 

391 kip-ft --

1.67 
= 234 kip-ft> 212 kip-ft o.k.

As discussed in Part 12 of the AISC Manual, eccentnc1ty can be neglected for the 
shear connection of a fully restrained (FR) moment connection; however, AISC Manual
Table 10-lOb is applied here for simplicity. Conservatively, using AISC Manual Table 
10- lOb, select a 3/!6-in.-thick ASTM A572 Grade 50 plate with three ½-in.-diameter Group
A (thread condition N) bolts in standard holes connected to the beam web and a ¼-in. fil
let weld to the column flange. This weld is sized based on (5/s)tp as given in AISC Manual
Table 10- lOb. Note, however, that the restraint provided by the flange connections will
prevent fixed end moments in the single plate such that the weld need only be designed for 
the shear force acting at the centroid of the bolt group. The available strength of the single
plate connection is: 

LRFD ASD 

<j)R11 = 54.8 kips > 33.9 kips o.k. = 36.6 kips > 23.1 kips o.k.
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Because the bolt bearing and tearout limit states on the plate are included in Table 10-1 Ob, 
the beam web is acceptable by inspection, as the beam web thickness of 0.390 in. is greater 
than the plate thickness of 1/t6 in. 

Use a 5/i6-in.-thick single-plate connection with three ·%-in.-diameter Group A (thread condi
tion N) bolts in standard holes to the beam web and a ¼-in. fillet weld to the column flange. 

Flange-Plate Connection 

This example uses standard holes in the flange plates and beam flanges. Note that oversized 
holes in the flange plates may be preferable for fit-up to account for tolerances in the column 
flange tilt, depth, etc. Refer to AISC Manual Figure 12-3 for more information. The use 
of oversized holes requires slip-critical bolts and reduces the net area of the flange plates. 

Determine the required number of bolts in the flange plate. 

From AISC Manual Equations 12- la  and 12-lb, the flange force is: 

LRFD ASD 

Mu Ma Put =

-
P

at =

-
d d 

-
(316 kip-ft)(l2 in./ft) 

-
(212 kip-ft)(12 in./ft) 

- -

18.l in. 18.1 in. 
= 210 kips = 141 kips 

From AISC Manual Table 7-1 for available bolt shear strength, the required number of 
1/s-in.-diameter Group A (thread condition N) bolts is: 

LRFD ASD 

Put Pat 
nmin ==- nmin =

rn/Q 
<J>rn

210 kips 
-

141 kips 
- --

24.3 kips/bolt 16.2 kips/bolt 

= 8.64 bolts = 8.70 bolts 

Try 10 bolts on a 4-in. gage. Using AISC Manual Tables 7-4 and 7-5 for bearing and tearout 
strength with le = 2 in. ands = 3 in., the available bearing and tearout strength of the beam 
flange is: 
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LRFD

<j)Rn = n ( <prn ) t J Rn [ r,, ) -=n - t1
Q Q 

ASD

= 8(102 kip/in.)(0.630 in.) = 8(68.3 kip/in.)(0.630 in.)
+2(89.6 kip/in.)(0.630 in.)

= 627 kips> 210 kips
+2(59.7 kip/in.)(0.630 in.)

o.k. = 419 kips> 141 kips

Size the flange plate for the tension force 

The minimum thickness of an 8-in.-wide plate for tension yielding is:

t , = -uf mm <pF b
y p 

LRFD 

210 kips
--

0.90(50 ksi)(8 in.)
= 0.583 in.

ASD 

PafQ
tmin == _, -F

y
b

p 

(141 kips)(l .67)
--

(50 ksi)(8 in.)
= 0.589 in.

o.k.

Try a ¾-in. x 8-in. plate. The available tensile rupture strength of the plate is determined ac
cording to AISC Specification Section J4. l as follows: 

Rn
= FuAe

=FuAnU
= (65 ksi)(¾ in.)[8 in. 2( 15/16 in.+ ½6 in.)](1.0)

= 293 kips

LRFD

<j)R11 =0.75(293 kips) Rn 293 kips
--

2.00 

ASD

= 220 kips> 210 kips o.k. = 147 kips> 141 kips o.k.

Using AISC Manual Tables 7-4 and 7-5 with le = 2 in. ands= 3 in., the bearing and tearout
strength of the flange plate is: 
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LRFD 

<!>Rn
= n(<j>r

11
)tp 

= 8(102 kip/in.)(¾ in.) 

+2(89.6 kip/in.)(¾ in.)

= 746 kips> 210 kips o.k.

Rn _ lrn 
J -n - tp

Q Q 

ASD 

= 8(68.3 kip/in.)(¾ in.) 

+2(59.7 kip/in.)(¾ in.)

= 499 kips> 141 kips o.k.

Check the flange plate and beam flange for block shear rupture 

3-17

The three cases for which block shear must be considered in the flange plate are shown in 
Figure 3-4. 

Case I involves the tearout of the two blocks outside of the two rows of bolt holes in the 
flange plate. For this case, the gross tension area has a width of 2(2 in.) = 4 in. Case 2 
involves the tearout of the block between the two rows of holes in the flange plate. For this 
case, the gross tension area has a width of 4 in. Because both the shear and tension areas 
are the same in both cases, only one of these first two cases needs to be checked. The beam 
flange must also be checked for a failure path similar to Case 1, but need not be checked for 
the similar failure paths to Case 2 or Case 3 due to the presence of the web. 

The nominal strength for the limit state of block shear rupture is given by AISC Specification 
Equation J4-5: 

Flange PL Flange PL Flange PL 

Case 1 Case 2 Case 3 

Fig. 3-4. Block shear failure paths for the flange plate in Example 3.4.4. 
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Check the flange plate for Case 1 

The available block shear rupture strength of the flange plate is determined as follows, using 
AISC Manual Tables 9-3a, 9-3b and 9-3c and AISC Specification Equation J4-5, with n = 5, 
lev = 2 in., Zeh = 2 in., and Ubs = 1.0. 

LRFD 

Tension rupture component from AISC 
Manual Table 9-3a: 

2[ 
¢>Futnt) = 2(73.1 kip/in.)

= 146 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

2[ 
¢>0.60

:yAgv J = 2(315 kip/in.)

= 630 kip/in. 

Shear rupture component from AISC 
Manual Table 9-3c: 

2[ 
qi0.60

:uAnv ) = 2(278 kip/in.)

= 556 kip/in. 

The design block shear rupture strength is: 

¢>Rn = ¢>0.60FuAnv + <iJU bsFuAnt 
:C:: ¢>0.60FyAgv 

+ ¢>U bsFuAnt 
556 kip/in. 

=(¾in.) +(1.0)(146 kip/in.)
630 kip/in. <(¾in.) - +(1.0)(146 kip/in.)

= 527 kips < 582 kips 

Therefore: 
¢>R,, = 527 kips> 210 kips o.k.

Check the flange plate for Case 3 

ASD 
Tension rupture component from AISC 
Manual Table 9-3a: 

2[ Fr6/) = 2(48.8 kip/in.)

= 97.6 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

2[ 
0·60

;;
Agv J = 2(210 kip/in.)

= 420 kip/in. 

Shear rupture component from AISC 
Manual Table 9-3c: 

2[ 
0·60

i;
Anv) = 2(185 kip/in.)

= 370 kip/in. 

The allowable block shear rupture strength is: 

_R_n = 0.60FuAnv + UbsFuAnt 
Q Q Q 

< 60FyAgv + UbsFuAnt 
Q Q 

370 kip/in. 
=(¾in.) +(1.0)(97.6 kip/in.)

420 kip/in. <(¾in.) - +(1.0)(97.6 kip/in.)
= 351 kips < 388 kips 

Therefore: 
Rn = 351 kips> 141 kips o.k.
Q 

The nominal strength for the limit state of block shear rupture relative to the normal force 
on the flange plate is: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



3.4 MOMENT FRAMES 3-19

Rn = 0.60FuAnv + Ub,FuA,u :Sc 0.60FyAgv + UbsFuA nt

where
(Spec. Eq. J4 -5)

Am = (¾ in.)[6 in. ( 1.5)( 11/16 in.+ 1/i6 in.)]

= 3.38 in.2

Ubs = 1.0 for uniform tension stress

The tension rupture component is:

U1,sFuAn1 = 1.0( 65 ksi)( 3.38 in.2)
= 220 kips

LRFD
Shear yielding component from AISC
Manual Table 9-3b:

Shear rupture component from AISC
Manual Table 9-3c:
<p0.60FuAnv 278 k" 1. = 1pm.

The design block shear rupture strength is:

<j)R11 = <p0.60FuAnv +<?UbsFuAnt
:Sc <j)0.60FyAgv 

+ <j)UhsFuAnt
= (¾ in.)( 278 kip/in.) + 0.75( 220 kips)

:Sc(¾ in.)(315 kip/in.)

+0.75(220 kips)
= 374 kips< 401 kips

Therefore:
<j)Rn = 374 kips> 210 kips o.k.

ASD
Shear yielding component from AISC
Manual Table 9-3b:
0.60F

yAgv 
- -�� = 210 kip/in.

D.t 

Shear rupture component from AISC
Manual Table 9-3c:
0.60FuAnv 185 k" 1. = 1pm.

D.t 

The allowable block shear rupture strength is:

0.60FuAnv + UhsFuAnt
Q Q 

Q Q 

= ( ¾ in.) ( 185 kip/in.)+ -22-0---''-
2.00 

:Sc(¾ in.)(210 kip/in.)+ 22
�:�

ps

= 249 kips < 268 kips

Therefore:
Rn = 249 kips > 141 kips o.k.
Q 

Check the beam flange for block shear rupture 

Based on a failure path similar to Case 1 in Figure 3 -4, the available block shear rupture
strength of the beam flange is determined using AISC Manual Tables 9-3a, 9-3b and
9-3c and AISC Specification Equation 14-5, with n = 5, lev = 2 in., Zeh = I¾ in. (note that
lev = 2 in. accounts for possible ¼-in. beam underrun, and Zeh = I¾ in. is used conserva
tively to employ Table 9-3a), and Ubs = 1.0.
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LRFD 
Tension rupture component from AISC 
Manual Table 9-3a: 

2( 
¢iFu

t
Ant J = 2(60.9 kip/in.)

= 122 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

2( 
¢i0.60

;yA
gv

) = 2(315 kip/in.)

= 630 kip/in. 

Shear rupture component from AISC 
Manual Table 9-3c: 

2( 
¢i0.60

:uAnv J = 2(278 kip/in.)

= 556 kip/in. 

The design block shear rupture strength is: 

¢iR11 
= ¢i0.60F;,A1111 

+ ¢iU bsFi,Ant 

� ¢i0.60FyA
gv + ¢iUb,FuAnt 

. 556 kip/in. 
=(0.630m.) ( )( ) + 1.0 122 kip/in. 

630 kip/in. 
< ( 0.630 in.) ( ) ( )-

+ 1.0 122 kip/in. 
= 427 kips< 474 kips 

Therefore: 
¢iR11 

= 427 kips> 210 kips o.k.

ASD 
Tension rupture component from AISC 
Manual Table 9-3a: 

2( F�;11 J = 2(40.6 kip/in.)

= 81.2 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

2( 
0.6o

;;
A

gv

) = 2(210 kip/in.)

= 420 kip/in. 

Shear rupture component from AISC 
Manual Table 9-3c: 

2( 
0.6o

;;
Anv J = 2(185 kip/in.)

= 370 kip/in. 

The allowable block shear rupture strength is: 

_R_11 = 0.60FuA1111 

+ 
Ub,F;,A,11

Q Q Q 

< 0.60FyA
g
v

+ 
Ub,F'i,Ant 

-
Q Q 

. 370 kip/in. 
=(0.630m.) ( )( ) + 1.0 81.2 kip/in. 

420 kip/in. 
< ( 0.630 in.) ( ) ( ) -

+ 1.0 81.2 kip/in. 

= 284 kips< 316 kips 

Therefore: 
Rn = 284 kips> 141 kips o.k.
Q 

Use five rows of ½-in.-diameter Group A (thread condition N) bolts in standard holes at a 
4-in. gage to connect each flange plate to the beam flange. Use a 2-in. edge distance and a
3-in. spacing for the bolts.

Check the flange plate for the compression force 

The radius of gyration of the flange plate is: 
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r= 

¾ in. 

Ju 
= 0.217 in.

From AISC Specification Commentary Table C-A-7.1, use K = 1.2, and L = 3 in.:

Le KL 

r r 

1.2(3 in.) 
0.217 in. 

= 16.6 

3-21

According to AISC Specification Section J4.4, because Le/ r::; 25, the compressive strength 
of the flange plate is: 

P
n 

= FyAg

= (50 ksi)(8 in.)(¾ in.) 

= 300 kips

LRFD 

<J>Pn = 0.90(300 kips)

= 270 kips> 210 kips

Pn 

o.k.

(Spec. Eq. J4-6) 

ASD 

300 kips 
1.67 

= 180 kips> 141 kips o.k.

Use ¾-in. x 8-in. ASTM A572 Grade 50 flange plates. 

Design the weld between the flange plates and column flange 

The directional strength increase is used in determining the required weld size. The length 
of the weld, lw, is taken to be the width of the 8-in. plate. 

Determine the weld size 

Solving for Dmin from AISC Manual Equations 8-2a and 8-2b and applying the directional 
strength increase of AISC Specification Equation J2-5: 

LRFD 

Dmin = 
2 ( 1.5) ( 1.392 kip/in.) Zw

= 6.29 sixteenths 

ASD 

Dmin = ( )( ) 2 1.5 0.928 kip/in. l
w 

141 kips 
2(1.5)(0.928 kip/in.)(8 in.) 

= 6.33 sixteenths 

Use ½-in. fillet welds on both sides to connect the flange plates to the column flange. 
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Comment: 

The column must be checked for panel zone and stiffening requirements. For further infor

mation, see AISC Design Guide No. 13, Stiffening of Wide-Flange Columns at Moment 

Connections: Wind and Seismic Applications (Carter, 1999). 

The final connection design and geometry is shown in Figure 3-5. 

¼
¼

¾" setback 

2½". I 

Note: 

1¾" 

PL¾x8 

(A572 Gr. 50) 

c---- . PL 3/16X4 ¼ 
(A572 Gr. 50) 

(3) 3/s" dia. Group A,
thread condition N, bolts
in std. holes

(10) Vs" dia. Group A,
thread condition N, bolts

@ 4" gage (top and bot.)
in std. holes

W18x55 beam 

Provide shop installed clearance between bottom flange plate and 
beam to allow for beam depth tolerance. Install shims as required. 
Refer to AISC Specification Sections J3.8 and J5.2 regarding fillers 
used in bolted connections. 

Fig. 3-5. Connection as designed in Example 3.4.4. 
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3.5 BRACED FRAMES 

Braced frames gain their strength and their resistance to lateral forces and displacements 

primarily from the axial strength and stiffness of the bracing members. Braced frames are 

arranged such that the centerlines of the framing members (braces, columns and beams) 

coincide or nearly coincide, thus eliminating the majority of flexure that might occur due 

to lateral forces. 

Braced-frame systems tend to be more economical than moment-resisting frames when 

material, fabrication and erection costs are considered. These efficiencies are often offset by 

reduced flexibility in floor plan layout, space planning, and electrical and mechanical rout

ing encountered as a result of the space requirements of the brace members. 

Braced frames typically are located in walls that stack vertically between floor levels. In 

the typical office building, these walls generally occur in the "core" area around stair and ele

vator shafts, central restrooms, and mechanical and electrical rooms. This generally allows 

for greater architectural flexibility in placement and configuration of exterior windows and 

cladding. Depending on the plan location and the size of the core area of the building, the 

torsional resistance offered by the braced frames may become a controlling design param

eter. Differential drift between stories at the building perimeter must be considered with this 

type of layout, as rotational displacements of the floor diaphragms may impose defonnation 

demands on the cladding system and other nonstructural elements of the building. 

Because the braced frame in the following examples does not require seismic detailing, it 

is designed in accordance with the provisions of the AISC Specification. 

Example 3.5.1. Braced Frame Brace Design 

Given: 

Select an ASTM A36 double-angle section to act as Brace BR-1 in Figure 3-3 and resist the 

following axial forces. The applicable building code specifies the use of ASCE/SEI 7 for 

calculation of required strength. See Section 3.3 for code specified loading. 

The governing load combinations including seismic effects are as follows: 

LRFD ASD 

Maximum brace compression from LRFD Maximum brace compression from 

Load Combination 6 from ASCE/SEI 7, ASD Load Combination 8 from 

Section 2.3.6 (including the permitted ASCE/SEI 7, Section 2.4.5: 

0.5 factor on L): 
l.OD + 0.7Ev + 0.7Eh

1.2D +Ev+ Eh+ 0.5L + 0.2S 

Maximum brace tension from LRFD Maximum brace tension from ASD 

Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 

Section 2.3.6: Section 2.4.5: 

0.9D Ev+ E11 0.6D 0.7Ev + 0.7E11 
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From ASCE/SEI 7, this structure is assigned to Seismic Design Category C (p = 1.0) and 

Sos= 0.352. 

The required strengths of Brace BR-1 determined by a second-order analysis, including the 

effects of P-o and P-1':i. with reduced stiffness as required by the direct analysis method, are: 

LRFD ASD 

Maximum Compression Maximum Compression 

Pu
= 127 kips Pa

= 83.4 kips 

Maximum Tension Maximum Tension 

Pu
= 89.6 kips Pa = 60.2 kips 

Assume that the ends of the brace are pinned and braced against translation for both the x-x 

and y-y axes. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A36 

F
y 

= 36 ksi 

Fu
= 58 ksi 

The effective length, Lex = Ley 
= Le , of the brace is: 

= 17.7 ft 

This effective length has been conservatively determined by calculating the distance 

between the work points based on the intersection of the centerlines of the brace, column 

and beams, and using the effective length for flexural buckling equal to the unbraced length 

in accordance with AISC Specification Section C3. Shorter effective lengths may be used if 

justified by the engineer of record. 

Brace Selection 

Select a trial brace size based on the effective length and the compressive strength of 

the brace. Based on the discussion in AISC Specification Commentary Section Jl.7, it is 

assumed that the effect of the load eccentricity with respect to the center of gravity of the 

brace is negligible and can be ignored. Use AISC Manual Tables 4-8 and 4-9 to select trial 

brace sections. Possible double-angle braces include 2L5 x 5 x 5/s, 2L6 x 6 x 1/s, or 2L6 x 4 x 5/s 

LLBB. Use a 2L6x4x5/s LLBB for the trial design due to architectural needs. Because 
Lc/r

y 
> Lc/rx, the available strength from AISC Manual Table 4-9 of the 2L6x4x5/s LLBB 

brace (1/s-in. separation) in compression with Le = 17.7 ft is controlled by the y-y axis. By 

interpolation: 
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LRFD ASD 

<l>
c
Pn = 142 kips> l 27 kips o.k. = 94.3 kips> 83.4 kips o.k.

QC 

The 2L6x4x5/s LLBB is adequate for flexural buckling. 

Element Slenderness 

Table 4-9 considers the AISC Specification Section E6.2 requirement that the slenderness 
ratio, a/ri, of each of the component shapes between fasteners may not exceed three-fourths 
times the governing slenderness ratio of the built-up member. As given in AISC Manual

Table 4-9, at least two welded or pretensioned bolted intermediate connectors with Class A 
or B faying surfaces must be provided. 

Available Tensile Strength of Brace 

From AISC Manual Table 5-8, the available strength of the 2L6x4x5/s brace for tensile 
yielding on the gross section is: 

LRFD ASD 

q>1Pn = 379 kips> 89.6 kips o.k. P,, = 252 kips> 60.2 kips o.k.

Qt 

The 2L6x4x5/s is adequate for tensile yielding on the gross area. 

See Example 3.5.3 for calculations confirming that the tensile rupture strength on the effec
tive net section of the brace is adequate with a single row of four ¾-in.-diameter bolts 
spaced at 3 in. connecting the double-angle brace to a gusset plate. 

Use 2L6x4x5/s LLBB with a 3/s-in. minimum separation, assuming a 3/s-in. gusset plate and 
two intermediate connectors for Brace BR-I. 

Note that the intermediate connectors can be fastened by welding or with pretensioned bolts 
with Class A or B faying surfaces. If bolted intermediate connectors are used, a net section 
tensile rupture check at the connectors is also required. 

Example 3.5.2. Braced Frame Column Design 

Given: 

Refer to Column CL-2 in Figure 3-3. Select an ASTM A992 W-shape with a nominal depth 
of 12 in. to resist the following required strengths. The applicable building code specifies 
the use of ASCE/SEI 7 for the calculation of the required strength. See Section 3.3 for code 
specified loading. 
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The load combinations that include seismic effects are: 

LRFD ASD 
Maximum column compression from Maximum column compression from ASD 
LRFD Load Combination 6 from Load Combination 9 from ASCE/SEI 7, 
ASCE/SEI 7, Section 2.3.6 (including Section 2.4.5: 
the permitted 0.5 load factor on l): I .OD + 0.525E

v 
+ 0.525E11 + 0.75l + 0.75S 

1.2D +Ev + Eh+ 0.5l + 0.2S 

Maximum column tension from LRFD Maximum column tension from ASD 
Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

0.9D Ev +E11 0.6D 0.7Ev + 0.7E11 

This structure is assigned to Seismic Design Category C (p = 1.0) and, from ASCE/SEI 7, 
Svs = 0.352. 

The required strengths of Column CL-2 determined by a second-order analysis, including the 
effects of P-8 and P-!'.l. with reduced stiffness as required by the direct analysis method, are: 

LRFD ASD 
Maximum Compression Maximum Compression 
Pu

= 351 kips Pa
= 253 kips 

Maximum Tension Maximum Tension 
Pu

= 42.l kips Pa
= 28.7 kips 

The ends of the column are pinned and braced against translation for both the x-x and 
y-y axes.

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTMA992 
F

y 
= 50 ksi 

F,, = 65 ksi 

Using AISC Manual Table 6-2 with le
= 14 ft, select a W12x50. Note that the effective 

length for flexural buckling is taken as the unbraced length per AISC Specification Section C3. 

LRFD ASD 

<j)cP,, = 384 kips> 351 kips o.k. Pn = 255 kips > 253 kips o.k.

QC 
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The W12 x 50 is adequate for flexural buckling. 

There is net tension (uplift) on the column. Using AISC Manual Table 6-2, the available 
tensile yielding strength of the W12 x 50 is: 

LRFD ASD 

<p1P,, = 657 kips> 42.1 kips o.k.
P

n = 437 kips> 28.7 kips 
Qt 

The W12 x 50 is adequate for tensile yielding. 

Use a W12x50 for braced-frame Column CL-2. 

o.k.

Example 3.5.3. Braced Frame Brace-to-Beam/Column 
Connection Design 

Given: 

Refer to Joint JT-2 in Figure 3-3. Design the connection between the brace, beam and 
column. Use a gusset plate concentric to the brace and welded to the beam with 70-ksi 
electrodes. Connect the gusset and the beam to the column using a bolted single-plate 
connection. Use ASTM A572 Grade 50 for all plate material; use the brace and column as 
designed in Examples 3.5.1 and 3.5.2, respectively; and use an ASTM A992 W18x35 for 
the beam, as required for strength and connection geometry. The applicable building code 
specifies the use of ASCE/SEI 7 for calculation of the required strengths. See Section 3.3 
for code specified loading. 

The required strengths are: 

LRFD ASD 

Beam Shear Beam Shear 

Vu = 4.00 kips Va = 2.63 kips 

Brace Compression Brace Compression 

P,, = 127 kips Pa = 83.4 kips 

Brace Tension Brace Tension 

Pu
= 89.6 kips Pa = 60.2 kips 

From Examples 3.5.1 and 3.5.2, the brace is an ASTM A36 2L6x4x5/s LLBB section with 
1/s-in. minimum separation for a 1/s-in.-thick gusset plate, and the column is an ASTM A992 
W12x50. 
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Solution: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTMA36 

F
y 

= 36 ksi 

Fu
= 58 ksi 

ASTM A572 Grade 50 

F
y 

= 50 ksi 

Fu
= 65 ksi 

ASTM A992 

F
y 

= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Tables 1-1, 1-7 and 1-15, the geometric properties are as folJows: 

Beam 

W18x35 

d = 17.7 in. 

Column 

W12x50 

d = 12.2 in. 

Brace 

2L6x4x¾ LLBB 

A
g

= 11.7 in.2

tw = 0.300 in. 

tw = 0.370 in. 

x = 1.03 in. for single angle 

y =2.03 in. 

Brace-to-Gusset Connection Design 

tr= 0.425 in. kdes = 0.827 in. 

tr= 0.640 in. kdes = 1.14 in. 

A decision must be made as to what type of hole (standard or oversized) should be used 

in the brace-to-gusset connection. The use of standard holes allows for the use of bearing 

bolts. Their use also allows for more direct squaring and plumbing of the structure if mill, 

fabrication and erection tolerances are held tight. The use of oversized holes allows for more 

fit-up in the structure and accounts for these tolerances but requires the use of slip-critical 

bolts. For this example, choose to use oversized holes in the gusset plate and standard holes 

in the brace. 

Refer to Figure 3-6. Using AISC Manual Table 7-3 for 1-in.-diameter Group B slip-critical 

bolts in double shear, Class A faying surfaces, oversized holes in the gusset, and standard 

holes in the brace, the available slip resistance and the required number of bolts is: 
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LRFD ASD 

<pr,, = 36.9 kips/bolt rn = 24.7 kips/bolt
n 

Pu
nmin ==-

<prn

Pa nmin = 
rn/Q

-
127 kips

-
83.4 kips

- -

36.9 kips/bolt 24.7 kips/bolt
= 3.44 bolts = 3.38 bolts 

Try four 1-in.-diameter bolts at 3-in. spacing. 

Check brace net section for tensile rupture strength 

The net area of the brace is as follows, where the hole diameter, d1,, is from AISC Speci

fication Table J3.3: 

A
11 

= A
g 
-2(d1, + 1/16 in.)t 

= 11.7 in.2 2(l1/s in.+ 1/16 in.)(5/s in.) 

= 10.2 in.2

From AISC Specification Table D3.l ,  Case 2: 

U=l-x
l 

= 1 _ 1.03 in.
3(3 in.) 

=0.886 

Ae = A11U 

= (10.2 in.2 )(0.886) 

= 9.04 in.2 

= (58 ksi)(9.04 in.2)

= 524 kips 

(Spec. Eq. D3-l )  

(Spec. Eq. D2-2) 

The available tensile strength of the brace due to the limit state of tensile rupture is deter
mined from AISC Specification Section D2, as follows: 
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LRFD ASD 

$1Pn = 0.75Pn 

Pn - P,,
- - -

Qt 2.00 
=0.75(524kips) 

524 kips
-

= 393 kips> 89.6 kips o.k.
-

2.00
= 262 kips> 60.2 kips o.k.

Check bolt bearing and tearout on the brace and shear strength of the bolts 

According to the User Note in AISC Specification Section J3.6, the strength of the bolt 
group is taken as the sum of the effective strengths of the individual fasteners. In the follow
ing calculations, AISC Manual Tables 7-4 and 7-5 are used, which combine the limit states 
of bearing and tearout; however, Table 7-5 does not have the appropriate edge distance 
listed for the tearout strength of the angles based on edge distance (refer to Figure 3-6). 

Cf. 
column 

½" H _ __ _  1_'-_8_3/4_'4'_' - -�I 

2½"

" 

� Plane of uniform 
force 

W12x50 column 

Work line 

"'/ 

2L6x4x% (LLBB)

_, 

-c;,,,--

Cf. 
beam 

W18x35 beam 

Fig. 3-6. Initial connection geometry for Example 3.5.3. 
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Therefore, AISC Specification Equation J3-6c is used for this check. Assume that bolt hole
deformation is a design consideration. 

LRFD 
Design bearing and tearout strength on 
angles at inner bolts based on 3-in. bolt 
spacing from AISC Manual Table 7-4 is: 

<j)r,, = ( 2 angles) (97 .9 kip/in.)( 5/s in.) 
= 122 kips/bolt 

Design bearing and tearout strength 
on gusset plate at inner bolts based on 
3-in. bolt spacing from AISC Manual

Table 7-4 is:

<!Jrn = (102 kip/in.)(% in.) 
= 38.3 kips/bolt 

Design tearout strength on angles at outer 
bolt based on edge distance (assuming

l ½-in. edge distance) is determined from 
AISC Specification Equation J3-6c: 

<!Jrn 
= <j)] .2(tFu 

= 0.75(1.2)(2 angles) 

x[l½ in. 0.5(11/s in.)] 

x ( 5/s in.) ( 58 ksi) 
= 61.2 kips/bolt 

Design bearing and tearout strength on 
gusset plate at outer bolt based on edge

distance (assuming 2-in. edge distance) 
from AISC Manual Table 7-5: 

<!Jrn = (80.4 kip/in.)(% in.) 
= 30.2 kips/bolt 

ASD 

Allowable bearing and tearout strength on 
angles at inner bolts based on 3-in. bolt 
spacing from AISC Manual Table 7-4 is: 

rn = (2 angles)(65.3 kip/in.)(¾ in.) 
Q 

= 81.6 kips/bolt 

Allowable bearing and tearout strength 
on gusset plate at inner bolts based on 
3-in. bolt spacing from AISC Manual
Table 7-4 is:

rn = (68.3 kip/in.)(% in.) 
Q 

= 25.6 kips/bolt 

Allowable tearout strength on angles at 
outer bolt based on edge distance (assum
ing l ½-in. edge distance) is determined 
from AISC Specification Equation J3-6c: 

rn _ l.2fctFu 

Q Q 

[
�
-
� � �:.

gle

�:
5 ( I1/s in.) ]1 

_ x(¾ in.)(58 ksi) 
2.00 

= 40.8 kips/bolt 

Allowable bearing and tearout strength on 
gusset plate at outer bolt based on edge

distance (assuming 2-in. edge distance) 
from AISC Manual Table 7-5: 

rn = (53.6 kip/in.)(3/s in.) 
Q 

= 20.1 kips/bolt 
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LRFD 
For the angles, because all bearing and 
tearout limit state strengths exceed the 
available slip resistance of 36.9 kips/bolt, 
bearing and tearout do not govern. 

For the gusset plate, bearing and tearout 
control over slip resistance for the outer 
bolt, and slip resistance controls over 
bearing and tearout for the inner bolts. 

The available strength of the bolted 
connection at the gusset plate is: 

<J>Rn = 30.2 kips+3(36.9 kips) 
= 141 kips> 89.6 kips o.k.

ASD 
For the angles, because all bearing and 
tearout limit state strengths exceed the 
available slip resistance strength of 
24.7 kips/bolt, bearing and tearout do 
not govern. 

For the gusset plate, bearing and tearout 
control over slip resistance for the outer 
bolt, and slip resistance controls over 
bearing and tearout for the inner bolts. 

The available strength of the bolted 
connection at the gusset plate is: 

<J>Rn = 20.1 kips+3(24.7 kips) 
= 94.2 kips> 60.2 kips o.k.

Check block shear rupture strength of brace 

From Figure 3-6: 

n = 4 
lev = 1 ½ in. 
Zeh = 2½ in. 

The available block shear rupture strength of the brace is determined as follows, using AISC 
Manual Tables 9-3a, 9-3b and 9-3c and AISC Specification Equation J4-5, with Ubs = 1.0. 

LRFD 
Tension rupture component from AISC 
Manual Table 9-3a: 

(2 angles)[ <J>Fu
t
A,u J = 2(82.9 kip/in.)

= 166 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

( 
)[ <j>0.60FyAgv J ( )

2 angles 
t 

= 2 170 kip/in. 

= 340 kip/in. 

ASD 
Tension rupture component from AISC 
Manual Table 9-3a: 

(2 angles)F;,An1 =2(55.3 kip/in.) 
D.t 

= 111 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

(2 angles)[ 
0·60;;Agv J = 2(113 kip/in.) 

= 226 kip/in. 
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LRFD 
Shear rupture component from AISC 
Manual Table 9-3c: 

( 2  angles)( 
<j)0.60

:,Anv J = 2(166 kip/in.) 

= 332 kip/in. 

ASD 
Shear rupture component from AISC 
Manual Table 9-3c: 

( 2 angles)( 
0.6o

;;
Anv J = 2(1 JO kip/in.) 

= 220 kip/in. 

3-33

The design block shear rupture strength is: 

<j)R n = <j)0.60FuAnv +<j)UbsFuA,u 

The allowable block shear rupture strength is: 

� <j)0.60FyA
gv 

+ <j)Ub,FuA,u 
332 kip/in.

= (sis in.) 
+(1.0)(166 kip/in.) 

340 kip/in.
< (51s in.) - +(1.0)(166 kip/in.) 

= 311 kips< 316 kips 

Therefore: 
<j)R

11 
= 311 kips> 89.6 kips o.k.

R_n 
= 

0.60FuAnv + U1,sFuAn1 
Q Q Q 

< 0.60F
y

A
gv + U1,sFuAnt 

-
Q Q 

220 kip/in.
= (51s in.) 

+(1.0 )(111 kip/in.) 

226 kip/in.
< (51s in.) - +(1.0)(111 kip/in.) 

= 207 kips< 211 kips 

Therefore: 
R n 

= 207 kips> 60.2 kips o.k.
Q 

Use four 1-in.-diameter Group B slip-critical bolts to connect the brace to the gusset plate. 
Use Class A faying surfaces, standard holes in the brace, and oversized holes in the gusset. 

Check the gusset compression buckling strength 

Using the Whitmore section as discussed in the AISC Manual Part 9, the available width is 
greater than the Whitmore width determined as follows: 

lw = 21 tan 30° 

= 2( 4)(3 in.)tan30°

= 13.9 in. 

The radius of gyration of the gusset plate buckling in the weak direction is: 
t 

r=--

Ju 
¾ in. 
Ju 

= 0.108 in. 

The length of the gusset plate beyond the connection on the Whitmore width is calculated 
as the average of three lengths; approximately 9.50 in. For a fixed-fixed buckling condition, 
K = 0.65 (Dowswell, 2006), and: 
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Le KL 

r r 

0.65(9.50 in.) 

0.108 in. 
=57.2 

From AISC Manual Table 4-14 for F
y 

= 50 ksi, the available critical stress is: 

LRFD 

$cFcr = 35.4 ksi 

The design compressive strength is: 

$Rn = <pFcrAg

= (35.4 ksi)(13.9 in.)(3/s in.) 

= 185 kips> 127 kips o.k.

Fc.T = 23.6 ksi
QC 

ASD 

The allowable compressive strength is: 

Rn - FcrAg-

Q Q 

= (23.6 ksi)(13.9 in.)(3/s in.) 

= 123 kips> 83.4 kips o.k.

The 3/s-in. gusset plate is adequate. Additional checks are required as follows. 

Connection Interface Forces 

The forces resulting from the applied brace force at the gusset-to-beam, gusset-to-column, 
and beam-to-column interfaces are determined using the Uniform Force Method (UFM). 
The planes of uniform forces will be set as the vertical bolt line and the gusset/beam 
interface. The assumption of a plane of uniform force at the vertical bolt line allows the 
bolts at the column connection to be designed for shear only (no eccentricity). However, 
this convenient assumption for connection design requires that a corresponding moment 
be resolved in the design of the members. In this case, the moment will be assigned to the 
beam. It should be noted that this assumption is different than that made for the typical cases 
of the UFM shown in the AISC Manual and is not a requirement for this type of connection. 
Appropriate work points and uniform force planes can often be selected conveniently to bal
ance engineering, fabrication and erection economy. As is demonstrated in the following, 
the application of the UFM in terms of equations used will remain unchanged despite the 
change in interface location to the column bolt line. 

Using the connection geometry given in Figure 3-6 and using the UFM described in AISC 
Manual Part 13, determine the connection interface forces as follows. 

The beam eccentricity is: 

eb = 0.5db 

= 0.5(17.7 in.) 

= 8.85 in. 

where db is the depth of the beam. 
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The column eccentricity is: 

ec = 0.5dc + 2½ in. 
= 0.5(12.2 in.)+ 2½ in. 
= 8.60 in. 

where de is the depth of the column. 

3-35

The horizontal eccentricity from the plane of uniform force to the centroid of the beam-to
gusset connection, including the ½-in. offset between column and gusset plate, is: 

ii=0.5(20.75 in.) 2 1/2in.+½in. 
= 8.38 in. 

Assuming four bolts are used in the gusset-to-single plate connections spaced at 3 in. start
ing 3 ½ in. from the top of the beam, the vertical eccentricity from the plane of uniform force 
to the centroid of the gusset-to-column connection is: 

- 3(3 in.)
P=3½in.+---

2 
= 8.00 in. 

0=45° 

where 0 is the angle between the brace and column. 

Since the gusset-to-beam connection is more rigid than the gusset-to-column connection, 
the beam can be assumed to resist the moment generated by eccentricity between the actual 
gusset centroids and the ideal centroids calculated using the UFM. Therefore: 

P = P = 8.00 in. 

a=K+P tan0 

where 
K = eb tan 0 ec 

Therefore: 
a=(eb+P)tan0 ec 

= (8.85 in.+8.00 in.)tan45° 8.60 in. 
= 8.25 in. 

The distance from work point-to-centroid of gusset is: 

r = �(a+ec)2 +(P+e1, )2

= �(8.25 in.+8.60 inf +(8.00 in.+8.85 inf 

= 23.8 in. 
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The free-body diagram forces are determined as follows.

From AISC Manual Equation 13-2:

LRFD ASD

f3 
Vue = -Pu 

f3 
Vae = -P,,

r r 

= [ 8·00 '.n· 
)(127 kips)23.8 Ill. 

= [ 8·00 '.n. 
)(83.4 kips)23.8 Ill. 

= 42.7 kips = 28.0 kips

From AISC Manual Equation 13-3:

LRFD ASD

ec 
Hue = -Pu 

ee 
Hae = -Pa 

r r 

= [8·60 '.n

-)
(127 kips)23.8 Ill. 

= [ 
8·60 '.n. 

)(83.4 kips)23.8 Ill. 

= 45.9 kips = 30.1 kips

From AISC Manual Equation 13-4:

LRFD ASD

eb 
Vub = -P,,

eb 
Vab = -Pa 

r r 

= [ 8·85 '.n.
) ( 127 kips)23.8 Ill. 

= [8·85 '.n

-)(83.4 kips)23.8 Ill. 

= 47.2 kips = 31.0 kips

From AISC Manual Equation 13-5:

LRFD ASD

a 

Hub = -Pu 
a 

Hab = -Pa 
r r 

= [ 8·25 '.n. 
)(127 kips)23.8 Ill. 

= [8·25 '.n. 
)(83.4 kips)23.8 Ill. 

= 44.0 kips = 28.9 kips
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The 0.13-in. difference between the ideal centroid, a, and the actual centroid, a, determined 
previously, could be neglected but is included here to illustrate the UFM procedure. From 
AISC Manual Equation 13-17: 

LRFD ASD 

Mub = Vubla-al Mab =Vabla-al 
= ( 47.2 kips )18.25 in. 8.38 in.I = (31.0 kips)l8.25 in. 8.38 in.I 

= 6.14 kip-in. = 4.03 kip-in. 

The moments at the column-gusset plate interface and the column-beam interface due to the 
plane of uniform force set at the vertical bolt line are as follows: 

LRFD ASD 

Mucg = Vuce Macg = Vace 
= (42.7 kips)(2½ in.) = (28.0 kips)(2½ in.) 

= 107 kip-in. = 70.0 kip-in. 

Much= ½,be Macb = Vabe 
= ( 47.2 kips+ 4.00 kips)( 2½ in.) = (31.0 kips+ 2.63 kips)( 2½ in.) 

= 128 kip-in. = 84.1 kip-in. 

The LRFD and ASD geometry and required strengths are shown in Figures 3-7a and 3-7b, 
respectively. 

Gusset-to-Beam Interface 

Design the gusset-to-beam weld 

Treating the welds as a line: 

lw 
= 20.8 in. 

= 108 in.3 /in. 

Refer to the User Note in AISC Specification Section J2.2b for using the full weld length 
in calculations. 
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89.8 kips 127 kips 
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) 
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� 
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45.9 kips 45.9k 1--_ 
107 kip-in -- -� = 8-00 In. 

42.7 kips 

l

r
5.9

1
k
2

1

8
ps
k

"\

1 p-m. . . • 
4.00 kips 47

.
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�
t

4.00 kips 
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5
.
9 

� r
9 kips 

47.2 kips 128 kip-in. t 47.2 kips 
4.00 kips

l 
I 

0.5dc= 6. 10in. � _ 

t 89.8 kips 

t 4.00 kips 

Vub 
= 47 2 kips Hub

= 44.0 kips ---t 
6.14 kip-in.� 

6.14 kip-in.� 
,�44.0kips 

47.2 kips t 47.2 kips 

45_9 ki� :�b = 8.85 in.

4.00 kipJ 

Fig. 3-7a. LRFD connection inte,jaceforces and moments. 
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59.0 kips 83.4 kips 

�-----�� 59.0 kips 
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) 
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� 
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30.1 kips 3CLlk 1;;;-r __ 
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2·63 kips 31.0 ki s 

� 
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[kips 84.1 kip-in .. t � 31•0 kips 
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l 
I 

0.5dc= 6.10in. � _ 

t 59.0 kips 

t
2.63 kips 

Hab 28.9 kips---

t 

Vab = 31.0 kips 
4.03 kip-in.� 

4.03 kip-in.�
�28.9kips 

31.0 kips 

30.1 ki� 
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31.0 kips 
eb 

= 8.85 in. 

Fig. 3-7b. ASD connection inteifaceforces and moments. 
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The forces along the gusset-to-beam interface are: 

LRFD 

f, 
_ Hub 

UV -

lw 

44.0 kips 
20.8 in. 

= 2.12 kip/in. 

f, . -
v,,h ua -
lw 

_ 47.2 kips 
20.8 in. 

= 2.27 kip/in. 

Mub 
f,

,h =zw 

_ 6.14 kip-in. 
108 in. 3 /in. 

= 0.0569 kip/in. 

The resultant force is: 

Ju.peak = � fu} + (fua + fub )
2 

(2.12 kip/in.)2 

\ + ( 2.27 kip/in.+ 0.0569 kip/in.)2 

= 3.15 kip/in. 

Ju.min = � fuv 2 + ( fua - fub )
2 

-
(2.12 kip/in.)2 

\ + ( 2.27 kip/in. 0.0569 kip/in.)2 

= 3.06 kip/in. 

Ju.avg = 
0.5(fu.peak + fu,min) 

= 0.5(3.15 kip/in.+3.06 kip/in.) 
= 3.11 kip/in. 

Ju.peak 3.15 kip/in. 
Ju.avg 3.11 kip/in. 

= 1.01 

f, 
_ Hab av -

lw 

_ 28.9 kips 
20.8 in. 

= 1.39 kip/in. 

'. 
_ Vah

Jaa -

lw 

_ 31.0 kips 
20.8 in. 

= 1.49 kip/in. 

Mab 
!ah = z 

w 

_ 4.03 kip-in. 
108 in. 3 /in. 

ASD 

= 0.0373 kip/in. 

The resultant force is: 

fa.peak = � fav 2 + (faa + fab )
2

( 1.39 kip/in.)2 

--

\ + (1.49 kip/in.+ 0.0373 kip/in.)2 

= 2.07 kip/in. 

fa.min = �fav2 +(few - fab)2

(1.39 kip/in.)2

\ + ( 1.49 kip/in. 0.0373 kip/in.)2

= 2.01 kip/in. 

f�.avg = 0.5(fa.peak +fa.min) 
= 0.5 ( 2.07 kip/in.+ 2.01 kip/in.) 
= 2.04 kip/in. 

fa,peak 2.07 kip/in. 
f�.avg 2.04 kip/in. 

=1.01 
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LRFD 
Because J

peaklfavg 
< 1.25, the weld 

ductility factor of 1.25 will be applied. 
For a discussion of the weld ductility 
factor , see AISC Manual Part 13. 

Load angle: 

0 = tan-1 [fua + fuh 
J 

fuv 
_ 1 l 2.27 kip/in.+ 0.0569 kip/in. 

J = tan 
2.12 kip/in . 

= 47.7° 

Required weld leg, D, including the weld 
ductility factor and directional weld 
strength increase from AISC Specification

Equation J2-5: 

l.25(3. ll kip/in.)
2 ( 1.392 kip/in.) 

x( 1.0 + 0.50sin l .5 47.7°) 
= 1.06 sixteenths 

For a derivation of the weld shear strength, 
<llRn = 1.392 kip/in., see AISC Manual

Part 8. 

ASD 
Because fpeaklfavg 

< 1.25, the weld 
ductility factor of 1.25 will be applied. 
For a discussion of the weld ductility 
factor , see AISC Manual Part 13. 

Load angle: 

0 = tan-I [faa + lab J 
fav 

_ 1 l 1.49 kip/in.+ 0.0373  kip/in. 
J = tan 

1.39 kip/in. 
= 47.7°

Required weld leg, D, including the weld 
ductility factor and directional weld 
strength increase from AISC Specification

Equation 12-5: 

D 2': 1 
2(R11 /Q) .0+0.50sin l .5

1.25 ( 2.04 kip/in.) 
2 ( 0.928 kip/in.) 

x( 1.0 + 0.50sin l .5 47.7°) 
= 1.04 sixteenths 

For a derivation of the weld shear strength, 
Rn = 0.928 kip/in., see AISC Manual
Q 

Part 8. 

The weld size is controlled by the minimum size of fillet weld given in AISC Specification

Table J2.4. 

Use a double-sided 3/i6-in . fillet weld to connect the gusset plate to the beam. 

Note that because one continuous plate is used for the shear connection, the portion of this 
weld adjacent to the shear plate will need to be a partial-joint-penetration (PJP) groove weld 
that is ground flush. 
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LRFD 
The required PJP effective throat, E, 
includes the weld ductility factor: 

E > 1.25[ .f�,avg )-
2tj)0.60FEXX 

1.25 ( 3.11 kip/in.) 
-

-

2(0.75)(0.60)(70 ksi) 

=0.0617 in. 

3-41 

ASD 
Required PJP effective throat, E, includes
the weld ductility factor: 

E 2". 1.25 fa,avg 
2(0.60FEXx/n) 

1.25(2.04 kip/in.) 
-

-

[2(0.60)(70 ksi)/2.00] 

= 0.0607 in. 

The weld size is controlled by the minimum effective throat of a PJP groove weld given in 
AISC Specification Table J2.3. Use a ½6-in. effective throat PJP groove weld to connect the
gusset plate to the beam at the portion adjacent to the shear plate. 

Design the gusset plate tor tensile yielding and shear yielding along the beam flange 

To allow for combining of the required normal strength and flexural strengths, stresses will 
be used to check the tensile and shear yielding limit states. Tensile yielding is checked using 
AISC Specification Equation J4-l as follows:

Vuh fua
= A 

g 

LRFD 

_ 47.2 kips 
-

(¾ in.)(20.8 in.)

= 6.05 ksi 

fub = 
Z

6.14 kip

-(¾ in.)(20.8 in.)2 /
= 0.151 ksi 

fun = fua + fuh 
= 6.05 ksi + 0.151 ksi 
= 6.20 ksi 

Vab faa
= A 

g 
_ 31.0 kips 
-

ASD 

(3/s in.)(20.8 in.)

= 3.97 ksi 

f, _ Mab ab __ _
z 

_ 4.03 kip-in. 
- -- - - - -� 

(3/s in.)(20.8 in.)2 /4

= 0.0994 ksi 

f�n = faa + .f�b 
= 3.97 ksi + 0.0994 ksi 
= 4.07 ksi 

Based on AISC Specification Equation J4- l : Based on AISC Specification Equation J4-l :

fun ::; tj)F
y 

6.20 ksi ::; 0.90 ( 50 ksi) 

6.20 ksi < 45.0 ksi o.k.

f, < Fy 
an - Q

4.07 ksi < 50 ksi 
- 1.67

4.07 ksi < 29.9 ksi o.k.
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The available shear yielding strength of the gusset plate is determined from AISC Speci
fication Equation J4-3 as follows: 

LRFD ASD 

f, 
_ Hub Hab 

UV - fav == --
Ag Ag 

44.0 kips 28.9 kips - --

(% in.)(20.8 in.) (% in.)(20.8 in.) 

= 5.64 ksi = 3.71 ksi 

Based on AISC Specification Equation Based on AISC Specification Equation 
J4-3: J4-3: 

fuv :S: <p0.60Fy fav 
0.60Fy < 

Q 

5.64 ksi :S: 1.00(0.60)(50 ksi) 0.60(50 ksi) 
5.64 ksi < 30.0 ksi o.k.

3.71 ksi :S: 
1.50 

3.71 ksi < 20.0 ksi o.k.

Therefore, the gusset plate thickness of 3/s in. is acceptable. 

Check the beam web at the beam-to-gusset interface 

The normal and flexural forces at the beam-to-gusset interface can be converted into an 
effective normal force in order to facilitate the web local yielding and web local crippling 
checks. The effective normal force for use with the full length of the gusset can be conser
vatively calculated as: 

LRFD 

4Mub 
Neff

= V,,1, +- -
lw 

4(6.14 kip-in.) 
= 47.2 kips+ 

20.8 in. 
= 48.4 kips 

Check beam web local yielding 

ASD 

4Mab 
Neff = Vab +- -. 

lw 
4(4.03 kip-in.) 

= 31.0 kips+ 
20.8 in. 

= 31.8 kips 

The beam force is applied at a= 8.25 in. from the beam end. Because a < d = 17.7 in., 
use AISC Manual Equations 9-46a and 9-46b and Table 9-4. 
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LRFD ASD

<l>R1 = 31.0 kips R1 /Q = 20.7 kips
<l>R2 = 15.0 kip/in. R2/0. = 10.0 kip/in.

<!>Rn = <l>R1 + lb ( <l>R2 ) Rn = � +zh( �)
Q = 31.0 kips+ ( 20.8 in.)(15.0 kip/in.)

= 343 kips> 48.4 kips o.k.
= 20.7 kips+ (20.8 in.)(10.0 kip/in.)
= 229 kips > 31.8 kips o.k.

Check beam web local crippling 

Because the framed beam-to-column connection will provide significant restraint to the web
relative to crippling, AISC Specification Equation JI 0-4 is used despite the fact that the
force is applied less than d/2 from the end of the beam. 

Using AISC Manual Equations 9-50a and 9-50b and Table 9-4:

LRFD ASD

<j)R3 = 38.7 kips RJ/Q = 25.8 kips
<j)R4 = 3.89 kip/in. R4/0. = 2.59 kip/in.

<!>Rn
= 2[<j>R3 + lb ( <j)R4 )] Rn = 2[R3/0.+lb (R4/0.)j-

38.7 kips Q
=2 25.8 kips

+(20.8 in.)(3.89 kip/in.) =2
+(20.8 in.)(2.59 kip/in.)

= 239 kips > 48.4 kips o.k.
= 159 kips> 31.8 kips o.k.

Gusset-to-Column Interface 

Check the gusset at the gusset-to-column interface 

Begin with a gusset length above the top of beam of 14 in. based on the bolt spacing shown
in Figure 3-8, standard bolt holes, and an assumed vertical edge distance, lev, of I ½ in. The
final gusset plate length may exceed 14 in., as needed to accommodate bolt geometry. 
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LRFD 

Forces at interface: 

Vue
= 42.7 kips 

Hue = 45.9 kips 

Shear yielding on gross section, from 
AISC Specification Equation 14-3: 

$Rn = <p0.60F
y

A
gv

= 1.00(0.60)(50 ksi)(l4 in.)(3/s in.) 

= 158 kips> 42.7 kips o.k.

Tension yielding on gross section, from 
AISC Specification Equation 14-1: 

$Rn = <pF
y

A
g

= 0.90(50 ksi)(l4 in.)(31s in.) 

= 236 kips> 45.9 kips o.k.

Forces at interface: 

Vae = 28.0 kips 
Hae = 30.1 kips 

ASD 

Shear yielding on gross section from AISC 
Specification Equation 14-3: 

Rn 0.60FvA
g
v 

Q Q 

0.60(50 ksi)(l4 in.)(31s in.) 

1.50 
= 105 kips> 28.0 kips o.k.

Tension yielding on gross section, from 
AISC Specification Equation 14-1: 

Rn F
y

A
g

Q Q 

1.67 
= 157 kips > 30.1 kips o.k.

The design block shear rupture strength relative to the shear load is determined as follows, 
using AISC Manual Tables 9-3a, 9-3b and 9-3c and AISC Specification Equation 14-5, with 
n = 4, lev = 1 ½ in., Zeh = 2 in. and Ubs = 1.0. 

LRFD 

Tension rupture component from AISC 
Manual Table 9-3a: 
<pFu Anr 

= 76.2 kip/in. 
t 

Shear yielding component from AISC 
Manual Table 9-3b: 

<p0.60F
y

A
g
v 

t 
= 236 kip/in. 

Shear rupture component from AISC 
Manual Table 9-3c: 

<p0.60Fu Anv 
t 

= 218 kip/in. 

ASD 

Tension rupture component from AISC 
Manual Table 9-3a: 
Fu Anr 

= 50 8 k' /' . 1pm.
Qt 

Shear yielding component from AISC 
Manual Table 9-3b: 

0.60Fv A�v
· · = 158 kip/in. 

Qt 

Shear rupture component from AISC 
Manual Table 9-3c: 

0.60Fu Anv 
= 145 kip/in. 

Qt 
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LRFD 

$Rn = <p0.60FuAnv + <pU bsFuAnr 
:C:: <p0.60FyAgv + <pU bsF,,Anr 

218 kip/in. 
<pR

11
= (31s in.) 

+ ( 1.0) ( 76.2 kip/in.)

236 kip/in. 
:C:: (31s in.) 

+(1.0 )(76.2 kip/in.) 

= 110 kips < 117 kips 

Therefore: 
$Rn = 110 kips> 42.7 kips o.k.

ASD 
Rn -

0.60F
11

Anv + UbsF,,Anr
Q Q Q 

0.60FvAgv Uh F A < . + s u nt 
-

Q Q 

145 kip/in. 
= (31s in.) 

+(1.0)(50.8 kip/in.) 

:C::(3/sin.) 
158 kip/in. 
+(1.0)(50.8 kip/in.)

= 73.4 kips < 78.3 kips 

Therefore: 
Rn 

= 73.4 kips > 28.0 kips 
Q 

o.k.

Check block shear rupture relative to normal load 

3-45

The nominal strength for the limit state of block shear rupture relative to the normal force 
on the gusset plate is: 

where 
Agv = tpleh 

= ( 3/s in.) ( 2 in.) 

= 0.750 in.2 
Anv = tp [leh 0.5(d1,+ 1/16in.)] 

= (31s in.)[2 in.-0.5(1½6 in.+ 1/16 in.)] 

= 0.586 in.2 

Anr = tp {[s(n-1) + lev ] 3.5(dh + 1/i6 in.)} 

= (31s in.){[(3 in.)(4 l)+ l½ in.]-3.5( 13/16 in.+ 1/16 in.)} 

= 2.79 in.2

Ubs = 1.0 

and 
Rn = 0.60(65 ksi)(0.586 in.2)+1.0(65 ksi)(2.79 in.2)

:c;0.60(50 ksi)(0.750 in.2)+1.0(65 ksi)(2.79 in.2)
= 204 kips = 204 kips 
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Therefore: 

Rn
= 204 kips

The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD 

<PRn =0.75(204 kips) 
= 153 kips> 45.9 kips o.k.

Check combined shear and normal 
block shear rupture: 

l 45.9 kips r + l 42.7 kips r 
153 kips 110 kips 

= 0.241 < 1.0 o.k.

Gusset-to-single-plate connection design 

ASD 

R,, 204 kips 
--

2.00 
= 102 kips> 30.1 kips o.k.

Check combined shear and normal 
block shear rupture: 

l 30.1 kips r + l 28.0 kips r 
102 kips 73.4 kips 

=0.233 < 1.0 o.k.

The resultant forces that will be resisted by the bolts in the gusset plate are: 

LRFD ASD 

Ru = J(½,c)2 +(Hue/ Ra = J(Vae )
2 + (Hae )

2

= J( 42.7 kips )2 + ( 45.9 kips )2 = J(28.0 kips)2 +(30.1 kips)2

= 62.7 kips = 41.1 kips 

From AISC Manual Table 7-1, the From AISC Manual Table 7-1, the 
design shear strength per bolt is allowable shear strength per bolt is 
17.9 kips; therefore, four ¾-in.-diameter 11.9 kips; therefore, four ¾-in.-diameter 
Group A (thread condition N) bolts are Group A (thread condition N) bolts are 
required. required. 

<PRn = 4(17.9 kips) R,, = 4(11.9 kips)
= 71.6 kips> 62.7 kips o.k. = 47.6 kips> 41.1 kips o.k.

Use four ¾-in.-diameter Group A (thread condition N) bolts to connect the gusset plate to 
the column. 

Using AISC Manual Tables 7-4 and 7-5 to check bolt bearing and tearout on the gusset plate 
with s = 3 in. and le

= 2 in. (based on the geometry shown in Figure 3-8, le > 2 in.; note 
that le= 2 in. is used conservatively to employ Table 7-5), the available bearing and tearout 
strength based on one bolt is the same based on bolt spacing or edge distance: 
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LRFD ASD 

<JlRn = <Jlrnt � = [�Jt 
= (87.8 kip/in.)(3/s in.) 

= (58.5 kip/in.)(3/s in.) 
= 32.9 kips> 17.9 kips o.k.

= 21.9 kips> 11.9 kips o.k.

Therefore, bolt shear governs over bolt bearing and tearout. 

Single-plate design 

Although the plate is one continuous plate connecting both the gusset plate and beam web, 
the beam-to-column and gusset-to-column single plates will be treated as two separate con
nection plates with 1 ½ in. vertical edge distances. Standard bolt holes are used. 

Check single plate-assume ¾-in.-thick plate 

Check shear and tension strength of plate at gusset plate connection 

LRFD 
Shear yielding on gross section, from
AISC Specification Equation J4-3: 

<JlRn = <j>0.60FyAgv 
= 1.00(0.60)(50 ksi)(l 2  in.)(3/s in.) 
= 135 kips > 42. 7 kips o.k.

Shear rupture on net section, from AISC 
Specification Equation J4-4: 

<JlR
n 

= <j>0.60F;,A11v 

= 0.75(0.60)(65 ksi) 

x [12 in. -4(13/16 in.+ 1116 in.)] 

x(3/sin.) 
= 93.2 kips> 42.7 kips o.k.

ASD 
Shear yielding on gross section, from 
AISC Specification Equation J4-3: 

R
11 

_ 0.60FyAgv

Q Q 

_ 0.60(50 ksi)(12 in.)(3/s in.) 
1.50 

= 90.0 kips > 28.0 kips o.k.

Shear rupture on net section, from AISC 
Specification Equation J4-4: 

Q 

.60F
uAnv -

Q 

r@(65 KS;) 1
x[12 in. 4(131i6 in.+ 1/16in.)] 

x(3/s in.) 
--

2.00 
= 62.2 kips > 28.0 kips o.k.
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LRFD 
Tensile yielding on gross section, from 
AISC Specification Equation J4- l :  

<llRn = <pF
y
Ag 

= 0.90(50 ksi)(l2 in.)(¾ in.) 
= 203 kips> 45.9 kips o.k.

Tensile rupture on net section, from 
AISC Specification Equation J4-2: 

<pRn = <pF,,Ae 
= 0.75(65 ksi) 

x[I2 in. 4(13/i6 in.+ 1/i6 in.)] 

x(¾ in.) 
= 155 kips> 45.9 kips o.k.

ASD 
Tensile yielding on gross section, from 
AISC Specification Equation J4- l :  

Rn F
y
Ag 

-- -

Q Q 

(50 ksi)(12 in.)(¾ in.) 
--

1.67 
= 135 kips> 30.1 kips o.k.

Tensile rupture on net section, from 
AISC Specification Equation J4-2: 

Rn -

Q 

--

--

FuAe 
- -

Q 

r

5 ks

;) 1x[12 in. 4(13/i6 in.+ Yi6 in.)] 

x(¾ in.) 
2.00 

= 104 kips> 30.1 kips o.k.

Check compression buckling strength of plate at gusset plate connection 

The radius of gyration of the plate buckling in the weak direction is: 

r=--

fu 
¾ in. 
Ju 

= 
0.108 in. 

The length of the plate between the column flange and line of bolts is 2½ in. From AISC 
Specification Table C-A-7.1, for a fixed-fixed buckling condition free to translate, K = 1.2, 
and: 

r r 

1.2 
0.108 in. 

=27.8 

The available compressive strength is determined from AISC Specification Section J4.4. 
From AISC Manual Table 4-14 for F

y 
= 50 ksi, the available critical stress is: 
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<l>cFc-r = 42.5 ksi 

LRFD 

The design compressive strength is: 

<J>Rn =<J>FcrAg

= ( 42.5 ksi)(l2 in.)(3/s in.) 

= 191 kips> 45.9 kips o.k.

Fer = 28.3 ksi
QC 

ASD 

The allowable compressive strength is: 

Rn --

Q Q 

= (28.3 ksi)(l 2 in.)(31s in.) 

= 127 kips > 30. l kips o.k.

Check block shear rupture strength of the plate at gusset plate connection 

3-49

The available block shear rupture strength of the single plate relative to shear load is deter
mined as follows, using AISC Manual Tables 9-3a, 9-3b and 9-3c and AISC Specification

Equation J4-5, with n = 4, lev = l ½ in., Zeh = 2 ½ in., and Ubs = l .O. 

LRFD 

Tension rupture component from 
AISC Manual Table 9-3a: 

<j>F,,Anr 101 k. 1· = lp Ill. 
t 

Shear yielding component from 
AISC Manual Table 9-3b: 

<j>0.60FyAgv 236 k. 1. = 1pm. 
t 

Shear rupture component from 
AISC Manual Table 9-3c: 

<j>0.60FuAnv 218 k" 1· � -- -= 1pm.
t 

<)>R11 = <j>0.60F,,A11v +<J>UhsFuAnt 

:S: <j>0.60FyA
gv + <j>U1,1FuA111 

218 kip/in. 
<j>R = (31s in.) n +(1.0)(101 kip/in.) 

236 kip/in. 
< (31s in.) -

+(1.0)(101 kip/in.) 

= 120 kips< 126 kips 

Therefore: 
<j>R11 = 120 kips> 42.7 kips o.k.

ASD 

Tension rupture component from 
AISC Manual Table 9-3a: 

FuAnr = 67 0 k. 1· . lp Ill.
Qr 

Shear yielding component from 
AISC Manual Table 9-3b: 

0.60FyAgv - -� -= 158 kip/in. 
Qt 

Shear rupture component from 
AISC Manual Table 9-3c: 

0.60FuAnv 145 k" 1· 
_ _  Q_t _ _

= lp Ill. 

Rn 0.60FuAnv Uh,FuAm 
-= + 
Q Q Q 

< 
0.60FyAgv 

+ 
U1,,F,,Ant

-
Q Q 

145 kip/in. 
= (31s in.) 

+(1.0)(67.0 kip/in.) 

158 kip/in. 
< (31s in.) -

+(1.0)(67.0 kip/in.) 

= 79.5 kips< 84.4 kips 

Therefore: 
Rn = 79.5 kips> 28.0 kips o.k.
Q 
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The nominal strength for the limit state of block shear rupture relative to the normal load 
on the single plate is: 

where 

Ag v = tpleh 
= (¾ in.)(2½ in.) 

= 0.938 in.2

Anv
= tp [leh 0.5(d1,+l/i6in.)] 

= (31s in.)[ 2½ in. - 0.5( 13/16 in.+ 1/i6 in.)] 

= 0.773 in.2

An1
= tp {[s(n l)+lev] 3.5(d1i+ 1/i6in.)} 

= (¾ in.)[ 10½ in. - 3.5( 11/i6 in.+ 1/15 in.)] 

= 2.79 in.2

Ubs = 1.0 

and 

Rn = 0.60( 65 ksi )( 0.773 in.2) + 1.0( 65 ksi )( 2.79 in.2)

:S: 0.60( 50 ksi )( 0.938 in.2) + 1.0( 65 ksi )( 2.79 in.2)
= 211 kips> 209 kips 

Therefore: 

Rn
= 209 kips

(Spec. Eq. J4-5) 

The available strength for the limit state of block shear rupture on the single plate is: 

LRFD 

<J>Rn = 0.75(209 kips) 
= 157 kips> 45.9 kips o.k.

Combined shear and normal block shear: 

[ 
42.7 kips r + [

45.9 kips r
120 kips 157 kips 

= 0.212 < 1.0 o.k.

ASD 

Rn 209 kips 
--

2.00 
= 105 kips> 30. l kips o.k.

Combined shear and normal block shear: 

[ 
28.0 kips r + [ 

30. l kips r
79.5 kips 105 kips 

=0.206< 1.0 o.k.
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Check bolt bearing and tearout strength of the single plate at 

gusset plate connection 

Use AISC Manual Table 7-4 for checking the bolt bearing and tearout strength of the single 
plate based on bolt spacing. Table 7-5 does not have the appropriate edge distance listed 
for the tearout strength; therefore, AISC Specification Equation J3-6c is used for this check. 

LRFD 
Design bearing and tearout strength based 
on bolt spacing from AISC Manual Table 
7-4 is:

<!>rn = (% in.)(87.8 kip/in.) 
= 32.9 kips/bolt 

Tearout strength (assuming 1 ½-in. edge 
distance) is: 

<!>rn = q>l .2fctF,, 
= 0.75(1.2)[1 ½ in. 0.5( 1½6 in.)] 

x(Ys in.)(65 ksi) 
= 24.0 kips/bolt 

Because the design bearing and tearout 
strengths exceed the bolt design shear 
strength of 17. 9 kips/bolt, bearing and 
tearout do not govern. 

ASD 
Allowable bearing and tearout strength 
based on bolt spacing from AISC Manual

Table 7-4 is: 

= (Ys in.)(58.5 kip/in.) 
Q 

= 21.9 kips/bolt 

Tearout strength (assuming 1 ½-in. edge 
distance) is: 

Q Q 
.2[1 ½ in. -0.5( 11/16

( 1/s in.) ( 65 ksi) 
2.00 

= 16.0 kips/bolt 

Because the allowable bearing and tearout 
limit state strengths exceed the bolt allow
able shear strength of 11.9 kips/bolt, 
bearing and tearout do not govern. 

Because the gusset plate is the same thickness as the single plate, there is no need to check 
it independently for the limit states of bearing and tearout. 

Gusset single-plate-to-column weld design

Treating the welds as a line: 

lw =12.0 in. 

= 36.0 in.3 /in. 

Refer to the User Note in AISC Specification Section J2.2b for using the full weld length 
in calculations. 
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Vue fuv =-1-
w 

42.7 kips 
12.0 in. 

= 3.56 kip/in. 

Hue !,,a = 
z::

45.9 
12.0 in. 

= 3.83 kip/in. 

Mueg .fub = --
Zw 

107 

36.0 in.3 /in. 
= 2.97 kip/in. 

fu,peak = 

LRFD 

(3.56 kip/inf 

+(3.83 kip/in.+ 2.97 kip/inf 

= 7.68 kip/in. 

Load Angle: 

0 = tan-I [.fua + .fuh Jfuv 
_ 1 ( 3.83 kip/in.+ 2.97 kip/in. J= tan 

3.56 kip/in. 
= 62.4° 

D > 7.68 kip/in. 
-

1
2 ( 1.392 kip/in.) l
x(l + 0.50sin l .5 62.4°) 

= 1.95 sixteenths 

f, _ Vac av - lw 
28.0 kips 
12.0 in. 

= 2.33 kip/in. 

f, _ Hae aa - lw 
30.1 
12.0 in. 

= 2.51 kip/in. 

70.0 
36.0 in.3 /in. 

= 1.94 kip/in. 

/;,,peak = 

ASD 

+ ( 2.51 kip/in.+ 1.94 kip/inf

= 5.02 kip/in. 

Load Angle: 

0 = tan-I [.faa + .fab Jfav 
_ 1 ( 2.51 kip/in.+ 1.94 kip/in. J= tan 

2.33 kip/in. 
= 62.4°

D > 5.02 kip/in. 
-

1
2 (0.928 kip/in.) l(1+0.50sinl .5 62.4°) 

= 1.91 sixteenths 

Use a 3/s-in.-thick single p late with a two-sided ½6-in. fillet weld. 
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Note: 

The weld ductility factor was developed to capture stresses from distortion as the frame 
compresses around the gusset from both sides (which are not directly considered in the 
gusset analysis). Because the single-plate loads are predominantly delivered from the beam 
web, and the moment demand on the welds is applied from a directly calculated moment 
force, the distortion effects on this interface are negligible. The weld ductility factor need 
not be applied here. 

Beam-to-Column Interface 

Check the beam at the beam-to-column interface 

Check block shear rupture strength of the beam web 

With the beam flange intact, only axial force will cause block shear rupture in the beam web 
(account for possible ¼-in. beam underrun), with n = 4, 3-in. bolt spacing, and leh = I¾ in., 
the nominal strength for block shear rupture is: 

where 
Agv = 2twleh 

= 2(0.300 in.)(1¾ in.) 

= 1.05 in.2

Anv = 2tw [zeh 0.5( dh + l/i6 in.)] 

= 2(0.300 in.)[!¾ in. 0.5(13/i6 in.+ ½6 in.)] 

= 0.788 in.2

A,,1 = tw [s(n-1)-3(dh + 1/i6 in.)] 

= (0.300 in.)[(3 in.)(4 1) 3(13/16 in.+ 1/i6 in.)] 

=1.91 in.2

Ubs = 1.0 

and 
Rn =0.60(65 ksi)(0.788 in.2 )+1.0(65 ksi)(l.91 in.2)

:s;0.60(50 ksi)(I.05 in.2 )+1.0(65 ksi)(I.91 in.2)
= 155 kips< 156 kips 

Therefore: 

R,, = 155 kips 

(Spec. Eq. J4-5) 

The available strength for the limit state of block shear rupture on the beam web is: 
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LRFD 

<J>Rn = 0.75(155 kips) 
= 116 kips > 45.9 kips o.k.

Beam-to-single-plate connection design 

The forces on the connection are: 

LRFD 

Vu =Ru+Vub 
= 4.00 kips+47.2 kips 
= 51.2 kips 

Hu= Hue 
= 45.9 kips 

The resultant force that will be resisted 
by the bolts is: 

R,, = )( 51.2 kips )2 + ( 45.9 kips )2 

= 68.8 kips 

From AISC Manual Table 7-1, the design 
strength of four ¾-in.-diameter Group A 
(thread condition N) bolts is: 

<J>Rn =4(17.9kips) 
= 71.6 kips> 68.8 kips o.k.

ASD 

Rn 
155 kips 

--

2.00 
= 77.5 kips> 30.1 kips 

ASD 

Va 
=Ra +Va b 
= 2.63 kips+ 31.0 kips 
= 33.6 kips 

Ha = Ha e 
= 30.1 kips 

o.k.

The resultant force that will be resisted 
by the bolts is: 

Ra= )(33.6 kips)2 +(30.1 kips)2 

= 45.1 kips 

From AISC Manual Table 7-1, the 
allowable strength of four ¾-in.-diameter 
Group A (thread condition N) bolts is: 

Rn = 4(11.9 kips) 
Q 

= 47 .6 kips > 45.1 kips o.k.

Use four ¾-in.-diameter Group A (thread condition N) bolts to connect the beam to the 
column. 

The available strength due to bearing and tearout is determined from AISC Specification 
Equations J3-6a and J3-6c. 

LRFD ASD 
Design bearing strength is: Allowable bearing strength is: 

<J>rn = <j>2.4dtFu 

rn -
2.4dtFu 

-

= 0.75(2.4)(¾ in.)(0.300 in.)(65 ksi) 
Q Q 

2.4(¾ in.)( 0.300 in.)( 65 ksi) 
-

= 26.3 kips/bolt -

2.00 
= 17 .6 kips/bolt 
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LRFD ASD 
Design tearout strength, based on Allowable tearout strength, based on 
le = 1 ¾ in. (including a possible ¼-in. le = 1 ¾ in. (including a possible ¼-in. 
tolerance for beam underrun), is: tolerance for beam underrun), is: 

<prn = <pl.2lctFu

-
l .2lctFu

-

= 0.75(1.2)[1¾ in. 0.5 ( 13h in.)] 
Q Q 

r
2[1¾ in.-0.5(% '"·ll) 

x(0.300 in.)(65 ksi) x(0.300 in.)(65 ksi) 
= 23.6 kips/bolt --

2.00 
= 15.7 kips/bolt 

Because the design bearing and tearout Because the allowable bearing and tearout 
strengths exceed the bolt design shear strengths exceed the bolt allowable shear 
strength of 17. 9 kips/bolt, bearing and strength of 11.9 kips/bolt, bearing and 
tearout do not govern. tearout do not govern. 

Single plate design 

As the geometry of the beam single plate is identical to that of the gusset single plate, the 
shear, tension, and block shear rupture strengths of the beam single plate will be identical 
as well. 

Check single plate 

LRFD ASD 

Shear yielding on gross section: Shear yielding on gross section: 

<llRn = 135 kips > 51.2 kips o.k.
Rn 

= 90.0 kips> 33.6 kips o.k.
Q 

Shear rupture on net section: Shear rupture on net section: 

cpRn = 93.2 kips> 51.2 kips o.k.
Rn

= 62.2 kips> 33.6 kips o.k.
Q 

Tensile yielding on gross section: Tensile yielding on gross section: 

<pRn = 203 kips> 45.9 kips o.k.
Rn

= 135 kips> 30.1 kips o.k.
Q 

Tensile rupture on net section: Tensile rupture on net section: 

cpRn = 155 kips> 45.9 kips o.k.
Rn

= 104 kips> 30.1 kips o.k.
Q 

Compression buckling on gross section: Compression buckling on gross section: 

cpRn = 191 kips> 45.9 kips o.k.
Rn = 127 kips> 30.1 kips o.k.
Q 
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LRFD 
Combined shear and normal block shear: 

l51.2 kips r +[ 
45.9 kips r

120 kips 157 kips 
= 0.268 < 1.0 o.k.

ASD 
Combined shear and normal block shear: 

l33.6 kips r + l30. l kips r
79.5 kips 105 kips

= 0.261 < 1.0 o.k.

Beam single plate-to-column connection weld 

Treating the welds as a line: 
lw = 12.0 in. 

(12.0 in.)2 

Zw
= ----4 
= 36.0 in.3 /in. 

Refer to the User Note in AISC Specification Section J2.2b for using the full weld length
in calculations. 

f, = Vuh
UV [ 

w 

51.2 kips 
12.0 in. 

= 4.27 kip/in. 

fua = l 
w

45.9 
12.0 in. 

= 3.83 kip/in. 

f, _ Much 
uh __ _

Zw 

128 ,-,urn, 

36.0 in.3 /in. 
= 3.56 kip/in. 

fu,peak = 

LRFD 

+(3.83 kip/in.+ 3.56 kip/in.)2 

= 8.53 kip/in. 

f, _ Vah
av - lw 

33.6 kips 
12.0 in. 

= 2.80 kip/in. 

f�a = 
lw 

30.1 
12.0 in. 

= 2.51 kip/in. 

j. _ Mach 
ah __ _ 

Zw 

84.1 .,uu , .... 

36.0 in.3 /in. 
= 2.34 kip/in. 

ASD 

fa.peak = � fav 2 
+ (faa + fah )

2

( 2.80 kip/in.)2 

+ ( 2.51 kip/in.+ 2.34 kip/in. )2

= 5.60 kip/in. 
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LRFD 
Load Angle: 

0 _ 1 l 3.83 kip/in.+ 3.56 kip/in.)= tan 
4.27 kip/in. 

= 60.0° 

3-57

ASD 
Load Angle: 

0 _ 1 l 2.51 kip/in.+ 2.34 kip/in.) = tan 
2.80 kip/in. 

= 60.0° 

D>-----�-''-----� 

- 2(1.392
D > 5.60 kip/in. 

- 2(0.928 kip/in.)( l + 0.50sinl.5 60.0°)

= 2.18 sixteenths = 2.15 sixteenths

Note: 

The weld ductility factor was developed to capture stresses from distortion as the frame 
compresses around the gusset from both sides (which are not directly considered in the gus
set analysis). Because the single plate loads are predominantly delivered from only the beam 
web, and the moment demand on the welds is applied from a directly calculated moment 
force, the distortion effects on this interface are negligible. The weld ductility factor need 
not be applied here. 

Regarding the design of the weld to the single plate, from AISC Specification Table J2.4, 
the minimum size fillet weld allowed for the parts being connected is 3/i6 in. Part IO of the 
AISC Manual recommends developing the strength of the plate to ensure plastic yielding of 
the plate, instead of fracture in the fillet weld. A minimum fillet weld of (5/s)t

p 
for both sides 

of the plate is needed to develop the plate strength. Because the plate is designed to transfer 
moments into the column, and provided that all connection components are designed for 
this moment, it is not necessary to achieve simple beam rotation per the recommendation in 
Part 10 of the AISC Manual. The loading and span configuration prevent significant fixed 
end moments from occurring. Use a 3/i6-in. fillet weld. 

The final connection design and geometry is shown in Figure 3-8. 

Comment: 

The column must be checked for web local yielding and web local crippling similar to the 
beam checks previously. 
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Fig. 3-8. Connection as designed in Example 3.5.3. 
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4.1 SCOPE 

The following types of moment frames are addressed in this Part: ordinary moment frame 

(OMF) systems, intermediate moment frame (IMF) systems, special moment frame (SMF) 

systems, and special truss moment frame (STMF) systems. The AISC Seismic Provisions 

requirements and other design considerations summarized in this Part apply to the design of 

the members and connections in moment frames that require seismic detailing according to 

the AISC Seismic Provisions. 

Moment-frame systems resist lateral forces through the flexural and shear strengths of the 

beams and columns. Lateral displacement is resisted primarily through the flexural stiffness 

of the framing members and the restraint of relative rotation between the beams or trusses 

and columns at the connections, or "frame action." Moment-frame systems tend to have 

larger and heavier beam and column sizes than in braced frame systems because the beams 

and columns are often sized for drift control rather than strength. The increase in member 

sizes and related costs, however, may be acceptable because of the increased flexibility in 

the architectural and mechanical layout in the structure. The absence of diagonal bracing 

members can provide greater freedom in the configuration of walls and in the routing of 

mechanical ductwork and piping. On the other hand, the flexible nature of the frames does 

warrant some additional consideration of the effects of the increased drift on the perfor

mance of the architectural cladding systems. AISC Design Guide 3, Serviceability Design 

Considerations for Steel Buildings (West and Fisher, 2003), discusses recommended drift 

limits for various cladding systems. 

4.2 ORDINARY MOMENT FRAMES (OMF) 

The only system-specific requirements for an OMF pertain to the beam-to-column moment 

connections. The general intent of the OMF design provisions provided in AISC Seismic 

Provisions Section El is that connection failure should not be the first significant inelastic 

event in the response of the frame to earthquake loading, recognizing that a connection 

failure is typically one of the least ductile failure modes of a steel frame. Thus, the basic 

design requirement is to provide a frame with strong moment connections. In accordance 

with AISC Seismic Provisions Section El.6, two connection types are permitted when 

designing OMF systems-fully restrained (FR) and partially restrained (PR), as defined in 

AISC Specification Section B3.4b. 

All FR connections in OMF systems must satisfy at least one of the following three 

options given in AISC Seismic Provisions Section El.6b. 

(a) FR moment connections are designed for a required flexural strength equal to the

expected flexural strength of the beam multiplied by 1.1 and divided by as, as follows:

(4-1) 

where 

M
p 

= plastic bending moment of the beam, kip-in. 

R
y 

= ratio of the expected yield stress to the specified minimum yield stress, F
y

as = LRFD-ASD force level adjustment factor (1.0 for LRFD; 1.5 for ASD) 
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The required shear strength of the connection is determined using a shear force due to 

earthquake loads associated with the development of these expected flexural moments 

simultaneously at each end of the beam. 

(b) FR moment connections are designed for a required flexural strength and shear strength

equal to the maximum moment and corresponding shear that can be transferred to the

connection by the system, including the effects of material overstrength and strain hard

ening. As discussed in AISC Seismic Provisions Commentary Section El.6b, specific

examples of potentially limiting aspects of the system include:

• Flexural yielding of the column when the flexural strength of the column is less than

that of the beam

• The panel-zone shear strength of the column, in recognition of the fact that testing has

shown that panel-zone shear yielding provides a fairly ductile response in this joint

• The foundation uplift

• The overstrength seismic load

(c) FR moment connections between wide-flange beams and the flange of wide-flange

columns are designed according to the connection design requirements of the IMF

(AISC Seismic Provisions Section E2.6) or SMF (AISC Seismic Provisions Section

E3.6), or a connection is used that resembles the tested WUF-W connection that is

included in ANSI/AISC 358. See AISC Seismic Provisions Section El.6b(c) for de

tailed requirements.

As described in AISC Seismic Provisions Section El.6c, PR moment connections are 

required to develop available strengths similar to those of FR moment connections, but 

not less than 50% of M
p 

of the connected beam ( or 50% of M
p 

of the column for one-story 

structures). The strength and flexibility of the connection must be considered in the design, 

including the effect on overall frame stability. 

OMF systems are not required to have any special detailing of the panel zones and have 

no special requirements for the relationship between beam and column strength. This is 

indicative of the overall OMF system, where the detailing requirements are reduced and the 

seismic forces are larger than moment-frame systems intended to provide higher ductility. 

This basic design philosophy for OMF systems allows for their use as an economical 

moment-frame system when OMF systems are permitted by the applicable building code. 

According to ASCE/SEI 7 (ASCE, 2016), Section 1 2. 2.5.6 and Table 15.4-1, OMF 

frames are permitted to be used in Seismic Design Categories D, E and F for one-story 

structures under certain height and loading limitations. 

OMF Design Example Plan and Elevation 
The following section consists of four design examples for an OMF system. See Figure 4-1 

for the roof plan and Figure 4-2 for the elevation of the building moment frames. 

The code-specified gravity loading is as follows: 

D = 15 psf 

S = 20 psf 
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From ASCE/SEI 7, the following parameters apply: Risk Category II, Seismic Design 
Category D, R = 3½, Q0 = 3, CJ

= 3, le
= 1.00, SDS = 0.528, and p = 1.0. See ASCE/SEI 

7, Section 12.3.4.2, for the conditions that permit a value of p equal to 1.0. ASCE/SEI 7, 
Section 12.2.5.6.l and Table 15.4-1, allow ordinary steel moment frames in Seismic Design 
Category D for single-story structures with height up to 65 ft if the roof dead load does not 
exceed 20 psf and the exterior walls above 35 ft do not weigh more than 20 psf. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev
= 0.2SDSD (ASCE/SEI 7, Eq. 12.4-4a) 

The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

(ASCE/SEI 7, Eq. 12.4-3) 

The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Section 
12.4.3.1, is: 

Emh = QoQE (ASCE/SEI 7, Eq. 12.4-7) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 
(for LRFD) and Section 2.4.5 (for ASD), are used. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on l): 

l.2D+Ev +Eh +l+0.2S
= l.2D+0.2SDSD+pQE +0.5L+0.2S

= (1.2 + 0.2SDs )D + pQE + 0.5l + 0.2S 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev +E1, 

= 0.9D-0.2SDsD+pQE 

= (0.9-0.2SDS )D+pQE 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

l.OD+0.7Ev +0.7E1, 

= l.0D+0.7(0.2SDSD)+0.7pQE 

= (1.0+0.14SDs )D+0.7pQE 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

l.OD + 0.525Ev + 0.525E1, + 0.75l + 0.75S

= l.0D+0.525(0.2SDSD)+0.525pQE

+ 0.75L + 0.75S

= (1.0+ 0.105SDS )D+0.525pQE 

+ 0.75l + 0.75S

Load Combination IO from ASCE/SEI 7, 
Section 2.4.5: 

0.6D-0.7Ev +0.7Eh 

= 0.6D 0.7(0.2SDSD)+0.7pQE 

= (0.6-0.14SDs )D+0.7pQE
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The basic load combinations with seismic load effects including overstrength from 
ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and 
E1i as defined in Section 12.4.3. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on l): 

I.2D+ Ev +E1111i +l+0.2S
= l.2D+0.2SDSD+D.0QE +0.5l+0.2S

= (1.2+ 0.2SDs )D+Q0QE +0.5l+0.2S

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev +Emh 
= 0.9D 0.2SDSD+D.0QE 

= (0.9 0.2SDs )D+D.oQE 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

l .OD+0.7Ev +0.7E1111, 

= l .OD+0.7(0.2SDsD)+0.7QoQE

= (1.0+0.14SDs )D+0.700QE

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525Emh 
+0.75l+0.75S

= l.0D+0.525(0.2SDsD)+0.525Q0QE

+0.75L+0.75S

= (l .0+0.105SDs )D+0.52500QE

+0.75l+0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7Ev +0.7E1111i 

= 0.6D-0.7(0.2SDsD)+0.7Q0QE

= (0.6-0.14SDs )D+0.7QoQE

Example 4.2.1. OMF Story Drift and Stability Check 

Given: 

Refer to the roof plan shown in Figure 4-1 and the OMF elevation shown in Figure 4-2. 
Determine if the frame satisfies the drift and stability requirements. The applicable building 
code specifies the use of ASCE/SEI 7 for calculation of loads. The loading and applicable 
ASCE parameters are as given previously. 

The seismic design story shear, Vx, is 20.4 kips. 

Part 2 provides a discussion of structural analysis methods. From an elastic analysis of the 
structure that includes second-order effects and accounts for approximate panel-zone defor
mations by using a centerline model, the elastic drift at the top of the story is: 

Oie = 1.30 in. 
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At the base of the structure: 

8be = 0 in. 

Solution: 

Drift Check 

MOMENT FRAMES 

ASCE/SEI 7, Section 12.8.6, defines the design story drift,�, as the largest difference of the 
deflections of vertically aligned points at the top and bottom of the story under consideration 
along any of the edges of the structure. This calculated deflection includes the effects of 
elastic and inelastic drift, which in this example includes second-order effects. From ASCE/ 
SEI 7, Equation 12.8-15: 

Cd (81e Obe) 
�=- - - - -

le 

(from ASCE/SEI 7, Eq. 12.8-15) 

3(1.30 in. 0 in.) 
1.00 

= 3.90 in. 

From ASCE/SEI 7, Table 12.12-1, the allowable story drift at level x, �a, is 0.025hsx

because interior walls, partitions, ceilings, and exterior wall systems are designed to 
accommodate these increased story drifts. ASCE/SEI 7, Section 12.12.1.1, requires, for 
seismic force-resisting systems comprised solely of moment frames in structures assigned 
to Seismic Design Category D, E or F, that the design story drift not exceed �alp for any 
story. Determine the allowable story drift as follows: 

p 

0.025hsx

1.0 
0.025 

1.0 
= 5.10 in.> 3.90 in. o.k. 

Frame Stability Check 

ASCE/SEI 7, Section 12.8.7, investigates potential for instability by use of a stability coef
ficient, 0, calculated as: 

0= PxAfe 

VxhsxCd 

where 
Cd = deflection amplification factor 
le = seismic importance factor 
Px = total vertical design load at and above level x, kips 

(ASCE/SEI 7, Eq. 12.8-16) 

Vx = seismic design story shear acting between levels x and x - 1, kips 
hsx = story height below level x, in. 
� = design story drift occurring simultaneously with ½, in. 
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ASCE/SEI 7 does not explicitly specify load factors to be used on the gravity loads for deter
mining Px, except Section 12.8.7 does specify that no individual load factor need exceed 1.0. 
For this example, the load combination used to compute the total vertical load on a given 
story, Px, acting simultaneously with the horizontal earthquake force, Vx, is I.OD + 0.2S, 
taken from ASCE/SEI 7, Section 2.3, with the dead load factor limited to 1.0 as explained. 
Note that consistent with this, the same combination was used in the second-order analysis 
as used for this example for the purpose of computing the fundamental period, base shear, 
and design story drift. 

The total vertical design load is: 

P
x 

= (120 ft)(75 ft)[l.0(15 psf)+ 0.2(20 psf)]/(1,000 lb/kip) 

= 171 kips 

The stability coefficient, 0, from ASCE/SEI 7, Equation 12.8-16 is: 

0 = 
(171 kips)(3.90 in.)(1.00)

(20.4 kips)(17 ft)(12 in./ft)(3) 

= 0.0534 

Because a second-order analysis was used to compute the story drift, 0 is adjusted as follows 
according to ASCE/SEI 7, Section 12.8.7, before checking 0ma.x·

0 0.0534 
1+0 1+0.0534 

= 0.0507 

Per ASCE/SEI 7, Section 12.8.7, if 0 from a first-order analysis or 0/(1 + 0) from a second
order analysis is less than or equal to 0.10, second-order effects need not be considered for 
computing story drift. Note that whether or not second-order effects on member forces must 
be considered per ASCE/SEI 7 has to be verified, as it was in this example; however, AISC 
Specification Chapter C requires second-order effects be considered in all cases. 

Check the maximum permitted e 

The stability coefficient may not exceed 0max· The ratio of shear demand to shear capacity 
for the story between levels x and x - 1 is !3. Conservatively, using a value of 1.0 for !3:

0 °·
5 0 25max =

[3Cd :::; 

=�<0.25
1.0(3)-

= 0.167 < 0.25 

The adjusted stability coefficient satisfies the maximum: 

0.0507 < 0.167 o.k. 

(ASCE/SEI 7, Eq. 12.8-17) 

The moment frame meets the allowable story drift and stability requirements for seismic 
loading. 
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Example 4.2.2. OMF Column Strength Check 

Given: 

Refer to Column CL-I in Figure 4-2. Determine the adequacy of the ASTM A992 W12 x 50 
column for the following loading. The required strength of columns should be determined 
in accordance with AISC Seismic Provisions Section D 1.4a. The applicable building code 
specifies the use of ASCE/SEI 7 for calculation of loads. 

The governing load combination that includes seismic effects is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(I.2+0.2SDS 
)D+pQE +0.5L+0.2S (1.0 + 0.105SDs )D + 0.525pQ£ 

+0.75L+0.75S

From a second-order analysis including the effects of P-1:l and P-8 effects as well as the 
reduced stiffness required by the direct analysis method, the column required strengths are: 

LRFD ASD 

Pu = 15.4 kips Pa =17.Skips 

Vu = 3.91 kips Va = 2.78 kips 

Mutop = 66.4 kip-ft Matop = 47.2 kip-ft 

Mubot = 0 kip-ft Mabot = 0 kip-ft 

The higher ASD required axial strength compared to LRFD is due to the higher load factor 
on snow load, S, of 0.75 for ASD versus 0.2 for LRFD. 

According to ASCE/SEI 7, the load combinations including overstrength seismic loads 
(including overstrength factor, Q0) are: 

LRFD 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

(1.2 + 0.2SDs )D + Q0QE + 0.5L + 0.2S 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

(0.9 0.2SDs )D+QoQE 

ASD 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

(1.0 + 0.14SDs )D+ 0.7QoQE 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

(1.0 + 0. I05SDs )D + 0.525Q
0QE 

+ 0.75L + 0.75S

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4.2 ORDINARY MOMENT FRAMES (OMF) 4-11

LRFD ASD 
Load Combination l O from ASCE/SEI 7, 
Section 2.4.5: 

(0.6-0.14SDs )D + 0.7Q0QE 

From the frame analysis, the maximum required axial strength in this column from the govern
ing load combination that includes the overstrength seismic load is: 

LRFD ASD 

Pu
= 21.l kips Pa

= 19.3 kips 

There are no transverse loadings between the column supports in the plane of bending and 
the columns are considered to be pinned at the base. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W12x50 

rx = 5.18 in. ry = 1.96 in. 

AISC Seismic Provisions Section E l.Sa states that there are no limitations on width-to
thickness ratios of members of an OMF beyond those in the AISC Specification.

Available Flexural Strength 

Per the User Note in AISC Specification Section F2, the column has compact flanges and 
web. The available flexural strength is the lower value obtained according to the limit states 
of lateral-torsional buckling and yielding. 

With no interior brace points, the unbraced column length is Lb = 17 ft. 

Calculate Cb using AISC Specification Equation F l-1. The moment diagram is linear 
between maximum moment at the top, Mrop

, to zero at the base: 

MA = 0.25(Mto
p

) 

Ms = 0.50(M10p
) 

Mc = 0.75(Mto
p

) 

Mmax = Mtop 
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Cb = ______ _:_:_:;;;::::__ ___ _ 
2.SMmax +3MA +4Ms +3Mc

12.S(Mw
p

)
2.S(Mto

p )+ 3( 0.25M1op )+ 4( O.SOM1op )+ 3( 0.75M1op
)

= 1.67 

MOMENT FRAMES 

(Spec. Eq. F l -1) 

Determine the available flexural strength using AISC Manual Table 6-2 with Lb = 17 ft 
and Cb = 1.67. 

LRFD ASD 

<hMn = Cb (209 kip-ft) Mn 
= Cb (139 kip-ft) 

= 1.67(209 kip-ft) 
ob

= 1.67(139 kip-ft) 
= 349 kip-ft 

= 232 kip-ft 

The available flexural strength cannot exceed the available plastic flexural strength of the 
section. Check using AISC Manual Table 3-2: 

LRFD 

<pbM px = 270 kip-ft 

Because <p1,Mpx < <p1,Mn : 

<p1,M,u = <p1,M px 
= 270 kip-ft> 66.4 kip-ft o.k.

Required Axial Strength of Column 

ASD 

Mpx 
- - = 179 kip-ft 
01,

Mpx Mn Because - - < - : 
01, 01,

Mnx Mpx 
01, 01,

= 179 kip-ft> 47.2 kip-ft o.k.

Determine whether the required axial compressive strength using load combinations includ
ing seismic effect or including overstrength seismic loads per AISC Seismic Provisions 
Section D l .4a(b) controls. 

Per AISC Seismic Provisions Section Dl.4a(b), it is permitted to neglect moments in the 
column for determination of required strength because the column moments do not result 
from loads applied between points of lateral support. 

IP.� 21.1 k;p, 

LRFD ASD 

Available Axial Compressive Strength 

The unbraced length of the column for buckling about both the major and minor axis is 
17 ft. The column is nonslender for compression according to AISC Manual Table 1-1. 
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The direct analysis method described in AISC Specification Chapter C states that the effec
tive length factor, K, of all members is taken as unity unless a smaller value can be justified 
by rational analysis. Therefore, Kx = K

y 
= 1.0, and minor-axis flexural buckling will control 

the available flexural strength. 

The available compressive strength of the W12 x 50 is obtained from AISC Manual Table 
6-2, with Ley 

= KL
y 

= 17 ft:

LRFD ASD 

<\lcPn 
= 298 kips > 21.1 kips o.k. Pn = 198 kips> 19.3 kips o.k.

QC 

Combined Loading 

Using AISC Specification Section HI, determine whether the applicable interaction equa
tion is satisfied, as follows: 

LRFD ASD 

P,. 15.4 kips 
- P,. 17.8 kips 

-- -

298 kips Pc 198 kips 
= 0.0517 =0.0899 

Because Pr
/ Pc < 0.2 , use AISC Specification Equation Hl-1 b.

LRFD 

P. l M M� 
J _r + --'2..+--· < J.O 

2Pc Mex Mey -

0.0517 + l66.4 kip-ft+ OJ< 1.0
2 270 kip-ft -

0.272 < 1.0 o.k.

ASD 

P. lM M 
J _r + __12_ + ---2'... < ]. 0

2Pe Mex Mey -

0.0899 + l 47.2 kip-ft+ OJ< 1.0
2 179 kip-ft -

0.309 < 1.0 o.k.

Alternatively, AISC Specification Section Hl.3 may be used for the interaction check for 
this column because the column is only subject to bending about a single axis. The interac
tion equations in Section HJ .3 would result in a higher column strength than demonstrated 
by this procedure. 

Available Shear Strength 

Using AISC Manual Table 6-2, the available shear strength for a W12 x50 is: 

LRFD ASD 

<\lvVnx = 135 kips> Vu
= 3.91 kips o.k. = 90.3 kips>½, = 2.78 kips o.k.

Qv 
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The W12 x 50 is adequate to resist the required strengths given for Column CL-I. Note 
that the column size is selected not only for the strength requirements of this example, but 
also to simplify the bolted end-plate beam-to-column moment connection in Example 4.2.4. 

Note that load combinations that do not include seismic effects must also be considered. 

Example 4.2.3. OMF Beam Strength Check 

Given: 

Refer to Beam BM-1 in Figure 4-2. Determine the adequacy of the ASTM A992 W18x40 
for the following loading. The applicable building code specifies the use of ASCE/SEI 7 
for calculation of loads. The governing load combination that includes seismic effects is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(1 .2 + 0.2SDS )D + pQE + 0.5L + 0.2S (1.0 + 0.105SDs )D + 0.525pQE 

+ 0.75L + 0.75S

From a second-order analysis considering P-13. and P-o effects as well as the reduced stiff
ness required by the direct analysis method, the beam required strengths are: 

LRFD ASD 

Pu = 1.72 kips Pa = 1.58 kips 

MuEndl = 37.2 kip-ft MaEndl = 14.7 kip-ft 

MuEnd2 = -78.3 kip-ft MaEnd2 = -73.3 kip-ft 

v;, = 9.17 kips Va = 9.68 kips 

The top and bottom beam flanges are braced every 6 ft by infill beams. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu = 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Beam 
W18x40 
rx = 7.21 in. ry = 1.27 in. 

AISC Seismic Provisions Section E 1.5a states that there are no limitations on width-to
thickness ratios of members of an OMF beyond those in the AISC Specification.
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AISC Seismic Provisions Section E 1.5a also states that there are no requirements for stability 
bracing of beams or joints in OMF beyond those in the AISC Specification. 

Available Flexural Strength 

Per the User Note in AISC Specification Section F2, the beam has compact flanges and web. 
The available flexural strength is the lower value obtained according to the limit states of 
lateral-torsional buckling and yielding. 

Note: The infill beams or joists are not described in this example. It is presumed that the 
combination of these members (with suitable connections) and a roof deck diaphragm will 
provide an adequate lateral brace for the top flange of this beam. With appropriate detailing, 
the bottom flange of the beam could also be braced by the infill beams or joists. This is 
assumed to be the case in this example. 

Calculate Cb using AISC Specification Equation Fl-I. 

The largest moments occur at the unbraced segment adjacent to the interior column. The 
quarter-point moments within that 6-ft unbraced segment as determined from the analysis 
are as follows: 

LRFD ASD 

Mmax = -78.3 kip-ft Mmax = -73.3 kip-ft 
MA =-37.1 kip-ft MA = -30.0 kip-ft 
Ms = -50.8 kip-ft Ms = -44.3 kip-ft 
Mc = -64.6 kip-ft Mc = -58.8 kip-ft 

Using the absolute values of the moments Using the absolute values of the moments 
per AISC Specification Section Fl: per AISC Specification Section Fl: 

C _ 12.5Mmax C _ 12.5Mmax 

b- b-

[
2.5Mmax+3MAJ [

2.5Mmax+3MAJ
+4Ms+3Mc +4Ms+3Mc

12.5(78.3 kip-ft) 12.5(73.3 kip-ft) 
- -- -

2.5(78.3 kip-ft)+3(37.l kip-ft) 2.5(73.3 kip-ft)+3(30.0 kip-ft) 

+4(50.8 kip-ft)+3(64.6 kip-ft) +4(44.3 kip-ft)+3(58.8 kip-ft)

= 1.39 = 1.46 

The unbraced beam length is: 

Lb (top flange in compression) = 6 ft (spacing of infiJI beams) 
Lb (bottom flange in compression) = 6 ft 

Determine the available flexural strength using AISC Manual Table 6-2 with Lb = 6 ft and 
including Cb: 
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LRFD ASD 

<l>bMn = Cb (274 kip-ft) Mn =Cb(l82 kip-ft)

= 1.39(274 kip-ft) 
Qb 

= 1.46(182 kip-ft) 
= 381 kip-ft = 266 kip-ft 

The available flexural strength cannot exceed the available plastic flexural strength of the 
section. The available plastic flexural strength from AISC Manual Table 3-2 is: 

LRFD 

<pbMpx = 294 kip-ft 

<pbMnx = <pbM px 

= 294 kip-ft> 1-18.3 kip-ftl o.k.

Available Axial Compressive Strength 

Mpx -- = 196 kip-ft
Qb 

Qb Qb 

ASD 

= 196 kip-ft> 1-13.3 kip-ftl o.k.

The infill beams provide bracing in the beam's minor axis and the unbraced length, Ley
, is 

6 ft. The beam is not braced in the major axis. 

1. 0 ( 30 ft) ( I 2 in ./ft)
7.21 in. 

=49.9 

1.0(6 ft)(12 in./ft) 
1.27 in. 

= 56. 7 governs

Minor-axis flexural buckling controls the axial compressive strength. The compressive 
strength of the W18x40 is obtained from AISC Manual Table 6-2, with Ley

= KL
y 

= 6.00 ft: 

LRFD ASD 

<l>cPn = 392 kips> 1.72 kips o.k. P,, = 261 kips> 1.58 kips o.k.
QC 
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Combined Loading 

Using AISC Specification Section HI, determine whether the applicable interaction equa
tion is satisfied, as follows: 

LRFD ASD 

Pr 1.72 kips 1.58 kips 
--

P,. 392 kips P,. 261 kips 
=0.00439 =0.00605 

Because Prf Pe< 0.2, use AISC Specification Equation Hl- lb. 

LRFD 

Pr + [ Mrx + Mry] < 1.0
2P,.. Mex Mey 

-

0.00439 + ( 78.3 kip-ft+ OJ< 1.0
2 294 kip-ft -

0.269 < 1.0 o.k.

Available Shear Strength of Beam 

ASD 

_r + ___!!_ + ___!]I_ < 1.0 P. [M M) 
2P,.. Mex Mey 

-

0.00605 + ( 73.3 kip-ft+ OJ< 1.0
2 196 kip-ft -

0.377 < 1.0 o.k.

From AISC Manual Table 6-2, the available shear strength for a W18 x 40 is: 

LRFD ASD 

<J>vVn = 169 kips> Vu
= 9.17 kips o.k. V,, = 113 kips> Va

= 9.68 kips 
Qv 

The W18 x 40 is adequate to resist the required strengths given for Beam BM-I. 

o.k.

Note that load combinations that do not include seismic effects must also be investigated. 

Example 4.2.4. OMF Beam-Column Connection Design 

Given: 

Refer to Joint JT-1 in Figure 4-2. Design a fully restrained (FR) moment connection for the 
configuration shown in Figure 4-3. The beam and column are ASTM A992 W-shapes and 
the plate material is ASTM A572 Grade 50. Use 70-ksi electrodes and Group A bolts with 
threads not excluded from the shear plane (thread condition N). 

To avoid the field welding requirements associated with the prescnpt1ve connection 
described in AISC Seismic Provisions Section El .6b(c), a four-bolt unstiffened extended 
end-plate connection is used, which is an ANSI/AISC 358 prequalified connection. 

The required shear strengths for the column based on a second-order analysis are given in 
Example 4.2.2. Axial forces in the beam are neglected, as they are small relative to the axial 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4-18 MOMENT FRAMES 

capacity of the beam and the capacity of the bolts being used. The other shear forces acting 
at the beam end simultaneously with Emh are: 

VD = 3.38 kips 
Vs = 4.50 kips 
VEv = 0.2SDSD 

= 0.2(0.528)(3.38 kips) 

= 0.357 kips 

Solution: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
F,, = 65 ksi 

ASTM A572 Grade 50 
Fy = 50 ksi 
F,, = 65 ksi 

From AISC Manual Table 1- l ,  the geometric properties are as follows: 

Column 
W12x50 
A = 14.6 in.2

tJ = 0.640 in. 
Zx = 71.9 in.3

Continuity plates 
(when required) 

d = 12.2 in. 
kdes = 1.14 in. 
hftw = 26.8 

tw = 0.370 in. 
kdet = 1 ½ in. 

Column 

t cl: 

Beam 

hr = 8.08 in. 
k1 = 15/i6 in. 

• 

• • 

•I• 

1 .. ! .. 1 
I bp, 

Fig. 4-3. Configuration for four-bolt unstiffened end-plate connection. 
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Beam 
W18x40 
d = 17.9 in. 
Z, = 78.4 in.3

tw =0.315 in. 

4-19 

b1 = 6.02 in. ff = 0.525 in. 

Determine the appropriate force and flexural strength levels for the design of this connec
tion detail according to AISC Seismic Provisions Section E l.6b(b). This section stipulates 
that the connection design should be based on the maximum moment that can be transferred 
to the connection by the system, including the effects of material overstrength and strain 
hardening. In this example, the flexural strength that can be transferred is based on the 
smaller of the expected flexural strength of the beam or column, including a 1.1 factor for 
strain hardening, or the flexural strength resulting from panel-zone shear. The AISC Seismic

Provisions Commentary notes that column yielding and panel-zone shear strength are two 
factors that could limit the forces developed by the system. 

For the W18x40 beam, with R
y

= I. I from AISC Seismic Provisions Table A3. l for ASTM
A992 material, the expected flexural strength is: 

M
p
.exp

= I.IR
y
M

p 

= I.IR
y
F

y
Zx 

= 1. l(l. l )( 50 ksi)( 78.4 in.3)
= 4,740 kip-in. 

The column flexural strength, accounting for overstrength and strain hardening, is equal to 
I. IR

y
M

p
. For the W12 x 50 column, with R

y 
= I. I, the expected flexural strength is:

M
p
, exp

= l.IR
y
M

p 

= l.IR
y
F

y
Zx 

= 1.1(1.1)(50 ksi)(71.9 in.3)
= 4,350 kip-in. 

The column panel-zone shear strength is evaluated using AISC Specification Section JI 0.6. 
Panel-zone deformations were included in the analysis of the structure. Using required 
strengths from Example 4.2.2, check the limit given in Section J 10.6 to determine the ap
plicable equation, as follows: 

LRFD ASD 

a =1.0 a = 1.6 
aPr 1.0(15.4 kips) aPr 1.6 ( 17 .8 kips) 

- -- -

P
y ( 50 ksi) ( 14.6 in.2) P

y (50 ksi)(14.6 in.2)
= 0.0211 < 0.75 = 0.0390 < 0.75 
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Therefore, use AISC Specification Equation Jl 0-11 to calculate the panel-zone yielding
strength, as follows: 

(Spec. Eq. Jl 0-11)

Including a strain hardening factor of 1.1 and R
y 

as recommended in AISC Seismic 
Provisions Commentary Section E l .6b(b), the force transferred to the connection due to
panel-zone yielding is: 

( ) [ 3bc1tzr )
Vpz = 0.60 1. 1 R

y
F

ydc tw 1 + 

dbdctw 

= 0.60(1.1)(1.1)(50 ksi)(l2.2 in.)(0.370 in.) 

3(8.08 in.)(0.640 in.)2
xl+-----------, 

(17.9 in.)(12.2 in.)(0.370 in.) 

= 184 kips 

as is the LRFD-ASD force level adjustment factor ( = 1.0 for LRFD and 1.5 for ASD). 

LRFD ASD 

Vpz 
Vu

= -
Vpz 

Va
= -

Cf.s Cf.s 

184 kips 184 kips 
- -- -

1.0 1.5 
= 184 kips = 123 kips 

The story shear statically associated with the joint moment reduces the panel-zone shear 
demand as shown in Figure 4-4. Therefore, the panel-zone shear is equal to the flange force 
associated with the beam moment at the face of the column, less the beam moment projected 
to the centerline of the column divided by the story height, H. Thus, the beam moment
required to impart column shear equal to the column panel-zone strength is: 

1 l 

2H 

The resulting required flexural strength for LRFD, Mub, and ASD, Mab, are calculated as
follows where the required beam shear strength is taken from Example 4.2.3. 
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H = (17 ft)(12 in./ft) 

= 204 in. 

LRFD 

V, ½,hdc +--
Mub = 

u 4H 
1 1

-

db t1 2H

. (9. 17 kips)(12.2 in.) 
184 kips+ 

( ) 4 204 in. --
1 1

-·······-··-···--···-· 

17.9in. 0.525 in. 2(204 in.) 

= 3,340 kip-in. 

4-21

ASD 

V, + Vahdc

Mab = 
a 4H 
1 1

-

db -t1 2H 

. (9.68 kips)(12.2 in.) 
123 kips+ 

( ) 4 204 in. --
1 l 

---·-········-

17.9in. 0.525 in. 2(204 in.) 

= 2,230 kip-in. 

Therefore, the column panel-zone shear strength controls the maximum force that can be 
delivered by the system to the connection, in accordance with AISC Seismic Provisions 
Section El.6b(b) and Commentary Section El.6b(b). 

Calculate the corresponding shear for the beam-to-column connection design using AISC 
Seismic Provisions Section El.6b(b). The required shear strength of the connection is based 
on the load combinations in the applicable building code that include the capacity-limited 
seismic load. In determining the capacity-limited seismic load, the effect of horizontal 
forces including overstrength, Ec1, is determined from: 

-·· 

H 

I 
' 
I 

I 
' 

I 
' 

'·······- --
' 

I 
' 

I 
' 

I 
' 
I 
' 
I 
'�

, vb 
-_,.._ Ve 

M V eb -
db-tf 2
---- ---

�
b 

------- "-:,-

�-

Mb Ve 

db-tf 2

Fig. 4-4. Panel-zone shear.forces. 
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where
Lcf 

= clear length o f  the beam

= (30 ft ) (12 in./ft)- 2[ 12·� 
in.

)

= 348 in.

MOMENT FRAMES 

Because AISC Seismic Provisions Section El .6b(b) is used, the term l .  lRyMp is substituted
with Mub (LRFD) or Mab ( ASD) based on the panel-zone strength as calculated. 

The beam shear at the beam-to-column face is:

LRFD 

d 2MubV ue to Emh = --Lc:f 
2(3,340 kip-in.)

--

348 in.
= 19.2 kips 

ASD

2Mab V due to Emh = - -Lc:t 
2 (2,230 kip-in.)

--

348 in.
= 12.8 kips 

The controlling load combinations including overstrength seismic loading from ASCE/SEI
7 are: 

LRFD ASD
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7,
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Vu = (1.2+0.2SDs) VD +nrYQE Va =[1.0+0.525(0.2SDS)]VD
+0.5VL +0.2Vs +0.525Q0VQE +0.75VL +0.75Vs

= [1.2+0.2(0.528)](3.38 kips) = [1.0+0.525(0.2) (0.528)]
+ 19 .2 kips+ 0.5 ( 0 kips) x(3.38 kips)+0.525(12.8 kips)
+0.2(4.50 kips) +0.75(0 kips)+0.75(4.50 kips)

= 24.5 kips = 13.7 kips

End-Plate Design 

The design methodology used for the moment end-plate connections is taken from AISC
Design Guide 4, Extended End-Plate Moment Connections-Seismic and Wind Applications
(Murray and Sumner, 2003). ANS I/AISC 358 outlines requirements and design method
ology for prequalified moment end-plate connections for special and intermediate moment
frames. However, for an ordinary moment frame, the basic design equations and methodology
described in AISC Design Guide 4 can be used for connections that fall under AISC Seismic
Provisions Section El.6b(b). Note that Design Guide 4 includes only the LRFD method and
the equations are modified here for ASD. 
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Calculate Mnp based on the 1-in.-diameter Group A bolt strength, with Ab= 0.785 in.2 from 
AISC Manual Table 7-2, as follows: 

Pi= F,uAh 
= (90 ksi)( 0.785 in.2) 
= 70.7 kips 

From AISC Design Guide 4, Equation 3. 7, the flexural design strength of the connection for 
bolt rupture without prying is: 

LRFD ASD 

$Mnp 
=$[ 2Pi(Ldn)] Mnp -

2Pi (Idn ) 
-

Q Q 

=0.75 
2(70.7 kips) 2(70.7 kips) 
x(19.6 in.+ 15.1 in.) x(19.6 in.+ 15.1 in.) 

--
= 3,680 kip-in. 2.00 

3,680 kip-in.> 3,340 kip-in. o.k. = 2,450 kip-in. 
2,450 kip-in.> 2,230 kip-in. o.k.

Determine the required end-plate thickness 

The required end-plate thickness is determined from AISC Design Guide 4, Equation 3.10. 
The necessary parameters are determined as follows based on the geometry shown in Figure 
4-5. From Table 3.1 of AISC Design Guide 4:

bp = 7 in.� bf + 1 in.= 6.02 in.+ l in.= 7.02 in.

s = ½.jb;i

= ½�(7 in.)(4½ in.) 

= 2.81 in. 
Pf,, = 2 in. 

Pr, = 2 in. 
de = l ½  in. 

bp l l 1 

J 
l l

JYp 
=-hi-+- +ho -2 Pfi s Pfo 

= 7 in.
[(15.1 in.)(-�-+ 1

. +(19.6 in.)(-�-) -
2
1]

2 2 m. 2.81 m. 2 m. j 

+ 2
. [(15.1 in.)(2 in.+2.81 in.)]

4½m. 
= 110 in. 
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From AISC Design Guide 4, Equation 3.10, the required end-plate thickness is: 

LRFD ASD 

fp req/1 = 
\

1.11 ( <\)M11P
) 

tp req/1 = 
\

l. lJQh ( Mnp /Q)
<\lbF

y
Y

p 
F

y
Y

p 

1.11 (3,680 kip-in.) I.I 1(1.67)(2,450 kip-in.)
- -- -

\ 0.90(50 ksi)( l 10 in.) ( 50 ksi)(I10 in.) 

= 0.908 in. = 0.909 in. 

Use a 1-in.-thick ASTM A572 Grade 50 end plate. 

Check end-plate bolts for beam shear transfer 

According to AISC Design Guide 4, a conservative check is to assume that only the bolts 
at the compression flange of the beam transfer the shear loads. In this case, this would be a 
total of four 1-in.-diameter ASTM Group A bolts with threads not excluded from the shear 
plane (thread condition N). From AISC Manual Table 7-1, the available shear strength of 
the four 1-in.-diameter Group A bolts with threads not excluded from the shear plane (thread 
condition N) is: 

LRFD ASD 

<\)V11 
= n( <\)r11 ) 

6 
= n[�)

= 4(31.8 kips) = 4( 21.2 kips) 
= 127 kips> 24.5 kips o.k. = 84.8 kips> 13.7 kips o.k.

Check bolt bearing and tearout per A/SC Specification Section J3. 10 

The nominal bearing strength of a single bolt when deformation at the bolt hole at service 
load is a consideration is: 

r
11 

= 2.4dtF
11 

= 2.4(1 in.)(1 in.)(65 ksi) 

= 156 kips/bolt 

(Spec. Eq. J3-6a) 

For the two inner bolts at the compression side, the nominal tearout strength when deforma
tion at the bolt hole at service load is a consideration is: 

le = ho hi dhole 

= 19.6 in.-15.1 in.-J l/s in. 
= 3.38 in. 
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rn = 1.2lctFu

= 1.2(3.38 in.)(1 in.)(65 ksi) 
= 264 kips/bolt 

MOMENT FRAMES 

(Spec. Eq. J3-6c) 

For the two outside bolts at the compression side, the nominal tearout strength when defor
mation at the bolt hole at service load is a consideration is: 

dhole 

2 

= 1 ½ in. 

= 0.938 in. 

rn = l .2lJFu 

1 1/s in. 
2 

= 1.2(0.938 in.)(1 in.)(65 ksi) 
= 73.2 kips/bolt 

(Spec. Eq. J3-6c) 

The resulting bearing and tearout design strength for the compression side bolts in the 
connection is limited by tearout for the outer bolts and bearing for the inner bolts equal to: 

LRFD ASD 

<J>Rn =0.75 
(2 bolts)(l56 kips/bolt) Rn -

( 2 bolts) ( 156 kips/bolt) 
-

+ ( 2 bolts) ( 73 .2 kips/bolt) Q 2.00 

= 344 kips > 24.5 kips o.k.
(2 bolts) ( 73.2 kips/bolt) 

+ 
2.00 

= 229 kips> 13.7 kips o.k.

From AISC Specification Commentary Section J3.6, the strength of the bolt group is taken 
as the sum of the individual strengths of the individual fasteners, which may be taken as 
the lesser of the fastener shear strength per AISC Specification Section J3.6, the bearing 
strength at the bolt hole per AISC Specification Section J3.10, or the tearout strength at the 
bolt hole per AISC Specification Section J3.10. 

Design of Beam Flange-to-End-Plate Weld 

Per AISC Design Guide 4, the beam flange-to-end-plate weld is designed for the beam end 
moment but not less than 60% of the beam nominal plastic flexural strength. For LRFD: 

0.6M 
P 

= 0.6F
y
Zx

= 0.6(50 ksi)(78.4 in.3)
= 2,350 kip-in.< Mub

Therefore, use Mub = 3,340 kip-in. and Mab= 2,230 kip-in. 
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LRFD 

The flange force is: 

Ftu = --. d-t1 

3,340 
17.9 in. 

= 192 kips 

ASD 

The flange force is: 

Fta. = --. d 

= 128 kips 

4-27

Design beam flange-to-end-plate welds for 
a required strength, F'j;, = 192 kips. 

Design beam flange-to-end-plate welds for 
a required strength, F'ja = 128 kips. 

Effective length of weld available, le, on both sides of flanges: 

le = hr + ( b1 -tw) 

=6.02 in.+(6.02 in.-0.315 in.) 

= 11.7 in. 

According to AISC Specification Section J2.4, a directional strength increase factor of 1.5 is 
applied to the weld strength because the weld is at a 90° angle to the load, and the required 
weld size is determined from AISC Manual Equations 8-2a and 8-2b as follows: 

LRFD 

Ffu 
Dreq'd = 

( ) 1.392 kip/in. 1.5le 

192 kips 
-
-

(!.392 kip/in.)(! .5)(11.7 in.) 

= 7 .86 sixteenths 

ASD 

Ffa 
Dreq'd = 

( ) 0.928 kip/in. 1.5le 

128 kips 
-
-

(0.928 kip/in.)(!.5)(11.7 in.) 

= 7 .86 sixteenths 

Use 1/2-in. fillet welds (two-sided) for the beam flange-to-end-plate weld. This exceeds the 
minimum weld size from AISC Specification Table J2.4. 

Design of Beam Web-to-End-Plate Weld 

AISC Design Guide 4 requires that the beam web-to-end-plate weld develop the available 
tensile yield strength of the web in the vicinity of the tension bolts. 

The available tensile yield strength of the beam web is determined from AISC Specification 
Section J4. l(a), and the required weld size is determined from AISC Manual Equations 8-2a 
and 8-2b, including the directional strength increase factor of 1.5: 
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LRFD ASD 

<J>Rn =<)>Fyfw 
Rn - Fywtw

- - -

Q Q 

= 0.90(50 ksi)(0.315 in.) (50 ksi)(0.315 in.) 
-

= 14.2 kip/in.
-

1.67 
= 9.43 kip/in.

D _ 14.2 kip/in. 
req'd 

-

2(1.392 kip/in.)(1.5)
D _ 9.43 kip/in. 

req'd 
-

2(0.928 kip/in.)(1.5)

= 3.40 sixteenths = 3.39 sixteenths

Use ¼-in. fillet welds (two-sided) for the beam web-to-end-plate weld. This exceeds the 
minimum weld size from AISC Specification Table J2.4. 

AISC Design Guide 4 also states that the required shear be resisted by welds between the 
minimum of the mid-depth of the beam and the compression flange, or between the inner 
bolt row of the tension bolts plus two bolt diameters and the compression flange. By inspec
tion, the former governs for this example and the length of weld available is: 

d 
Zw = --tf 2 

= 

17·9 in. 
-0.525 in.

2 
= 8.43 in. 

The required weld size is determined from AISC Manual Equations 8-2a and 8-2b. 

LRFD 

VuD
req'd 

= ( 
) 2 1.392 kip/in. lw 

24.5 kips --

2(1.392 kip/in.)(8.43 in.) 

= 1.04 sixteenths

ASD 

VaD
req'd 

= 
2(0.928 kip/in.)Zw

13.7kips --

2(0.928 kip/in.)(8.43 in.) 

= 0.876 sixteenths

Use ¼-in. double-sided fillet welds for the beam web-to-end-plate weld. This meets the 
minimum weld size of 3/16 in. from AISC Specification Table J2.4. 

Column Flange Flexural Strength 

From AISC Design Guide 4, Table 3.4 provides equations to calculate the column flange 
flexural strength. Because the connection in this example is at the top of the column, there 
are two design options: extend the column at least a distance, s, above the top bolt and 
include a cap plate but no continuity plates, or include continuity plates. 
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The unstiffened column flange flexural strength is given in Design Guide 4, Table 3.4, and 
determined as follows: 

s = ½Jbfcg 
= ½�(8.08 in.)(4½ in.) 

= 3.01 in. 

C = ho h1 
=19.6 in. 15.l in. 
= 4.50 in. 

3(4.50 in.) 
(15.1 in.) 3.01 in.+�-� 

+ 
l 4 1/� in.) 

r 

4

4 50 · 
) 

(4 50 in )2

4½ in. 
+---

2 
= 132 in. 

+(19.6 in.) 3.01 in.+-· _m_. + ·
4 2 

From AISC Design Guide 4, Table 3.4, the available strength of the unstiffened column 
flange is: 

LRFD ASD 

<pMcf = <phFycYc,t]c Mcf -
FycY;-t7c 

-

Qh

= 0.90(50 ksi)(l32 in.)(0.640 in.)2 

(50 ksi)(132 in.)(0.640 in.)2 

= 2,430 kip-in.< 3,340 kip-in. -
n.g.

-

1.67 
= 1,620 kip-in.< 2,230 kip-in. n.g.

Therefore, the column will require continuity plates. Try ½-in.-thick continuity plates. 

The stiffened column flange flexural strength is given in Design Guide 4, Table 3.4, and 
determined as follows: 

Pso = Psi 

c-t.,

2 
4.50 in. -½ in. 

2 
= 2.00 in. 
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Ye --h1 -+-+ho-+- +- h1 s+Psi +ho s+Pso 
_ b Jc [ 1 1 ) ( 1 1 ) 2 [ ( ) . ( , )] 

2 S Psi S Pso g 

8,08 in, l --+--- +(l9,6m,) --+---1 1 , ( l l 
2 3,01 in, 2,00 in, 3,01 in, 2,00 in, 

+ 2
, [(15, l in,)(3,01 in,+2-00 in,)+(19,6 in,)(3,01 in,+2-00 in,)]

4½m, 
= 194 in, 

From AISC Design Guide 4, Equation 321, the available strength of the stiffened column 
flange is: 

LRFD ASD 

�Mcf = �bFvcfc.t7c M,:t -
FycYct}c 

-

Qb 
= 0,90(50 ksi)(l94 in,)(0,640 inf 

(50 ksi)(194 in,)(0,640 inf 
= 3,580 kip-in,> 3,340 kip-in, o.k.

--

L67 
= 2,380 kip-in,> 2,230 kip-in, o.k.

Therefore, the connection will be adequate if continuity plates are added as designed in the 
following, 

Column Continuity Plates and Welds 

The continuity plate design is based on the minimum strength determined from flange local 
bending, column web local yielding, and column web local crippling, The minimum avail
able strength based on these limit states will then be subtracted from the required flange 
force, Ftu or Fra, to determine the continuity plate required strength, 

From the available strength of the unstiffened column flange calculated previously, the 
maximum available beam flange force that can be delivered to the column using AISC 
Design Guide 4, Equation 322, is determined as follows: 

LRFD ASD 

�Mcf Rn Mc:t/Q 
�Rn

= - -

db -tpJ Q d-tfb 

2,430 kip-in, 1,620 kip-in,- -- -

17,9 in, -0,525 in, 17,9 in, -0,525 in, 
= 140 kips = 93,2 kips 

Calculate the nominal column web local yielding strength opposite the beam flange from 
AISC Design Guide 4, Equation 324, The parameter, C1, is 0,5 because the distance 
from the top of the beam to the top of the column is less than the depth of the column, 
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Rn = [ C1 ( 6kc + 2t p) + lb ] Fy,-t we 

= {o.5[6(1.14 in.)+2(1 in.)]+[0.525 in.+0.707(½ in.)]}(50 ksi)(0.370 in.) 

= 98.0 kips 

The available column web local yielding strength is: 

LRFD ASD 

<!>Rn = 1.00(98.0 kips) Rn - 98.0 kips 
Q 1.50 

= 98.0 kips = 65.3 kips 

4-31

Calculate the nominal column web local crippling strength opposite the beam flange force. 
The flange force applied from the top of the beam is located more than half the column depth 
from the end of the column; therefore, use AISC Specification Equation Jl 0-4. 

( . )2 
(
0.525 in.+0.707(½ in.)

J(
0.370 in.)

1.s
= 0.80 0.370 Ill. 1 + 3 - - - - -�-� 

12.2 in. 0.640 in. 

(29,000 ksi)(50 ksi)(0.640 in.) 
( ) X � --�� -��- -� 1.0 

0.370 in. 
= 190 kips 

The available column web local crippling strength is: 

LRFD ASD 

<!>Rn
= 0.75(190 kips) Rn - 190 kips 

-

Q 2.00 
= 143 kips = 95.0 kips 

Determine the continuity plate required strength. 

LRFD ASD 

Fc-u = Ffu -min ( <!>Rn ) Fc-u = Fja -min(�) 

(Spec. Eq. Jl0-4)

= 192 kips-min(140,98.0,143) kips = 128 kips min (93.2,65.3, 95.0) kips 
= 94.0 kips = 62.7 kips 

Use PL½ in. x3¾ in. ASTM A572 Grade 50 continuity plates on both sides of the column 
web and at the beam top and bottom flanges. AISC Seismic Provisions Section 12.4 states 
that the comer clips of the continuity plate must comply with A WS D 1.8, clause 4.1. The 
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clip along the web must extend at least 1 ½ in. beyond the kdet dimension, and the clip along 
the flange must not exceed ½ in. beyond the k1 dimension. 

Along the web, with the clip dimension, Sweb, measured relative to the uncut continuity 
plate: 

Sweb 2:'. kdet + 1 ½ in. tcr 
2:: 1 ½ in.+ 1 ½ in. 0.640 in. 
2:: 2.36 in. 

Therefore, use 23/s-in. clips along the web. The contact length between the continuity plate 
and the column web, l

p
, is: 

Zp = de - 2t J 2Sweb 

= 12.2 in. 2(0.640 in.) 2(23/s in.) 

= 6.17 in. 

Along the flange, with the clip dimension, Sfiange, measured relative to the uncut continuity 
plate: 

k IL · fw 
S flange <::; l + 12 Ill. -

Z

<::; 15/16 in.+ ½ in. 

<::; 1.25 in. 

0.370 in. 
2 

Therefore, use 1-in. clips along the flange. The contact length between the continuity plate 
and the column flange, h

p
, is: 

h
p 

= 3¾ in. Sjlange 

= 3¾ in. 1 in. 
= 2.75 in. 

The required axial strength per continuity plate is: 

LRFD 

P, _ Fcu Fca 
u- Pa

= -
2 2 

94.0 kips 62.7 kips 
- -- -

2 2 
= 47.0 kips = 31.4 kips 

ASD 

From AISC Specification Equation J4-6, the available axial strength per continuity plate is: 

Pn = F
y
A

g 

= F
ytp

h
p 

= (50 ksi)(½ in.)(2.75 in.) 

= 68.8 kips 
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LRFD ASD 

<l>Pn 
= 0.90( 68.8 kips) Pn -

( 68.8 kips) 
-

1.67 
= 61.9 kips> 47.0 kips o.k.

= 41.2 kips> 31.4 kips o.k.

From AISC Specification Equation J4.3, the available shear yield strength of the continuity 
plate along the column web is: 

Vn = 0.60F
y
A

gv 

= 0.60Fyt
1
,l

p 

= 0.60(50 ksi)(½ in.)(6.17 in.) 

= 92.6 kips 

LRFD 

<I>½, = 1.00(92.6 kips) 
= 92.6 kips> 47.0 kips o.k.

½, 

(Spec. Eq. J4-3) 

ASD 

92.6 kips 
--

1.50 
= 61.7 kips> 31.4 kips o.k.

Weld of Continuity Plate to Column Flange 

According to AISC Specification Section J2.4, a directional strength increase factor of 1.5 is 
applied to the weld strength because the weld is at a 90° angle to the load, and the required 
weld size is determined from AISC Manual Equations 8-2a and 8-2b, as follows: 

LRFD ASD 

Pu Pa 
Dreq'd =

( )( ) Dreq'd =

( )( ) 2 1.392 kip/in. 1.5 h
p 

2 0.928 kip/in. 1.5 h
p

47.0 kips 31.4 kips 
- -- -

2(1.392 kip/in.)(1.5)(2.75 in.) 2(0.928 kip/in.)(1.5)( 2.75 in.) 
= 4.09 sixteenths = 4.10 sixteenths 

Use 5/16-in. fillet welds (two-sided). 

Weld of Continuity Plate to Column Web 

The required weld size is determined using AISC Manual Equations 8-2a and 8-2b as follows: 

LRFD 

Dreq'd = --,------,--
lp 

47.0 kips 
2 ( 1.392 kip/in.) ( 6.17 in.) 

= 2.74 sixteenths 

ASD 

Pa 
Dreq'd = --,------,--2( 0.928 kip/in.)l

p 

31.4kips 
2(0.928 kip/in.)(6.17 in.) 

= 2.74 sixteenths 
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Use ¼-in. fillet welds (two sided). Based on AISC Specification Table J2.4, the ¼-in. fillet 

weld satisfies the minimum weld size. 

The fully detailed end-plate connection is shown in Figure 4-5. 

4.3 SPECIAL MOMENT FRAMES (SMF) AND 

INTERMEDIATE MOMENT FRAMES (IMF) 

Special moment frame (SMF) and intermediate moment frame (IMF) systems, which are 

addressed in AISC Seismic Provisions Sections E3 and E2, respectively, resist lateral forces 

and displacements through the flexural and shear strengths of the beams and columns. Lateral 

displacement is resisted primarily through the flexural stiffness of the framing members 

and the restraint of relative rotation between the beams and columns at the connections, or 

"frame action." SMF and IMF systems must be capable of providing a story drift angle of 

at least 0.04 rad per AISC Seismic Provisions Section E3.6b and 0.02 rad per AISC Seismic 

Provisions Section E2.6b, respectively. An overview of SMF behavior and design issues is 

provided by Hamburger et al. (2009). 

SMF and IMF systems tend to have larger and heavier beam and column sizes than 

braced-frame systems because the beams and columns are often sized for drift control 

rather than for strength. The increase in member sizes and related costs, however, may be 

acceptable based on the increased flexibility in the architectural and mechanical layout in 

the structure. The absence of diagonal bracing members can provide greater freedom in con

figuring walls and routing mechanical ductwork and piping. As with other moment-frame 

systems, SMF and IMF systems are often located at the perimeter of the structure, allowing 

maximum flexibility in interior spaces without complicating the routing of building services 

such as mechanical ducts beneath the frame girders. The flexible nature of the frames, 

however, warrants additional consideration of the interaction between the steel frame and 

architectural cladding systems. 

Current requirements for SMF and IMF systems are the result of research and analysis 

completed by various groups, including the Federal Emergency Management Agency 

(FEMA), AISC, the National Institute of Standards and Technology (NIST), the National 

Science Foundation (NSF), and the SAC Joint Venture. These requirements include 

prequalification of the connections used, per AISC Seismic Provisions Section Kl , or quali

fication through testing in accordance with Section K2. Design and detailing requirements 

for moment connections prequalified in accordance with AISC Seismic Provisions Section 

Kl may be found in AISC Prequalified Connections for Special and Intermediate Steel 

Moment Frames for Seismic Applications, herein referred to as ANSI/AISC 358. ANSI/ 

AISC 358 is included in Part 9.2 of this Manual. 

A primary focus point of the testing requirements lies in the measurement of inelastic 

deformations of beam-to-column moment connections. Plastic rotation of the specimen was 

used initially as the basis for qualification; however, this quantity is dependent on the selec

tion of plastic hinge locations and member span. To avoid confusion, it was decided to use 

the centerline dimensions of the frame to define the total drift angle, which includes both 

elastic and inelastic deformations of the connections. 

Most beam-to-column moment connections for SMF and IMF systems develop inelas

ticity in the beams and in the column panel zone, as shown in Figure 4-6. Panel-zone 

deformation, while more difficult to predict, can contribute a significant amount of ductility 
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to the frame. There are various factors that must be considered when accounting for panel

zone deformation, including continuity plates, doubler plates, and toughness of the k-area. 

In regard to these two areas of inelastic deformation-beam and panel zone-the AISC 

Seismic Provisions Section K2.3a requires that at least 75% of the observed inelastic defor

mation under testing procedures be as intended in the design of a prototype connection. 

This means that, if the connection is anticipated to achieve 100% of its inelasticity through 

plastic rotation in the beam, at least 75% of the actual deformation in the tested specimen 

must occur in the beam hinges. 

Currently, there are two primary methods used to move plastic hinging of the beam away 

from the column. These two methods focus on either reducing the cross-sectional properties 

of the beam at a defined location away from the column, or special detailing of the beam

to-column connection in order to provide adequate strength and toughness in the connection 

to force inelasticity into the beam just adjacent to the column flange. Reduced beam section 

(RBS) connections are typically fabricated by trimming the flanges of the beams at a short 

distance away from the face of the column in order to reduce the beam section properties at 

a defined location for formation of the plastic hinge (Figure 4-7). Research has included a 

straight reduced segment, an angularly tapered segment, and a circular reduced segment. A 

higher level of ductility was noted in the latter, and the RBS is typically fabricated using a 

circular reduced segment. 

ANSI/ AISC 358 includes nine prequalified SMF and IMF connections, including the 

reduced beam section and bolted flange plate connections illustrated in the examples. Each of 

these prequalified connections has a design procedure similar to those employed in Examples 

4.3.6 and 4.3.7. Designers should evaluate the requirements of their project, the abilities of 

local fabricators and erectors, and the relative cost-effectiveness of different beam-to-column 

connections to determine the most appropriate connection for a given project. 

Special connection detailing for added toughness and strength takes many forms using 

both welded and bolted connections. In many of the connections, both proprietary and 

Column panel 
zone 

�- Plastic hinge zones. 
Hinge locations vary 
depending on 
connection type. 

Fig. 4-6. Areas where inelastic deformation may be expected. 
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nonproprietary, such factors as welding procedures, weld-access-hole detailing, web-plate 

attachment, and flange-plate usage have been considered. For additional information on the 

specification of these connections, see ANSI/AISC 358 in Part 9.2 of this Manual. 

Panel-zone behavior is difficult to predict and is complicated by the presence of continu

ity plates and doubler plates, as well as k-area toughness. Three basic approaches are most 

commonly used: "strong panel," "balanced panel" and "weak panel." These three terms 

relate the strength and inelastic behavior of the panel to the strength and inelastic behavior 

of the framing members in the connection. In a "strong panel," the panel-zone strength is 

greater than the surrounding framing components to the point where the vast majority of 

the inelastic deformation of the frame occurs in the beam. In a "weak panel," the strength 

of the panel zone is low enough relative to the framing members such that the majority of 

the inelastic deformation of the connection and frame occurs in the panel zone. A "balanced 

panel" falls between the strong and weak panel, where inelastic deformation in the framing 

members and panel zone are similar. The AISC Seismic Provisions requirements generally 

provide for strong or balanced panel-zone designs in SMF. The full range of panel-zone 

designs is permitted for IMF and OMF. 

Another consideration in the design of SMF systems is the concept of "strong-column 

weak-beam." The AISC Seismic Provisions provide for the proper proportioning of the 

frame elements in Equation E3-1. 

+ 

+ 

Reduced beam 

section 

Fig. 4-7. Reduced beam section (RBS) connection. 
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* LMpc - -*->1.0
I.Mph

(Prov. Eq. E3-l )  

where 

L M;
c = sum of the projections of the nominal flexural strengths of the columns (includ

ing haunches where used) above and below the joint to the beam centerline 
with a reduction for the axial force in the column, kip-in. 

L M;
h = sum of the projections of the expected flexural strengths of the beams at the 

plastic hinge locations to the column centerline, kip-in. 

This provision is not intended to eliminate all yielding in the columns. Rather, as described 
in AISC Seismic Provisions Commentary Section E3.4a, it is intended to result in fram
ing systems that have distributed inelasticity in large seismic events and discourages story 
mechanisms. 

The primary differences between SMF systems and IMF systems are the interstory 
drift angle capacities and the SMF strong-column weak-beam requirement. While these 
requirements differ for SMF and IMF systems, there are many requirements that are similar 
between the two frame types. This comparison is summarized in Table 4-1 of this Manual, 
located at the end of this Part. 

SMF Design Example Plan and Elevation 
The following examples illustrate the design of special moment frames (SMF) based on 
AISC Seismic Provisions Section E3. Design of intermediate moment frames (IMF) reflects 
requirements outlined in AISC Seismic Provisions Section E2 that are, in most instances, 
similar to those in Section E3 or that do not vary from frame design requirements in the 
AISC Specification. For this reason, Part 4 does not present examples that focus exclusively 
on IMF, although these examples should prove useful when designing IMF frames as well. 
Table 4-1 in this Manual compares the significant design requirements for OMF, IMF and 
SMF systems, and clarifies which portions of the SMF examples apply to IMF design. 

The plan and elevation are shown in Figures 4-8 and 4-9, respectively. The code-specified 
gravity loading is as follows: 

Djioor 

Droof 

Ljioor 
s 

= 85 psf 
= 68 psf 
= 50 psf 
= 20 psf 

Curtain wall = 17 5 lb/ft along building perimeter at every level 

For the SMF examples, it has been determined from ASCE/SEI 7 that the following fac
tors are applicable: Risk Category I, Seismic Design Category D, R = 8, Q0 = 3, Cd

= 5½, 
le = 1.00, SDS = 1.0, and p = 1.0. See ASCE/SEI 7, Section 12.3.4.2, for the conditions 
that permit a value of p equal to 1.0. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev
= 0.2SvsD (ASCE/SEI 7, Eq. 12.4-4a) 
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The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

(ASCE/SEI 7, Eq. 12.4-3) 

The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Section 
12.4.3.1, is: 

Emh = D.oQE (ASCE/SEI 7, Eq. 12.4-7) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 (for 
LRFD) and Section 2.4.5 (for ASD), are used. 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on l): 

l.2D+Ev +Eh +l +0.2S l.OD+0.7Ev +0.7Eh

= I.2D+0.2SDSD+pQE +0.5L+0.2S = 1.0D+0.7(0.2SDSD)+0.7pQE

= (1.2 + 0.2SDs )D + pQE + 0.5l + 0.2S = (1.0+0.14SDs )D+0.7pQE

r 30·-o· + 30·-o· + 30·-o· + 30·-o· 1 
� 1-:-11111 <1111-:-11111 <1111-:-11111 <1111-:-1-----f:-! 

0 
I 

L{) 
N 

:E :I: :I 
I 

0 
I 
I 

I 

I 
L{) 
N I 

I 
I 

:I 

Fig. 4-8. SMF floor plan. 
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LRFD 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev +Eh 
= 0.9D-0.2SDSD+pQE 

= (0.9 0.2SDS )D+pQE 

(1

30'-0"

0-B()_()_f W21x44

co 
(!) 

� Fourth X W21x44"Sj" 
.,.... Level 5 

0-Third ______ W24x76
Level

C\I 

�_Second .,.... 
X W24x76

"Sj" 

Level .,.... 
5 

�Base

(2 

C\I 
co 
X 

"Sj" 
.,.... 
5 

(!) 
r--. 

ASD 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525Eh + 0.75L + 0.75S 

= l.0D+0.525(0.2SDSD)+0.525pQE

+ 0.75L + 0.75S

= (1.0+0.105SDS )D+0.525pQE

+ 0.75L + 0.75S

Load Combination IO from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7 Ev+ 0.7 Eh 

= 0.6D-0.7(0.2SDsD)+0.7pQE

= (0.6-0.14SDS )D+0.7pQE

3

30'-0" 30'-0"

W21x44 W21x44

C\I 
co 

W21x44 X W21x44"Sj" 
.,.... 
5 

W24x76 W24x76

(!) 
r--. 
.,.... 

W24x76 X 
"Sj" 

BM-1 .,.... 
5 

JT-1

Column splice
48" above finished

floor, typ.

4

�1 co 
(!) 
X 

"Sj" 
.,.... 

�1 
5 

�1 .,.... 
X 

"Sj" 

�r 
.,.... 
5 

Fig. 4-9. SMF elevation. 
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The basic load combinations with seismic load effects including overstrength from ASCE/ 
SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as 
defined in Section 12.4.3. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on l): 

1.2D+Ev +Emh +l+0.2S 
= l .2D+0.2SDSD+Q0QE +0.5L+0.2S 

= (!.2+0.2SDs )D+ Q0QE + 0.5l+0.2S 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev +Emh

= 0.9D-0.2SDsD+QoQE

= (0.9-0.2SDs )D+QoQE

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

I.OD+0.7Ev +0.7Emh

= l .0D+0.7(0.2SDsD)+0.7Q0QE 

= (1.0 +0.14SDs )D+0.7Q0QE

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525Emh

+ 0.75l + 0.75S

= l.0D+0.525(0.2SDsD)+0.525Q0QE 

+0.75l+0.75S

= (1.0 + 0.105SDs )D + 0.525Q0QE

+0.75l+0.75S

Load Combination IO from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7Ev +0.7Emh

= 0.6D-0.7(0.2SDsD)+0.7Q0QE

=(0.6 0.14SDS )D+0.7Q0QE

Example 4.3.1. SMF Story Drift and Stability Check 

Given: 

Refer to the floor plan shown in Figure 4-8 and the SMF elevation shown in Figure 4-9. 
Determine if the frame satisfies the ASCE/SEI 7 drift and stability requirements based on 
the given loading. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. 

The seismic design story shear at the third level, ½, is 140 kips as defined in ASCE/SEI 7, 
Section 12.8.4. From an elastic analysis of the structure that includes second-order effects 
and accounts for panel-zone deformations, the maximum interstory drift occurs between the 
third and fourth levels: Oxe = 04e 03e = 0.482 in. 
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In this example, the stability check will be performed for the third level. This checks the 
stability of the columns supporting the third level. The story drift between the second and 
third levels is <he - 02e = 0.365 in. 

Solution: 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W24x76 
hf = 8.99 in. 

Reduced beam section (RBS) connections are used at the frame beam-to-column connec
tions and the flange cut will reduce the stiffness of the beam. Figure 4-10 of Example 4.3.3 
illustrates the design of the RBS geometry, and the flange cut on one side of the web is 
c = 2 in. Section 5.8, Step 1, of ANSI/AISC 358 states that the calculated elastic drift, based 
on gross beam section properties, may be multiplied by 1.1 for flange reductions up to 50% 
of the beam flange width in lieu of specific calculations of effective stiffness. Amplification 
of drift values for cuts less than the maximum may be linearly interpolated between 1.0 
and 1.1. 

For hf = 8.99 in., the maximum cut is: 

0.5(8.99 in.) = 4.50 in. 

Thus, the total 4-in. cut is: 

( 4·00 in. \100% = 88.9% of the maximum cut
l 4.50 in. J 

The calculated elastic drift needs to be amplified by 8.89% (say, 1.09 amplification). 

Drift Check 

From an elastic analysis of the structure that includes second-order effects, the maximum 
interstory drift occurs between the third and fourth levels. The effective elastic drift is: 

Oxe = 04e -03e 

= 0.482 in. 
Oxe RBS = l.09oxe 

= 1.09(0.482 in.) 
= 0.525 in. 

Per the AISC Seismic Provisions Section B 1, the design story drift and the story drift limits 
are those stipulated by the applicable building code. ASCE/SEI 7, Section 12.8.6, defines 
the design story drift, �, computed from Ox, as the difference in the deflections at the center 
of mass at the top and bottom of the story under consideration, which in this case is the 
third level: 
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� =
CdOxe 

le 
5½(0.525 in.) 

1.00 
= 2.89 in. 

MOMENT FRAMES 

(from ASCE/SEI 7, Eq. 12.8-15) 

From ASCE/SEI 7, Table 12.12-1, the allowable story drift at level x, �a, is 0.020hsx, where 
h,x is the story height below level x. Although not used in this example, �a can be increased 
to 0 .025hsx if interior walls, partitions, ceilings, and exterior wall systems are designed to 
accommodate these increased story drifts. ASCE/SEI 7, Section 12.12.1.1, requires for 
seismic force-resisting systems comprised solely of moment frames in structures assigned 
to Seismic Design Category D, E or F, that the design story drift not exceed �alp for any 
story. Determine the allowable story drift as follows: 

0.020hsx 

p p 

1.0 
= 3.00 in. > 2.89 in. o.k. 

The frame satisfies the drift requirements. 

Frame Stability Check 

ASCE/SEI 7, Section 12.8.7, provides a method for the evaluation of the P-� effects on 
moment frames based on a stability coefficient, 0, which should be checked for each floor. 
For the purposes of illustration, this example checks the stability coefficient only for the 
third level. The stability coefficient, 0, is determined as follows: 

0= PxAfe
VxhsxCd 

A floor = Aroqf

� (75 ft)( l20 ft) 

= 9 000 ft2 
, 

Dfloor = (9,000 ft2 )(85 psf)/(1,000 lb/kip) 

= 765 kips 

Droof = (9,000 ft2 )( 68 psf) /(1,000 lb/kip) 

= 612 kips 

Dwall = (175 lb/ft )[2 (75 ft+ 120 ft) ]/(1,000 lb/kip) 

= 68.3 kips per level 

(ASCE/SEI 7, Eq. 12.8-16) 
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Lfloor = (9,000 ft2 )(50 psf)/(1,000 lb/kip) 

= 450 kips 

Lroof = (9,000 ft2 )(20 psf)/(1,000 lb/kip) 

= 180 kips 

ASCE/SEI 7 does not explicitly specify load factors to be used on the gravity loads for 
determining Px, except that Section 12.8.7 does specify that no individual load factor need 
exceed 1.0. This means that if the combinations of ASCE/SEI 7, Section 2.3, are used, a 
factor of 1.0 can be used for dead load rather than the usual 1.2 factor used in the LRFD load 
combination, for example. This also means that the vertical component 0.2SDSD need not 
be considered here. Therefore, for this example, the load combination used to compute the 
total vertical load on a given story, Px, acting simultaneously with the seismic design story 
shear, Vx, is I.OD+ 0.5L based on ASCE/SEI 7, Section 2.3, including the 0.5 factor on L
permitted by Section 2.3, where Lis the reduced live load. Note that consistent with this, the 
same combination was used in the second-order analysis for this example for the purpose of 
computing the fundamental period, base shear, and design story drift. 

The total dead load in the columns supporting the third level, assuming that the columns 
support two floors of curtain wall in addition to other dead loads, is: 

l .OPD = 1.0[(612 kips)+2(765 kips)+2(68.3 kips)] 

= 2,280 kips 

The total live load in the columns supporting the third level is: 

0.5PL = 0.5 [ 2 ( 450 kips)+ (180 kips)] 

= 540 kips 

Therefore, the total vertical design load carried by these columns is: 

Px = 2,280 kips+ 540 kips 
= 2,820 kips 

The seismic design story between the second and third level, including the 9% amplification 
on the drift, is: 

L'>. = Cdbxe
le 

5½(1.09)(0.365 in.) 
1.00 

= 2.19 in. 

(ASCE/SEI 7, Eq. 12.8-15) 

From an elastic analysis of the structure, the seismic design story shear at the third level 
under the story drift loading using the equivalent lateral force procedure is ½ = 140 kips, 
and the floor-to-floor height below the third level is hsx = 12.5 ft. 
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Therefore, the stability coefficient is: 

0= PxAfe

VxhsxCd

(2,820 kips)(2.19 in.)(1.00) 

(140 kips)(12.5 ft)(l2 in./ft)(5½) 

= 0.0535 

MOMENT FRAMES 

(ASCE/SEI 7, Eq. 12.8-16) 

Because a second-order analysis was used to compute the story drift, 0 is adjusted as follows 
to verify compliance with 0max, per ASCE/SEI 7, Section 12.8.7.

e 0.0535 
I + 0 I+ 0.0535 

= 0.0508 

According to ASCE/SEI 7, if 0 is less than or equal to 0.10, second-order effects need not be 
considered for computing story drift. Note that this check illustrates that, per ASCE/SEI 7, 
second-order effects need not be considered for drift or member forces because 0 is less than 
0.10. However, per AISC Specification Chapter C, second-order effects must be considered 
in determining design forces for member design. 

Check the maximum permitted e 

The stability coefficient may not exceed 0max- In determining 0max, � is the ratio of shear
demand to shear capacity for the level being analyzed and may be conservatively taken 
as 1.0. 

0.5 
0max = �Cd 

:S; 0.25

0.5
---:S;0.25 
1 

= 0.0909 < 0.25 

The adjusted stability coefficient is less than the maximum: 

0.0508 < 0.0909 o.k. 

(ASCE/SEI 7, Eq. 12.8-17) 

The moment frame meets the allowable story drift and stability requirements for seismic 
loading. 

Comments: 

There are a total of six bays of SMF in this example. Considering the relative expense of 
SMF connections and because the drift and stability limits are met, it may be more cost
effective to reduce the number of bays to four and increase member sizes to satisfy the 
strength and stiffness requirements. 
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Example 4.3.2. SMF Column Strength Check 

Given: 

Refer to Column CL-1 on the first level in Figure 4-9. Determine the adequacy of the ASTM 
A992 W14 x 176 to resist the required loads. 

There is no transverse loading between the column supports in the plane of bending. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. The 
required strengths are determined by a second-order analysis including the effects of P-o

and P-!i with reduced stiffness as required by the direct analysis method. The governing 
load combination for shear that includes seismic load effects, with Ev and Eh incorporated 
from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Vu 
= (l.2+0.2SDs)D+pQE+0.5L Va

= (1.0+0.l4SDs)D+0.7pQE 

+0.2S = 22.4 kips 
= 32.0 kips 

AISC Seismic Provisions Section Dl .4a requires, with limited exceptions, that the over
strength seismic load (i.e., the seismic load multiplied by the overstrength factor, Q0) be 
used to calculate required column axial strength. Moment need not be combined simultane
ously with the overstrength seismic axial load in this case because there is no transverse 
loading between the column supports. The redundancy factor, p, and the overstrength factor 
need not be applied simultaneously. 

The governing load combination for axial strength that includes the overstrength seismic 
load, with Ev and Emh incorporated from ASCE/SEI 7, Section 12.4.3, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 0.5 Section 2.4.5: 
factor on L): 

Pu
= (1.2+0.2SDs )D+!.l0QE +0.5L Pa

= (1.0+0.l05SDs )D+0.525Q0QE 

+0.2S + 0.75L + 0.75S
= 249 kips = 218 kips 

The governing load combination for axial and flexural strength that includes seismic load 
effects, with Ev and Eh incorporated from ASCE/SEI 7, Section 12.4.2, is: 
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LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Pu = (l .2+0.2SDs )D+pQE Pa = (1.0+0.105SDs )D+0.525pQE 

+0.5L+0.2S +0.75L+0.75S
= 243 kips = 214 kips 

Mu = (1.2 + 0.2SDs )D + pQE Ma = (1.0 + 0.105SDs) D + 0.525pQE 

+0.5L+0.2S + 0.75L + 0.75S

Mu top = 125 kip-ft Ma top = 67.0 kip-ft 

Mu bot = -298 kip-ft Mabot = 158 kip-ft 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu

= 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Column 
W14x176 
A = 51.8 in.2

fJ = 1.31 in. 
Ix

= 2,140 in.4

Iy = 838 in.4

Beam 
W24x76 
Ix

= 2,100 in.4

d = 15.2 in. 
kdes = 1.91 in. 
Sx = 281 in.3

ry = 4.02 in. 

Column Element Slenderness 

fw = 0.830 in. 
bJi2fJ= 5.97 
rx = 6.43 in. 

bf = 15.7 in. 
hftw = 13.7 
Zx = 320 in.3

AISC Seismic Provisions Section E3.5a requires that the stiffened and unstiffened elements 
of SMF columns satisfy the requirements of Section D l .  l for highly ductile members. 
From the AISC Seismic Provisions Table D 1.1, for flanges of highly ductile members: 

= 0_32 29,000 ksi
1.1(50 ksi) 

=7.35 
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1c = bjl2t1 
= 5.97 < AhJ 

Therefore, the flanges satisfy the requirements for highly ductile elements. 

The limiting width-to-thickness ratio for webs of highly ductile members is determined as 
follows from AISC Seismic Provisions Table D 1.1 using the governing load case for axial 
load, including the overstrength seismic load, as stipulated in AISC Seismic Provisions

Section D 1.4a: 

LRFD 

0.90(1.1)(50 

= 0.0971 

Because Ca � 0.114: 

1.8 in.2

= 2.57 29,000 ksi 
[1 1.04(0.0971)] 

1.1(50 ksi) 

= 53.1 

C _ QcPa a-
Py 

1.67 Pc, 
R

y
F

y
A

g 

= 0.128 

ASD 

Because Ca > 0.114: 

AhJ = 0.88� E (2.68-Ca) '2: 1.57 � E 
R

y
F

y 
R

y
F

y 

= 0.88 29, 000 ksi (2.68-0.128)
1.1(50 ksi) 

> 1.57 29,000 ksi 
- 1.1(50 ksi)

= 51.6 > 36.1 

Therefore: 

AhJ = 51.6 

Therefore, because A = hltw = 13.7 < AhJ, the web satisfies the requirements for highly 
ductile elements. 

Alternatively, Table 1-3 in this Manual can be used to confirm that members satisfy the 
requirements for highly ductile members. 

Effective Length Factor 

The direct analysis method in AISC Specification Section C3 states that the effective length 
factor, K, of all members is taken as unity unless a smaller value can be justified by rational 
analysis. Therefore, 

Kx = 1.0 K
y

= 1.0 
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Available Compressive Strength 

Using AISC Manual Table 6-2, with Le = 14 ft, the available compressive strength of the 
W14 x 176 column is: 

LRFD ASD 

<pcPn = 2,050 kips> 249 kips o.k.
Pn = 1,360 kips> 218 kips o.k.

QC 

Available Flexural Strength 

Using AISC Manual Table 6-2, with Lb = 14 ft, the available flexural strength of the 
W14 x 176 column is: 

LRFD ASD 

<pbMnx = 1,200 kip-ft> j-298 kip-ftj o.k.
Mnx = 798 kip-ft> j-158 kip-ftj o.k.

Qb 

Combined Loading 

Check the interaction of compression and flexure using AISC Specification Section H 1.1, 
and the governing load case for combined loading. 

LRFD 

P,. 

Pc: 2,050 kips 
=0.119  <0.2 

Therefore, use AISC Specification 
Equation HI- lb: 

Pr +[Mrx + Mry]<I.O
2Pc Mex Mey

-

+ �--�+o <l.O0.119  
(
1-298 kip-ftl 

J 2 1,200 kip-ft -

0.308 < l.O o.k.

Available Shear Strength 

ASD 

P,. 

Pc· 1 ,360 kips 
= 0.157 < 0.2 

Therefore, use AISC Specification 
Equation H 1-1 b: 

Pr +[Mrx + Mry 
J < l.O

2Pc Mex Mey
-

0.157 + �--�+oJ ::::: 1.o2 798 kip-ft 
0.276 < 1.0 o.k.

Using AISC Manual Table 6-2 for the W14x 176 column: 

The W14 x 176 is adequate to resist the loads given for Column CL-1. 
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Comment: 

The beam and column sizes selected were based on a least-weight solution for drift control; 
thus, the column size is quite conservative for strength. 

Example 4.3.3. SMF Beam Strength Check 

Given: 

Refer to Beam BM-1 in Figure 4-9. Determine the adequacy of the ASTM A992 W24 x 76 
to resist the required loads. The beam end connections utilize the reduced beam section 
(RBS) prequalified in accordance with ANSI/AISC 358 and shown in Figure 4-10. Also, 
design the lateral bracing for the beam using ASTM A36 angles. Assume that the beam 
flanges are braced at the columns. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. The 
required strengths at the face of the column and the centerline of the RBS are determined 
by a second-order analysis including the effects of P-8 and P-f.. with reduced stiffness as 
required by the direct analysis method. 

The governing load combination for the required flexural and shear strength at the face of 
the column is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Mu = (1.2 +0.2Sos )D+ pQE Ma
= (1.0+ 0.14Sos )D+0.7pQE 

+0.5L+0.2S = -136 kip-ft 
= -273 kip-ft 

Vu = (1.2 +0.2Sos )D+pQE Va = (1.0+ 0.I4S0s )D+0.7pQE 
+0.5L+0.2S = 22.8 kips 

= 33.8 kips 

The governing load combination for the required flexural strength at the centerline of the 
RBS is: 

LRFD ASD 

Mu =(1.2+0.2Sos)D+pQE Ma
= (l.0+0.I4Sos )D+0.7pQE 

+ 0.5L+0.2S = -168 kip-ft 
- 246 kip-ft -

The required shear strength at the RBS is not given because the shear at the face of the 
column is greater than at the RBS centerline and the available shear strength is the same at 
each location because the web is not modified by the RBS cut. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4-50 MOMENT FRAMES 

Solution: 

From AISC Manual Table 2-4, the beam material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi 

From AISC Manual Table 1-1, the beam geometric properties are as follows: 

W24x76 
d = 23.9 in. 
kdes = 1.18 in. 
Zx = 200 in.3

RBS Dimensions 

tw = 0.440 in. 
b1!2ff = 6.61 
ry = I.92 in. 

hf = 8.99 in. 
hltw = 49.0 
h0 = 23.2 in. 

ff = 0.680 in. 
Sx= 176 in.3

According to the requirements of ANSI/AISC 358, Section 5.8, Step 1, the designer must 
choose a section that satisfies specified dimensional constraints. For this example, trial 
values of a, b and c are chosen as shown in Figure 4-10. Example 4.3.6 demonstrates that 
these dimensions are acceptable. Other dimensions that satisfy the requirements of ANSI/ 
AISC 358 could have been selected. Dimensions that satisfy the following dimensional 
constraints may still require adjustment to satisfy all of the requirements of ANSI/ AISC 
358, Section 5.8. 

Face of I 

column
� 

C = 2 in. 

I 

2/3b=12in. 

b=18in. 

T 5½ in. 

W24x76 
beam 

Fig. 4-10. Initial RBS detail for Examples 4.3.3 and 4.3.6. 
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0.5bbf S a S 0.75bbf 

0.65d S b S 0.85d 

O.lbbf Sc S 0.25bbf

Check Beam Element Slenderness 

(ANSI/AISC 358, Eq. 5.8-1) 

(ANSI/AISC 358, Eq. 5.8-2) 

(ANSI/AISC 358, Eq. 5.8-3) 

AISC Seismic Provisions, Section E3.5a, requires that the stiffened and unstiffened elements 
of SMF beams satisfy the requirements of AISC Seismic Provisions Section D 1.1 for highly 
ductile members. 

ANSI/AISC 358, Section 5.3.1, permits calculation of the width-to-thickness ratio for the 
flanges based on a value of ht not less than the flange width at the ends of the center two
thirds of the reduced section provided that gravity loads do not shift the location of the 
plastic hinge a significant distance from the center of the RBS. Assuming this is the case 
here, the RBS radius of cut from ANSI/AISC 358, Figure 5.1, and the dimensions given in 
Figure 4-10 is: 

4c2 +b2 
R=- - -

8c 
4(2 in.)2 +(18 in.)2 

8(2 in.) 
= 21.3 in. 

At the edge of the center two-thirds of the RBS, the reduced flange width is, from geometry: 

bf,RBs = 2(R c)+bf-2�R2 -(¾f (2-3) 

( ) ( ) ( )2 ( 18
3
in. )

2 
= 2 21.3 in. -2 in. + 8.99 in. 2 21.3 in. 

= 6.72 in. 

A - bf.RBS 
f - 2t 

f

6.72 in. 
2 ( 0.680 in.) 

=4.94 

From AISC Seismic Provisions Table D 1.1, the limiting flange width-to-thickness ratio for 
highly ductile members is: 

'Ahd =0.32� E 
RyFy 

= 0_32 29,000 ksi
J. 1(50 ksi)

=7.35
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Because Af < Ahd, the flanges satisfy the requirements for highly ductile members. 

Alternatively, from AISC Manual Table 1-1, for the W24x76, btl2tr= 6.61 < A1,d at the 
unreduced section. The preceding calculations are not required if the unreduced section 
meets the requirements for highly ductile members. 

From AISC Seismic Provisions Table DI.I, for webs of rolled I-shaped sections used as 
beams or columns, recognizing that Ca

= Puf(<tJPn) is assumed to be zero because no axial 
force is present for the beam, the limiting width-to-thickness ratio is: 

A1,d = 2.57� E
R

y
F

y 

= 2_57 29,000 ksi
1.1 ( 50 ksi) 

=59.0 

Because A= h!tw = 49.0 < A1,d, the web satisfies the requirements for highly ductile members. 

Alternatively, using Table 4-2 of this Manual, it can be seen that a W24 x 76 will satisfy the 
width-to-thickness requirements for an SMF beam because Pu = 0 kips :S: P,, max = 286 kips 
(LRFD) and Pa = 0 kips :S: Pa max = 190 kips (ASD). 

Spacing of Lateral Bracing 

AISC Seismic Provisions Section Dl.2b requires that both flanges be laterally braced at 
intervals not to exceed: 

0.095ryEj(Ry
F

y ) = 0.095(1.92 in.)(29,000 ksi)/[1.1(50 ksi)(I2 in./ft)]

= 8.01 ft 

Alternatively, using Table 4-2 for a W24 x 76, it can be seen that Lb max is equal to 8.01 ft. 

The composite concrete and metal deck diaphragm provides continuous lateral support to 
the top flange of the beam; however, the only lateral supports for the bottom flange occur at 
the end connections. Therefore, a bottom flange brace must be provided at least every 8.01 
ft. The distance between column centerlines is 30 ft. If three braces are provided along the 
length, the unbraced length of the beam, Lb, would be: 

Lb = (30 ft)/4 
= 7.50 ft< 8.01 ft 

Therefore, provide lateral bracing of the bottom flange at 7.50-ft intervals. 

Available Flexural Strength 

Check the available flexural strength of the beam (including the reduced section) as stipu
lated in ANSI/ AISC 358, Section 5.8, Step 1. 

First, check the unbraced length using AISC Manual Table 6-2: 

L
p 

= 6.78 ft Lr
= 19.5 ft 
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Therefore, L
p 

<Lb < L,. 

This suggests that bracing must be provided more closely than 7.50 ft on center to develop 
M

p 
in the frame beam but, as discussed in the following, recognizing that Ch > 1.0 helps 

establish that M
p 

can be developed with bracing intervals further apart than 6.78 ft. 

When designing an RBS connection, it is assumed that the flexural strength of the member 
at the reduced section will control the flexural strength of the beam. According to AISC 
Specification Section F2, where Lb � L

p
, beam strength is controlled by M

p
. When the RBS 

section is proportioned and located according to the provisions of ANSI/AISC 358, the 
flexural strength of the RBS will control beam strength, and this assumption does not need 
to be verified. In these cases, the flexural strength of the unreduced section is limited by 
M

p = Fy
Zx, and the flexural strength of the reduced beam section will be M

pRSS = Fy
ZRsS, 

where ZRss is the plastic section modulus at the center of the reduced beam section, as 
defined in ANSI/AISC 358, Equation 5.8-4, and Zx is the plastic section modulus of the unre
duced beam section. However, in cases where Lb > L

p
, which is the case in this example, 

the assumption will have to be verified. Note that as a practical matter, the typical value of 
Ch is greater than 1.0 for moment-frame beams and when the limits imposed by the AISC 
Seismic Provisions on unbraced length are considered, lateral-torsional buckling typically 
will not reduce the flexural strength of the unreduced section below M

p
. 

For the unreduced section, from AISC Specification Section F2, with compact flanges 
and web and L

p 
< Lb � L,, the applicable flexural strength limit states are yielding and 

lateral-torsional buckling. For the limit state of yielding and lateral-torsional buckling, the 
following equation applies: 

C _ l 2.5Mmax
b- 2.5Mmax +3MA +4Ms +3Mc

(Spec. Eq. F2-2) 

(Spec. Eq. F l-1) 

If bracing is provided at 7.50 ft on center, there are four unbraced segments along the beam, 
although the two segments on each side of the beam midspan are symmetric, assuming 
that the seismic load case on the beam is considered. The moment diagram from the elastic 
analysis has an approximately constant slope such that the values of Mmax, MA , Ms and Mc

can be obtained by proportioning the moment diagram shown in Figure 4-11. This approxi
mation assumes that the impact of gravity load is such that it does not significantly influence 
the shape of the moment diagram resulting from lateral load. 

For the exterior segments of the beam, where M is the moment at the end of the beam: 

Mmax =M 
MA =1'1/sMI 
Ms =l¾MI 

Mc =l51sMI 
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C 
_ 12.SM

b - 2.5M+3(½M)+4t¾M)+3(¾M) 

= 1.25 

For the interior segments of the beam: 

Mmax =½M 
MA =l¾MI 

Ms =l¼MI 

Mc =1 1/sMI 

12.S(½M)
Cb 

- - -- - - - -� -- - - - --- 2.5(½M)+3(¾M)+4(¼M)+3(1/sM)
= 1.67

MOMENT FRAMES 

The available flexural strength of the beam end segment is determined in the following. 
The end segment is the governing case because the ratio of Cb values for the exterior and 
interior segments is less than the ratio of the maximum moments for the segments. From 
AISC Specification Section F2.2, for the limit states of yielding and lateral-torsional buck
ling, with L

p 
< Lb :'S: Lr:

where 
Mp = F

y
Zx 

( 50 ksi) ( 200 in. 3 )
(12 in./ft) 

= 833 kip-ft 

L/4 L/4 

L/4 .. 1 

Fig. 4-11. Moment diagram for Beam BM-I. 
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0.7( 50 ksi )( I 76 in.3)
0.7Fy

Sx = 
( ) I 2 in./ft 

= 513 kip-ft 

For the end segment: 

M,
1 
= 1.25[833 kip-ft (833 ki -ft 513 ki -ft)(7-50 ft-6·78 ft

) p p 
l19.5 ft 6.78 ft 

= 1,020 kip-ft 

Therefore, Mn = M
p 

= 833 kip-ft because Mn cannot be greater than Mp
, regardless of the 

value of Cb, and bracing may be provided at 7.50 ft on center to achieve M
p
. 

Plastic Section Modulus at the Center of the RBS 

At the centerline of the reduced beam section, using ANSI/AISC 358, Section 5.8, the plastic 
section modulus is: 

ZRBS = Zx 2ctbf(d tbf) (ANSI/AISC358,Eq. 5.8-4) 

= 200 in.3 -2(2 in.)(0.680 in.)(23.9 in.-0.680 in.)

= 137 in.3

Available and Required Flexural Strength at Centerline of 

RBS and Face of Column 

As determined previously, the nominal flexural strength is the plastic moment of the beam, 
M

p
. At the centerline of the RBS, the nominal and available flexural strengths are: 

Mn = FyZRBS 

(50 ksi)(l37 in.3)
( 12 in./ft) 

= 571 kip-ft 

LRFD 

<l>bMn = 0.90(571 kip-ft) 
= 514 kip-ft> 246 kip-ft o.k.

ASD 

Mn 571 kip-
--

Qb 1.67 
= 342 kip-ft> 168 kip-ft 
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At the face of the column, the available flexural strength is: 

LRFD ASD 

<!lMn = <!lbMp Mn - Mp 
Qb 

= 0.90(833 kip-ft) 833 kip-
= 750 kip-ft> 273 kip-ft o.k.

-

1.67 
= 499 kip-ft> 136 kip-ft o.k.

Available Shear Strength 

Using AISC Manual Table 6-2 for the W24x76 beam: 

LRFD ASD 

<!lv V11 = 315 kips > 33.8 kips o.k.
Vn = 210 kips> 22.8 kips o.k.

Qv 

The W24x76 is adequate to resist the loads given for Beam BM-1. 

Comments: 

The preceding flexural check could have been conservatively made using the required 
strength at the face of the column compared to the available strength at the centerline of the 
RBS. This approach might be useful if there is uncertainty regarding the geometry of the 
RBS, particularly the values of a and b, because these are needed to determine the location 
of the RBS centerline. 

Lateral Bracing 

According to the AISC Seismic Provisions Section Dl .2b, which references AISC Speci

fication Appendix 6, the required strength of point lateral bracing away from an expected 
plastic hinge location is determined from AISC Specification Appendix 6 as follows: 

Pb,-= 0.02[M,.Cd)ho

where 
Ry = 1.1 from AISC Seismic Provisions Table A3. l 
Cd= 1.0 

According to AISC Seismic Provisions DI .2a. I (b ), Equation D 1-1 : 

LRFD ASD 

M,. = RyFyZ /a, M,. = RyFyZ/as

(Spec. Eq. A-6-7) 

= 1.1 ( 50 ksi )( 200 in.3 )/1.0 = 1. I (50 ksi)( 200 in.3 )/1.5

= 11,000 kip-in. = 7,330 kip-in.
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The required brace force using AISC Specification Equation A-6-7 is:

LRFD ASD 

Puhr = 
0.02(11,000 kip-in.)(1.0)

p -
0.02(7,330 kip-in.)(1.0)

23.2 in. 
= 9.48 kips 

ahr - 23 2 . 
. Ill. 

= 6.32 kips 

The length of the brace is assumed to extend from the centerline of the bottom flange of the
W24x76 SMF beam to the centerline of the top flange of the adjacent gravity beam. The
size of the adjacent gravity beam is unknown, but assume for this calculation that the flange
thickness is the same as the W24 x 76. The center-to-center spacing of the beams is 12.5 ft,
as indicated in Figure 4-8. Therefore, the length of the brace is approximately: 

�[(12.5 ft)(l2 in./ft)]2 

+(23.9 in.-0.680 in.)2 

L=�----------------
( 12 in./ft) 

= 12.6 ft

From AISC Manual Table 4-12 for eccentrically loaded single angles with the eccentricity
equal to or less than 0.75 times the angle thickness, try a L5x5xo/16 with K = 1.0. For
ASTM A36, the available axial strength of the single angle is found through interpolation
using Le = KL= 12.6 ft. 

LRFD ASD

<PcP,, = 22.9 kips> 9.48 kips o.k. = 14.9 kips> 6.32 kips o.k.

QC 

By reference from AISC Seismic Provisions Sections Dl.2a and Dl.2b, the minimum stiff
ness for lateral bracing is determined from the AISC Specification Appendix 6. The kicker
brace selected in this example is considered a point brace. Assuming a rigid brace support,
from AISC Specification Equations A-6-Sa and A-6-Sb, the required brace stiffness is: 

LRFD

� = _!_( lOMrCd)hr <j) L h b 0 

I -
IO (11,000 kip-in.)( 1.0)

- --

0.75 (7.50 ft)(l2 in./ft)(23.2 in.)

= 70.2 kip/in.

ASD

�hr = n(IOMrCd)
Lhho 

=2.00
10(7,330 kip-in.)(1.0)

(7.50 ft)(l2  in./ft)(23.2 in.)

= 70.2 kip/in.

The stiffness of the LS x 5 x 5/i6 brace, with A = 3.07 in.2, in the horizontal plane is:

AE 
k =-cos2 0

L 
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e -1 [23.2 in.-0.680 in.J = tan 
(12.5 ft)(12 in./ft) 

= 8.54° 

(3.07 in.2 )(29,000 ksi) 
k = � --�- - -- -cos2 8.54° 

( 12.6 ft)( 12 in./ft) 

= 576 kip/in. > 70.2 kip/in. o.k.

MOMENT FRAMES 

ASTM A36 L5 x 5 x o/16 kickers will be provided to brace the beam bottom flange at a spac
ing of 7.50 ft. The brace at midspan can be designed in a similar manner with Cd = 2.0 
because it is the brace closest to the inflection point. 

Note that because this connection features a prequalified RBS moment connection supporting 
a concrete structural slab, according to ANSI/AISC 358, Section 5.3.1(7), the slab plus the 
typical lateral stability bracing provides sufficient stability so that additional bracing adjacent 
to the plastic hinges is not required, provided that shear connectors are provided at a maximum 
spacing of 12 in. (but omitted in the RBS protected zone). 

Comment: 

In addition to checking that the beam available flexural strength is greater than the required 
flexural strength from code-specified load combinations at the center of the RBS, the maxi
mum probable moment, M

pr, at the column face needs to be checked against the expected 
moment strength of the unreduced beam section. This will be done in Example 4.3.6. 

Example 4.3.4. SMF Beam Stability Bracing 

Design-Equal Depth Beams 

The following example illustrates the design of stability bracing for special moment frame 
Beam BM-1 in Figure 4-9. 

The framing plan in Figure 4-8 shows no infill beams framing to the SMF beams. In 
Example 4.3.3, the steel framing is connected to the structural concrete slab providing 
lateral bracing to the top flange of the beam; the bottom flange is assumed to be braced for 
stability with lateral brace angles. 

For the purposes of a design example that provides a torsional brace for stability bracing, 
it is assumed that the steel framing is not connected to the structural slab with steel shear 
connectors. Instead, W24 x 76 infill beams are used to provide stability bracing to the SMF 
beams. 

The framing plan, floor loading, and other analysis and design parameters are given in the 
SMF Design Example Plan and Elevation section. Parameters pertinent to this example are 
repeated here for convenience. 
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Given: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

Plate Material 
ASTM A572 Grade 50 
Fy = 50 ksi 
Fu = 65 ksi 

Beams 
ASTM A992 
Fv = 50 ksi 
Fu = 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

SMF Beam and Infill Beams 
W24x76 
d = 23.9 in. 
Ix = 2,100 in.4

h0 = 23.2 in. 

Column 
W14x176 
d = 15.2 in. 

fw = 0.440 in. 
Zx = 200 in.3

bf = 8.99 in. 
fy = 82.5 in.4

fJ = 0.680 in. 
ry = 1.92 in. 

See Figure 4-8 for original framing plan without infill beams. Refer to Beam BM-2 in Figure 
4-12 of this example, which shows the revised framing plan with infill beams.

The SMF beam that frames between column lines 3 and 4 along column line D at the second 
level is the beam considered in this example. Figure 4-13 shows a sketch of the torsional 
brace beam-to-beam connection used for the brace adjacent to the plastic hinge location 
(see Figure 4-12). 

Figure 4-14 shows the plan and elevation view of the bolted flange plate (BFP) connection 
designed in Example 4.3.7 using ANSI/AISC 358, Chapter 7. The type of beam-to-column 
connection that is used is important as the extent of the protected zone of the SMF beam is 
a function of the type of beam-to-column connection employed. 

Solution: 

Beam Brace Spacing and Location 

ANSI/AISC 358, Section 7.3.1 (7), requires a brace located at a distanced to 1.5d (where d
represents the beam depth) from the bolt line farthest from the face of the column but not 
within the protected zone, pz. For a BFP connection, the extent of the protected zone from 
the face of the column is Sh + d, where Sh is the distance from the face of the column to 
the bolt line farthest from the column. See ANSI/ AISC 358, Figure 7 .1, and Figure 4-14 of 
this example. 

Sh =Si +(n-l)s 

=4½in.+(7 1)(3 in.) 

= 22.5 in. 
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pz =S1i +d 

= 22.5 in.+ 23.9 in. 
= 46.4 in. 

The total distance from the column centerline to the edge of the protected zone includes half 
the depth of the column, de, as follows: 

de 
PZrotal = PZ + l 

_46 4. 15.2 in.- . In.+- --
2 

= 54.0 in. 

This dimension for the protected zone is shown in Figure 4-12 as 4 ft 6 in. 

, 

T'-*'t-' -----------�'ff'-------------H+-''�� - 'CY , ,  .. · · �
5'-0" 3@6'-8"=20'-0" 5'-0" 

----1-..-------+------------f------j---

*(brace adjacent 
BFP Example\ � to plastic hinge) - 0 

r- -----------\� _ _,
1
,__ 

__ co _ ___ co __ __ �x,___ -r rl, 12 I"- a., I"- a., ' -

N 

� �j �j � 
I\ s s ;;--- s ;;--- s 

, , SFRS I_L_ SFRS y � 
t-,-1,rtt---'----,WC":""":::2:--:4-x=75:::-------,tfti, __ "�

1

--.,w:=;;2;.-,4;-:x.;;;,7,;s-6---'----4Hi:-?; ······--�
I 4'-6� BM-2 4'-6" 

: --I- \ Protected zone of 
11

1------

1-
@ 

BFP connection -1
30'-0" 

0 
* ANSI/Al SC 358, Section 7 .3.1 (7), requires supplemental bracing to
be located within a distance of d to 1.5d from the bolt line farthest 
from face of the column. AISC Seismic Provisions Section 01 .2b 
provides a maximum spacing of lateral braces. These two 
requirements are satisfied with the spacing shown for the lateral 
braces (W24x76 infill beams). 

Fig. 4-12. Level 2 -partialframing plan. 
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Thus, the brace adjacent to the plastic hinge must be located within the distance from the 
face of the column equal to: 

dmin = pz 
= 46.4 in. 

dmax = sh + 1.5d 
= 22.5 in.+ 1.5( 23.9 in.) 
= 58.4 in. 

The braces nearest the plastic hinges are located at a distance from the face of the column 
equal to: 

dsR = (5 ft)(I2 in./ft)- de
2 

= 60.0 in. 

= 52.4 in. 

_,..-
¼ 
¼ 

15.2 in. 
2 

er 
I 

6¾" 11------1
I 

I 

1¾" 

I

: 4D 1�N'f, I ('I) 

:· � 
· -+•-·-·

I 
18 

I 
: • t I 

W24x76 

PL½" fitted plate (A572 Gr. 50) 
with (7) 3/s" dia. Group B, 
thread condition N, 
bolts in std. holes 

Fig. 4-13. Torsional brace for SMF beam; grid coordinate 3/D, level 2.
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3'-10½" 
protected zone, typ. 

6@3" 
... ... 

23/s"x1 ½" clip, typ. 

PL 1Ysx6x1'- %" 
continuity plate 

(A572 Gr. 50), typ. 

(a) Plan

3'-10½" 
protected zone, typ. 

Cy 
I I 

MOMENT FRAMES 

PL½" doubler plate 
(A572 Gr. 50), NS/FS. 

PL 1 Ys" cont. plate 
(A572 Gr. 50), typ. 
PL½" doubler plate 
(A572 Gr. 50), NS/FS. 

W24x76 

PL3/sx5x1'-3" (A572 Gr. 50) 
with 3/s'' dia. Group B, thread 
condition N, bolts in std. holes 

W24x76 

W14x176� 

typ. (%) 

i========:::c::::::::::'::':":.":.� �::��si lb_.k
.__."t_,"':_"':._""

..__"" ... """--"--'�=======d 

(14) W' dia. Group A,J \_ W24x76 
thread condition X, 2½" demand critical, typ. 
bolts in std. holes, -·e-1-i. •.... � 

< 5½" gage, typ. ············· Fill valley, see Note 3

PL 1 ½x9x2'-0¼" 
(A572 Gr. 50), typ. 

1. Class A faying surfaces
2. All bolts pretensioned in accordance

with AISC Specification Table J3.1
3. Do not weld doubler plate in region

of continuity plate clip

(b) Elevation

Fig. 4-14. BFP connection details; grid coordinate 3/D, level 2 
( see Example 4.3. 7). 
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Checking that dsR is within d and 1.5d from the farthest bolt line, but not within the plastic 
hinge: 

46.4 in. < dsR = 52.4 in.< 58.4 in. o.k.

The maximum spacing of lateral braces is given in AISC Seismic Provisions Section Dl.2b as: 

Lb = 0.095r
y
E/(R

y
F

y
) 

= 0.095(1.92 in.)(29,000 ksi)/[1.1(50 ksi)] 

= 96.2 in. 

The spacing of the intermediate lateral braces is 6 ft 8 in. = 80 in. < 96.2 in.; therefore, the 
intermediate spacing requirement is acceptable. 

Type of Brace 

The steel floor supports a structural slab but is not connected to the slab with steel shear 
connectors. Furthermore, ANSI/AISC 358, Section 7.3.1(7), requires bracing to be provided 
to both the top and bottom flanges of the moment frame beam. AISC Seismic Provisions

Section D 1.2c.1 (a) permits a torsional brace in lieu of bracing both flanges. Therefore, given 
that the brace-to-beam connection is made between equal depth beams, torsional bracing 
will be provided. 

Connection Design Loads 

Load Case A: Gravity Only 
The governing ASCE/SEI 7 load combination for gravity load is: 

LRFD ASD 
Load Combination 2 from ASCE/SEI 7, Load Combination 2 from ASCE/SEI 7, 
Section 2.3.1: Section 2.4.1: 
I.2D+ I.6L D+L 

The tributary width of the W24 x 76 adjacent to the plastic hinge is: 

TW = (5 ft+6.67 ft)/2 
= 5.84 ft 

The required uniformly distributed gravity load for Load Case A is: 

LRFD 
Load Combination 2 from ASCE/SEI 7, 
Section 2.3.1: 

(5.84 
.2(85 psf) 

+ 1.6(50
Wu=---�----� 1,000 lb/kip 

= 1.06 kip/ft 

ASD 
Load Combination 2 from ASCE/SEI 7, 
Section 2.4.1: 

= 0.788 kip/ft 
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The required shear strength at the end of the brace for Load Case A is: 

LRFD ASD 
Load Combination 2 from ASCE/SEI 7, Load Combination 2 from ASCE/SEI 7, 
Section 2.3.1: Section 2.4.1: 

½, = (1.06 kip/ft)(12.5 ft)/2 Va = (0.788 kip/ft)(12.5 ft)/2 
= 6.63 kips = 4.93 kips 

Load Case B: Gravity plus Seismic 
The governing ASCE/SEI 7 load case for gravity plus seismic load effects, incorporating Ev

and Eh from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(1.2+0.2SDS )D+0.5L ( l.O + 0.105SDS )D + 0.75L

= [1.2 + 0.2(1.0)]D + 0.5L = [1.o+o.105(1.o)]D+0.75L 

= l .4D+0.5L = l .11D+0.75L

The required uniformly distributed gravity load for Load Case B is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(5.84 ft) 
1.4(85 psf) 

(5.84 ft) 
l.11(85 psf)

+ 0.5 ( 50 psf) +0.75(50 psf)
Wu=

(1,000 lb/kip) Wa = (1,000 lb/kip) 

= 0.841 kip/ft = 0.770 kip/ft 

The required shear strength at the end of the brace for Load Case B is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 
Vu

= (0.841 kip/ft)(12.5 ft)/2 Va
= (0.770 kip/ft)(12.5 ft)/2 

= 5.26 kips = 4.81 kips 
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Determining the Torsional Brace Moment 

The required torsional moment to be resisted by the brace is given by AISC Seismic 
Provisions Section D1.2c.l(b) and is a function of the expected flexural strength of the SMF 
beam. For the W24 x 76 SMF beam, the required strength of the torsional brace is: 

LRFD ASD 

Mu = 0.06R
y
F

y
Z /as Ma

= 0.06R
y
F

y
Z/a, 

= 0.06(1. l )( 50 ksi)( 200 in.3 )/1.0 = 0.06(1.1 )( 50 ksi )( 200 in.3 )/1.5 

= 660 kip-in. = 440 kip-in. 

Design Loads for Brace-to-Beam Connection 

Load Case A: Gravity Only 

LRFD ASD 

Va = 4.93 kips 

Load Case B: Gravity plus Seismic 

LRFD ASD 

Vu = 5.26 kips Va = 4.81 kips 
Mu = 660 kip-in. Ma = 440 kip-in. 

Approximate Shear and Moment on Brace Connection Bolt Group 

Load Case A: Gravity Only 
RefeJTing to Figure 4-13, the distance from the weld line to the bolt group is e = 6¾ in. The 
bolt group must resist the following forces: 

LRFD ASD 

Vu = 6.63 kips Va = 4.93 kips 
Mu = (6.63 kips)(6¾ in.) Ma = ( 4.93 kips)( 6¾ in.) 

= 44.8 kip-in. = 33.3 kip-in. 

Load Case B: Gravity plus Seismic 
Referring to Figure 4-13, the distance from the weld line to the bolt group is e = 6¾ in. The 
bolt group must resist a moment equal to M + Ve in addition to the shear force determined 
as follows: 

LRFD ASD 

v,, = 5.26 kips Va = 4.81 kips 
M' 

u = 660 kip-in. + ( 5 .26 kips) ( 6¾ in.) M' 
a = 440 kip-in.+ ( 4.81 kips)( 6¾ in.) 

= 696 kip-in. = 472 kip-in. 
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The approximate shear on the bolt group, with an eccentricity of e = 6¾ in., is: 

LRFD ASD 

R� = 
696 kip-in. 

R� = 
472 kip-in. 

6¾ in. 6¾ in. 
= 103 kips = 69.9 kips 

The bolt group will be designed to resist these shear forces acting at an eccentricity of 6¾ in. 

Note that the approach taken here in determining the demand on the bolt group uses an 
approximate shear associated with the calculated moment and given eccentricity. A more 
accurate approach would instead use the actual shear and moment to calculate an equivalent 
eccentricity. However, this eccentricity may then fall outside of AISC Manual Table 7-6, as 
is the case in the following calculation. Using an approximate demand is conservative and 
is done to demonstrate a method when the eccentricity on the bolt group, e, is larger than 
the tabulated values provided in the AISC Manual tables. 

If one has the resources to compute the coefficient C using the instantaneous center of rotation 
(ICR) method, this would be the more accurate approach. The eccentricity, M/V, on the bolt 
group is: 

LRFD ASD 

M' 
e=-u 

M� 
e=-

½, Va 

696 kip-in. 472 kip-in. 
- -
- -

5.26 kips 4.81 kips 

=132 in. = 98.1 in. 

From ICR calculations: C = 0.256. From ICR calculations: C = 0.345. 

The limit state check using this calculated coefficient C is presented later in this example 
in the "Single-Plate Shear Connection" checks as a comparison to the approximate method 
used here. 

Summary of Connection Design Forces 

LRFD ASD 

Load Case A: Load Case A: 

½, = 6.63 kips Va = 4.93 kips 

M
u 

= 44.8 kip-in. M
a = 33.3 kip-in. 
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LRFD ASD 

Load Case B: Load Case B:

Vu = 5.26 kips Va = 4.81 kips 

R' 
u 

= 103 kips R' a 
= 69.9 kips 

M� = 696 kip-in. M� = 472 kip-in. 

Considering both Load Cases A and B, Load Case B will govern the design of the connec
tion. The following calculations consider the design loads for Load Case B only. 

The single-plate shear connection is designed as an extended single-plate shear connection 
ignoring that the plate is fitted between the support beam flanges. The weld of the connection 
plate to the support beam flanges is sized based on the couple induced by the torsional 
brace moment, Mur or Mar· The bolt group is designed based on the approximate shear on 
the bolt group, R� or R�, as calculated previously. Figures 4-15a and 4-15b show the free 
body diagram of the actual forces acting on the connection plate and the approximate shear, 
R� or R�, for which the connection is designed. 

� �

I 6¾" 

�29.4k;p, 
/ ' 

I 6¾" .. .. 

I 
I/ 

N 
N 

' 

I 0 

� I 0 ..- 5.261 ips ..-

- -- ·

�
..-
..-

0 

J-· 

I 5.26 kips ' 
0 

I 
I

0 

I 0 

''\..____! 

29.4 kips 

696 kip-in. 

Free body diagram of actual forces 

I 0 

-

..-

N 103 k ps 0 

I 
696 kip-in. 

J_ 
103 kips 

0 -
N 

..- 0 

0 

' 

Approximate shear, R�

Fig. 4-l 5a. Free body diagram of forces acting on connection plate-LRFD.
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Check Flexural Strength of Brace 

The flexural strength of the W24 x 76 brace is: 
Mn =FyZx 

= ( 50 ksi) ( 200 in. 3 ) 
= 10,000 kip-in. 

LRFD 

<!>hMn = 0.90(10,000 kip-in.) 
= 9,000 kip-in.> 660 kip-in. o.k.

Determine the Required Brace Stiffness 

MOMENT FRAMES 

(Spec. Eq. F2-l )  

ASD 

Mn 10,000 kip-in. --

Qb 1.67 
= 5,990 kip-in. > 440 kip-in. o.k.

AISC Seismic Provisions Section D l .2c. l ( c) references AISC Specification Appendix 6 for 
the required brace stiffness. For this evaluation, Cd = 1.0, and the required flexural strength, 
Mr, is taken as the expected plastic flexural strength of the SMF beam. 

� 

I 6¾" 

I 
I/ \ ---

0 I 0 

� 0 472 kip-in. ..--..-- 4.81 ips 
(\J 69.9 ips 0 

<D 

472 kip-in. 

---- -� N 
-- -----{ &-- -� 

N 4.81 kips Beam 
0 

69.9 kipb Beam 

� 
0 ..--..-- ..--

(\J 

0 

0 0 

"-----1 

Free body diagram of actual forces Approximate shear, R;. 

Fig. 4-1 Sb. Free body diagram of forces acting on connection plate-ASD. 
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Referring to AISC Specification Appendix 6, Section 6.3.2a, the required flexural stiffness 
of the beam is: 

A _ Pr 
f-'br -

1 Pr /Psec 

where Pr and Psec are: 

Pr = 

1 2.4L ( Mr )2 
(LRFD) 

<P nElyeff l Cb

Pr = Q 
2.4L ( M

.
r )2 

(ASD) 
nElyeff l Cb

A . 
= 

3.3E [ 1.5h,itl + fstb.? )f-'sec h 12 12 
() 

(Spec. Eq. A-6-10) 

(Spec. Eq. A-6-1 la) 

(Spec. Eq. A-6-llb) 

(Spec. Eq. A-6-12) 

According to AISC Seismic Provisions Equation D 1-6 the required flexural strength is: 

LRFD ASD 

Mr= RyFyZ/a, Mr =RyFyZ/a, 

= 1.1( 50 ksi )( 200 in.3 )/1.0 = 1.1(50 ksi)(200 in.3 )/1.5 

= 11,000 kip-in. = 7,330 kip-in. 

The overall brace system required stiffness, Pr, is: 

LRFD ASD 

Pr =
2.4( 30 ft) ( 12 in./ft) 3.00(2.4)(30 ft)(l2 in./ft) 

0.75(4)(29,000 ksi)(82.5 in.4)
Pr =

4 (29,000 ksi)(82.5 in.4)

X (11,000 kip-in. r
1.0 

x(7,330 kip-in-r
1.0

= 14,600 kip-in./rad = 14,600 kip-in./rad 

The web distortional stiffness, Psec, is: 

3.3(29,000 ksi) 1.5(23.2 in.)(0.440 in.)3 +(½ in.)(8¼ in.)3

Psec = 
23.2 in. 12 

= 97,500 kip-in./rad 

Note that because the connection plate is approximately full depth, bs is assumed as the full 
width of the connection plate. 
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Therefore, the required flexural stiffness of the brace bearn, Pbr, for both LRFD and ASD is: 

p _ 14,600kip-in./rad 
hr -

(I -¼t�iit�:=�:::��:: J
= 17,200 kip-in./rad 

Given the brace is rotationally restrained at one end and simply supported at the other end, 
the brace will deflect in single curvature. The available flexural stiffness of the brace is: 

Pb
= 

3El
L 

3(29,000 ksi)(2,100 in.4) 
(12.5 ft)(12 in./ft) 

= 1,220,000 kip-in./rad > 17,200 kip-in./rad o.k. 

Single-Plate Shear Connection 

Shear strength of one bolt 

For ¾-in.-diarneter Group B bolts with threads not excluded frorn the shear plane (thread 
condition N) in standard holes in single shear, frorn AISC Manual Table 7-1, the bolt shear 
strength is: 

LRFD 

<j>r,1 
= 30.7 kips/bolt 

Bearing strength of one bolt on beam web 

Frorn AISC Manual Table 7-4: 

LRFD 

<j>r,1 = ( 102 kip/in.)( 0.440 in.) 
= 44.9 kips/bolt 

Bearing strength of one bolt on plate 

Frorn AISC Manual Table 7-4: 

LRFD 

<l>rn = (102 kip/in.)(½ in.)
= 51.0 kips/bolt 

ASD 

rn = 20.4 kips/bolt
Q 

ASD 

rn = ( 68.3 kip/in.) ( 0.440 in.)
Q 

= 30.1 kips/bolt 

ASD 

r,, = (68.3 kip/in.)(½ in.) 

= 34.2 kips/bolt 
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Tearout strength of one bolt on plate 

From AISC Specification Table J3.3 for 1/s-in.-diameter bolts in standard holes, the hole 
diameter is 15/i6 in. 

r,
1 
= I .5lctFu

= 1.5[1 V2 in. - ½( 11/i6 in.) ](V2 in.) ( 65 ksi) 

= 50.3 kips/bolt 

LRFD 

<pr
11 =0.75(50.3 kips/bolt) 
= 37.7 kips/bolt 

rn 
Q 

(Spec. Eq. J3-6d) 

ASD 

50.3 kips/bolt 
2.00 

= 25.2 kips/bolt 

The bolt shear strength controls for bolts in both the single plate and the beam web. 

Available strength of bolt group 

Using AISC Manual Table 7-6 with Angle= 0°, n = 7 bolts, ex
= 7 in., ands= 3 in., the 

C-value is 4.13. The bolt group strength is:

LRFD ASD 

<j)Rn = (30.7 kips/bolt)(4.13 bolts) Rn = (20.4 kips/bo1t)(4.13 bolts)
Q 

= 127 kips> 103 kips o.k. = 84.3 kips> 69.9 kips o.k.

Note that if the value of C calculated using the actual shear and moment is used, the inelastic 
bolt shear strength as presented previously is: 

LRFD ASD 

<j)Rn = ( 30. 7 kips/bolt) ( 0.256 bolt) Rn = ( 20.4 kips/bolt)( 0.345 bolt)
Q 

= 7.86 kips> 5.26 kips o.k. = 7.04 kips> 4.81 kips o.k.

Maximum plate thickness 

Because the connection plate is fitted between the supporting beam flanges, and the supported 
member is not a simple beam expected to endure simple beam end rotation, the maximum 
plate thickness required by the extended single-plate connection design procedure is not 
applicable here. 

Shear yielding of plate 

Rn = 0.60F
y
A

gv

= 0.60(50 ksi)(½ in.)(21 in.) 
= 315 kips 
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LRFD ASD 

<!>Rn= 1.00(315 kips) Rn -
315 kips 

- -

1.50 
= 315 kips> 5.26 kips o.k. = 210 kips> 4.81 kips o.k.

Shear rupture of plate 

Rn = 0.60F,1Anv 
= 0.60( 65 ksi)(½ in.)[ 21 in. - 7 (15/i6 in.+ ½6 in.)] 

= 273 kips 

LRFD 

<!>Rn =0.75(273 kips) Rn 273 kip 
- -

2.00 

ASD 

= 205 kips> 5.26 kips o.k. = 137 kips> 4.81 kips 

(Spec. Eq. J4-4) 

o.k.

Interaction of shear yielding, shear buckling and flexural yielding of the plate 
This check is analogous to the local buckling check for doubly coped beams as illustrated 
in AISC Manual Part 9. From AISC Specification Section Fl 1, where the unbraced length 
for lateral-torsional buckling, Lb, is taken as the distance from the first column of bolts to 
the supporting column flange and Cb is conservatively taken as 1.0: 

Lb 

Lbd 
t2 

0.08£ 
F

y 

I.9E 

F
y 

=6¾ in. 
(6¾ in.)(21 in.) 

(½ inf 
=567 

0.08(29,000 ksi) 
50 ksi 

= 46.4 
1.9(29,000 ksi) 

50 ksi 
= 1,100 

0.08E I.9E 
Because -- < < 

F
y 

t2 F
y 

Mn = Cb [1.52 0.274( ��d J 1 ]My:::; Mp
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where 
Mp = FyZ 

( 
.
)
(½ in.)(21 in.)2 

= 50 ks1 � -� -�
(Spec. Eq. F l  1-1) 

= 2,760 kip-in.
= FyS 

( 
.
)
(½in.)(21 in.)2 

= 50 ks1 -'---'-'---'--
= 1,840 kip-in.

and 

Mn = 1.0rl .52-0.274( 567)( 
50 ksi 

. Jj(l ,840 kip-in.) :S 2,760 kip-in. 
l 29,000 ksi) 

= 2,300 kip-in.< 2,760 kip-in. 

Therefore, Mn = 2,300 kip-in. and the available flexural strength is: 

LRFD ASD 

<pbMn = 0.90(2,300 kip-in.) Mn -
2,300 kip-in. 

-

Qb 1.67 
= 2,070 kip-in.> 696 kip-in. o.k. = 1,380 kip-in.> 472 kip-in. o.k.

From AISC Manual Equation l0-5: 

LRFD 

� + � <1.0[ r [ r <pvVn <pbMn -

[ 
5.26 kips r + [ 

696 kip-in. r < 1.0
315 kips 2,070 kip-in. -

0.113 < 1.0 o.k. 

Flexural rupture of plate 

From AISC Manual Equation 9-4: 

ASD 

l n�:a r +[ n::" r :S 1.0

[ 
4.81 kips r 472 kip-in '2 

210 kips + 1,380 kip-in.
:S 1.0 

0.118 < 1.0 o.k.

(Manual Eq. 9-4) 

where 
Znet = 37.0 in.3 from AISC Manual Table 15-3 

and 
Mn

= (65 ksi)(37.0 in.3) 
= 2,410 kip-in.
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The available flexural rupture strength of the plate is: 

LRFD ASD 

<!JbM11 = 0.75(2, 410 kip-in.) M,, 2 , 410 kip-in. 
Qb 2.00 

= 1,810 kip-in.> 696 kip-in. o.k. = 1,210 kip-in.> 472 kip-in. o.k.

Interaction of shear rupture and flexural rupture of plate 

From AISC Manual Equation 10-5: 

LRFD 

� + � <1.0 [ r [ r <\lvVn <\lbMn -

[ 5.26 kips r + [ 696 kip-in. r < 1.0 
205 kips 1,810 kip-in. -

0.149<1.0 o.k.

Torsion on plate due to lap eccentricity 

ASD 

[QvVa r +[QbMa r �1.0 
Vn Mn

[ 4.81 kips r + [ 472 kip-in. r < 1.0 
137 kips 1 ,210 kip-in. -

0.153 < 1.0 o.k.

Per Thornton and Fortney (201 l), the torsional strength of the connection is: 

LRFD 

[ Ru J 
lt� 

Mt,u � <\lv 0,6Fyp -- -
ltp 2 

2R; (tw + tP )bf+ 
(<\lbFyb)Lta 

1.00 ( 0.6) ( 50 ksi) 
< 103 kips 

(21 in.)(½ in.) 

X 

(21 in.)(½ inf 
2 

2(103 kips)2(0.440 in.+½ in.) 

x(8.99 in.) 
+ 

0.90(50 ksi)(12.5 ft) 

x(l2 in./ft)(0.440 inf 

� 190 kip-in. 

ASD 

[ 
0.6Fyp M < t, a - QV 

Ra J
lt� 

ltp 2 

< 

Qb2R; (tw + tp )bf+ 
2 FybLtw 

0.6(50 ksi) 
1.50 

69.9 kips 
(21 in.)(½ in.) 

X 

(21 in.)(½ inf 
2 

1.67(2)(69.9 kips)2 

x(0.440 in.+½ in.)(8.99 in.) 
+ 

( 50 ksi )(12.5 ft) 

x (12 in./ft )( 0.440 inf 

� 130 kip-in. 
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LRFD ASD 

Mt,
u 

=R�(tw+tp)/2 Mt,a = R� (tw +tp )/2 

= (103 kips)(0.440 in.+½ in.)/2 = ( 69.9 kips)( 0.440 in.+½ in.)/2 
= 48.4 kip-in.< 190 kip-in. o.k.

Weld of connection plate to support web 

From AISC Manual Equations 8-2a and 8-2b: 

LRFD 

Dreq'd 
-

Ru 
-

(1.392 kip/in.)! 
103 kips 

-

-

2(1.392 kip/in.)(21 in.) 
= l.76 sixteenths 

= 32.9 kip-in. < 130 kip-in. 

ASD 

D 
Ra 

req'd = 
(0.928 kip/in.)! 

69.9 kips 
-

-

2(0.928 kip/in.)(21 in.) 
= 1.79 sixteenths 

From AISC Specification Table 12.4, the minimum fillet weld size is 3/!6 in. 

Use ¼-in. double-sided fillet welds to connect the plate to the support web. 

o.k.

Note that the single-plate shear connection design procedure requires that the connection 
plate-to-support weld be a minimum size of (5/s)t. This ductility requirement is not required 
at moment connections. 

Weld of connection plate to support flange 

From AISC Manual Equations 8-2a and 8-2b, and the required loads given in Figures 4-15a 
and 4-15b: 

LRFD 

D 
, - Ru 

req d - ( 1.392 kip/in.) l
29.4 kips 

-

-

2(1.392 kip/in.)(3.00 in.) 
= 3.52 sixteenths 

ASD 

D 
Ra 

req'd = 
(0.928 kip/in.)! 

19.5 kips 
-

2(0.928 kip/in.)(3.00 in.) 
= 3.50 sixteenths 

From AISC Specification Table 12.4, the minimum fillet weld size is 3/16 in. 

Use ¼-in. double-sided fillet welds to connect the plate to the support flange. 

Shear rupture on support web 

From AISC Specification Table 12.5 and Section 14.2, the available shear rupture strength 
of the support beam web is determined as follows: 
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Rn = 0.60FuAnv 
= 0.60(65 ksi)(21 in.)(0.440 in.)(2 welds) 
= 721 kips 

LRFD 

<j)R
11 

= 0.75(721 kips) Rn

= 541 kips > 103 kips o.k.

Block shear rupture on connection plate 

(Spec. Eq. 14-4) 

ASD 

721 kips 
--

2.00 
= 361 kips> 69.9 kips o.k.

The nominal strength for the limit state of block shear rupture relative to the shear load on 
the connection plate is: 

where 
A

gv = (½ in.)[1½ in.+6(3 in.)] 

= 9.75 in.2

A,u =(½ in.)[!½ in.-½(15!i6 in.+ 1/i6 in.)] 

= 0.500 in.2 

Anv = (½ in.)[1½ in.+6(3 in.)-6½(15/16 in.+ ½6 in.)] 

= 6.50 in.2

Ubs = 1.0 

and 

Rn = 0.60( 65 ksi )( 6.50 in.2) + 1.0( 65 ksi )( 0.500 in.2)

::; 0.60 ( 50 ksi )(9. 75 in.2) + 1.0 ( 65 ksi )( 0.500 in.2) 
= 286 kips< 325 kips 

Therefore: 

R11 = 286 kips 

(Spec. Eq. 14-5) 

The available strength for the limit state of block shear rupture on the plate is: 

LRFD ASD 

<j)R11 
= 0.75(286 kips) Rn -

286 kips 
-

2.00 
= 215 kips> 103 kips o.k. = 143 kips> 69.9 kips o.k.
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Shear at bottom of stiffener plate 

Rn = 0.60FyAgv 
= 0.60Fyf p (bf tw )/2

= 0.60(50 ksi)(½ in.)(8.99 in. 0.440 in.)/2 

= 64.1 kips 

LRFD 

<j>R
11 

= 1.00(64.1 kips) 
Rn 

-

-

ASD 

64.1 kips 
1.50 

= 64.J kips> 29.4 kips o.k. = 42.7 kips> 19.5 kips 

Brace Locations not Adjacent to the Plastic Hinge Location 

(Spec. Eq. J4-3) 

o.k.

Braces at these locations are analyzed and designed similar to that shown in this example 
problem with the exception that the torsional moment demand is calculated using the fol
lowing equation: 

Mb,-= 0.02M,. (from Spec. Eq. A-6-9) 

Example 4.3.5. SMF Beam Stability Bracing Design

Unequal Depth Beams 

The following example illustrates an alternate design of stability bracing for special moment 
frame Beam BM-I in Figure 4-9. 

The framing plan in Figure 4-8 shows no infill beams framing to the SMF beams. In 
Example 4.3.3, the steel framing is connected to the structural concrete slab providing 
lateral bracing to the top flange of the beam; the bottom flange is assumed to be braced for 
stability with lateral brace angles. 

For the purposes of a design example that provides a torsional brace for stability bracing, 
it is assumed that the steel framing is not connected to the structural slab with steel headed 
stud anchors. Instead, W18 x 46 infill beams are used to provide stability bracing to the 
SMF beams. 

The framing plan, floor loading, and other analysis and design parameters are given in the 
SMF Design Example Plan and Elevation section. Parameters pertinent to this example are 
repeated here for convenience. 

Given: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

Plate Material 
ASTM A572 Grade 50 
F

y 
= 50 ksi 

F11 = 65 ksi 
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Beams 
ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi 

MOMENT FRAMES 

From AISC Manual Table 1-1, the geometric properties are as follows: 

SMFBeam 
W24x76 

d = 23.9 in. 
Ix = 2,100 in.4

h0 = 23.2 in. 

Infill Beams 
W18x46 
d = 18.1 in. 
Zx = 90.7 in.3

Column 
W14x176 
d = 15.2 in. 
t1 = 1.31 in. 

tw = 0.440 in. 
Zx = 200 in.3

tw = 0.360 in. 

bf = 8.99 in. 
Iy = 82.5 in.4

br = 6.06 in. 

ff = 0.680 in. 
ry = 1.92 in. 

Ix = 712 in.4

See Figure 4-8 for the original framing plan without infill beams. Refer to Beam BM-3 in 
Figure 4-16 of this example, which shows the revised framing plan with infill beams. 

The SMF beam that frames between column lines 3 and 4 along column line D at the second 
level is the beam considered in this example. Figure 4-17 shows a sketch of the torsional 
brace beam-to-beam connection used for the brace adjacent to the plastic hinge location 
(see Figure 4-16). 

Figure 4-18 shows the plan and elevation view of the BFP connection designed in Example 
4.3.7 using ANSI/ AISC 358, Chapter 7. The type of beam-to-column connection that is used 
is important as the extent of the protected zone of the SMF beam is a function of the type 
of beam-to-column connection employed. 

Solution: 

Beam Brace Spacing and Location 

ANSI/AISC 358, Section 7.3.1(7), requires a brace located at a distanced to 1.5d (where d
represents the beam depth) from the bolt line farthest from the face of the column, but not 
within the protected zone, pz. For a BFP connection, the extent of the protected zone from 
the face of the column is Sh + d, where Sh is the distance from the face of the column to 
the bolt line farthest from the column. See ANSI/ AISC 358, Figure 7 .1, and Figure 4-18 of 
this example. 

Sh =Si +(n-l)s 

=4½in.+(7 1)(3 in.) 

= 22.5 in. 
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pz = S1i +d 

= 22.5 in.+ 23.9 in. 

= 46.4 in. 

The total distance from the column centerline to the edge of the protected zone includes half 

the depth of the column, de, as follows: 

de 

PZrotal = PZ + l 

_ 46 4 . 15.2 in. 
- . In.+- --

2 
= 54.0 in. 

This dimension for the protected zone is shown in Figure 4-16 as 4 ft 6 in. 

' , 

T'-tt't-' -----------;'tt"------------tt'-t-r'' '- �U 
1 o o  Ill 

•• \ ·� 3@6'-8"=20'-0" 5'-0" 5'-0" 
---l-----f-------------1-f----+---

*(brace adjacent 
BFP Example

\ 
� to plastic hinge) - 0 

r- ------------\--\ ---,(Or-'---�- ©--�-©--�--

-

? � 1 x u x u x 
co co� co� co 

\ � ..- .Cl ..- .Cl ..-

� s ;;-- s ;;-- s 
�,, 't------:-::-S�F

-=-
R

-'-=
S

:-:::--
___ --1-lE�'!!l----:-':-S

:':-
F

':--'
RS

-'::::--:::-
_ __,,_ttt.-?' ..... -@

' ' W24x76 � W24x76 

7
,_6 .. ' ' 

I __,_ -- BM-3 __,_ --

: : Protected zone of : 

1---------------� .... 

___ s_F_P _c_o_n_n _e _c _tio_ n____ .. j 

30'-0" 30'-0" 
cb @ @ 

*ANSI/AISC 358, Section 7.3.1(7) requires supplemental bracing to
be located within a distance of d to 1.5d from the bolt line farthest
from face of the column. AISC Seismic Provisions Section 01 .2b
provides a maximum spacing of lateral braces. These two
requirements are satisfied with the spacing shown for the lateral
braces (W24x76 infill beams).

Fig. 4- I 6. Level 2 -partial framing plan. 
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Thus, the brace adjacent to the plastic hinge must be located within the distance from the 
face of the column equal to: 

dmin = pz 
= 46.4 in. 

dmax =Sh+ I.5d 
= 22.5 in.+ 1.5 ( 23.9 in.) 

= 58.4 in. 

The braces nearest the plastic hinges are located at a distance from the face of the column 
equal to: 

dsR = (5 ft)(l2 in./ft) d,
2 

= 60 0 . _ 15.2 in .
. Ill. 

= 52.4 in. 

er 
I 

6¾" 3" l, ____ --i-----------1 ___ 

1½" 1 "x1" clip, typ. 

W24x76 

(')' -.-

¼typ. ¼ 

I -····-

I 

I 0 0 

I 
I 0 0 

I 
-+B-·-0-

I 
I 0 0 

I 
I 0 0 

R=½", typ. W18x46 

(') 

·@ 
·-·-·-·-·-·-

"<j" 

�.-

PL 1" fitted plate (A572 Gr. 50) 
with (10) 3/a" dia. Group B, 
thread condition N, 
bolts in std. holes 

Fig. 4-17. Torsional brace for SMF beam; grid coordinate 3/D, level 2. 
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3'-10½" 
protected zone, typ. 

6@3" 
.. ... 

23/s"x1 ½" clip, typ. 

PL1Ysx6x1'-%"
continuity plate

(A572 Gr. 50), typ. 

3 7½"
Y ---f-<cJP, typ. 

<cJP, typ. 

PL½" doubler plate 
(A572 Gr. 50), NS/FS.

W24x76 

(a) Plan

W24x76 

3'-10½" 
protected zone, typ. 

W14x176� 
typ) (%)�

2½" 

r 
I I 

(14) 3/s'' dia. Group A,
thread condition X, 
bolts in std. holes, 

5½" gage, typ. 
�·H+o-----+ 

PL 1 ½x9x2'-0¼" 
(A572 Gr. 50), typ. 

PL 1 Ys" cont. plate 
(A572 Gr. 50), typ. 
PL½" doubler plate 
(A572 Gr. 50), NS/FS. 
PL 3/sx5x1 '-3" (A572 Gr. 50) 
with 3/s" dia. Group B, thread 
condition N, bolts in std. holes 

W24x76
demand critical, typ. 

Fill valley, see Note 3 

1. Class A faying surfaces 
2. All bolts pretensioned in accordance

with AISC Specification Table J3.1 
3. Do not weld doubler plate in region

of continuity plate clip 

( b) Elevation

Fig. 4-18. BFP connection details; grid coordinate 3/D, level 2 

( see Example 4.3. 7). 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4-82 MOMENT FRAMES 

Checking that dsR is within d and 1.5d from the farthest bolt line, but not within the plastic 
hinge: 

46.4 in. < dsR = 52.4 in.< 58.4 in. o.k. 

The maximum spacing of lateral braces is given in AISC Seismic Provisions Section Dl.2b as: 

Lb = 0.095rvE / ( RyFv) 

= 0.095(1.92 in.)(29,000 ksi)/[1. 1(50 ksi)] 

= 96.2 in. 

The spacing of the intermediate lateral braces is 6 ft 8 in. = 80 in. < 96.2 in.; therefore, the 
intermediate spacing requirement is satisfied. 

Type of Brace 

The steel floor supp011s a structural slab but is not connected to the slab with steel shear 
connectors. Furthermore, ANSI/AISC 358, Section 7.3.1(7), requires bracing to be provided 
to both the top and bottom flanges of the moment frame beam. AISC Seismic Provisions

Section Dl.2c. l (a) permits a torsional brace in lieu of bracing both flanges. Therefore, given 
that the brace-to-beam connection is made between unequal depth beams using a fitted plate, 
torsional bracing will be provided. 

Connection Design Loads 

Load Case A: Gravity Only 
The governing ASCE/SEI 7 load combination for gravity load is: 

LRFD ASD 
Load Combination 2 from ASCE/SEI 7, Load Combination 2 from ASCE/SEI 7, 
Section 2.3. 1: Section 2.4.1: 
1.2D+ 1.6L D+L 

The tributary width of the W18 x 46 adjacent to the plastic hinge is: 

TW = (5 ft+6.67 ft)/2 
= 5.84 ft 

The required uniformly distributed gravity load for Load Case A is: 

LRFD 
Load Combination 2 from ASCE/SEI 7, 
Section 2.3.1: 

(5.84 
.2(85 psf) 

+ 1.6(50
Wu=---�----�1,000 lb/kip 

= 1.06 kip/ft 

ASD 
Load Combination 2 from ASCE/SEI 7, 
Section 2.4.1: 

Wa = ----------
1, 000 lb/kip 

= 0.788 kip/ft 
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The required shear strength at the end of the brace for Load Case A is: 

LRFD ASD 
Load Combination 2 from ASCE/SEI 7, Load Combination 2 from ASCE/SEI 7, 
Section 2.3.1: Section 2.4.1: 

½, = (1.06 kip/ft)(12.5 ft)/2 Va
= (0.788 kip/ft)(12.5 ft)/2 

= 6.63 kips = 4.93 kips 

Load Case B: Gravity plus Seismic 
The governing ASCE/SEI 7 load case for gravity plus seismic load effects, incorporating Ev

and Eh from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(1 .2 + 0.2SDS )D + 0.5L (1.0+0.105Svs )D+0.75L 

= [1.2 +0.2(1.o)]D + 0.5L = [1.o+o.105(1.o)]D+0.75L 

= l .4D+0.5L = 1.11D+0.75L 

The required uniformly distributed gravity load for Load Case B is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(5.84 ft) 
1.4(85 psf) 

(5.84 ft) 
1.11 ( 85 psf) 

+ 0.5 ( 50 psf) +0.75(50 psf)
Wu = 

1,000 lb/kip Wa = 1,000 lb/kip 
= 0.841 kip/ft = 0.770 kip/ft 

The required shear strength at the end of the brace for Load Case B is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

V
u

= (0.841 kip/ft)(12.5 ft)/2 Va
= (0.770 kip/ft)(l 2.5 ft)/2 

= 5.26 kips = 4.81 kips 
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Determining the Torsional Brace Moment 

The required torsional moment to be resisted by the brace is given by AISC Seismic

Provisions Section D1.2c.l(b) and is a function of the expected flexural strength of the SMF 
beam. For the W24 x 76 SMF beam, the required strength of the torsional brace is: 

LRFD ASD 

Mu = 0.06RyFyZ /as Ma
= 0.06RyFyZ/as

= 0.06(1.1 )( 50 ksi )( 200 in.3 )/1 .0 = 0.06 ( 1.1 )( 50 ksi )( 200 in.3) /1.5

= 660 kip-in. = 440 kip-in. 

Design Loads tor Brace-to-Beam Connection 

Load Case A: Gravity Only 

Load Case B: Gravity plus Seismic 

LRFD ASD 

Vu = 5.26 kips Va = 4.81 kips 
Mu = 660 kip-in. M

a 
= 440 kip-in. 

Approximate Shear and Moment on Brace Connection Bolt Group 

Load Case A: Gravity Only 
Referring to Figure 4-17, the distance from the weld line to the center of the bolt group is 
e = 8.25 in. The bolt group must resist the following forces: 

LRFD ASD 

Vu = 6.63 kips Va 
= 4.93 kips 

Mu= (6.63 kips)(8.25 in.) Ma
= (4.93 kips)(8.25 in.) 

= 54.7 kip-in. = 40.7 kip-in. 

Load Case B: Gravity plus Seismic 
Referring to Figure 4-17, the distance from the weld line to the bolt group is e = 8.25 in. 
The bolt group must resist a moment equal to M + Ve in addition to the shear force deter
mined as follows: 

LRFD ASD 

Vu = 5.26 kips Va 
= 4.81 kips 

M� = 660 kip-in.+ ( 5 .26 kips) ( 8.25 in.) M� = 440 kip-in.+(4.81 kips)(8.25 in.) 
= 703 kip-in. = 480 kip-in. 
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The approximate shear on the bolt group, with an eccentricity of e = 8.25 in., is: 

LRFD ASD 

R� =
703 kip-in. 

R;, =
480 kip-in. 

8.25 in. 8.25 in. 
= 85.2 kips = 58.2 kips 

The bolt group will be designed to resist these shear forces acting at an eccentricity of 8.25 in. 

Note that the approach taken here in determining the demand on the bolt group uses an 
approximate shear associated with the calculated moment and given eccentricity. A more 
accurate approach would instead use the actual shear and moment to calculate an equivalent 
eccentricity. However, this eccentricity may then fall outside of AISC Manual Table 7-7, as 
is the case in the following calculation. Using an approximate demand is conservative and 
is done to demonstrate a method when the eccentricity on the bolt group, e, is larger than 
the tabulated values provided in the AISC Manual tables. 

If one has the resources to compute the coefficient C using the ICR method, this would be 
the more accurate approach. The eccentricity, M/V, on the bolt group is: 

LRFD ASD 

M' 
e=-u M' 

e=-a 

Vu Va 

703 kin-in 480 kip-in. 
- -
- -

5.26 kips 4.81 kips 

= 134 in. = 99.8 in. 

From ICR calculations: C = 0.288. From ICR calculations: C = 0.387. 

The limit state check using this calculated coefficient C is presented later in this example 
in the "Single-Plate Shear Connection" checks as a comparison to the approximate method 
used here. 

Summary of Connection Design Forces 

LRFD ASD 

Load Case A: Load Case A: 

Vu = 6.63 kips Va = 4.93 kips 

M
u = 54.7 kip-in. M

a = 40.7 kip-in. 

Load Case B: Load Case B: 

Vu = 5.26 kips Va = 4.81 kips 

R' 
u 

= 85.2 kips R;, = 58.2 kips 

M� = 703 kip-in. M:, = 480 kip-in. 
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Considering both Load Cases A and B, Load Case B will govern the design of the connec
tion. The following calculations consider the design loads for Load Case B only. 

The single-plate shear connection is designed as an extended single-plate shear connec
tion ignoring that the plate is fitted between the support beam flanges. The weld of the 
connection plate to the support beam flanges is sized based on the couple induced by the 
torsional brace moment, Mur or Mar · The bolt group is designed based on the approximate 
shear on the bolt group, R� or R�, as calculated previously. Figures 4- l 9a and 4- l 9b show 
the free body diagram of the actual forces acting on the connection plate and the approxi
mate shear, R� or R� , for which the connection is designed. 

Check Flexural Strength of Brace 

The flexural strength of the W18 x 46 brace is: 
Mn = FyZx 

-----------

�
l!) ..-

= (so ksi)(90.7 in.3) 
= 4,540 kip-in. 

� 

I 6¾" 

!1 29.2 kips
\ 

I 0 

3" 

0 

5.26lkips o o 

--:t: I 
I 5.26 kips 

0 0 

,_ 

i 29.2 kips
8¼" ----------------------

703 kip-in. 

-
--1--� 

Beam

Free body diagram of actual forces 

(Spec. Eq. F2-l) 

� 

I 6¾" 3" 
1-----+----+---

I 
I,,---, 

"'las 2lk 
O 6 

� ti_:'_: 0a-- -·•-Be�mr--l I ss.2 kips · 
0 0 

Approximate shear, R� 

Fig. 4-19a. Free body diagram of forces acting on connection plate-LRFD. 
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LRFD ASD 

<!>hMn = 0.90(4,540 kip-in.) Mn - 4,540 kip-in. 
-

Qb 1.67 
= 4,090 kip-in.> 660 kip-in. o.k. = 2, 720 kip-in. > 440 kip-in. o.k.

Determine the Required Brace Stiffness 

AISC Seismic Provisions Section D l .2c. l ( c) references AISC Specification Appendix 6 for 
the required brace stiffness. For this evaluation, Cd = 1.0, and the required flexural strength, 
Mr, is taken as the expected plastic flexural strength of the SMF beam. 

Referring to AISC Specification Appendix 6, Section 6.3.2a, the required flexural stiffness 
of the beam is: 

where �T and �sec are: 

�T = 1 2.4L ( Mr )2 

(LRFD) 
<I> nElyeff l Cb 

6¾" 3"
............. .............. 

1
19.5 kips 

I 

4.811 

II 
I 

I 

I 

,.,..-----i 

0 0 

kips o o 

-:r: 4.81 kips 
0 0 

1 .,_ 

I 
19.5 kips

8¼"I 

-

480 kip-in. 

Free body diagram of actual forces 

(Spec. Eq. A-6-10) 

(Spec. Eq. A-6-1 la) 

6¾" 3"
.. .. ......... ....... _ 

1/-\ 

l 582 1 

0 0 

kips
-�

0 

1) 
� 

0 0 

58.2 kip I,
0 0 

480 kip-in. 

Beam 

,_ _

Approximate shear, R,( 

Fig. 4-19b. Free body diagram of forces acting on connection plate-ASD. 
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�T = Q 2.4L [Mr )2 (ASD) 
nElyeff Cb 

t b3 ) 
+ s;;' 

MOMENT FRAMES 

(Spec. Eq. A-6- l l b) 

(Spec. Eq. A-6-12) 

According to AISC Seismic Provisions Equation Dl -6, the required flexural strength is: 

LRFD ASD 

Mr = RyFyZ/as Mr = RyFyZ/as

= 1.1(50 ksi)(200 in.3 )/1.0 = 1.1(50 ksi)(200 in.3 )/1.5 

= 11,000 kip-in. = 7,330 kip-in. 

The overall brace system required stiffness, �T, is: 

LRFD ASD 

2.4(30 ft)(l2 in./ft) 3.00 ( 2.4) ( 30 ft) ( 12 in./ft) 
�T = �T =

0 .75(4)(29,000 ksi)(s2.5 in.4) 4(29,000 ksi)(s2.5 in.4)

X (
11,000 kip-in. r

1.0 

= 14,600 kip-in./rad 

The web distortional stiffness, �sec, is:

X (
7,330 kip-in. r

1 .0 

= 14,600 kip-in./rad 

3.3(29,000 ksi) 1.5(23.2 in.)( 0.440 in.)3 +(l in.)(4.25 in.)3

�sec = 23.2 in. 12 

= 27,400 kip-in./rad 

Note that because the connection plate is not full depth, bs is assumed as the width of the 
connection plate in contact with the moment frame beam flange. 

Therefore, the required flexural stiffness of the brace beam, �br, for both LRFD and ASD is:

� 
_ 14,600 kip-in./rad 

hr 
-[l 14,600 kip-in./rad

)27,400 kip-in./rad 
= 31,300 kip-in./rad 

Given the brace is rotationally restrained at one end and simply supported at the other end, 
the brace will deflect in single curvature. The available flexural stiffness of the brace is: 
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�b = 3EI

L 

3(29,000 ksi)(712 in.4) 
(12.5 ft)(l2 in./ft) 

= 413,000 kip-in./rad > 31,300 kip-in./rad o.k. 

Single-Plate Shear Connection 

Shear strength of one bolt 

For 1/s-in.-diameter Group B bolts with threads not excluded from the shear plane (thread 
condition N) in standard holes in single shear, from AISC Manual Table 7-1, the bolt shear 
strength is: 

LRFD 

<!>rn 
= 30.7 kips/bolt 

Bearing strength of one bolt on beam web 

From AISC Manual Table 7-4: 

LRFD 

cprn 
= (102 kip/in.)(0.360 in.) 
= 36. 7 kips/bolt 

Bearing strength of one bolt on plate 

From AISC Manual Table 7-4: 

LRFD 

cprn 
=(102 kip/in.)(1 in.) 
= 102 kips/bolt 

Tearout strength of one bolt on plate 

ASD 

rn = 20.4 kips/bolt 
Q 

ASD 

rn = (68.3 kip/in.)(0.360 in.) 
Q 

= 24.6 kips/bolt 

ASD 

rn = ( 68.3 kip/in.) ( 1 in.) 
Q 

= 68.3 kips/bolt 

From AISC Specification Table J3.3 for 1/s-in.-diameter bolts in standard holes, the hole 
diameter is 15/16 in. 

rn 
= 1.SlctFu 

= 1.5[1 ½ in. ½( 15ii6 in.)](! in.)(65 ksi) 

= 101 kips/bolt 
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LRFD ASD 

101 kip�/bolt 
<l>rn = 0.75(101 kips/bolt) --

Q 2.00 
= 75.8 kips/bolt = 50.5 kips/bolt 

The bolt shear strength controls for bolts in both the single plate and the beam web. 

Available strength of bolt group 

Using AISC Manual Table 7-7 with Angle= 0°, n = 5 bolts, ex
= 8.25 in., ands= 3 in., 

the C-value is 4.17. The bolt group strength is: 

LRFD ASD 

<!>Rn
= (30.7 kips/bolt)(4.17 bolts) 

Rn = ( 20.4 kips/bolt)( 4.17 bolts) 
Q 

= 128 kips> R� = 85.2 kips o.k. = 85.1 kips> R� = 58.2 kips o.k.

Note that if the value of C calculated using the actual shear and moment is used, the inelastic 
bolt shear strength with C values as presented previously is: 

LRFD ASD 

<!>Rn
= (30.7 kips/bolt)(0.288 bolt) 

Q 
= (20.4 kips/bolt)(0.387 bolt) 

= 8.84 kips> Ru = 5.26 kips o.k. = 7.89 kips> Ra
= 4.81 kips o.k.

Maximum plate thickness 

Because the connection plate is fitted between the supporting beam flanges, and the supported 
member is not a simple beam expected to endure simple beam end rotation, the maximum 
plate thickness required by the extended single-plate connection design procedure is not 
applicable here. 

Shear yielding of plate 

Rn = 0.60F
y
A

gv

= 0.60(50 ksi)(I in.)(15 in.) 

= 450 kips 

LRFD 

<!>Rn = 1.00( 450 kips) 

= 450 kips> 5.26 kips o.k.

ASD 

Rn 450 kips 
--

1.50 
= 300 kips > 4.81 kips 
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Shear rupture of plate 

Rn = 0.60FuAnv 

= 0.60(65 ksi)(l in.)[15 in. 5( 15/16 in.+ ½6 in.)] 

= 390 kips 

LRFD 

<!lRn = 0.75(390 kips) Rn 390 kips 
--

2.00 

AS D 

= 293 kips> 5.26 kips o.k. = 195 kips> 4.81 kips 

Interaction of shear yielding, shear buckling and 

flexural yielding of the plate 

(Spec. Eq. J4-4) 

o.k.

This check is analogous to the local buckling check for doubly coped beams as illustrated 
in AISC Manual Part 9. From AISC Specification Section Fl 1, where the unbraced length 
for lateral-torsional buckling, Lb, is taken as the distance from the first column of bolts to 
the supporting column flange and Cb is conservatively taken as 1.0: 

Lb =6¾ in. 

Lbd (6¾ in.)(15 in.) 
t2 (1 in.)2 

= 101 

0.08£ 0.08(29,000 ksi) 
F

y 
50 ksi 

=46.4 
l.9E 1.9(29,000 ksi) 
F

y 
50 ksi 

= l, 100 

B 0.08£ L1,d l .9E ecause - -< -
2
- < - - :

where 

F
y 

t F
y 

M
p 

=F
y
Z 

( 
·
) 
(1 in.)(15 in.)2 

= 50 ks1 ���-� 

= 2,810 kip-in. 
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=FyS 

( .)
(1 in.)(15 inf

= 50 ks1 ����-

= 1,880 kip-in. 

and 

M11 = 1.0[1.52 0.274(101)( 50 ksi
. Jj(l,880 kip-in.) :s; 2,810 kip-in. 

l29,000 ksi) 
= 2,770 kip-in.< 2,810 kip-in. 

Therefore, Mn = 2,770 kip-in., and the available flexur al strength is: 

LRFD 

�hMn = 0.90( 2,770 kip-in.) 
= 2,490 kip-in.> 703 kip-in. 

From AISC Manual Equation 10-5: 

LRFD 

� + � < 1.0 r r l r 
�;v;, �bMn -

o.k.

ASD 

Mn 2, 770 kip-in. 
Qh 1.67 

= 1,660 kip-in.> 480 kip-in. 

ASD 

[QvVa r +[QhMa r :s;l.O 
V,, Mn 

o.k.

( 5.26 kips r + ( 703 kip-in. r < 1.0 
450 kips 2,490 kip-in. -

( 4.81 kips r + ( 480 kip-in. r < 1.0 
300 kips 1,660 kip-in. -

0.0798 < 1.0 o.k. 0.0839 < 1.0 o.k.

Flexural rupture of plate 

Znet = ¾r[s -( dh + 1!i6 in.)l[n2 s + ( dh + 1/i6 in.)] (from Manual Eq. 15-4) 

= ¾(l in. )[3 in. -( 11/t6 in.+ 1/16 in.) J[ ( 5)2 
( 3 in.)+ ( 15!i6 in.+ 1/i6 in.)]

= 38.0 in.3

From AISC Manual Equation 9-4: 

= (65 ksi)(38.0 in.3)
= 2,470 kip-in. 
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LRFD ASD 

<l>bMn = 0.75(2, 470 kip-in.) Mn - 2,470 kip-in. 
-

Qb 2.00 
= 1,850 kip-in.> 703 kip-in. o.k.

= 1,240 kip-in.> 480 kip-in. o.k.

Interaction of shear rupture and flexural rupture of plate 

Using AISC Manual Equation 10-5: 

LRFD 

� + � <1.0 [ r [ r <!>vVn <pbMn -

[ 5.26 kips r + [ 703 kip-in. r < 1.0 
293 kips 1,850 kip-in. -

0.145 < 1.0 o.k.

Torsion on plate due to lap eccentricity 

ASD 

[ Q

;�a r +[ Q
�:ar �1.0

[ 4.81 kips r + [ 480 kip-in. r < 1.0 
195 kips 1,240 kip-in. -

0.150 < 1.0 o.k.

Per Thornton and Fortney (2011), the torsional strength of the connection is determined as 
follows: 

LRFD 

Mt,u � [ <!>v0.6Fyp 
Ru J

lt� 
ltp 2 

+ 
2R'f,(tw+tp )br

(<l>bFyb )Lta 

1.00(0.6)(50 ksi) 
< 85.2 kips 

(15 in.)(l in.) 

X 

(15 in.)(1 in.)2

2 

2(85.2 kips )2 ( 0.360 in.+ l in.) 

x(6.06 in.) 
+ 

0.90(50 ksi)(l2.5 ft) 

x(l2 in./ft)(0.360 in.)2 

� 319 kip-in. 

ASD 

[ 
0.6Fyp M < t,a _ Q 

V 

Ra J 
lt�

ltp 2 

+ 
Qb2Ri(tw+tp )br

FybLta 
0.6(50 ksi) 

< 1.50 
- 58.2 kips 

(15 in.)(l in.) 

X 

(15 in.)(1 in.)2

2 

1.67(2)(58.2 kips/ 

x ( 0.360 in.+ 1 in.) ( 6.06 in.) 
+ 

( 50 ksi) ( 12.5 ft) 

x(12 in./ft)(0.360 in.) 2 

� 217 kip-in. 
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LRFD ASD 

Mt,u = R� (tw + t
p 

)/2 Mt,a = R� (tw + t
p 

)/2 

= (85,2 kips)(0,360 in,+ l in.)/2 = ( 58.2 kips)( 0.360 in.+ l in.)/2 

= 57 .9 kip-in. < 319 kip-in. o.k.

Weld of connection plate to support web 

From AISC Manual Equations 8-2a and 8-2b: 

l = 23.9 in. -2(0.680 in.+ 1 in.) 

= 20.5 in. 

LRFD 

85.2 kips 
2(1.392 kip/in.)(20.5 in.) 

= 1.49 sixteenths 

= 39.6 kip-in.< 217 kip-in. 

ASD 

D - Ra 
req'd - (0.928 kip/in.)l

58.2 kips 
2(0.928 kip/in.)(20.5 in.) 

= 1.53 sixteenths 

From AISC Specification Table J2.4, the minimum fillet weld size is ½6 in. 

Use 1/4-in. double-sided fillet welds to connect the plate to the support web. 

o.k.

Note that the single-plate shear connection design procedure requires that the connection 
plate-to-support weld be a minimum size of (¼)t. This ductility requirement is not required 
at moment connections. 

Weld of connection plate to support flange 

Using AISC Manual Equations 8-2a and 8-2b: 

LRFD 

D - Ru
req'd - (1.392 kip/in.)l

29.2 kips 
-

-

2(1.392 kip/in.)(3.00 in.) 

= 3.50 sixteenths 

ASD 

D - Ra
req'd - ( 0.928 kip/in.)l

19.5 kips 
-

-

2(0.928 kip/in.)(3.00 in.) 

= 3.50 sixteenths 

From AISC Specification Table J2.4, the minimum fillet weld size is ½6 in. 

Use ¼-in. double-sided fillet welds to connect the plate to the supp011 flange. 
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Shear rupture on support web 

From AISC Specification Table 12.5 and Section 14.2, the available shear rupture strength 
of the support beam web is determined as follows: 

R11 = 0.60.F,,Anv 
=0.60(65 ksi)(20.5 in.)(0.440 in.)(2 welds) 
= 704 kips 

LRFD 

<j)Rn = 0.75(704 kips) Rn

= 528 kips> 85.2 kips o.k.

Block shear rupture on connection plate 

(Spec. Eq. 14-4) 

ASD 

704 kips 
2.00 

= 352 kips > 58.2 kips o.k.

The nominal strength for the limit state of block shear rupture relative to the shear load on 
the connection plate is: 

R
11 = 0.60FuAnv + Ub.,FuAnt :'S: 0.60FyAgv + Ub.,FuAnt 

where 
Agv =(l in.)[I½in.+4(3 in.)] 

= 13.5 in.2

A,11 =(l in.)[1½in.+3 in. 1½( 15!i6in.+lfi6in.)] 

= 3.00 in.2

A
11v =(l in.)[l ½in.+4(3 in.) 4 1/2( 151i6in.+1/16in.)] 

= 9.00 in.2

Ubs = 0.5 

and 
R,, = 0.60( 65 ksi)(9.00 in.2) + 0.5( 65 ksi )(3.00 in.2) 

:<S: 0.60(50 ksi)(13.5 in.2)+0.5(65 ksi)(3.00 in.2)

= 449 kips < 503 kips 

Therefore: 

Rn = 449 kips 
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The available strength for the limit state of block shear rupture on the plate is: 

LRFD 

<j)R11 
= 0.75( 449 kips) 
= 337 kips > 85.2 kips o.k.

Shear at bottom of stiffener plate 

Rn = 0.60FyAgv 

=0.60Fytp (bJ tw)/2 

Rn -

Q 

= 0.60(50 ksi)(l in.)(8.99 in. 0.440 in.)/2 
= 128 kips 

LRFD 

<j)R11 = 1.00(128 kips) Rn -

Q 
= 128 kips> 29.2 kips o.k.

Flexure at bottom of stiffener plate 

ASD 

449 kips --

2.00 
= 225 kips> 58.2 kips o.k.

(Spec. Eq. J4-3) 

ASD 

128 kips --

1.50 
= 85.3 kips> 19.5 kips o.k.

Check the flexural strength at the bottom of the stiffener: 

M11 = FyZ 

tp [(bf tw)/2]
2

=Fy
� -- -�� 

4 

( .)
(1 in.)[(8.99 in.-0.440 in.)/2]

2 

= 50 ks1 - - - - - - - - - --
4 

= 228 kip-in. 

LRFD 

<j)M11 = 0.90(228 kip-in.) Mn

Q 

= 205 kip-in. 

Mu = (29.2 kips)(61 \!i6 in.) Ma

= 195 kip-in.< 205 kip-in. o.k.

(Manual Eq. 15-2) 

ASD 

228 kip-in. --

1.67 
= 137 kips 
= (19.5 kips)(611/i6 in.) 
= 130 kip-in.< 137 kip-in. o.k.

The reduced section at the bottom flange will often control the required shear plate thickness. 
Options for reducing the shear plate thickness include adding a stiffener on the other side of 
the W24 x 76 beam or blocking the bottom flange of the W18 x 46 to allow the connection 
plate to be full depth. 
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Brace Locations not Adjacent to the Plastic Hinge Location 

Braces at these locations are analyzed and designed similar to that shown in this example 

with the exception that the torsional moment demand is calculated using the following 

equation: 

Mbr = 0.02Mr 

Example 4.3.6. SMF Beam-Column Connection 
Design-RBS 

(Spec. Eq. A-6-9) 

The SMF beam-column connection design presented in this example has been chosen to 

demonstrate the application of the design provisions for prequalified RBS connections in 

accordance with ANSI/AISC 358. This example demonstrates that the RBS geometry given 

in Figure 4-10 is satisfactory. Some of the results from this example are used in Example 

4.3.3. The geometry of an RBS connection is not unique and alternative configurations of 

the RBS geometry are possible. 

Given: 

Refer to Joint JT-1 in Figure 4-9. Design the connection between Beam BM-1 and Column 

CL- l using the reduced beam section (RBS) shown in Figure 4-10. All beams and columns

are ASTM A992 W-shapes. Use ASTM A572 Grade 50 plate material and 70-ksi elec

trodes. The gravity loads on the beam are:

WD = 0.840 kip/ft WL = 0.600 kip/ft 

Procedure: 

The procedure outlined in this example follows the order of the design procedure outlined in 

ANSI/AISC 358, Section 5.8. The term "Step n" indicates the actual step number in ANSI/ 

AISC 358, Section 5.8. The steps from ANSI/AISC 358 are augmented with some additional 

checks in this example. Some of the steps listed in Table 4-A are executed in detail in 

Example 4.3.3, the SMF beam strength check. Because ANSI/AISC 358 addresses LRFD 

only, the following procedure is also only defined for LRFD. 

In addition, panel-zone and bracing requirements are checked. 

Solution: 

From AISC Manual Table 2-4, the W-shape material properties are as follows: 

ASTM A992 

F
y 

= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Table 2-5, the plate material properties are as follows: 

ASTM A572 Grade 50 

F
y 

= 50 ksi 

Fu
= 65 ksi 
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Table 4-A 

RBS Design Procedure per 
ANSI/ AISC 358 

Check system limitations per Section 5.2. 

Check prequalification limits per Section 5.3. 

Step 1. 

Step 2. 

Step 3. 

Step 4. 

Step 5. 

Step 6. 

Choose trial values for the RBS dimensions a, band c. See also Example 4.3.3. 

Compute plastic section modulus, ZRss, at the center of RBS. See Example 4.3.3. 

Compute the probable maximum moment, Mpr , at the center of RBS. 

Compute the shear force at the center of the RBS at each end of beam. 

Compute the probable maximum moment, Mt, at the face of the column. 

Compute the plastic moment, Mpe, of the beam based on expected yield stress. 

MOMENT FRAMES 

Step 7. Check that moment at the face of the column, Mt, does not exceed available strength, �dMpe, 

Step 8. Determine the required shear strength, Vu , of beam and beam web-to-column connection. 

Step 9. Design the beam web-to-column connection per Section 5.6. 

Step 10. Check continuity plate requirements per Chapter 2. 

Step 11. Check column-beam relationship limitations according to Section 5.4. 

Check the column panel zone according to Section 7.4. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Column 
W14x176 
A = 51.8 in.2

tJ = 1.31 in. 

Beam 
W24x76 
A = 22.4 in.2

tf = 0.680 in. 

d = 15.2 in. 
kdet = 2¾ in. 

d = 23.9 in. 
Zx = 200 in.3

tw = 0.830 in. 
k1 = l¾ in. 

tw = 0.440 in. 
ry = 1.92 in. 

System Limitations per ANSI/A/SC 358, Section 5.2 

bf = 15.7 in. 
Zx = 320 in.3

hf = 8.99 in. 

The frame is a special moment frame and the RBS connection is prequalified for SMF and 
IMF systems. 

Prequalification Limits per ANSI/A/SC 358, Section 5.3 

Check beam requirements 

The W24x76 beam satisfies the requirements of ANSI/AISC 358, Section 5.3. l ,  as a rolled 
wide-flange member, with depth less than a W36, weight less than 300 lb/ft, and flange 
thickness less than I. 7 5 in. The clear span-to-depth ratio of the beam is at least 7 as required 
for an SMF system: 
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(360 in.-15.2 in.) 
Clear span/depth = � -- - -� > 7 

23.9 in. -

=14.4>7 o.k. 

The beam also satisfies the maximum width-to-thickness ratios for the flange, measured at 
the edge of the center two-thirds of the RBS, and the web specified by ANSI/AISC 358, 
Section 5.3.1 (6), as shown in Example 4.3.3. 

Beam lateral bracing must be provided in conformance with the AISC Seismic Provisions.

This beam supports a concrete structural slab that is connected between the protected zones 
with welded shear connectors spaced at a maximum of 12 in. Consequently, according to 
the Exception in Section 5.3.1(7) of ANSI/AISC 358, supplemental lateral bracing is not 
required at the reduced section. Minimum spacing between the face of the column and 
the first beam lateral support and minimum spacing between lateral supports is shown in 
Example 4.3.3. 

The protected zone consists of the portion of the beam between the face of the column 
and the end of the reduced beam section farthest from the face of the column. Figure 5.1 
of ANSI/AISC 358 shows the location of the protected zone. This information should be 
clearly identified on the structural design drawings, on shop drawings, and on erection 
drawings. 

Check column requirements 

The W14 x 176 column satisfies the requirements of Section 5.3.2 as a rolled wide-flange 
member, with the frame beam connected to the column flange and with a column depth less 
than a W36. 

The column also satisfies the maximum width-to-thickness ratios for the flanges and the web 
specified by Section 5.3.2(6), as shown in Example 4.3.2. 

Column lateral bracing must conform to the requirements of the AISC Seismic Provisions.

Section E3.4c allows the use of a strong-column weak-beam ratio (AISC Seismic Provisions

Equation E3-I) greater than 2.0 to show that a column remains elastic outside of the panel 
zone at restrained beam-to-column connections. If it can be demonstrated that the column 
remains elastic outside of the panel zone, Section E3.4c. l requires the column flanges to be 
braced at the level of the beam top flanges only. With a column-beam moment ratio of 1.72 
in this example (see calculations following), the column cannot be assumed to remain elastic, 
and bracing is required at both the top and bottom flanges of the beam. Column flange 
bracing at these locations may be provided by continuity plates and a full-depth shear plate 
between the continuity plates at the connection of the girder framing into the minor axis of 
the column. 

ANSI/AISC 358 provides only an LRFD design procedure for the RBS connection; there
fore, the RBS connection must be designed using LRFD, even in the case where ASD 
was used for the remainder of the design. The following calculations illustrate the LRFD 
procedure. 
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Step 1. Choose Trial Values for the RBS Dimensions a, b and c 

The dimensions of the RBS cut will be determined so that the RBS has sufficient strength to 
resist the flexural loads prescribed by the building code and so that the probable maximum 
moment in the beam at the face of the column does not exceed the expected plastic flexural 
strength of the beam. The former check is performed in Example 4.3.3, while the latter 
check is performed in the following. 

For the trial values of the RBS dimensions, use the values in Figure 4-10 and check per 
ANSI/AISC 358, Equations 5.8-1 to 5.8-3. 

0.5hr :SC a :SC 0.75hr 

a = 5½ in. 

0.5b1 = 0.5(8.99 in.) 

= 4.50 in. 

0.75b1 = 0.75(8.99 in.) 

= 6.74 in. 

4.50 in. < 5½ in. < 6.74 in. o.k. 

(ANSI/AISC 358, Eq. 5.8-1) 

0.65d :SC b '.Sc 0.85d (ANSI/AISC 358, Eq. 5.8-2) 

b = 18 in. 

0.65d = 0.65(23.9 in.) 

= 15.5 in. 

0.85d = 0.85(23.9 in.) 

= 20.3 in. 

15.5 in. < 18 in.< 20.3 in. o.k.

C = 2 in. 

0.Ibf '.Sc c '.Sc 0.25bJ 

O. lbr =0.1(8.99 in.)

= 0.899 in. 

0.25hr = 0.25(8.99 in.) 

= 2.25 in. 

0.899 in. < 2 in. < 2.25 in. o.k. 

(ANSI/AISC 358, Eq. 5.8-3) 

Step 2. Compute Plastic Section Modulus at the Center of RBS 

The value of the plastic section modulus at the center of the RBS, ZRss = 137 in.3, is com
puted in Example 4.3.3. 
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Step 3. Compute Probable Maximum Moment at the Center of RBS 

From Example 4.3.3, ZRss = 137 in.3, therefore:

Cpr
=

+
Fu<l.2

2F, -
y 

= 

50 ksi + 65 ksi < 1 _2
2 -

= 1.15 < 1.2 

R
y 

= 1.1 from AISC Seismic Provisions Table A3. I 

M
pr = Cp

,R
y
F

y
ZRBS 

= 1.15(1.1)(50 ksi)(137 in.3)
= 8,670 kip-in. 

(ANSI/AISC 358, Eq. 2.4-2) 

(ANSI/AISC 358, Eq. 5.8-5) 

The value of M
pr is intended to represent the maximum moment that can occur at the center 

of the RBS cut when the reduced section has yielded and strain hardened. 

Step 4. Compute the Shear Force at the Center of the 

RBS at Each End of the Beam 

The shear force at the center of the RBS at each end of the beam is computed from a free body 
diagram of the portion of the beam between the RBS centers. For this free body diagram, 
assume the moment at the center of each RBS is equal to M

pr as computed in Step 3. The 
gravity load on the beam is computed from the load combination provided in ANSI/AISC 
358, Section 5.8, Step 4, as follows: 

W
u

= l.2D+0.5L+0.2S
= 1.2(0.840 kip/ft)+o.5(0.600 kip/ft)+o.2(0 kip/ft) 
= 1.31 kip/ft 

The distance from the column face to the center of the RBS cut is determined from ANSI/

AISC 358, Figure 5.2, as follows: 

Sh = a+(b/2) 

= 5½ in.+[(18 in.)/2] 

= 14.5 in. 

The distance between centers of RBS cuts is: 

Lh = L-2(dc0i/2)-2Sh
= (30 ft)( l2  in./ft)-2(15.2 in./2)-2(14.5 in.) 
= 316 in. 

Figure 4-20 shows the key beam dimensions. Figure 4-21 shows a free body diagram of the 
portion of the beam between RBS cuts. 
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As shown in Figure 4-21, VRss and V/1.Bs are the symbols used for the shear at the center of 
the RBS cuts. VRBS is the larger of the two shear forces, and V/4ss is the smaller of the two. 
By summing moments about the right end of this free body diagram, the shear forces can 
be computed as follows: 

2Mpr WuLh
VRBS = 

4
+-

2
-

2 

3 l 6 in. 

= 72.1 kips 

W14x176 

Cf_RBS 

W24x76 

W14x176 

Cf_RBS 
Wu = 1.31 kip/ft 

L h 
= 316 " 

I l-----------------,,---------1---I 
sh

= 14.5" sh
= 14.5" 

L = 360 " 
-------------•--f'----------------J-

Fig. 4-20. Beam dimensions. 

Cf_RBS 
Wu = 1.31 kip/ft 

Cf_RBS 

VR
BS Mp, = 8,670 kip-in. 

(1 
I 

I 

<> 

W24x76 

I 
<> 

I l) 
I I 

Mp, = 8,670 kip-in.
1 

________ 
L_h_

=
_3_1,

1
,_6_"

_______ _,., 1 

V
'
R

as 

Fig. 4-21. Free body diagram of portion of beam between RBS cuts. 
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Summing moments about the left end: 

VI _ 2M pr WuLh
RBs- ---- -

L1, 2 

2(8,670 kip-in.) 

316 in. 

= 37.6 kips 

(1.31 kip/ft)(316 in.) 

2 ( 12 in./ft) 

If the gravity load on the beam is something other than a uniform load, the correct shear 
forces at the centers of the RBS cuts are still obtained from equilibrium of the portion of 
the beam between the centers of the RBS cuts (in other words, by summing moments about 
each end of the free body diagram). 

If the gravity load on the beam is very large, there is a possibility that the location of the 
plastic hinge may shift a significant distance outside of the RBS. If this is the case, the 
design procedure in ANSI/AISC 358 would require some modification because the design 
procedure assumes the plastic hinge forms within the RBS. The possibility of the plastic 
hinge shifting outside of the RBS can be checked by drawing the moment diagram for the 
portion of the beam between RBS cuts. If the point of maximum moment is outside of the 
RBS and exceeds M

p 
of the full beam cross section, the plastic hinge location will not form 

in the RBS, and the ANSI/AISC 358 design procedure must be modified. This is unlikely 
to occur for typical spans and gravity loads, but may be a possibility for cases of very long 
beam spans and/or very large gravity loads. Figure 4-22 shows the moment diagram for the 
portion of the beam between RBS cuts for this example. This moment diagram confirms that 
the maximum moments occur at the RBS cuts, and therefore, the plastic hinges will form in 
the RBS cuts as assumed in the ANSI/AISC 358 design procedure. 

10,000 

8,000 

6,000 

C 4,000 
·,

2,000 :s2 

....,. 

0 C 

-2,000

-4,000

-6,000

-8,000

-10,000

ct. 
RBS 

Distance along beam span, ft 

ct. 
RBS 

Fig. 4-22. Probable moment diagram for portion C>f beam between centers of RBS cuts. 
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Step 5. Compute the Probable Maximum Moment at the 

Face of the Column 

The probable maximum moment at the face of the column, Mf, is computed by taking a free 
body diagram of the portion of the beam between the center of the RBS cut and the face 
of the column. Summing moments for the free body diagram results in Equation 5.8-6 in 
ANSI/AISC 358. The probable maximum moment at the face of each column is: 

Mf =Mpr +VRssS1, 

=8,670 kip-in.+(72.l kips)(14.5 in.) 
=9, 720 kip-in. 

M1 =Mpr + VkssSh 

=8,670 kip-in.+(37.6 kips)(I4.5 in.) 
=9,220 kip-in. 

(ANSI/AISC 358, Eq. 5.8-6) 

The free body diagram corresponding to Equation 5.8-6 is shown in Figure 4-23 for the left 
side of the beam. 

As noted in ANSI/AISC 358, this free body diagram and Equation 5.8-6 neglect the gravity 
load on the beam between the center of the RBS and the face of the column. Neglecting 
this gravity load introduces little error. For this example, if the gravity load of 1.31 kip/ft 
was included in the free body diagram in Figure 4-23, the value of Mt would increase by 
11.5 kip-in. 

72.1 kips 

) 

Mr= 9,720 kip-in

( 

Mr= 9,720 kip-in. 

J 

72.1 kips I. .. 

ct_RBS 

I 

)M
,,, 

= 8,670 k;p-;n 

V RBS = 72.1 kips

sh
= 14.5 in. 

Fig. 4-23. Free body diagram of portion of beam between 
center of RBS and face of column. 
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Step 6. Compute the Expected Plastic Moment of the Beam 

Mpe = RyFyZx 

= 1.1(50 ksi)(200 in.3) 
= 11,000 kip-in. 

(ANSI/AISC 358, Eq. 5.8-7) 

Alternatively, using Table 4-2 of this Manual for the W24x76 beam, RyMp = (91 7 kip-ft) 
(12 in./ft) = 11,000 kip-in. 

Step 7. Check that Mt::; </>dMpe 
From ANSI/ AISC 358, Section 2.4.1 : 

M.r '.':'. <!>JMpe

where 

<l>d = 1.00 

QdMpe = 1.00(11,000 kip-in.) 
= 11,000 kip-in. 

M.r =9,720 kip-in. 

<!>JMpe = 1.00(11,000 kip-in.) 
= 11,000 kip-in. 

Mf = 9, 720 kip-in. 

Therefore: 

9,720 kip-in. < 11,000 kip-in. o.k. 

(ANSI/AISC 358, Eq. 5.8-8) 

Because Equation 5.8-8 is satisfied, the preliminary values of a = 5½ in., b = 1 8  in., and 
c = 2 in. are acceptable. 

Because there is a significant difference between M.r and <!>dMpe, it may be possible to reduce 
the width of the RBS cut. Reducing the RBS cut ( the c dimension) from 2 in. to 1 ½ in. will 
still satisfy Equation 5.8-8 and will result in a smaller story-drift ratio. On the other hand, 
increasing the RBS cut would reduce the shear demand on the panel zone, as discussed in 
Step 9 of this example. For the purpose of this example, continue with the RBS dimensions 
of a= 5½ in., b = 18  in., and c = 2 in. 

Step 8. Determine Required Shear Strength of 

Beam Web-to-Column Connection 

The required shear strength of the beam and the beam-to-column connection, Vu, can be 
calculated by taking the previously computed value of VRss and adding the shear due to the 
gravity load on the portion of the beam between the center of the RBS and the face of the 
column: 
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Vu = VRBS + WuSh

. (1.31 kip/ft)(14.5 in.) 
= 72.1 kips+ 

( ) 12 in./ft 
= 73.7 kips 

Or, use: 
2Mpr 

Vu = -- + Vgravitv
l1, 

2(8,670 kip-in.) (1.31 kip/ft)[3I6 in.+2(14.5 in.)] 
=�----�+----�---,---� 

316 in. 2 ( 12 in./ft) 
= 73.7 kips 

Note that there is little error in taking Vu = VRBS·

MOMENT FRAMES 

(ANSI/AISC 358, Eq. 5.8-9) 

The design shear strength of the W24 x 76 beam, <jl V11, is 315 kips from AISC Manual Table 
6-2.

73.7 kips < 315 kips o.k.

Step 9. Design the Beam Web-to-Column Connection 

The required shear force at the column face is Vu = 73.7 kips, as determined previously. 

Select a single-plate connection with a plate at least¾ in. thick to support erection loads, per 
ANSI/AISC 358, Section 5.6(2)(a). The same section requires that the beam web be welded 
to the column flange using a complete-joint-penetration (CJP) groove weld. 

With the single plate as backing, use a CJP groove weld to connect the beam web to the 
column flange. 

From AISC Specification Section 02.1, the required minimum remaining web depth between 
weld access holes for the 73.7 kips shear force is: 

d . _ 73.7 kips
mm -

<j)0.60F
y
fwCv 

73.7 kips 
1.00( 0.60) ( 50 ksi) ( 0.440 in.) ( 1.0) 

= 5.58 in. 

By inspection, sufficient web depth remains. 

Step 10. Check Continuity Plate Requirements 

ANSI/AISC 358 requires that beam flange continuity plates be provided in accordance with 
the AISC Seismic Provisions. Requirements for continuity plates are specified in AISC 
Seismic Provisions Section E3.6f. 
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Determine the required strength at the column face as follows. 

MfPt=-a8d* 

where 
d* = d-tr 

and 

= 23.9 in. -0.680 in. 
= 23.2 in. 

P 
_ 9,720 kip-in. 

r- . · 1.0(23.2 m.) 
= 419 kips 

Using Pt = 419 kips, check whether continuity plates are required according to AISC Specifi
cation Section 110.

Flange local bending 

From AISC Manual Table 4-1 a and Equation 4-4a, the design strength for the limit state of 
flange local bending is: 

$Rn = Pfo (Manual Eq. 4-4a) 
= 483 kips> 419 kips o.k.

Therefore, continuity plates are not required for this limit state. 

Web local yielding 

Because the concentrated flange force is not applied near the end of the column (greater than 
d of the column), use AISC Manual Table 4- l a  and Equation 4-2a to determine the design 
strength for the limit state of web local yielding. 

$Rn = Pwo + Pw;lh 
= 396 kips+ ( 41.5 kip/in.)( 0.680 in.) 
= 424 kips> 419 kips o.k.

Therefore, continuity plates are not required for this limit state. 

Web local crippling 

(Manual Eq. 4-2a) 

Because the concentrated flange force is not applied near the end of the column (greater than 
d/2 of the column), use AISC Specification Equation J 10-4 to determine the design strength 
for the limit state of web local crippling. 
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2 lb tw 

( J ( Jl.5 

Rn = 0.80tw I+ 3 d -;; 

0.830 in. 
1.31 in. 

(29,000 ksi)(50 ksi)(l.31 in.) 
( ) X -'------'--'----'-'----'- 1.0 

0.830 in. 
= 890 kips 

<j)Rn = 0.75(890 kips) 

= 668 kips > 419 kips o.k.

Therefore, continuity plates are not required for this limit state. 

MOMENT FRAMES 

(Spec. Eq. Jl0-4) 

The limit states of web sidesway buckling and web compression buckling (AISC Specifica

tion Sections Jl 0.4 and J l0.5) are not applicable. Therefore, according to AISC Specification

Section JlO, continuity plates are not required. 

However, the AISC Seismic Provisions also require that the column flange thickness exceed 
the following: 

bbf 
t/im =-6 

8.99 in. 
6 

= 1.50 in. 
tcr = 1.31 in. < l.50 in. n.g.

Because 1.31 in. < 1.50 in., continuity plates are required. 

(Prov. Eq. E3-8) 

Alternatively, the W14x 176 column could be upsized to a W14 x211 to avoid the need 
for continuity plates. For the purposes of this example, the column size will not be changed 
and continuity plates will be provided. 

Design Continuity Plates 

Determine continuity plate width 

According to AISC Seismic Provisions Section E3.6f.2(a), continuity plates should, at a 
minimum, extend from the column web to a point opposite the tips of the beam flanges. 

Minimum continuity plate width: 

bfo twc 
bm;n = �--2 

8.99 in. 0.830 in. 
2 

= 4.08 in. 
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Maximum continuity plate width (continuity plates extend to the edge of the column flange): 

brc -twc 
bmax =-·- --2 

15.7 in. -0.830 in. 
2 

= 7.44 in. 

Use 6-in.-wide continuity plates. 

Determine continuity plate thickness 

The continuity plate thickness is determined from the requirements of AISC Specification 
Section JlO and AISC Seismic Provisions Section E3.6f.2(b). 

Because AISC Specification Section JI O does not require continuity plates, only AISC 
Seismic Provisions Section E3.6f.2(b)(2) applies, which requires a minimum continuity 
plate thickness equal to 75% of the thicker beam flange thickness. 

(,r = 0.75t_fb 

= 0.75(0.680 in.) 

= 0.510 in. 

Use ¾-in. x 6-in. ASTM A572 Grade 50 continuity plates on both sides of the web. 

Determine size of corner clips on continuity plates 

AISC Seismic Provisions Section I2.4 refers to A WS D 1.8, clause 4.1, for corner clips on 
continuity plates. According to A WS D 1.8, clause 4.1, the corner clip along the web is to 
extend a distance of at least 1.5 in. beyond the kdet dimension of the column. 

kdet -tcf 
+ 1.5 in. = 2¾ in. -1.31 in.+ 1.5 in. 

= 2.82 in. 

Use a 23/s-in. clip on the side of the continuity plate in contact with the column web. 

According to A WS D 1.8, clause 4.1, the corner clip along the flange is not to exceed a 
distance of ½ in. beyond the k1 dimension of the column. 

Iii • ]SSL. 0.830 in. Ji , 
+ 12 m. = 1s m. ----+ 12 m.

2 2 
= 1.71 in. 

Use a 1 ½-in. clip on the side of the continuity plate in contact with the column flange. 

Continuity plate welding 

According to AISC Seismic Provisions Section E3.6f.2(c), continuity plates are to be 
welded to the column flanges using CJP groove welds. Welds between the continuity plates 
and the column web may be groove welds or fillet welds. 
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According to AISC Seismic Provisions Section E3.6f.2( c ), the required strength of the con
tinuity plate to column web weld is the lesser of: 

(i) The sum of the available tensile strengths of the contact areas of the continuity plates
to column flanges that have attached beam flanges

(ii) The available shear strength of the contact area of the plate with the column web or
extended doubler plate

(iii) The available shear strength of the column web when the continuity plate is welded to
the column web, or the available shear strength of the doubler plate when the continuity
plate is welded to an extended doubler plate

For option (i): 

<IJTn = <j)F
y
(contact area) 

= 0.90( 50 ksi)( 2 )( 6 in. -1½ in.)( 5/s in.) 

= 253 kips 

For option (ii): 

<!JVn = <j)0.60F
y 

( contact area) 

contact length = d
e 

-2 ( t
cJ + clip length)

= 15.2 in. -2(1.31 in.+ 23/s in.) 

= 6.83 in. 

<j)V,1 = 1.00(0.60)(50 ksi)(6.83 in.)(5/s in.) 
= 128 kips 

For option (iii): 

<j) Vn = 483 kips 

Option (ii) controls. The required strength of the continuity plate to column web weld is 
128 kips. 

The required leg size of double-sided fillet welds over the contact length is: 

128 kips 
2(1.392 kip/in.)( 6.83 in.) 

= 6.73 sixteenths 

(Manual Eq. 8-2a) 

Here, 1/16-in. double-sided fillet welds are required; use CJP groove welds instead. 

Step 11. Check Column-Beam Relationship per ANSI/ A/SC 358, Section 5.4 

AISC Seismic Provisions Section E3.4a requires that SMF connections satisfy the following 
strong-column weak-beam criterion, assuming that the exceptions stated in Section E3.4a 
are not met. 
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* 
I.Mpc 

--*->1.0
™pb 

(Prov. Eq. E3-l )  

The value of M;,. in this example is based on projecting Mpc to the beam centerline, assuming 
that the column shear, Ve, is in equilibrium with the column moment, Mpc · This is consistent 
with the definition of M;c in AISC Seismic Provisions Section E3.4a. Alternatively, the 
column shear could be computed to be in equilibrium with the beam moment, Mpr· The 
latter approach will result in a smaller value of M;c and, when applied to Equation E3- l ,  
will produce a slightly more conservative result. 

The axial load on the column must also be considered when determining the flexural 
strength of the column at the beam centerline. (For simplicity, the same axial load will be 
used above and below the joint, although this is not quite accurate.) Using Puc

= 249 kips 
as given in Example 4.3.2, and the height of the column to its assumed points of inflection 
above [h1 = (12.5 ft/2)(12 in./ft) = 75.0 in.] and below [hb = (14 ft/2)(12 in./ft) = 84.0 in.] 
the beam centerline, z.M;c is determined as follows: 

= ( 320 in.3) 50 ksi 

= 34,100 kip-in. 

75.0 in. 
1.0(249 kips) 75.0 in.-23.9 in./2 

51.8 in.2 84.0 in. 
+ 84.0 m. 23.9 in./2 

(Prov. Eq. E3-2) 

The expected flexural demand of the beam at the column centerline is defined in ANSI/ 
AISC 358, Section 5.4, as: 

2..M;b = 2..(Mpr + Muv) 
= LMpr+LMuv 

where 

2..Muv = 2..[VRss [a+%+; Jl 
L M pr = summation of the probable maximum moment at the center of each RBS deter-

mined previously 

The term Z:.Muv is the sum of the moments produced at the column centerline by the shear at 
the plastic hinges. Recalling the values of V RBS and V kss computed in Step 4 of this example 
and the values of the RBS cut confirmed in Step 1, Z:.Muv is: 
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I.Muv = (vRBS + V/rns )(a+�+;· J 

(72 1 k. 37 6 k. )(51 1. .  18 in. 15.2 in.
J= . 1ps+ . 1ps 12 m.+- -+- --

2 2 
= 2,420 kip-in. 

MOMENT FRAMES 

Therefore, the expected flexural demand of the beam at the column centerline is: 
* 

2.,M pb = 2M pr+ L.Muv 

= 2(8,670 kip-in.)+ 2,420 kip-in. 
= 19,800 kip-in. 

L M;e 34, 100 "'� ....
* 

2..Mpb 19,800 kip-in. 
= 1.72 > l.O o.k. 

Therefore, the strong-column weak-beam check is satisfied. 

Check Panel Zone 

AISC Seismic Provisions Section E3.6e. l specifies that the required shear strength of the 
panel zone be calculated by summing the moments at the column faces as determined by 
projecting the expected moments at the plastic hinge points to the column faces; in this 
example, Mr and Mj. 

Thus, the required shear strength of the panel zone can be computed as follows: 

In this equation, Ve is the shear force in the column outside of the panel zone. Assuming points 
of inflection at mid-height of the columns above and below the joint, Yc can be estimated 
from statics as follows: 

2..M;b 
Ve = -� -

hh +ht 

19,800 kip-in. 
84 in.+ 75 in. 

= 125 kips 

Then: 
I.Mr 

Ru = --- Ve 

db -tbf 

9, 720 kip-in.+ 9,220 kip-in. 
23.9 in. 0.680 in. 

= 691 kips 

125 kips 
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According to AISC Seismic Provisions Section E3 .6e.1, the available shear strength of the 
panel zone is calculated per AISC Specification Section JI0.6, but with <l>v = 1.00. 

AISC Specification Section JI 0.6 provides different equations for computing the nominal 
panel-zone shear strength, depending on whether or not the effect of panel-zone deformation 
on frame stability is included in the analysis. 

In this example, analysis of the building frame, including analysis of interstory drift, was 
based on a centerline model of the frame, without rigid end offsets at the joints. This is 
considered to satisfy the requirement that the effect of panel-zone deformation on frame 
stability was included in the analysis. 

Therefore, use AISC Specification Section J10.6(b) to compute the nominal shear strength 
of the panel zone. 

Pr = 243 kips from Example 4.3.2 
Pr < 0.75Pc 

< 0.75FyAg

< 0.75(50 ksi)(51.8 in.2)

= 1,940 kips> 243 kips o.k.

Therefore, the shear strength of the panel zone is given by AISC Specification Equation 
JI0-11: 

- [ 3bcrt,/ JRn - 0.60Fydctw 1 +-�� 

dbdctw

(Spec. Eq. JI0-11) 

( )( 
·
)( . )( . )

3(15.7 in.)(1.31 inf 
<!>Rn = 1.00 0.60 50 ks1 15.2 m. 0.830 m. 1 + 

( 
. 

)
( 

. )
( 

. ) 23.9 Ill. 15.2 Ill. 0.830 Ill. 

= 480 kips < 678 kips. Therefore, a doubler plate is required. 

Alternatively, using Table 4-2 of this Manual for the W14 x 176 column: 

0.75Py = 1,940 kips 
<l>Rvt 
<!>Rv2 

<!>Rn 

= 378 kips 
= 2,420 kip-in. 

= <!>Rvl + <!>Rv2
db 

378 k. 2,420 kip-in.= Ips+----=--
23.9 in. 

= 479 kips< 678 kips n.g.

Therefore, a doubler plate is required. 

It has already been pointed out in this example that reducing the RBS cut (in other words, 
reducing dimension c) will bring Mr closer to <!>dMpe and reduce the impact of the RBS 
on frame stiffness. On the other hand, increasing the RBS cut (in other words, increasing 
dimension c) will reduce the required shear strength of the panel zone and, in some cases, 
eliminate the need for doubler plates. 
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Size web doubler plate 

The minimum thickness of each component of the panel zone, without the aid of intermediate 
plug welds between the column web and the doubler is: 

From Table 4-2 of this Manual, for the W24 x 76 beam: 

dz= 0.250 in
90 

From Table 4-2 of this Manual, for the W14x 176 column: 
Wz = 0.140 in. 
90 

t 2: 0.250 in.+ 0.140 in. 
= 0.390 in. 

The column web satisfies this requirement: 

tw = 0.830 in. > 0.390 in. o.k. 

(Prov. Eq. E3-7) 

If the doubler plate satisfies this minimum thickness, it is permitted to be applied directly to 
the column web or spaced away from the web, without the use of plug welds. 

The available shear strength of the panel zone is checked using AISC Specification Equation 
Jl 0-11 with the thickness, tw, taken as the combined thickness of the column web and dou
bler plate. 

( 
3bcftc/ J Rn = 0.60F

ydc tw 1 + 

dbdctw

where tw used in two places is replaced by tw + t
p
. 

Rearranging to solve for t
p
: 

0.60F
y ( 3b,1tc/) 1 

tw+ t
p 

> Ru-- -�- -�11-- ---
db 0.60F

ydc 

[ 

. 
0.60(50 ksi)[3(15.7 in.)(1.31 inf l) 

> 691 kips -
( ) 

- 23.9 in. 

X ( )( ) 0.830 in. 
0.60 50 ksi 15.2 in. 

1 

2: 0.463 in. 
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Use an ASTM A572 Grade 50, 1/2-in.-thick doubler plate. 

Because the doubler plate meets the minimum thickness required by AISC Seismic

Provisions Equation E3-7 (0.390 in.), plug welds between the doubler and the column web 
are not required. 

Requirements for detailing and welding of doubler plates are specified in AISC Seismic

Provisions Section E3.6e.3. This section permits doubler plates to be placed in contact with 
the column web or away from the column web. In this example, the doubler plate will be 
placed in contact with the column web. Note that Section E3.6e.3 allows a gap of up to 
1/i6 in. between the web and the doubler plate, and the doubler plate can still be considered 
to be in contact with the web. This allowance of a 1/16-in. gap helps facilitate fit-up of the 
doubler plate in the fabrication shop and helps facilitate avoidance of welding into the k-area 
of the column web. 

For doubler plates in contact with the web, AISC Seismic Provisions Section E3.6e.3 permits 
doubler plates to be extended above and below the beam or, alternatively, permits the doubler 
plate to be fit between the continuity plates. Both alternatives will be illustrated in this 
example. Figure 4-24 shows the final configuration of the panel zone using the two alterna
tives presented in the following. 

Alternative 1-Extended Doubler Plate 

According to the requirements of AISC Seismic Provisions Section E3.6e.3, the doubler 
plate must be extended at least 6 in. above and below the beam. Because continuity plates 
are present, no weld is required along the top and bottom edges of the doubler plate. 

The vertical edges of the doubler plate will be welded to the column flanges using web dou
bler plate welds in accordance with A WS Dl.8, clause 4. No ultrasonic testing is required 
for these welds. 

On the side of the column with the 1/2-in.-thick doubler plate, the continuity plate will be 
welded to the doubler plate. Because this continuity plate is not welded directly to the column 
web, the clip size is not required to meet A WS D 1.8, clause 4.1. Use a 1-in. x 1-in. clip. 

AISC Seismic Provisions Section E3.6e.3 states that the required strength of the weld 
between the continuity plate and the doubler plate need not exceed the available shear yield 
strength of the doubler plate. 

The available shear yield strength of the doubler plate is determined from AISC Specification

Section J4.2: 

<l>vRn = <!>v0.60FyAgv

= 1.00( 0.60) ( 50 ksi) ( 1/2 in.)[ 15.2 in. - 2 ( 1.31 in.)] 

= 189 kips 

The contact length between the continuity plate and the doubler plate is: 

contact length = 15.2 in. - 2 ( 1.31 in.+ 1 in.) 
= 10.6 in. 
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PLW' doubler plate; 
extend 6" above 

and below beams 
(A572 Gr. 50) 

MOMENT FRAMES 

PL %x6" with corner 
clip per AWS D1 .8 
(A572 Gr. 50) 

� -- PL %x5½" with 
1" x 1" corner clip 
(A572 Gr. 50) 

CJP 
top & bot. 

CJP 
W24 web 

Doubler plate 
weld per AWS 

D1 .8, clause 4.3 

�--+- PL%" 
single-plate 
connection 
(A572 Gr. 50) 

� W24x76 beam 
Bolts as required 
for erection 

W14x176 column 

Note: For weld backing requirements, and treatment 
of weld tabs see ANSI/AISC 358, Chapter 3. 

Alternative 1 - Extended Doubler Plate 

Fig. 4-24. Design Example 4.3.6 connection geometry. 
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PL½" Web doubler plate 
(A572 Gr. 50), typ. 

Doubler plate 
weld per AWS 

D1 .8, clause 4.3 

PL½" doubler plate 
(A572 Gr. 50) 

Weld doubler plate to 
continuity plate over full 

length of continuity plate 
in contact with column web 

PL %x6" with corner 
clip per AWS D1 .8 
(A572 Gr. 50) 

CJP 
top & bot. 

CJP 
W24web 

PL3/s" 

sing le-plate 
connection 
(A572 Gr. 50) 

\c_ \_ W24x76 beam 
'\__ Bolts as required 

for erection 
W14x176 column 

Note: For weld backing requirements, and treatment 
of weld tabs see ANSI/AISC 358, Chapter 3. 

Alternative 2 - Fitted Doubler Plate 

Fig. 4-24 ( continued). Design Example 4.3.6 connection geometry. 
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The required leg size of double-sided fillet welds over the contact length is: 

D= Ru 

(1.392 kip/in.)l 

189 kips 
2(1.392 kip/in.)(10.6 in.) 

= 6.40 sixteenths 

(Manual Eq. 8-2a) 

Use 1/16-in. double-sided fillet welds over the full contact length. Note the minimum fillet 
weld is 1/16 in. from AISC Specification Table J2.4. 

As explained in AISC Seismic Provisions Commentary Section E3.6e.3, welding a continuity 
plate to a doubler plate does not substantially change the shear force in the doubler plate 
or in the doubler plate-to-column connections. Consequently, no special consideration is 
needed in the design of the doubler plate or doubler plate-to-column connections when a 
continuity plate is present. 

Alternative 2-Fitted Doubler Plate 

For this alternative, both continuity plates will be welded directly to the column web and the 
doubler plate will be placed between the continuity plates. 

The vertical edges of the doubler plate will be welded to the column flanges using web doubler 
plate welds in accordance with A WS D 1.8, clause 4. These welds will begin and end l in. 
from the continuity plates to avoid interference with the continuity plate. No ultrasonic testing 
is required for these welds. 

AISC Seismic Provisions Section E3.6e.3 requires that the top and bottom of the doubler 
plate be welded to the continuity plate over the full contact length between the continuity 
plate and the column web. The required strength of this weld is 75% of the available shear 
yield strength of the doubler plate over the contact length with the continuity plate. 

The contact length between the continuity plate and the column web is determined using the 
clip dimension required by A WS Dl.8. 

contact length= 15.2 in. -2(1.3 l in.+ 2½ in.) 

= 6.83 in. 

In accordance with AISC Seismic Provisions Section E3.6e.3, the required shear strength of 
the doubler plate-to-continuity plate weld is: 

Ru = 0.75( <Pv 0.60F
y 

)( contact length )t 

= 0.75(1. 00)(0.60)(50 ksi)(6.83 in.)(½ in.) 

= 76.8 kips 

The design strength of the PJP groove weld is, from AISC Specification Equation J2-3: 
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<PRn = <PFnwAwe 

= 0.75( 0.60 )(70 ksi)( 6.83 in.)t
e 

= (215 kip/in.)t
e 

where te is the effective throat. 

Solve for te: 

t > 76.8 kips
e - 215 kip/in. 

2:: 0.357 in. 

Or, determine the required fillet weld size. 

76.8 kips 
(1.392 kip/in.)( 6.83 in.) 

= 8.08 sixteenths 

Use a PJP groove weld with a ¾-in. effective throat. 

Because this weld is classified as PJP, no ultrasonic testing is required. 

Column Bracing Requirements 

(Manual Eq. 8-2a) 

AISC Seismic Provisions Section E3.4c allows the use of a strong-column weak-beam ratio 
(AISC Seismic Provisions Equation E3-l )  greater than 2.0 to show that a column remains 
elastic outside of the panel zone at restrained beam-to-column connections. If it can be 
demonstrated that the column remains elastic outside of the panel zone, AISC Seismic 
Provisions Section E3.4c. l requires the column flanges to be braced at the level of the 
beam top flanges only. With a ratio of 1.72 in this example, the column cannot be assumed 
to remain elastic, and bracing is required at both the top and bottom flanges of the beam. 

Column flange restraint at these locations can be provided by continuity plates and a full
depth shear plate between the continuity plates at the connection of the girder framing into 
the minor axis of the column. 

Specify Beam Flange-to-Column Flange Connection 

Per AISC Seismic Provisions Section E3.6c, the connection configuration must comply 
with the requirements of the prequalified connection, or provisions of qualifying cyclic 
test results in accordance with Section K2. ANSI/AISC 358, Section 5.5(]), requires a 
complete-joint-penetration groove weld. 

Use a complete-joint-penetration groove weld to connect the beam flanges to the column 
flange. The weld access hole geometry is required to comply with AISC Specification 
Section Jl.6. The welds are also considered demand critical. 

The final connection design and geometry is shown in Figure 4-24. 
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Example 4.3.7. SMF Beam-Column Connection 

Design-BFP 

The SMF beam-column connection design presented in this example demonstrates the 
application of the design provisions for prequalified BFP connections in accordance with 
ANSI/AISC 358. 

Given: 

Refer to Joint JT-1 in Figure 4-9. Design a prequalified BFP connection to be used as a 
beam-to-column moment connection in the special moment frame (SMF). 

Wu,bm = 1.15 kip/ft 
Pu.col = 249 kips (calculated in Example 4.3.2) 

Procedure: 

The procedure outlined here follows the order of the design procedure outlined in ANSI/ 
AISC 358, Section 7.6. The term "Step n" indicates the actual step number in ANSI/AISC 
358, Section 7.6. The steps from ANSI/AISC 358 are augmented with some additional 
checks in this example. Some of the steps listed in Table 4-B are executed in detail in 
Example 4.3.3, the SMF beam strength check. Because ANSI/AISC 358 gives provisions 
for LRFD only, the procedure also is defined for LRFD only. 

Solution: 

From AISC Manual Table 2-4, the W-shape material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi 

From AISC Manual Table 2-5, the plate material properties are as follows: 

ASTM A572 Grade 50 
Fy = 50 ksi 
Fu= 65 ksi 

From AISC Manual Table l -1, the geometric properties are as follows: 

Column 
W14x176 
A =51.8 in.2

ff = 1.31 in. 
Zx = 320 in.3

Beam 
W24x76 
A = 22.4 in.2

ff = 0.680 in. 

d = 15.2 in. 
kdes = 1.91 in. 

d = 23.9 in. 
kdes = 1.18 in. 

tw = 0.830 in. 
kdet = 25/s in. 

tw = 0.440 in. 
hftw = 49.0 
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Table 4-B 

BFP Design Procedure per 
ANSI/ AISC 358 

Check prequalification limits per Section 7.3. 

Step 1. Compute the probable maximum moment at the plastic hinge, M
pr-

Step 2. Compute the maximum bolt diameter to prevent flange rupture. 

Step 3. Estimate flange plate geometry and nominal bolt strength. 

Step 4. Select a trial number of bolts. 

Step 5. Determine the plastic hinge location, Sh. 

Step 6. Compute the shear forces at the beam plastic hinge location. 

Step 7. Calculate the moment expected at the face of the column flange, M1. 

Step 8. Compute the force in the flange plate due to M
p
r, F

pr-

Step 9. Confirm number of bolts is adequate. 

Step 10. Check flange plate thickness. 

Step 11. Check flange plate for tension rupture. 

Step 12. Check beam flange for block shear rupture. 

Step 13. Check flange plate for compression buckling. 

Step 14. Determine the required shear strength for the beam-to-column connection. 

Step 15. Design single-plate shear connection at beam web. 

Step 16. Check the continuity plate requirements per Chapter 2. 

Step 17. Check the column panel zone per Section 7.4. 

Step 18. Check column-beam relationship limitations according to Section 5.4. 

Figure 4-25 shows the prequalified BFP beam-to-column moment connection designed for 

the joint at grid coordinate 3/D level 2 in accordance with ANSI/AISC 358. Figure 4-26 

shows the free body diagram of the forces acting at the plastic hinge location and the face of 

the column. Verify the beam-to-column moment connection shown in Figure 4-25. 

Note that the strength reduction factors used in limit state checks are based on the prescribed 

reduction factors given in ANSI/ AISC 358, Section 2.4.1: 

(a) For ductile limit states: <Pd= 1.00

(b) For nonductile limit states: cp,, = 0.90

This example will follow the steps outlined in ANSI/AISC 358, Section 7.6. 
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3'-10½'' 
protected zone, typ. 

6@3" 
... .. 

23/s"x 1 ½" clip, typ. 

PL 1 Ysx6x1 '- %" 
continuity plate 

(A572 Gr. 50), typ. 

MOMENT FRAMES 

<cJP, typ. 

PL½" doubler plate 
(A572 Gr. 50), NS/FS. 

W24x76 

(a) Plan

3'-10½" 
protected zone, typ. 

W24x76 

(14) 3/s'' dia. Group A,
thread condition X,
bolts in std. holes,

5½" gage, typ. 

PL 1 ½x9x2'-0¼" 
(A572 Gr. 50), typ. 

2½" 

r 
I i 

PL 1 1/s" cont. plate 
(A572 Gr. 50), typ. 
PL½" doubler plate 
(A572 Gr. 50), NS/FS. 
PL3/sx5x1'-3" (A572 Gr. 50) 
with 3/s'' dia. Group B, thread 
condition N, bolts in std. holes 

W24x76 
demand critical, typ. 

Fill valley, see Note 3 

1. Class A faying surfaces
2. All bolts pretensioned in accordance

with AISC Specification Table J3.1
3. Do not weld doubler plate in region

of continuity plate clip

( h) Elevation

Fig. 4-25. BFP connection. 
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( a) Elevation at Level 2

7.6" Lh = 300" 7.6" 

W24x76 

(b) Elevation-gravity load

cp cp 
I 1.15 1.15 1.15 I 
I kip/ft kip/ft kip/ft I 
I 102 102

rn
99.1 84.7 

ITIIIJ
14.4 

rn 
14 300 1 

�TM5 k(j D I) 12,700 (j c=J I) 'i;�,
0 

( ! D I )'
0
''( 1Ttr�s:Jlµ 1�,o_oo 

w 
kip-in t

l

W24x76

1

t 70.3
w

68.1 68.1Ws 
1 k1p-m. 1�.4 8�-7 kips kips kips 1 ........_ _..... kips • .. kips -------- ----------

22.5" 
3oo" 

22.5" 

( c) Free body diagram of forces acting at faces of column and plastic hinges

Fig. 4-26. Loads and forces. 
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Step 1. Compute Probable Maximum Moment at Plastic Hinge 

M pr = C prR
yFyZe 

where 

and 

+Fu
< l.2 

2F
y 

-

= 50 ksi + 65 ksi :S l .2

= 1.15 < 1.2 

M
pr = 1.15(1.1)(50 ksi)(200 in.3) 

= 12,700 kip-in. 

Step 2. Compute Maximum Bolt Diameter 

bf 
l 

R
y

F
y J db< - 1--- - 1/s in.- 2 R,Fu 

8. 99 in. 1.1 ( 50 ksi)
<---1 ---'----'- -1/s Ill.- 2 1.1 ( 65 ksi) 

= 0.912 in.> '1/s in. o.k. 

(ANSI/AISC 358, Eq. 2.4-1) 

(ANSI/AISC 358, Eq. 2.4-2) 

(ANSI/AISC 358, Eq. 7.6-2) 

Step 3. Determine Controlling Nominal Bolt Shear Strength 

Assume a flange plate thickness of 1 ½ in. The controlling nominal shear strength per bolt is: 

11.0FnvAb 

rn = min 2.4Fubdbt J 
2.4Fupdbtp

1.0(84 ksi)( 0.601 in.2) = 50.5 kips/bolt

= min 2.4( l. 1 )( 65 ksi )('1/s in.)( 0.680 in.)= 102 kips/bolt 

2.4(65 ksi)('Vs in.)(l½ in.)= 205 kips/bolt 

= 50.5 kips/bolt 

(ANSI/AISC 358, Eq. 7.6-3) 

Note that R1Fu is substituted for Fu in the beam flange calculation, as discussed in the User 
Note in AISC Seismic Provisions Section A3.2. 
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Step 4. Select a Trial Number of Bolts 
1.25M pr 

n>- -�-

- <J:>,,r
,,

(d+tp) 

1.25 ( 12, 700 kip-in.) 
0.90(50.5 kips/bolt)(23.9 in.+ l ½  in.) 

= 13.8 bolts 

Use 14 bolts. 

Step 5. Determine Plastic Hinge Location 

(ANSI/AISC 358, Eq. 7.6-4) 

The plastic hinge is located at a distance from the face of the column equal to: 

Sh = Si + s ( %-1 J 

= 4½ in.+(3 in.)(1; lJ

= 22.5 in. 

(ANSI/AISC 358, Eq. 7.6-5) 

Verify that the bolt spacing between rows, s, and the edge distances are large enough to 
ensure that le, as defined in the AISC Specification, is greater than or equal to 2dh, 

le 
= S dh :2'. 2dh 
= 3 in. 15/16 in. 
= 2.06 in. 

2db = 2(¾ in.) 
= 1.75 in. < 2.06 in. o.k. 

Step 6 and 7. Determine Moments and Shears at the Face of the Column 
Referring to the free body diagram shown in Figure 4-26(c): 

Mf,max,min = (15,000 kip-in., 14,300 kip-in.) 

Vf,max,min = ( 10 I kips, 68.1 kips) 

Step 8. Determine Force in Flange Connection Plate due to Mt 

Fi,r =�--d+tp 

15,000 
23.9 in.+ l½ in. 

= 591 kips 

(from ANSI/AISC 358, Eq. 7.6-7) 
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Step 9. Confirm Number of Bolts 

Fpr n> -
- <J>nrn

(ANSI/AISC 358, Eq. 7.6-8) 

> 591 kips
- 0.90( 50.5 kips/bolt)
= 13.0 bolts< 14 bolts o.k.

Step 10. Check Flange Plate Yielding 

The available strength of the flange plate for the limit state of tensile yielding is determined 
as follows: 

<J>dRn = <J>dFvAg 
(from ANSI/AISC 358, Eq. 7.6-9) 

= 1.00(50 ksi)(l ½ in.)(9 in.) 
= 675 kips> 591 kips o.k.

Step 11. Check Flange Plate Tensile Rupture 

The available strength of the flange plate for the limit state of tensile rupture is determined 
as follows: 

<J>nRn = <J>nFuAn 
= 0.90(65 ksi)(l ½ in.)[9 in. 2( 15/16 in.+ 1li6 in.)] 

= 614 kips> 591 kips o.k.

Step 12. Check Beam Flange Block Shear 

(from Prov. Eq. J4-2) 

Note that block shear rupture on the beam flange, ff= 0.680 in., will govern over block shear 
rupture on the flange plate, tp = 1 ½ in. 

The nominal strength for the limit state of block shear rupture relative to the shear load on 
the connection plate is determined as follows. Note that R1Fu and RyFy 

have been substituted 
for Fu and Fy

, respectively, in accordance with AISC Seismic Provisions Section A3.2. 
Referring to Figure 4-27: 

Rn = 0.60R1F,,Anv + UbsR1FuAnt � 0.60Ry
F

yAgv + UbsR1FuAnt 

where 
Ag

v = 2(21.8 in.)(0.680 in.) 

= 29.6 in.2

A11v = 2(0.680 in.)[21.8 in.-6 1/2( 1½6 in.+ 1/16 in.)] 

= 20.8 in.2

Am = 2( 0.680 in.)[ 1 ¾ in. ½( 151i6 in.+ 1/16 in.)] 

= 1.70 in.2

Ubs = 1.0 
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and 
Rn

= 0.60(1.1)(65 ksi)(20.8 in.2)+!.0(1.1)(65 ksi)(!.70 in.2)

::; 0.60(1.1)(50 ksi)(29.6 in.2)+ 1.0(1.1)(65 ksi)(I.70 in.2)
= 1,010 kips< 1,100 kips 

Therefore, the available design strength for the limit state of block shear rupture on the 
plate is: 

<j)R11 =0.90(1,0 lOkips) 
= 909 kips> 591 kips o.k.

Step 13. Check Flange Plate Buckling 

From AISC Specification Section J4.4, the available compressive strength of the flange plate 
is determined as follows: 

Lmax = Si

= 4½ in. 
K =0.65 
Le 

KL 

r r 

0.65 ( 4½ in.) 
(1½ in.)/m 

= 6.75 < 25 

Because Lcfr ::; 25 , Pn = FyA8
. The available compressive strength of the flange plate is: 

$11Pn = $nFvAg

= 0.90(50 ksi)( l½ in.)(9 in.) 
= 608 kips> 591 kips o.k.

tr = 0.680 in.

3¾" 

Fig. 4-27. U-shaped block shear failure path on beam flange. 
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Step 14. Required Beam and Beam Web-to-Column 

Connection Shear Strength 

MOMENT FRAMES 

2M
p
, 

½, = - -+ Vgravity 
Lh 

(ANSI/AISC 358, Eq. 7.6-13) 

2(12, 700 kip-in.) (1.15 kip/ft)(30 ft) 
=- - - - - -+ -- - - - --

300 in. 2 
= 102 kips 

See free body diagram in Figure 4-26(c) for required shear in the beam at the face of the 
column. 

From AISC Manual Table 6-2, the design shear strength of the beam is: 

<p Vn = 315 kips > 102 kips o.k.

Step 15. Design Single-Plate Shear Connection 

Use a single-plate shear connection to join the beam web to the column flange. AISC 
Manual Table 10-10 will be used even though it is slightly conservative because the eccen
tricity on the bolt group can be neglected at moment connections. Refer to the discussion 
in AISC Manual Part 12. 

To keep the bolt size similar to the flange plates, use 3/s-in.-diameter Group B bolts with 
threads not excluded from the shear plane (thread condition N) in standard holes, and ASTM 
A572 Grade 50 plate material. Per AISC Manual Table 10-1 Ob, select a 3/s-in.-thick plate 
with n = 5 and ¼-in. fillet welds. The design shear strength is: 

<p Vn = 110 kips > 102 kips 

Step 16. Check Continuity Plate Requirements 

ANSI/AISC 358 requires that beam flange continuity plates be provided in accordance with 
the AISC Seismic Provisions. Requirements for continuity plates are specified in AISC 
Seismic Provisions Section E3.6f. 

Determine the design strength of the column for the applicable local limit states in accor
dance with AISC Specification Section JIO. From Step 8, Fpr = 591 kips. 

Flange local bending 

From AISC Specification Section J l O. l ,  if the length of loading across the member flange is less 
than 0.15bJ, then flange local bending does not apply. Because 0.15(15.7 in.)= 2.36 in.< 9 in., 
this limit state applies. From AISC Manual Table 4-la and AISC Manual Equation 4-4a: 

<pRn = Pfb (Manual Eq. 4-4a) 

= 483 kips < 591 kips n.g.

Continuity plates are required for flange local bending. 
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Web local yielding 

Because the concentrated flange force is not applied near the end of the column, AISC
Manual Table 4-1 a is applicable. 

Rn = Pwo + Pw;lb 

= 396 kips+ ( 41.5 kip/in.)(l ½ in.)
= 458 kips< 591 kips n.g.

Continuity plates are required for web local yielding.

Web local crippling 

(Manual Eq. 4-2a)

Because the concentrated flange force is not applied near the end of the column, AISC
Specification Equation Jl 0-4 is applicable. 

=0.80(0.830 in.)2 1+3( l½in. )(0·330 in.)
1 .s

15.2 in. l.3l in. 

(29,000 ksi)(50 ksi)(!.31 in.) 
( )X , --- - - - - - - - 1.0 

0.830 in. 
= 958 kips

<j)R,, = 0.75(958 kips)
= 719 kips> 591 kips o.k.

Continuity plates are not required for web local crippling.

(Spec. Eq. JJ0-4)

The limit states of web sidesway buckling and web compression buckling (AISC Specifica

tion Sections JJ0.4 and JJ0.5) are not applicable. 

Additional conditions for continuity plates 

AISC Seismic Provisions Section E3.6f. l also requires that the column flange thickness
satisfy the following: 

tcf :::0: bb.t/ 6

:::0: (8.99 in.)/6
;:,: 1.50 in.

(from Prov. Eq. E3-8)

Because the column flange thickness is less than this minimum, 1.31 in. < 1.50 in., continuity
plates are required for this condition. 

According to AISC Seismic Provisions Section E3.6f.2(a), continuity plates are to extend, at
a minimum, from the column web to a point opposite the tips of the flange plate. 
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Minimum continuity plate width: 

9 in. 0.830 in. 
2 

= 4.09 in. 

MOMENT FRAMES 

The maximum continuity plate width is limited to the edge of the column flange: 

fwc 
bmax =�---2 

15.7 in. 0.830 in. 
2 

= 7.44 in. 

Use 6-in.-wide continuity plates. 

Continuity plate thickness: 

The continuity plate thickness is determined from the requirements of AISC Specification

Section J l O and AISC Seismic Provisions Section E3.6f.2(b )(2). For two-sided connections, 
the AISC Seismic Provisions require a minimum continuity plate thickness equal to 75% of 
the thicker beam flange thickness on either side of the column. 

tst = 0.75t Jp 

= 0.75(1 ½ in.) 

=1.13 in. 

Use 1 ½-in. x 6-in. ASTM A572 Grade 50 continuity plates on both sides of the web. 

Size of comer clips on continuity plates: 

AISC Seismic Provisions Section I2.4 refers to A WS D 1.8, clause 4.1, for comer clips on 
continuity plates. According to A WS D 1.8, clause 4.1, the comer clip along the web must 
extend a distance of at least 1.5 in. beyond the kdet dimension of the column. 

kdet - tcf + 1.5 in. = 2¼ in. -1.31 in.+ 1.5 in. 

= 2.82 in. 

Use a 21/s-in. clip on the side of the continuity plate in contact with the column web. 

According to A WS Dl.8, clause 4.1, the comer clip along the flange is not to exceed a 
distance of ½ in. beyond the k1 dimension of the column. 

k few II. . ]Si . 0.830 in. Ii . 1 --+ 12 1n. = 7s 1n.--- --+ 12 m. 
2 2 

= 1.71 in. 

Use a 1 ½-in. clip on the side of the continuity plate in contact with the column flange. 
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Continuity plate welding: 

According to AISC Seismic Provisions Section E3.6f.2(c), continuity plates are to be 
welded to the column flanges using CJP groove welds. Welds between the continuity plates 
and the column web may be groove welds or fillet welds. 

According to AISC Seismic Provisions Section E3.6f.2(c), the required strength of the 
continuity plate to column web weld is the lesser of: 

( 1) The sum of the available strengths in tension of the contact areas of the continuity plates
to column flanges that have attached beam flanges

(2) The available shear strength of the contact area of the plate with the column web or
extended doubler plate

(3) The available shear strength of the column web when the continuity plate is welded to
the column web, or the available shear strength of the doubler plate when the continuity
plate is welded to an extended doubler plate

For option (1): 

The available tensile yielding strength of the continuity plates is determined using AISC 
Specification Section J4. l :  

<!JTn = <!JF
y
(contact area) (from Spec. Eq. J4-l ) 

= 0.90(50 ksi)(2)(6 in. l½ in.)(1 1/s in.) 

= 456 kips 

For option (2): 

The available shear yielding strength of the continuity plates is determined using AISC 
Specification Section J4.2: 

qi Vn = qi0.60F
y 

( contact area) 

where 
contact length= de 2(tcf +clip length) 

and 

= 15.2 in.-2(1.31 in.+21/R in.) 

= 6.83 in. 

<!JVn = 1.00(0.60)(50 ksi)(6.83 in.)( l 1/8 in.) 

= 231 kips 

For option (3): 

(from Spec. Eq. J4-3) 

The available shear yielding strength of the column web is determined using AISC Manual 
Table 6-2: 

<!JVn =378kips 

Option (2) controls. The required strength of the continuity plate to column web weld is 
231 kips. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4-132 MOMENT FRAMES 

The required leg size of double-sided fillet welds over the contact length is: 

D= 
Ru 

(1.392 kip/in.)l 
231 kips 

2(1.392 kip/in.)( 6.83 in.) 
= 12.1 sixteenths 

Use CJP groove welds. 

Step 17. Check Column Panel-Zone Shear 

(Manual Eq. 8-2a) 

This check determines whether doubler plates will be required to strengthen the column 
web. ANSI/AISC 358 specifies that the required shear strength of the panel zone be calcu
lated by summing the moments at the column faces as determined by projecting the 
expected moments at the plastic hinge points to the column faces. 

Thus, the required shear strength of the panel zone can be computed as follows: 

I.Mr Ru= . Ve 

db +2tp 

where 
Ve = story shear force in the column outside of the panel zone, kips 

The plastic hinge moment is: 

Ry
F

y
Ze = 1.1( 50 ksi)(200 in.3)

= 11,000 kip-in. 

Figure 4-28 shows the free body diagram of the plastic hinge and column face moment and 
shears. 

As can be seen in Figure 4-28, the moments at the faces of the column are 13,000 kip-in. 
and 12,300 kip-in. 

The story shear in the column is: 

Ve = 

M f,max + M f,min 

( habove + hhelow ) / 2

13,000 kip-in.+ 12,300 kip-in. 
[(12.5 ft+l4 ft)/2](12 in./ft) 

= 159 kips 

Therefore, the panel-zone shear is: 

R 
_ 13,000 kip-in.+ 12,300 kip-in. 159 kips

u - 23.9 in.+ 2(1 ½ in.) 
= 782 kips 
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ANSI/AISC 358, Section 7.4, refers to AISC Seismic Provisions Section E3.6e. l ,  where 
the available shear strength of the panel zone is calculated per AISC Specification Section 
Jl0.6, but with qi= 1.00. 

AISC Specification Section Jl0.6 provides different equations for computing the nominal 
panel-zone shear strength, depending on whether or not the effect of panel-zone deformation 
on frame stability is included in the analysis. 

In this example, analysis of the building frame, including analysis of interstory drift, was 
based on a centerline model of the frame without rigid end offsets at the joints. This is 
considered to satisfy the requirement that the effect of panel-zone deformation on frame 
stability be included in the analysis. 

Therefore, use AISC Specification Section JI 0.6(b) to compute the nominal shear strength 
of the panel zone. 

aP,. = 1.0 ( 249 kips) 
= 249 kips 

0.4P
y 

= 0.4F
y
Ag 

= 0.4( 50 ksi )( 51.8 in.2)

= 1,040 kips 

For aPr ::; 0.4Py, the design strength of the panel zone is given by AISC Specification 
Equation Jl 0-11. 

[ 3b,1tz.r J<IJR11 = <IJ0.60F
y
dctw 1 + -- -

dbdctw 

= 1.00(0.60)(50 ksi)(l 5.2 in.)(0.830 in.) 

X l+- - - -�- -�- -�- - - -j 
3(15.7 in.)(1.31 in.)2

I 
[23.9 in.+ 2(1 ½ in.)](15.2 in.)(0.830 in.) 

= 469 kips< 782 kips n.g.

(Spec. Eq. Jl0-11) 

cp cp 
I 1.15 1.15 1.15 

I I kip/ft kip/ft kip/ft I 
I 89.9 89.9

0] 
87.7 73.3 [[III] 14.4

rn 12 300 I

¥Ttil;)

s 

"(f D I) 11,000 er CD I) ':;p��n° ( I D I );p_;( Wisl.U 1�,0_00 

w 
kip-in t

1

W24x76

1

t 58 .9
w

56.7 56)1.Us 
1 kip-in. 1�.4 7�-3 kips kips kips 1 ........- ---- kips .. • kips ........- _....... 

22.5" 3oo" 22.5" 

Fig. 4-28. Free body diagram of.forces used to determine panel-zone shear. 
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Therefore, web doubler plates are required. 

Alternatively, using Table 4-2 of this Manual for the W14 x 176 column: 

0.75P
y 

= 1,940 kips 
<1lRv1 = 378 kips 
<1lRv2 = 2,420 kip-in. 

<PRn = <PRvl + 
db 

378 k. 2,420 kip-in. = Ips+-------
23.9 in.+2(1½ in.) 

= 468 kips 

Size web doubler plate 

The minimum thickness of each component of the panel zone, without the aid of intermediate 
plug welds between the column web and the doubler plate, is: 

(dz+w-) 
t > . ' - 90 

From Table 4-2 of this Manual, for the W24 x 76 beam: 

�=0.250 in. 
90 

From Table 4-2 of this Manual, for the W14 x 176 column: 
Wz = 0.140 in. 
90 

t 2: 0.250 in.+ 0.140 in. 
2: 0.390 in. 

The column web satisfies this requirement: 

tw = 0.830 in. > 0.390 in. o.k. 

(Prov. Eq. E3-7) 

If the doubler plate satisfies this minimum thickness, it is permitted to be applied directly to 
the column web or spaced away from the web, without the use of plug welds. 

The available shear strength of the panel zone is checked using AISC Specification Equation 
JI 0-11 with the thickness, tw, taken as the combined thickness of the column web and 
doubler plate. 

[ 
3hcftc/ JRn = 0.60F

yd,.tw I+-�� 
dhdctw 

(Spec. Eq. JI0-11) 

where tw used in two places is replaced with tw + t
p 

and db is replaced with db + 2t
p
. 
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Rearranging to solve for tp:

1 

0.60(50 ksi)[3(15.7 in.)(1.31 in/]
) 

23.9 in.+2(1½ in.) 

I 
X - - - - - - -- -0.830 in.

0.60(50 ksi)( l5.2 in.) 

2 0.687 in. 

Use two ½-in.-thick doubler plates, ASTM A57 2 Grade 50. 

Because the doubler plate meets the minimum thickness required by AISC Seismic

Provisions Equation E3-7 (0.390 in.), plug welds between the doubler and the column web 
are not required. 

Requirements for detailing and welding of doubler plates are specified in AISC Seismic

Provisions Section E3.6e.3. This section permits doubler plates to be placed in contact 
with the column web or away from the column web. In  this example, the doubler plate will 
be placed in contact with the column web. Note that Section E3.6e.3 allows a gap of up to 
Yi6 in. between the web and the doubler plate, and the doubler plate can still be considered 
to be in contact with the web. This allowance of a 1!i6-in. gap helps facilitate fit-up of the 
doubler plate in the fabrication shop and helps facilitate avoidance of welding into the k-area 
of the column web. 

Both continuity plates will be welded directly to the column web, and the doubler plate will 
be placed between the continuity plates. 

The vertical edges of the doubler plate will be welded to the column flanges using web 
doubler plate welds in accordance with A WS Dl.8, clause 4. These welds will begin and 
end 1 in. from the continuity plates to avoid interference with the continuity plate. No ultra
sonic testing is required for these welds. 

Section E3.6e.3 requires that the top and bottom of the doubler plate be welded to the 
continuity plate over the full contact length between the continuity plate and the column 
web. The required strength of this weld is 75% of the available shear yield strength of the 
doubler plate over the contact length with the continuity plate. 

The contact length between the continuity plate and the column web was previously calcu
lated as 6.83 in. 

The doubler plate and continuity plate information, including clip dimensions, is found in 
Figure 4-29. 
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The required shear strength of the doubler plate to continuity plate weld is: 

Ru= 0.75(<))v 0,60Fy )(contact area) 

= 0.75(1.00)(0.60)(50 ksi)('/2 in.)(6.83 in.) 

= 76.8 kips 

The design strength of the PJP groove weld is, from AISC Specification Equation 12-3: 

<j)Rn = <j)FnwAwe 
= 0.75(0.60)(70 ksi)(6.83 in.)te 

= (215 kip/in.)te

where te is the effective throat. 

Solve for te: 

t > 76.8
e - 215 kip/in.

2: 0.357 in.

Alternatively, determine the required fillet weld size as follows: 

D= Ru 

( 1.392 kip/in.) l 

76.8 kips 
(1.392 kip/in.)( 6.83 in.) 

= 8.08 sixteenths 

Use a PJP groove weld with a ¾-in. effective throat. 

PL½" web doubler plate 
(A572 Gr. 50), typ. 

PL 1 Ysx6x1'-%" 
(A572 Gr. 50), typ. 

21/s"x1½" clip, 
typ. 

W14x176 

4½" 

Fig. 4-29. Continuity plate clips and contact lengths. 
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Check Column-Beam Relationship Limitations 

According to Section 5.4 

AISC Seismic Provisions Section E3.4a requires that SMF connections satisfy the following 
strong-column weak-beam criterion, assuming that the exceptions stated in Section E3.4a 
are not met. 

z.M*
---f:-> 1.0 
I.M

pb 

(Prov. Eq. E3-l )  

The value of M;c in this example is based on projecting M
p
c to the beam centerline, assuming 

that the column shear, Ve, is in equilibrium with the column moment, M
pc · This is consistent 

with the definition of M;c in AISC Seismic Provisions Section E3.4a. Alternatively, the 
column shear could be computed to be in equilibrium with the beam moment, M

pr· The 
latter approach will result in a smaller value of M;c and, when applied to Equation E3-1, 
will produce a slightly more conservative result. 

The axial load on the column must also be considered when determining the flexural 
strength of the column at the beam centerline. (For simplicity, the same axial load will be 
used above and below the joint, although this is not quite accurate.) Using Puc = 249 kips 
as given in Example 4.3.2, and the height of the column to its assumed points of inflection 
above [h1 = (12.5 ft/2)(12 in./ft) = 75.0 in.] and below [hb = (14 ft/2)(12 in./ft) = 84.0 in.] 
the beam centerline, 2.M;c is determined as follows: 

* 
I.M

pc = z [F. _ CXs P..uc )[ ht

J 
xt >' 

A h -d /2 
g t b 

75.0 in. 

= ( 320 in.3) 50 ksi 
1.0(249 kips) 75.0 in.-(23.9 in./2) 

51.8 in.2 

= 34,100 kip-in. 

84.0 in. 
+ 84.0 Ill.

(from Prov. Eq. E3-2) 

The expected flexural demand of the beam at the column centerline is defined in ANSI/ 
AISC 358, Section 5.4, as: 

2. M;b = 2. ( M 
pr + M v)

=LM
pr+LMuv 

where 

I M
p
r = summation of the probable maximum moment at the location of the plastic 

hinge 

The term IMuv is the sum of the moments produced at the column centerline by the shear 
at the plastic hinges. Because Figure 4-26(c) shows the forces for the entire beam, 2.M;b

can be determined as follows: 
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2.M;b = 2.[M1 + V1(dc/2)] 

= 15,000 kip-in.+ 14,300 kip-in.+ (101 kips+ 68.1 kips )(15.2 in./2) 
= 30,600 kip-in. 

Therefore, the expected flexural demand of the beam at the column centerline is: 
* 

LM
pc 34,100 kip-in.

2.M;b 30,600 kip-in. 

= 1.11 > 1.0 o.k. 

Therefore, the strong-column weak-beam check is satisfied. 

Example 4.3.8. SMF Strong-Column Weak-Beam 
Exceptions 

AISC Seismic Provisions Section E3.4a includes the following three exceptions when AISC 
Seismic Provisions Equation E3-l (referred to as the strong-column weak-beam require
ment) need not be applied. 

1. Columns with low axial loads (Pre < 0.3Pc) used in one-story buildings or in the top
story of a multi-story building [Section E3.4a(a)(l )]

2. Columns with low axial loads (Pre < 0.3Pc) in which the available shear strength of
the exempted columns represents a relatively small portion of the available shear
strength of the story and the moment frame column line [Section E3.4a(a)(2)]

3. Columns in levels that are significantly stronger than the level above (as computed
relative to their respective required shear strengths) [Section E3.4a(b)]

As part of the exception, it is necessary to calculate the available shear strength of the 
exempted moment frame columns and the non-exempted moment frame columns. There are 
several approaches that may be used to calculate these quantities. The User Note in AISC 
Seismic Provisions Section E3.4a provides guidance on two options, and these options, 
along with a third, are as follows: 

A. The User Note states that the available shear strengths of the columns can be calculated
considering the flexure at each end of the column as limited by the flexural strength of
the attached beams. Columns that satisfy the strong-column weak-beam requirement [see
Figure 4-30(b) and Figure 4-30(c)] would have a shear strength, Ve, equal to:

2,M;b(i) 

where 
M;b(j) = projection of the nominal flexural strength of the beam to the centerline of 

the column as calculated according to AISC Seismic Provisions Section 
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E3.4a. The calculation is made for each beam, j, rigidly framing into 
the joint. To be consistent with the way the column flexural strength is 
calculated, the beam nominal flexural strength should be used (neglecting 
the l .  lR

y 
factor). Similar to the strong-column weak-beam check, the 

moment capacities of all beams framing into the joint ( either one or two) 
are summed. 

h; = story height from centerline of beam to centerline of beam. The sum of the 
distances half way to the adjacent floor lines results in the height between 
approximate inflection points where the shear, Ve, is assumed to act (see 
Figure 4-30). If investigating a joint at the roof level, the denominator con
sists of only one term that is half the height of the top story. 

Columns that don't satisfy the strong-column weak-beam requirement [see Figure 4-30(d) 
and Figure 4-30(e)] would have a shear strength, Ve, equal to: 

L,M;cUl 
Ve

= 

±(hi /2) 

L 

.... ,_r-_-_-_-_-_-_-_-_-..... ,_r-_-_-_-_-_-_-_--1-.-. ........................... .,.. 

�========l �========l 
Clear 
Height 

( a) Definition of some variables

Non-Exempt Columns Exempt Columns 
Assumed 
inflection Ve points h;+1 

Mpb(j) 
I-

2
I Mpb(j+1/ ) h;

Ve __l2

(b) Mechanism (c) Simplified free

body diagram

Mpe(i+1) 

1--1---I 
Mpe(i) 

(d) Mechanism

h;+1 
2 

h; 
2 

( e) Simplified free

body diagram

Fig. 4-30. Diagram showing calculation of column shear for option A. 
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where 
M;c(i) = projection of the nominal flexural strength of the column to the centerline 

of the beam as calculated according to AISC Seismic Provisions Section 
E3.4a. The calculation is made for each column, i, which includes two 
columns if the column extends above the joint, and one column otherwise. 

Projecting the nominal flexural strength of the beam, Mpb, from face of column to 
centerline of column or the column flexural moment, Mpc, from face of beam to beam 
centerline can be done by multiplying the moments by L/Lh and hJh/, respectively. The 
lengths and heights are shown in Figure 4-30(a) as the distance between beam plastic 
hinges, L1, , the distance between column centerlines, L, and the clear height between 

I beams, hi . 

B. The User Note in AISC Seismic Provisions Section E3.4a states that the available shear
strengths of the columns can alternatively be calculated based on the flexural strength of
the columns. This is similar to the equation presented under Option A for columns not
satisfying strong-column weak-beam requirements, but in this case, it is applied to all
columns. Compared to Option A, this method increases the shear strength for the non
exempt columns, thus making the contribution of exempt columns to story shear strength
seem smaller than it is. Option A provides a more accurate assessment of story shear
strength than this method.

C. A nonlinear pushover analysis could be conducted on the individual story to calculate
available shear strength of the story and the contribution of the exempt columns to the
available shear strength. A vertical distribution of lateral loads consistent with ASCE/
SEI 7 and proportionally scaled up could be used, and the available shear strength for
a column (or group of columns) could be calculated as the difference in column shear
above and below the floor level in question.

Given: 

Refer to floor plan in Figure 4-31. Column CL-1 is a WlO due to architectural reasons. 
The story height is 14 ft below this floor and 12 ft 6 in. above this floor. The clear height 
between beams is h/ = 12 ft and h/ = 10 ft 6 in. above and below this floor, respectively. 
The horizontal distance between plastic hinges is L1, = 26 ft 4 in. Verify that Column CL-1 
can be exempt from the strong-column weak-beam requirements. 

The governing load combination for axial and flexural strength including seismic effects 
from ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), including Ev and 
Eh as defined in Section 12.4.2, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Pu
= (1.2+0.2SDs )D+pQE Pa =(1.0+0.105SDS)D+0.525pQE 

+0.5L+0.2S +0.75L+0.75S
= 243 kips = 214 kips 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4.3 SPECIAL MOMENT FRAMES (SMF) AND INTERMEDIATE MOMENT FRAMES (IMF) 4-141 

From AISC Manual Table 2-4, the W-shape material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi

From AISC Manual Table 1-1, the geometric properties are as follows: 

Column 
W10x88 
A= 26.0 in.2

Beam 
W24x76 
Z, = 200 in.3

1 

Zx = 113 in.3

2 

30'-0"
3 4 

30'-0" 30'-0" 30'-0"

le le le � 

+ + + + 

� � � 0------ .. .. .. .... .. 
W24x76 W24x76 W24x76 

0 

LO
N 

®--- 1= :I I: 
I 
I 

0 I 
I I LO

N I 
I 

®--- I 
-1=

0 
I 

LO
N 

W24x76 ® . W24x76 ,,- '\ W24x76 

��, :.� 
7- \ __ ,/ fi.. 
� 

� 
70 7\Y +c2 :_::> i:5' 

•r

, ., 7� 7� 
+7> +7 \Y�6' 

Column CL-1: 
For architectural reasons 

this column is W10. 

Fig. 4-31. Plan view of the second level for strong-column 

weak-beam Exception example. 
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Solution: 

Because Column CL-1 is not part of a one-story building or at the top story of the building, 
Exception 1 described in the preceding discussion does not apply. To satisfy Exception 2, the 
column required axial strength has to be less than 30% of the nominal compressive strength 
(Pre < 0.3Pr), and the shear strength of the exempted column must be a small portion of the 
story available shear strength as specified in AISC Seismic Provisions Section E3.4a(a)(2). 
Start by checking whether the column axial force is less than 30% of the nominal com
pressive strength. The nominal compressive strength is determined from AISC Seismic

Provisions Equation E3-5: 

LRFD ASD 

Pc, = F
y
cA

g
/a, Pc· = Fy

cA
g

/a, 

= (50 ksi)(26.0 in.2 )/1.0 = ( 50 ksi )( 26.0 in.2 )/1. 5  

= 1,300 kips = 867 kips 

Pu 243 kips Pu 214 kips
- -- -- -

Pc, 1,300 kips Pc, 867 kips 
= 0.187 < 0.3 o.k. =0.247 <0.3 o.k.

Next, check AISC Seismic Provisions Section E3.4a(a)(2)(i), which states that the sum of 
the available shear strengths of all exempted columns in the story be less than 20% of the 
sum of the available shear strengths of all moment frame columns in the story acting in 
the same direction. The first option, Option A, discussed at the beginning of the example, 
is selected for calculating the available shear strength of the columns based on the flexural 
strength of the columns as limited by the flexural strength of the attached beams. 

Because the phi or omega factors will cancel out, the nominal shear strengths are calculated. 
The nominal shear strength of the exempt column is: 

I_M;c(i)

F
ycZx ( h1/ h{) + FycZx ( h2/h2) 

hi/2 + h2/2 

( 50 ksi)(l 13  in3 )[( 14 ft
)+ ( 12·5 ft

)]
12 ft l 10.5 ft 

(l:ft + 12.
; ft )(12 in./ft)

= 83.8 kips 

The nominal shear strength of all moment frame columns in the story acting in the same 
direction is: 
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L,M;bUJ 
Vdirection = ± ( h; /2) 

+ Vexempt

(IO connections) F
ybZxb ( L/ L1, ) 

= 

(hi /2)+(h2
/2)

+ Vexempt

(10 connections)( 50 ksi )( 200 in.3 )( }Qft) 
26.3 ft 83 8 k" =-- -�- - - - -� -- - - - --+ . 1ps(1: ft+ 12.

; 
ft }12 in./ft)

= 801 kips

The ratio of the nominal shear strengths is:

Vexempt 83.8 kips
vdirection 80 l kips

= 0.105 < 0.2 o.k.

Next, check AISC Seismic Provisions Section E3.4a(a)(2)(ii), which states that the sum of
the available shear strengths of all exempted columns in a moment frame column line be
less than 33% of the sum of the available shear strengths of all moment frame columns in
that column line. The shear strength of all moment frame columns in the moment frame
column line is:

L,M;bU) 
Vune = ± ( h;/2) 

+ Vexempt

( 4 connections) F
ybZ xb ( L/ L1, ) 

= 
�- - - -�-�-�+ V 

( hi /2) + ( h2 /2) 
exempt 

( 4 connections)( 50 ksi )( 200 in.3 )( }Qf!) 
26.3 ft 83 8 k" =- - -� -- - - -�- - - -- --+ . 1ps(1: ft+ 12.; ft }12 in./ft)

= 371 kips

The ratio of the available shear strengths is:

Vexempt 

V/ine 

83.8 kips
371 kips

= 0.226 < 0.33 o.k.

Because the conditions of AISC Seismic Provisions Section E3.4a(a)(2) are satisfied, the
W10x88 column is exempted from the strong-column weak-beam requirements of AISC
Seismic Provisions Section E3.4a.
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4.4 SPECIAL TRUSS MOMENT FRAMES (STMF) 

Special truss moment frame (STMF) systems resist lateral forces and displacements through 

the flexural and shear strengths of the trusses and columns. Similar to special moment frame 

(SMF) systems, lateral displacement is resisted primarily through the flexural stiffness of the 

framing members and the restraint of relative rotation at the connections, or "frame action." 

However, unlike SMF systems, the connections are not required to provide a qualifying drift 

angle per the AISC Seismic Provisions. 

In an STMF system, a special segment within the truss component is designed to dissipate 

energy. The remaining truss segments are intended to remain elastic. The special segment 

is designed and detailed to sustain large inelastic deformation without loss of strength. It 

acts as both a ductile fuse and an energy dissipator, limiting the forces transmitted to the 

other segments while permitting development of stable and predictable hysteretic behavior. 

When compared with braced-frame systems, an STMF will tend to have larger and 

heavier component sizes, as they are often sized for stiffness rather than strength. However, 

this increase in member size and associated cost is deemed worthwhile given the increased 

flexibility provided for the architectural and mechanical layout. Unlike SMF systems, the 

frames can be positioned in interior spaces without complicating the routing of mechanical 

ductwork and other building services. As with all moment frames, the flexible nature of the 

system does warrant compatibility considerations for rigid architectural cladding. 

Many of the current requirements for STMF systems are the result of research work 

carried out by Goel and Itani (1994a, 1994b), Basha and Goel (]994), and Chao and Goel 

(2008). The design and detailing requirements are addressed in AISC Seismic Provisions 

Section E4. The system is limited to span lengths not greater than 65 ft between columns 

and overall depths not greater than 6 ft. 

With respect to the special segment, its recommended location is near the truss midspan, 

as shear forces are generally lower in this region. Panels within the special segment are 

required to be either Vierendeel or X-braced. Neither combinations thereof nor use of other 

truss diagonal configurations are permitted. The columns and truss segments outside of the 

special segment are required to remain elastic under the forces that can be generated by the 

fully yielded and stain-hardened special segment. 

In accordance with AISC Seismic Provisions Commentary Section E4.3b, there are 

several analysis approaches for the design of the frame members and connections outside 

the special segment. A computational elastic analysis that considers the equilibrium of 

properly selected elastic portions (substructures) of the frame is used in this example. As 

required by AISC Seismic Provisions Section E4.3b and AISC Specification Chapter C, 

second-order effects are included. 

Overview of Applicable Design Provisions 
An overview of the applicable provisions of the AISC Seismic Provisions for the design of 

STMF systems follows and is presented in a simplified format in Table 4-C. All requirements 

of the AISC Specification apply, unless stated otherwise in the AISC Seismic Provisions. 

Note 1: The structural steel material used for STMF systems is limited to the requirements 

of AISC Seismic Provisions Section A3. l .  The weld filler material used in system 

members and connections is limited by the requirements of Section A3.4a. All the 

exceptions noted in Section A3. l apply. 
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Table 4-C 

Simplified Overview of 
Provisions for STMF Systems 

Note in Note in 
Item Referenced Standard* 

Figure 4-32 Overview 

- 1 Materials Provisions Sects. A3.1 & A3.4a 

- 2 
Structural design drawings and 

Provisions Sects. A4.1 & A4.2 
specifications 

- 3 Loads and load combinations Provisions Sect. B2 

- 4 Structural analysis Provisions Sect. E4.3 

- 5 System requirements Provisions Sect. E4.4 

A 6 
Special segment-strength and Provisions Sects. D1.1, E4.3a, E4.4a, 

slenderness E4.5c & E4.5d 

B 7 
Nonspecial segment-strength and Provisions Sects. D1.1, E4.2, E4.3b 

slenderness & E4.5c 

C 8 Column-strength and slenderness 
Provisions Sects. D1 .1, D1 .4a & 

E4.5a 

D 9 Protected zones Provisions Sects. D1 .3 & E4.5f 

E 10 Demand critical welds Provisions Sects. A3.4, E4.6a & 12.3 

F 11 Connections-special segment members Provisions Sect. E4.6b 

G 12 
Connections-nonspecial segment 

Provisions Sect. E4.3b 
members 

H 13 Connections-truss-to-column Design Guide 4 

I 14 Column splices Provisions Sects. D2.5 & E4.6c 

J 15 Column bases Provisions Sect. D2.6 

*The referenced standards are in addition to the requirements of the AISC Specification. 

Note 2: The structural design drawings and specifications for STMF systems are to meet the 

requirements of AISC Seismic Provisions Sections A4. l and A4.2. 

Note 3: The loads and load combinations as defined by the applicable building code are to 

be followed as indicated in AISC Seismic Provisions Section B2. 

Note 4: The STMF system structural analysis requirements are provided in AISC Seismic

Provisions Section E4.3. The method(s) for determining the required strength of 

columns, beams and connections is covered. 

Note 5: The STMF system requirements are prescribed in AISC Seismic Provisions Section 

E4.4. The provisions provide limitations for the special segment location, length, 

length-to-depth ratio, and chord splice location. Limitations for both Vierendeel 

and X-braced special segment panels are included. Furthermore, the provisions 

require stability bracing for the trusses and truss-to-column connections. 
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Note 6: The required and available shear strengths for special segment members are provided 

in AISC Seismic Provisions Sections E4.3a and E4.5c, respectively. The required 

axial strength of any diagonal web members is provided in Section E4.4a. Further

more, the special segment width-to-thickness ratios for elements that make up 

chord and web members are to satisfy the requirements of Sections D 1.1 and E4.5d 

for highly ductile members. 

Note 7: The required strength for nonspecial segment members is provided in AISC Seismic 

Provisions Section E4.3b. The provision is intended to include the capacity-limited 

horizontal seismic load effect. The capacity-limited horizontal seismic load effect 

is the lateral force necessary to develop the expected vertical shear strength of the 

special segment acting at mid-length and defined in Section E4.5c. Furthermore, 

Section E4.2 requires that truss segments outside of the special segments be 

designed to remain elastic under forces that can be generated by the fully yielded 

and strain-hardened special segment. 

Note 8: The required strength of columns used in the seismic force-resisting system (SFRS) 

of an STMF system is provided in AISC Seismic Provisions Section D 1.4a. 

Furthermore, as with column elements in SMF systems, the width-to-thickness 

limitations are to satisfy the requirements of Sections D 1.1 and E4.5a for highly 

ductile members. 

Note 9: Within the special segment, AISC Seismic Provisions Section E4.5f designates the 

region at each end of a chord member as a protected zone. Where applicable within 

the special segment, the vertical and diagonal web members from end-to-end are 

also designated as protected zones. Limitations on attachment of other elements 

and work done on materials located in the protected zones are provided in Section 

Dl.3. 

'- 'Splice Splice'- ' 
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Fig. 4-32. STMF system keynotes as referenced in Table 4-C. 
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Note 10: The requirements for, and the locations of, demand critical welds for STMF 

systems are provided in AISC Seismic Provisions Section E4.6a. Furthermore, 

Sections A3.4 and 12.3 provide material requirements for weld consumables and 

references to additional demand critical welding code requirements and proce

dures, respectively. 

Note 11: The requirements for connections of diagonal web members in the special segment 

are provided in AISC Seismic Provisions Section E4.6b. 

Note 12: The requirements for connections of nonspecial members are provided in AISC 

Seismic Provisions Section E4.3b. 

Note 13: The requirements for the truss-to-column connections are provided in AISC 

Design Guide 4, Extended End-Plate Moment Connections-Seismic and Wind 

Applications (Murray and Sumner, 2003). 

Note 14: The required column strength and other requirements for column splices in STMF 

systems are provided in AISC Seismic Provisions Sections D2.5 and E4.6c. 

Note 15: The required shear, flexural and axial strengths for attachment of columns to bases 

are provided in AISC Seismic Provisions Section D2.6. The requirements do not 

apply to column bases assumed and designed to be simple connections. 

STMF Design Example Plan and Elevation 
The following examples illustrate the design of special truss moment frames (STMF) based 

on AISC Seismic Provisions Section E4. The plan and elevation are shown in Figures 4-33 

and 4-34, respectively. The code-specified gravity loading is as follows: 

Djioor 

DrcJOf 

lfioor 
s 

= 85 psf 

= 68 psf 

= 50 psf 

= 20 psf 

Curtain wall = 175 lb/ft along building perimeter at every level 

For the STMF examples, in accordance with ASCE/SEI 7, the following factors are appli

cable: Risk Category 1, Seismic Design Category D, R = 7, Q0 = 3, Cd
= 5½, le

= l.00, 

SDS = 1.0, and p = 1.0. See ASCE/SEI 7, Section 12.3.4.2, for the conditions that permit a 

value of p equal to 1.0. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev
= 0.2SDSD (ASCE/SEI 7, Eq. 12.4-4a) 

The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

(ASCE/SEI 7, Eq. 12.4-3) 

The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Section 

12.4.3.1, is: 

(ASCE/SEI 7, Eq. 12.4-7) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 

(for LRFD) and Section 2.4.5 (for ASD), are used. 
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SCBF investigated in Part 5 For elevation, see Figure 4-34.

Fig. 4-33. STMF.floor plan. 
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Fig. 4-34. STMF elevation. 
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LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

l.2D+Ev +E1, +L+0.2S
= 1.2D+0.2SDSD+pQE +0.5L+0.2S

= (1.2+ 0.2Svs )D+pQE +0.5L+0.2S 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev +E1, 

= 0.9D 0.2SvsD+pQE 

= (0.9 0.2Svs )D+pQE 

4-149

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

1.0D+0.7Ev +0.7E1i 

= 1.0D+0.7(0.2SvsD)+0.7pQE 

= (1.0+0.14Svs )D+ 0.7pQE 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525E1, + 0.75L + 0.75S 

= l.0D+0.525(0.2SvsD)+0.525pQE 

+ 0.75L + 0.75S

= (1.0+ 0.105Svs )D + 0.525pQE 

+0.75L+0.75S

Load Combination IO from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7Ev +0.7E1, 

= 0.6D 0.7(0.2SvsD)+0.7pQ£ 

= (0.6 0.14Svs )D+0.7pQE 

The basic load combinations with seismic load effects including overstrength from 
ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and 
E1, as defined in Section 12.4.3. 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

1.2D+Ev +Emh +L+0.2S I.OD+ 0.7 Ev+ 0.7 Emh
= l.2D+0.2SvsD+Q0QE +0.5L+0.2S = l.0D+0.7(0.2SvsD)+0.7QoQE 

= (1.2+0.2Svs )D+Q0QE +0.5L+0.2S = (1.0+0.14Svs )D+0.7QoQE
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LRFD 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev +Emh 
= 0.9D 0.2SDsD+QoQE 

= (0.9-0.2SDS )D+QoQE 

MOMENT FRAMES 

ASD 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525Emh 
+0.75L+0.75S

= I.0D+0.525(0.2SDSD)+0.525Q0QE 

+ 0.75L + 0.75S

= (1.0+0.105SDS )D+0.525Q.0QE 

+ 0.75L + 0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7 Ev+ 0.7 Emh 

= 0.6D 0.7(0.2SDSD)+0.7Q0QE 

=(0.6 0. l4SDS )D+0.7Q0QE

Example 4.4.1. STMF Story Drift and Stability Check 

Given: 

Refer to the floor plan shown in Figure 4-33 and the STMF elevation shown in Figure 4-34. 
The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. 
Determine if the frame satisfies the ASCE/SEI 7 drift and stability requirements based on 
the prescribed loading. 

Comment: 

In terms of story drift, from an elastic computation analysis of the structure, including 
second-order effects, the maximum drift is determined to occur between the third and fourth 
levels. At this location, the elastic drift, Dxe, is determined as follows: 

Dxe = 04e - 03e = 0.515 in. 

Furthermore, from the same computational analysis, the worst-case stability coefficient is 
determined to occur in the columns supporting the third level. At this location, the elastic 
drift, Dxe, is determined as follows: 

Dxe = 03e - 02e = 0.415 in. 

The corresponding third level seismic design story shear, ½, as defined in ASCE/SEI 7, 
Section 12.8.4, is 160 kips. 
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Solution: 

Drift Check 

Per AISC Seismic Provisions Section BI, the design story drift and the story drift limits are 
those stipulated by the applicable building code. ASCE/SEI 7, Section 12.8.6, defines the 
design story drift, L'l, computed from Dx, as the difference in the deflections at the center of 
mass at the top and bottom of the story under consideration, which in this case is the third 
level. The design story drift, L'l, is determined as follows: 

CdDxe 

5½(0.515 in.) 
1.00 

= 2.83 in. 

(from ASCE/SEI 7, Eq. 12.8-15) 

From ASCE/SEI 7, Table 12.12-1, the allowable story drift at level x, !la, is 0.020hsx , 
where hsx is the story height below level x. Although not assumed in this example, !la can 
be increased to 0.025hsx if interior walls, partitions, ceilings, and exterior wall systems are 
designed to accommodate these increased story drifts. Furthermore, ASCE/SEI 7, Section 
12.12.1.1, requires that for structures assigned to Seismic Design Category D, with seismic 
force-resisting systems comprised solely of moment frames, the design story drift should 
not exceed L'laf P for any story. Therefore, the allowable story drift is determined as follows: 

ll
a 0.020h,,x

p p 

0.020(12.5 ft)(12 in./ft) 
1.0 

= 3.00 in. > 2.83 in. o.k. 

The frame satisfies the drift requirements. 

Frame Stability Check 

ASCE/SEI 7, Section 12.8.7, provides a method for the evaluation of the P-L'l effects on 
moment frames based on a corresponding stability coefficient, 0. The coefficient should 
be verified for each level. However, for purposes of illustration, this example only checks 
stability in the columns supporting the third level. The stability coefficient, 0, is determined 
as follows: 

0 = 
Pxllle 

Vxh,uCd 
(ASCE/SEI 7, Eq. 12.8-16) 

where the total vertical design load, Px, carried by these columns is determined previously 
in Example 4.3.1 as 2,820 kips, the story height, hsx, below the third level is 12.5 ft, and the 
design story drift, L'l, is determined as follows: 
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fl= CdOxe

le 

5½(0.415 in.) 

1.00 
= 2.28 in. 

Therefore, the stability coefficient, 0, is determined as follows: 

0 = 
(2,820 kips)(2.28 in.)(1.00) 

(160 kips)(l2.5 ft)(l2 in./ft)(5½) 

=0.0487 

MOMENT FRAMES 

(ASCE/SEI 7, Eq. 12.8-15) 

Because a second-order analysis is used in computing the story drift, ASCE/SEI 7, Section 
12.8.7, permits an adjustment in the coefficient to verify compliance with 0max, as follows: 

0 0.0487 
1 + 0 l + 0.0487 

= 0.0464 

If the stability coefficient is less than or equal to 0.10, then in accordance with ASCE/SEI 7, 
Section 12.8.7, second-order effects need not be considered. However, AISC Specification

Chapter C always requires consideration of second-order effects in the computational analy
sis used for member design. Furthermore, ASCE/SEI 7, Section 12.8.7, requires that the 
stability coefficient not exceed 0max, determined as follows: 

0 . = 
0

·
5 

< 0.25 max 
(}Cd -

(ASCE/SEI 7, Eq. 12.8-17) 

where 13 is the ratio of shear demand to shear capacity for the level being analyzed and, in 
accordance with Section 12.8.7, is permitted to be conservatively taken as 1.0: 

0 _ 
0.5 

max -
1.0(5½) 

= 0.0909 < 0.25 

and 

0.0464 < 0max o.k. 

The frame satisfies stability requirements. 

Comment: 

While the Vierendeel panels are typically used to accommodate larger mechanical and 
electrical ductwork, the X-braced panels tend to provide a corresponding increase in stiff
ness. In consideration of the drift and stability limits, it may be cost-effective to replace the 
special segment Vierendeel panels with X-bracing and potentially reduce the total number 
of required moment frame bays. 
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Example 4.4.2. STMF Special Segment Design Checks 

Given: 

Refer to the STMF elevation in Figure 4-34. Determine the adequacy of the special segment 
chords shown in Figure 4-35 for Truss T-1 to resist the applied loading using ASTM A529 
Grade 50 angle material. Also, design the lateral stability bracing for the special segment 
using angles of the same material specification. Note that ASTM A36 is the preferred material 
for angles according to AISC Manual Table 2-4; however, ASTM A529 is applicable if 
a higher strength is desired. Availability should be confirmed prior to specifying ASTM 
A529. The double-angle members are interconnected by welds or pretensioned bolts with 
Class A or B faying surfaces. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. 
The required strengths at the ends of the special segment are determined by a second-order 
analysis including the effects of P-o and P-ti with reduced stiffness as required by the direct 
analysis method. The governing load combination for shear that includes seismic effects is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Vu =(1.2+0.2SDS)VD+PVQE Va= (l.0+0.14SDS )VD +0.7pVQE 
+ 0.5VL + 0.2Vs

= ll .9 kips 
= 8.34 kips 

Truss Diagonals: 2L4x4x% 

Truss Verticals: 2L3x3x½ (Nonspecial segment) 
2L4x4x% (Special segment) 

2'-6" 2'-6" ---1 .. I .. 1---
�---:::,,r;:---,---r--,----:::,,r;:---,----::,,t � gj ·············

t
· 

12'-6" 

2L5x5x% 2L4x4x% 

Chords 

Fig. 4-35. Truss T -1 elevation. 

2L5x5x% 
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AISC Seismic Provisions Section D 1.4a requires, with limited exceptions, that the over
strength seismic load (i.e., the seismic load multiplied by the overstrength factor, Q0) be 
used to calculate the required special segment chord axial strength. The redundancy factor, 
p, and the overstrength factor need not be applied simultaneously. 

The governing load combination for axial and flexural strength that incorporates the over
strength seismic load from ASCE/SEI 7, Section 12.4.3, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Pu = (1.2 + 0.2SDs )PD+ Q0
PQE Pa = (1.0+0.105SDS )PD 

+ 0.5PL + 0.2Ps +0.525Q
0PQE +0.75PL +0.75Ps

= 19.4 kips = 11.6 kips 

Mu = (1.2+0.2SDS )MD +Q0
MQE Ma = (1.0+ 0.105SDS )MD 

+0.5ML +0.2Ms + 0.525Q
0MQE + 0.75ML + 0.75Ms

= 14.9 kip-ft = 10.4 kip-ft 

The governing load combination for axial and flexural strength that incorporates seismic 
effects from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Pi, = (1.2+0.2SDS )PD +pPQE Pa = (1.0+0.105SDs )PD 

+ 0.5PL + 0.2Ps + 0.525pPQE + 0.75h + 0.75Ps
= 19.0 kips = 11.3 kips 

Mu 
= (1.2+0.2SDS)MD+PMQE Ma =(1.0+0.105SDS )MD 

+0.5ML +0.2Ms +0.525pMQE +0.75ML +0.75Ms
= 14.6 kip-ft = 10.2 kip-ft 

Solution: 

From AISC Manual Table 2-4 and AISC Seismic Provisions Table A3.l ,  the special 
segment chord material properties are as follows: 

ASTM A529 Grade 50 
F

y 
= 50 ksi 

Fu = 65 ksi 
R

y
= 1.2 
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From AISC Manual Tables 1-7 and 1-15, the chord geometric properties are as follows: 

Special Segment Chord 
2L4x4x%, %-in. gap 
d = 4 in. h = 4 in. 
Sx = 4.76 in.3 Zx = 8.56 in.3
rx = r

y 
= 1.20 in. (single angle) 

Lateral Brace 
L5x5x½ 
A

g
= 4.79 in.2 rx = r

y 
= 1.53 in. 

t = 
5/s in. r

y 
= 1.85 in. 

A
g

= 9.22 in.2 Aw
= 5.00 in.2

r2 = 0.774 in. (single angle) 

Check Special Segment System Requirements 

AISC Seismic Provisions Section E4.4a requires that the length of the special segment be 
between 0.1 and 0.5 times the truss span length and that the length-to-depth ratio of any 
panel should neither exceed 1.5 nor be less than 0.67. 

The ratio of the special segment length, Ls, to truss span length, L, is determined as follows: 

(5 ft)(l2 in./ft) 
L (30 ft)(l2 in./ft) 

= 0.167 

0.1 < 0.167 < 0.5 o.k.

The length-to-depth ratio of a panel in the special segment is determined as follows: 

�(2_.5_ f�t)(�12_in _.lf�t)
= l.OO 

30 in. 

0.67 < 1.00 < 1.5 o.k.

The special segment satisfies the system requirements. 

Check Special Segment Chord Element Slenderness 

AISC Seismic Provisions Section E4.5d requires that the chord members within the special 
segment satisfy the requirements of Section Dl.1 for highly ductile members. 

The width-to-thickness ratio for the chord is determined as follows: 

h 4 in. 
t 1/s in. 

= 6.40 

From AISC Seismic Provisions Table D 1.1, the limiting flange width-to-thickness ratio for 
highly ductile members is: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4-156

= 0_32 29,000 ksi
1.2(50 ksi) 

=7.04 

MOMENT FRAMES 

Because bit < Ahd, the chord satisfies the requirements for highly ductile members. 

Check Built-Up Special Segment Chord Connectors 

AISC Seismic Provisions Section E4.5e requires that the spacing of connectors, a, for built-up 
members satisfy the following: 

a :S; 0.04Ery / Fy

where ry is the radius of gyration of the individual component about its minor axis-in this 
case, the single angle. Therefore, the spacing of connectors can be determined as follows: 

a= 0.04(29,000 ksi)(I.20 in.)/(50 ksi) 

= 27.8 in. 

Use a connector spacing of 24 in. on center. 

Effective Length Factor 

The direct analysis method in AISC Specification Section C3 states that the effective length 
factor, K, of all members is to be taken as unity unless a smaller value can be justified by 
rational analysis. Therefore, the effective length factor is specified as follows: 

Kx =K
y

= 1.0 

Available Compressive Strength 

For the built-up chord out-of-plane of the truss, determine the slenderness ratio from AISC 
Specification Section E6. l (b ), as follows: 

a 24 in. 
r; 0.774 in. 

= 31.0 

Because air;< 40, use AISC Specification Equation E6-2a. 

1.0(5 ft)(I2 in./ft) 
1.85 in. 

= 32.4 
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For the built-up chord in-plane of the truss: 
l

e 
1.0(2.5 ft)(I2 in./ft)

rx 1.20 in. 
=25 
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For flexural buckling, determine the available critical stress from the corresponding slender
ness ratio in AISC Manual Table 4-14 as follows: 

<l>eF:T = 41.7 ksi 

LRFD 

Fer = 27.8 ksi
QC 

ASD 

For flexural-torsional buckling, the available critical stress is determined from AISC 
Specification Section E4 as: 

I .Ja � 37.5 ksi 

LRFD 

Fer = 24.9 ksi
QC 

ASD 

Because the built-up chord of 2L4x4x% is nonslender, the nominal compressive strength 
is determined from AISC Specification Section E3 as follows: 

Pn = FcrAg (Spec. Eq. E3-l )  

Therefore, the available compressive strength is: 

LRFD ASD 

<l>cPn = (37.5 ksi)(9.22 in.2) P,, = (24.9 ksi)(9.22 in.2)
QC 

= 346 kips> 19.4 kips o.k. = 230 kips > l l .6 kips o.k.

Available Tensile Strength 

AISC Seismic Provisions Section E4.5b requires that the available tensile yield strength 
of the special segment chord member be equal to or greater than 2.2 times the required 
strength, where the nominal tensile strength is determined as follows: 

Pn = F
y
A

g 

= (50 ksi)(9.22 in.2)
= 461 kips 

Therefore, the available chord tensile strength is: 

LRFD 

q>P,, = 
0.90(461 kips) Pn 

2.2 Q 

= 189 kips> 19.4 kips o.k.

ASD 

461 kips 
-
-

1.67 ( 2.2) 
= 125 kips> 11.6 kips 
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Available Flexural Strength 

The available flexural strength of the special segment chord member consisting of double 
angles is determined in accordance with AISC Specification Section F9. The nominal 
flexural strength with the angle legs in tension and with the angle legs in compression is 
determined as follows. The yield moment is: 

M
y

= F
y
Sx 

(50 ksi)(4.76 in.3)
( 12 in./ft) 

= 19.8 kip-ft 

For double angles with the web legs in tension: 

Mn =Mp 
= FyZx � 1.6M

y 

(50ksi)(8.56 in.3) 
= 

( 
. 

) 
�l.6(19.8k1p-ft) 

12 m./ft 
= 35.7 kip-ft> 31.7 kip-ft 

(Spec. Eq. F9-3) 

(Spec. Eq. F9-2) 

Use Mn = 31. 7 kip-ft for tension. For double angles with the web legs in compression: 

Mn =M
p 

= 1.5M
y 

= 1.5(19.8 kip-ft) 
= 29.7 kip-ft 

Use Mn = 29.7 kip-ft for compression. 

(Spec. Eq. F9-5) 

Therefore, the available flexural strength of the chord is determined as follows: 

LRFD ASD 
For web legs in tension: For web legs in tension: 

<pbMnc = 0.90(31.7 kip-ft) Mnc -
31.7 kip-ft 

- - -

Qb 1.67 
= 28.5 kip-ft 

= 19.0 kip-ft 

For web legs in compression: For web legs in compression: 

<pbMnc = 0.90(29.7 kip-ft) 
Mnc -

29.7 kip-ft 
- - -

Qb 1.67 
= 26.7 kip-ft 

= 17.8 kip-ft 

Chord Combined Loading 

Check the interaction of tension and flexure using AISC Specification Section HI. I and the 
governing load case for combined loading: 
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LRFD 

P,. 19.4 kips -- -

Pc 184 kips 
= 0.105 < 0.2 

LRFD 
Therefore, use AISC Specification 
Equation Hl-1 b: 

P, +[ M,x + M,, J < l.O
2l'c. Mex Mey -

0.105 +[14.9 kip-ft +oJ
2 26.7 kip-ft 

= 0.663 < 1.0 o.k.

ASD 

P,. 11.6 kips -- -

Pc 125 kips 
= 0.0928 < 0.2 

ASD 
Therefore, use AISC Specification 
Equation Hl-1 b: 

P, +[ M
,x + M,, J<l.O

2l'c. Mex Mey -

0.0928 + [ 10.4 kip-ft+ OJ
2 17 .8 kip-ft 

= 0.677 < 1.0 o.k.

The selected special segment chord satisfies combined strength requirements. 

Available Shear Strength 

4-159

In accordance with AISC Specification Section 04, the nominal shear strength, V11, is deter
mined as follows: 

(Spec. Eq. 04-1) 

The web shear buckling strength coefficient, Cv2, is defined in AISC Specification Section 
02.2, where hltw = hit and kv = 5. 

h 4 in. 
t 5/s in. 

= 6.40 

_!!__�I.IO �
kvE 

lw Fv 

5 

=59.2 

Because h/t <S l . lO�kvE/ F
y

, Cv2 = 1.0, per AISC Specification Equation 02-9. Thus, the 
nominal chord shear strength is: 

V11 
= 0.6(50 ksi)(2)(4 in.)(¾ in.)(1.0) 
= 150 kips 
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The available chord shear strength is determined as follows:

LRFD

<p,,Vn = 0.90(150 kips)
= 135 kips

135 kips > 11.9 kips o.k.

ASD

v,, 150 kips
--

Qv 1.67
= 89.8 kips

89.8 kips > 8.34 kips

MOMENT FRAMES 

o.k.

The selected special segment chord satisfies shear strength requirements.

Comment: 

Although not applicable in this example, if X-bracing is used in the special segment panels,
in accordance with AISC Seismic Provisions Section E4.5b, the chords would be required
to provide a minimum of 25% of the required shear strength.

Special Segment Lateral Bracing 

AISC Seismic Provisions Section E4.4b requires that each flange of the chord be laterally
braced at the ends of the special segment. The required strength of the lateral brace is deter
mined using AISC Seismic Provisions Equation E4-l :

LRFD ASD 

P,, = 
0.06RyFyA

f Pa = 

0.06RyFyAJ 

as as 

0.06(1.2)(50 ksi)(2)(4 in.)(5/s in.) 0.06(1.2)(50 ksi)(2)(4 in.)(5/s in.)
- -- -

1.0 1.5
= 18.0 kips = 12.0 kips

The length of the bottom flange brace is assumed to extend from the centerline of the bottom
chord of the special segment to the centerline of the top flange of the adjacent member. As
shown in Figure 4-33, the center-to-center spacing of the members is 12.5 ft. Therefore, the
approximate length of the brace is determined as follows:

L = (12.5 ft)2 +( 30 in. 
)
2 

12 in./ft 
= 12.7 ft

Use a brace length of L = 13 ft.

Select an L5 x 5 x ½ and determine the single-angle brace slenderness ratio from AISC
Specification Section E5(a)(l ), as follows:

L (13 ft)(l2 in./ft)
ra 1.53 in.

=102
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Because L/ra > 80: 

Le 
= 32 + l .25� 

r 

= 32 + 1.25(102) 

= 160 

4-161 

(Spec. Eq. E5-2) 

Determine the brace available critical stress from the corresponding slenderness ratio in 
AISC Manual Table 4-14 as follows: 

LRFD 

<Jlc Fcr = 8.82 ksi Fer = 5.87 ksi
QC 

ASD 

Because the angle is nonslender, the nominal compressive strength is determined in accor
dance with AISC Specification Section E3 as follows: 

Pn = Fc rAg 
(Spec. Eq. E3-l )  

Therefore, the available compressive strength is determined as follows: 

LRFD ASD 

<Jlc Pn = <JlcFcrAg 

-

-

= (8.82 ksi)(4.79 in.2)
QC QC 

= ( 5.87 ksi)( 4.79 in.2)
= 42.2 kips> 18.0 kips o.k. = 28.1 kips> 12.0 kips o.k.

AISC Seismic Provisions Section E4.4d requires that the brace stiffness satisfy the provi
sions in AISC Specification Appendix 6, Section 6.2. The required axial strength of the 
brace, Pr, is found using AISC Seismic Provisions Equation E4-3. Note that the nominal 
axial compressive strength of the chord member, Pnc , is used and the resistance factor, <Jlc 

(for LRFD), and the safety factor, Qc (for ASD), are removed from the available chord 
strengths in the following to obtain Pnc · 

LRFD ASD 

P. - <JlcP,, P,, 
nc - Pnc =Qc -

<Jlc QC 

-

346 kips = 1.67 ( 230 kips) 
-

0.90 = 384 kips 
= 384 kips 

RyPnc 

Pr
= - - RyPnc 

Pr = - -
as as 

1.2 ( 384 kips) 1.2 ( 384 kips) 
- -

- -

1.0 1.5 
= 461 kips = 307 kips 
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From AISC Specification Equation A-6-4a (LRFD) and A-6-4b (ASD), the required brace 
stiffness is: 

R =_!__[8Pr)t-1hr
"' L 'I-' hr 

LRFD 

I 8( 461 kips)
= 

D.75 (5 ft)(12 in./ft) 

= 82.0 kip/in. 

ASD 

Phr = n[8Pr)
Lhr 

= 2.00 
8 ( 307 kips) 

(5 ft)(12 in./ft) 

= 81.9 kip/in. 

The available brace stiffness, k, in the horizontal plane, is determined as follows: 

AE 
k =-g-cos2 0 

where 
30 in. 

0 = tan- 1 
- - - - - --(12.5 ft)(I2 in./ft) 

= 11.3° 

Therefore 

(4.79 in.2 )(29,000 ksi) 
k = � --�- - - --cos2 11.3° 

(13 ft)(12 in./ft) 
= 856 kip/in. > Phr = 82.0 kip/in. (for LRFD) o.k.

= 856 kip/in. > Phr = 81.9 kip/in. (for ASD) o.k.

The selected single-angle brace satisfies strength and stiffness requirements. 

Comment: 

Although not shown, the preceding methodology can be repeated for the top flange brace. 
Alternatively, as with most wide-flange beams supporting a concrete structural slab in an 
SMF, stability for the top flange chord may be sufficient without the brace, provided that 
steel headed stud anchors are provided at a minimum spacing of 12 in. (but omitted in the 
special segment protected zone). 

Example 4.4.3. STMF Nonspecial Segment Design 

Given: 

Refer to Truss T-1 in Figure 4-34. Determine the adequacy of the chord and web members 
outside the special segment shown in Figure 4-35 to resist the applied loading using ASTM 
A529 Grade 50 material. Note that ASTM A36 is the preferred material for angles accord
ing to AISC Manual Table 2-4; however, ASTM A529 is applicable if a higher strength 
is desired. Availability should be confirmed prior to specifying ASTM A529. Include 
equivalent lateral loads that are necessary to develop the maximum expected nominal shear 
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strength of the special segment in its fully yielded and strain-hardened state as shown in 

Figure 4-36. The double-angle members are interconnected by welded or pretensioned bolts 

with Class A or B faying surfaces. 

Solution: 

From AISC Manual Table 2-4 and AISC Seismic Provisions Table A3. l, the nonspecial 

chord material properties are as follows: 

ASTM A529 Grade 50 

Fy = 50 ksi 

Fu = 65 ksi 

Ry = 1.2 

From AISC Manual Tables 1-7 and 1-15, the member geometric properties are as follows: 

Special Segment Chords 

2L4x4x5/s, 1/s-in. gap 

Ix = ly = 6.62 in.4 (single angle)

Nonspecial Segment Chords 

2L5x5x5/s, 1/s-in. gap 

d = 5 in. t = 5/s in. 

Sx = 7.70 in.3 Zx = 13.9 in.3

rx = ry = 1.52 in. (single angle) 

Web diagonals 

2L4x4x5/s, 1/s-in. gap 

d = 4 in. t = ¼ in. 

Sx = 4.76 in.3 Z,, = 8.56 in.3

rx = ry = 1.20 in. (single angle) 

A
g 

= 11.8 in.2 ry = 2.25 in. 

Y
p 

= 0.590 in. 

rz = 0.975 in. (single angle) 

A
g 

= 9.22 in.2 ry = 1.85 in. 

rz = 0.774 in. (single angle) 

Fig. 4-36. STMF yield mechanism with the expected vertical shear, Yne· 
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Column 
W14x 176 (assumed; this will be confirmed in Example 4.4.4) 
d = 15.2 in. 

Expected Vertical Shear of Special Segment 

MOMENT FRAMES 

AISC Seismic Provisions Section E4.5c requires that the expected vertical shear strength 
(EVS) in the special segment include the effects of strain hardening and the material 
expected yield strength. The EVS strength, Vne , at mid-length, is determined as follows: 

3.60 
5 ft 

+0.036(29,000 ksi)(2)(6.62 in.4) (3o ft)(l 2  in./ft� +o
[(s ft)(12 in./ft)J-

= 48.7 kips 

(Prov. Eq. E4-5) 

The last term of the equation equals zero because no diagonal members exist within the 
special segment. 

Comment: 

As proposed by Chao and Goel (2008), the associated EVS force components on elements 
outside the special segment can be determined independently by dividing the frame into 
interior and exterior column-truss free body diagrams. 

Required Nonspecial Chord Axial Strength 

The maximum required axial strength in the chords due to the EVS in the special segment is 
determined by treating the EVS as a point load at the end of a cantilever that is half as long 
as the truss span, and AISC Manual Table 3-23, Case 22, is applied. The maximum required 
axial strength in the chords due to the EVS, then, is determined as follows: 

P,,e = Mmax/(lever arm between chords) 

where 
Mmax = Pl 
P =Vne

= 48.7 kips 
clear span 

2 
L d 

2 
(30 ft)(l2 in./ft)-15.2 in. 

2 
= 172 in. 
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Therefore: 

Mmax = (48.7 kips)(172 in.) 
= 8,380 kip-in. 

8,380 kip-in. 
30 in. 2( 0.590 in.) 

= 291 kips 

4-165

AISC Seismic Provisions Section E4.3b states that the required strength of nonspecial 
segment members are to be determined using the capacity-limited horizontal seismic load 
effect, Ec1. In this case, the capacity-limited seismic load effect corresponds to the maximum 
required axial strength in the chords due to the EVS of the special segment. Therefore, the 
governing load combination for the nonspecial chord axial strength, incorporating Ev and Eh 
from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 
Section 2.3.6 (including the permitted 7, Section 2.4.5, with consideration of 
0.5 factor on L), with consideration of Provisions Section E4.3b: 
Provisions Section E4.3b: 

Pi, = (1.2 + 0.2Svs )Pv + Pne Pa = (1.0 + O.I05Svs )Pv 

+ 0.5PL + 0.2Ps +0.525Pne +0.75PL +0.75Ps

= 405 kips = 266 kips 

Check Nonspecia/ Chord Slenderness 

AISC Seismic Provisions Section E4.2 requires that truss segments outside of the special 
segments be designed to remain elastic under forces that can be generated by the fully 
yielded and strain-hardened special segment. Members that remain elastic need only satisfy 
the requirements of AISC Seismic Provisions Section D 1.1 for moderately ductile members. 

The width-to-thickness ratio for the flange is determined as follows: 
b 5 in. 
t 5/s in. 

=8.00

From AISC Seismic Provisions Table D 1.1, for flange width-to-thickness ratios for mod
erately ductile members: 

Amd = 0.40 � E
R

y
F

y 

= 0.40 
29,000 ksi
1.2(50 ksi) 

=8.79 

Because bit < Amd, the flanges satisfy the requirements for moderately ductile members. 
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Available Chord Compressive Strength 

In order to reduce the chord slenderness ratio, supplemental chord lateral bracing is provided. 
The top chord is braced out-of-plane by the concrete structural slab. The bottom chord is 
braced at each panel point. In consideration of the panel point bracing and using a panel 
point spacing of 4 ft and connector spacing of I ft, determine the maximum of the two built
up chord slenderness ratios from AISC Specification Section E6.l(b)(l )  as follows: 

a (1 ft)(12 in./ft) 
r; 0.975 in. 

=12.3<40 

Thus, for the built-up chord out-of-plane of the truss: 

1.0(4 ft)(l2 in. /ft) 

2.25 in. 
= 2 1.3 

For the built-up chord in-plane of the truss: 

L
e 

1.0(4 ft)(l2 in./ft) 

rx 1.52 in. 
= 31. 6  

(from Spec. Eq. E6-2a) 

Determine the available critical stress from the corresponding maximum slenderness ratio 
in AISC Manual Table 4-14 as follows: 

LRFD 

<p
eFe

r = 41.8 ksi Fer = 27. 8 ksi
QC 

ASD 

For flexural-torsional buckling, the available critical stress is determined from AISC 
Specification Section E4 as: 

LRFD 

Fer = 26. 3 ksi
QC 

ASD 

Because the built-up chord of 2L5x5x% is nonslender, the nominal compressive strength 
is determined from AISC Specification Section E3 as follows: 

(Spec. Eq. E3-l )  
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Therefore, the available compressive strength of the chord is: 

LRFD 

<\JcP,, = <\JcFcrAg 
= (39.6 ksi)(l 1.8 in.2) 
= 467 kips> 405 kips o.k.

Pn _ Fer A - g
QC QC 

ASD 

= ( 26.3 ksi) ( l 1.8 in.2) 

= 310 kips> 266 kips 

The selected nonspecial chord segment satisfies the strength requirements. 

Nonspecial Segment Lateral Bracing 

4-167

o.k.

As previously mentioned, in order to reduce the chord slenderness ratio, supplemental chord 
lateral bracing is provided. The top chord is braced out-of-plane by the concrete structural 
slab. The bottom chord is braced at each panel point. 

Comment: 

If the truss is a joist-supporting girder, the top chords of the joists are required to satisfy the 
lateral bracing strength and stiffness requirements. Depending on the location and spacing 
of the joists, supplemental top chord lateral bracing may also be required. If these con
centrated loads are located within the special segment and the panels are X-braced, AISC 
Seismic Provisions Section E4.4a limits the required axial strength of the diagonals. 

With respect to nonspecial segment lateral bracing, AISC Seismic Provisions Section E4.4c 
provides the required strength for lateral bracing at the columns. This same required strength 
also applies at nonspecial chord locations. Therefore, the required strength at nonspecial 
chord lateral bracing locations is determined as follows. 

Note that the nominal axial compressive strength of the chord member, Pnc , is used and the 
resistance factor, qi (for LRFD), and the safety factor, Q (for ASD), are removed from the 
available chord strengths as shown. The required axial strength of the brace, P,., is found 
using AISC Seismic Provisions Equation E4-2 as follows: 

LRFD ASD 

P. - <\JcP,, P,, 
nc - P,,c =Qc -

<\Jc QC 

-
467 kips = 1.67(310 kips) 

-

0.90 = 518 kips 
= 519 kips 

P,.
-

0.02R
y
Pnc P,.

-
0.02R

y
P,,c

- -

a., a.,

-
0.02(1.2)(519 kips) 

-
0.02(1.2)(518 kips) 

- -

1.0 1.5 
= 12.5 kips = 8.29 kips 
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By inspection, the same lateral brace used for the special segment is also acceptable for 
nonspecial segment locations. 

Required Nonspecial Web Diagonal Axial Strength 

Determine the angle of the web diagonal as follows: 

a= tan- 1 (d 2YP J
lb 

30 in.-2 
= tan- 1 

--------

(4 ft)(I2 in./ft) 
=31.0°

The required axial strength in the truss web diagonals, due to the EVS, is determined as 
follows: 

P,,e = sin a 
48.7 kips 
sin3 l .0°

94.6 kips 

AISC Seismic Provisions Section E4.3b states that the required strength of nonspecial seg
ment members is to be determined using the capacity-limited seismic load effect, Eel. In this 
case, the capacity-limited seismic load effect corresponds to the EVS strength of the special 
segment. Therefore, the governing load combination for the nonspecial web axial strength, 
incorporating Ev and Eh from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 
Section 2.3.6 (including the permitted 7, Section 2.4.5, with consideration of 
0.5 factor on L), with consideration of Provisions Section E4.3b: 
Provisions Section E4.3b: 

P
u 

= (1.2 + 0.2SDs )PD+ P,,e Pa = (1.0 + 0.105SDs )PD 
+ 0.5f'I, + 0.2Ps + 0.525P

n
e + 0.75PL + 0.75Ps

= 154 kips = 103 kips 

Check Nonspecial Web Diagonal Slenderness 

As discussed previously, the width-to-thickness ratio for the flange of the diagonal member 
is determined as follows: 

b 4 in. 
t 5/s in. 

=6.40 

Because bit < Amd, where Amd = 8.79 as determined previously, the flange satisfies the 
requirements for moderately ductile members. 
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Web Diagonal Unbraced Length 

The unbraced length of the web diagonal is assumed to extend from the bottom to top chord 
of the truss. Therefore, the approximate length of the web diagonal is determined as follows: 

2 30 in.-2 
= (4 ft) +-----

12 in./ft 

= 4.67 ft 

Use 5 ft for the web diagonal length. 

Comment: 

In general, nonspecial segment members of a truss primarily resist axial forces. In the 
elastic computational analysis, the web elements are modeled as pin-connected members. 
However, research has indicated that forces in the vertical members adjacent to the special 
Vierendeel segment can include bending. For this reason, Chao and Goel (2008) recom
mend the vertical members adjacent to the special segment have the same section as the 
special segment chord. As AISC Seismic Provisions Section E4 has no applicable provisions 
associated with this condition, it is considered a conservative approach in this example to 
follow the recommendation. 

Available Diagonal Compressive Strength 

In consideration of the unbraced length and assuming the web diagonal angles are con
nected together at their midpoints, determine the web diagonal slenderness ratio from AISC 
Specification Section E6. l (b )( 1 ), as follows: 

a (2.50 ft)(12 in./ft) 

r; 0.774 in. 
=38.8 <40 

Thus, for the built-up web diagonal out-of-plane of the truss: 

(5 ft)(12 in./ft) 
1.85 in. 

= 32.4 

For the built-up web diagonal in-plane of the truss: 

1.0(5 ft)(12 in./ft) 

rx 1.20 in. 
=50.0 

(from Spec. Eq. E6-2a) 

For flexural-torsional buckling, the available critical stress is determined from AISC Speci

fication Section E4 and does not govern the available compressive strength. 
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Although not shown, the preceding methodology to determine the available chord compres
sive strength can be used to determine the corresponding web diagonal strength. Therefore, 
the available web diagonal compressive strength is determined as follows: 

LRFD 

<llcPn = <p,.FcrA
g 

= (37.5 ksi)(9.22 in.2) 
= 346 kips> 154 kips o.k.

Pn _ Fer A - g
QC QC 

ASD 

= (24.9 ksi)(9.22 in.2) 

= 230 kips> 103 kips o.k.

The selected nonspecial segment web diagonals shown in Figure 4-35 satisfy the strength 
requirements. 

Comment: 

The required and available compressive strengths in the web verticals can be determined 
using the same preceding methodology. For the purposes of this example, these elements 
are considered adequate. 

Example 4.4.4. STMF Column Strength Checks 

Given: 

Refer to Column CL-1 in Figure 4-34. Determine the adequacy of an ASTM A992 
W14 x 176 column to resist the loads given for the column on the first level. Also, check 
the stability bracing of the truss-to-column connection, where the truss chord members are 
ASTM A529 Grade 50 material. There is no transverse loading between the column sup
ports in the plane of bending. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. 
The required strengths at the ends of the special segment are determined by a second-order 
analysis including the effects of P-o and P-t:. with reduced stiffness as required by the direct 
analysis method. The governing load combination for shear that includes seismic effects, 
incorporating Ev and Eh from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

v,, =(1.2+0.2sDS)vD+PVQE Va =(1.0+0.14SDs)VD 
+ 0.5Vi, + 0.2Vs +0.7pVQ E 

= 32.0 kips = 22.4 kips

AISC Seismic Provisions Section E4.3b states that the required strength of frame members 
(columns) is to be determined using the capacity-limited seismic load effect, Ec1. In this 
case, the capacity-limited seismic load effect corresponds to the expected vertical shear 
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(EVS) strength of the special segment. Therefore, the governing load combinations that 
include this effect, incorporating Ev and Eh from ASCE/SEI 7, Section 12.4.2, are: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on l): 

Pu = (1.2 + 0.2SDs )PD+ Pne Pa = (1.0+ 0.105SDs )PD 

+ 0.5PL + 0.2Ps + 0.525?,,e + 0.75PL + 0.75Ps

= 249 kips = 218 kips

Mu = (1.2+0.2SDs )MD +MPne Ma = ( 1.0+0.105SDs )MD 
+0.5ML +0.2Ms +0.525MPne +0.75ML +0.75Ms

Mu top = 125 kip-ft Ma top = 67.0 kip-ft 
Mu bot = -298 kip-ft Ma bot = 158 kip-ft 

The governing load combination for axial and flexural strength that includes seismic effects 
from ASCE/SEI 7, incorporating Ev and Eh from ASCE/SEI 7, Section 12.4.2, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on l): 

Pu = ( l .2+0.2SDs )PD +pPQE Pa = (1.0 + 0.105SDs )PD 

+ 0.5PL + 0.2fs + 0.525pPQE + 0.75PL + 0.75Ps

= 243 kips = 214 kips

Mu = (1.2+0.2SDS )MD +PMQE Ma = (1.0+0.105SDs )MD 

+0.5ML +0.2Ms 
+0.525pMQE +0.75ML +0.75Ms 

Mu top = 125 kip-ft Ma top = 67.0 kip-ft 

Mu bot = -298 kip-ft Ma bot = 158 kip-ft 

By inspection, the load combinations with the capacity-limited horizontal seismic load 
effect will govern the frame column design. 

Solution: 

From AISC Manual Table 2-4 and AISC Seismic Provisions Table A3.l ,  the material 
properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu

= 65 ksi 
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From AISC Manual Table 1-1 ,  the column geometric properties are as follows: 

W14x176 

d = 15.2 in. 
Ag = 51.8 in.2
Zx = 320 in.3

fw = 0.830 in. 
rx = 6.43 in. 
h1 = 15.7 in. 

Check Element Slenderness 

Ix = 2,140 in.4
ry = 4.02 in. 
t1 = 1.31 in. 

ly = 838 in.4
Sx = 281 in.3
kdes = 1.91 in. 

AISC Seismic Provisions Commentary Section E4.3b states that the column bases are to 
be modeled to behave inelastically. AISC Seismic Provisions Section E4.5a requires that 
columns satisfy the requirements of AISC Seismic Provisions Section D 1.1 for highly 
ductile members. From Table 1-3 in this Manual, the column is indicated as satisfying the 
highly ductile width-to-thickness requirements. 

Available Compressive Strength 

Using AISC Manual Table 6-2 with , Ley = 14 ft, the available compressive strength of the 
column is determined as follows: 

LRFD ASD 

<JlcPn = 2,050 kips > 249 kips o.k. P,, = I, 360 kips > 218 kips o.k.

QC 

Available Flexural Strength 

From AISC Manual Table 6-2, the available flexural strength of the column is determined 
as follows: 

LRFD 

Mex = <JlbMpx 

= 1,200 kip-ft> 298 kip-ft o.k.

Column Combined Loading 

Mpx M,., = --.. 
Qh 

ASD 

= 798 kip-ft> 158 kip-ft o.k.

Check the interaction of compression and flexure using AISC Specification Section Hl . l 
and the governing load case for combined loading: 

P,. 2,050 kips 
=0.121<0.2 

LRFD 

P,. 218 
---"--

Pc 1,360 kips 
= 0.160 < 0.2 

ASD 
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LRFD 

Therefore, use AISC Specification 
Equation HI-l b: 

Pr + [ Mrx + Mry] < 
l.O

2Pe Mex Mey -

o.
�

1+ 298 kip- + 0 J = 0.309
1,200 kip-ft 

0.309 < 1.0 o.k.

Column Available Shear Strength 

ASD 
Therefore, use AISC Specification 
Equation HI-l b: 

_r + ___!!_ + __!]I__ < 1.0P. 
[M M) 

2Pc. Mex Mey -

0.160 +(
158 kip-ft +oJ=0_278

2 798 kip-ft 
0.278 < 1.0 o.k.

Using AISC Manual Table 6-2 for the column: 

LRFD ASD 

<l>v V,, = 378 kips > 32.0 kips o.k. V,, = 252 kips > 22.4 kips o.k.

Qv 

The W14 x 176 is adequate to resist the loads given for Column CL-1. 

Comment: 

4-173

As with SMF, the selected column size is based on a least-weight solution for drift control. 
The option of using a heavier column with a thicker web and flanges could be investigated 
to eliminate the use of a doubler plate. Example 4.3.6 provides additional insight on this 
subject. 

Column Stability Bracing 

As indicated in Figure 4-33, the column is braced out-of-plane by a transverse girder con
nection. In Example 4.4.3, the required strength of the out-of-plane bracing was determined 
from AISC Seismic Provisions Equation E4-2 to be 13.2 kips for LRFD and 8.77 kips for 
ASD. For the purposes of this example, the girder connection is deemed adequate in providing 
the column required bracing strength. 

Example 4.4.5. STMF Truss-Column Connection Design 

Given: 

Refer to Joint JT-1 in Figure 4-34. Design the connection between Truss T-1 and Column 
CL-1. Figure 4-37 illustrates a one-sided configuration associated with this end-plate type
of connection. The column and end plate are an ASTM A992 W-shape and a WT-shape,
respectively. The plate material is ASTM A572 Grade 50. Use 70-ksi electrodes.
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Solution: 

From AISC Manual Tables 2-4 and 2-5 and AISC Seismic Provisions Table A3. l ,  the mate

rial properties are as follows: 

ASTM A992 

Fy = 50 ksi 

Fu= 65 ksi 

R
y

= l.l 

ASTM A572 Grade 50 

Fy = 50 ksi 
Fu= 65 ksi 

From AISC Manual Table 1-1, the column geometric properties are as follows: 

W14x176 

d = 15.2 in. 

Ag = 51.8 in.2

PL1x2'-11" 

full depth 

tw = 0.830 in. 
Zx = 320 in.3

ht = 15.7 in. 

ti = 1.31 in. 

� 
N N .,.... 

kdet = 25/s in. 

kdes = 1.91 in. 

doubler plate�,---',� �,�-�-
II II II Top chord 

Q. 

Column per 
elevation 

Continuity plate 

(where required) 

Q. per elevation 

a 
(') 

Bottom chord 
per elevation 

WT13.5x97x3'-1" end plate 

with (8) 1 ¼" dia. Group B, 
thread condition N, bolts in 

std. holes, 5½" gage, typ. 

Fig. 4-37. STMF truss-column connection configuration. 
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From AISC Manual Table 1-8, the end-plate geometric properties are as follows: 

WT13.5x97 

d = 14.1 in. 
Ag = 28.6 in.2

tw = 0.750 in. 
Zx = 71.8 in.3 

hr = 14.0 in. 
tJ = 1.34 in. 

kdet = 23/16 in. 
g = 5½ in. 

4-175

From AISC Manual Tables 1-7 and 1-15, the chord geometric properties are as follows: 
2L5x5x5/s (¾-in. spacing) 
d = 5 in. t = 5/s in. 
Sx = 7.70 in.3 Zx = 13.9 in.3 
ry = 1.52 in. (single angle) 

A3 = 11.8 in.2
Yp = 0.590 in. 

ry = 2.25 in. 

From AISC Specification Table J3.3, the bolt hole diameter, dh = I¼ in. + 1/s in. = 1 ¾ in. 

Expected Maximum Moment at the Face of the Column 

The maximum expected moment at the column face, Muc (LRFD) or Mac (ASD), is computed 
by converting the previously determined expected axial chord strength (from Example 
4.4.3) into an equivalent moment as follows: 

LRFD ASD 

Muc =Pu (d 2yp
) Mac =Pa (d 2yp

)

=(405 kips)[30 in. 2(0.590 in.)] =(266 kips)[30 in. 2(0.590 in.)] 

= 11, 700 kip-in. =7,670 kip-in. 

End-Plate Design 

The design methodology used for the end-plate connection is taken from AISC Design Guide 
4, Extended End-Plate Moment Connections-Seismic and Wind Applications (Murray and 
Sumner, 2003). AISC/ AISC 358 outlines requirements and design methodology for prequali
fied moment end-plate connections for special and intermediate moment frames. However, 
for an STMF, the basic design equations and methodology described in AISC Design Guide 
4 are applied in this case. Note that AISC Design Guide 4 includes only the LRFD equation 
methodology. The corresponding ASD equations are included in this example. 

Based on preliminary parametric analyses, it was determined that a four-bolt unstiffened 
end plate would satisfy the connection limit state requirements for this example. From the 
procedures outlined in AISC Design Guide 4, determine the required bolt diameter, db req'd, 
using Equation 3.5, with: 

ho = [30 in. - 2(0.590 in.)] + 2 in. 
= 30.8 in. 

h1 = [30 in. - 2(0.590 in.)] - 2 in. 
= 26.8 in. 
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LRFD ASD 
I 

2Muc 
I 

2QMac 
dbreq'd = 

\ mjlF,,1 ( ho + h1 ) 
db req'd = 

\ TCFnr (ho +h1) 

2( 1,700 kip-in.) 2(2.00)(7,670 kip-in.) 
- -- -

rc(0.75)(113 ksi) re ( 113 ksi) 
1 1 x(30.8 in.+26.8 in.) x(30.8 in.+ 26.8 in.) 

= 1.24 in. = 1.22 in. 

Use 1 ¼-in.-diameter Group B bolts. 

Calculate Mnp 
based upon the 1 ¼ in.-diameter Group B bolt tensile strength, using Ab from 

AISC Manual Table 7-2, as follows: 

Pi= Fn1Ab 
= (113 ksi)(l.23 in.2) 
= 139 kips 

From AISC Design Guide 4, Equation 3. 7, the available flexural strength of the tension bolts 
is determined as follows: 

LRFD ASD 

<\JMnp 
= <1>[2Pi (ho+ h1 )] 

Mnp -
2Pi (ho +h1) 

-

Q Q 

=0.75 
2(139 kips) 2(139 kips) 
x(30.8 in.+26.8 in.) x(30.8 in.+26.8 in.) 

--

= 12,000 kip-in. 2.00 
= 8,000 kip-in. 

12,000 kip-in.> 11,700 kip-in. o.k. 8,000 kip-in. > 7,670 kip-in. o.k.

Determine the required end-plate thickness 

The required end-plate thickness is determined from AISC Design Guide 4, Equation 3.10. 
The required parameters are determined from Table 3.1 as follows: 

s = }__Jb;i2 

= }__�(14.0 in.)(5½ in.) 
2 

= 4.39 in. 
PJ; = 2 in.< 4.39 in. 
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Yp = hp h1[-1 +!J+ho(-1 
J _!_ +I [h1 (Pti +s)]2 PJi s PJo 2 g 

= 
14·0 in.

[(26.8 in.)(-�-+ 1. )+(30.8 in.)(-�-)-_!_12 2 rn. 4.39 rn. 2 rn. 2 

in.)(2 in.+4.39 in.)] 

= 303 in. 

4-177

From AISC Design Guide 4, Equation 3. JO, the required end-plate thickness is determined 
as follows: 

LRFD 

1.1 I<1JM
11ptpReq'd = 

\ qi F Y h YP P 

1.11(12,000 kip-in.) --
\ 0.90(50 ksi)(303 in.) 

= 0.988 in. 

0.988 in. < ff= 1.34 in. o.k.

ASD 

I.] }Qb ( �p) tpReq'd =' FypYp

- 1.11(1.67)(8,000 kip-in.)
-

(50 ksi)(303 in.) 

= 0.989 in. 

0.989 in. < ff= 1.34 in. o.k.

The WT flange thickness satisfies the end-plate thickness requirement. 

End-Plate Bolted Connection 

Per AISC Design Guide 4, a conservative check is to assume that only the bolts at the com
pression chord of the truss transfer the shear loads. The User Note in AISC Specification

Section J3.6 says that the effective strength of a bolt is taken as the minimum of the bolt 
shear, bearing and tearout strengths. The effective strength of the bolt group is taken as the 
sum of the effective strengths of the individual fasteners. 

The required shear strength is determined by using statics to convert the previously calculated 
diagonal required axial strength (see Example 4.4.3) as follows: 

LRFD ASD 

Vu= Pu sin a ½, = Pa sina 
= (154 kips)sin31.0° = (103 kips)sin3l.0°

= 79.3 kips = 53.0 kips 
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From AISC Manual Table 7-1, the available shear strength per bolt is: 

For the four compression chord bolts bearing on the end plate, the available bearing strength 
when deformation at the bolt hole at service load is a design consideration is: 

rn 
= 2.4dtF

u 

= 2.4(1 ¼ in.)(1.34 in.)(65 ksi) 

= 261 kips/bolt 

LRFD 

<prn 
= 0.75(261 kips) 

=196 kips/bolt 

rn 

(Spec. Eq. J3-6a) 

ASD 

261 kips 
-

2.00 
= 131 kips/bolt 

For the two inner bolts (near the chord angle vertical leg), the available tearout strength 
when deformation at the bolt hole at service load is a design consideration is: 

rn = 1.2l
c
tf'i, 

= 1.2(2 in.+2 in. I3/s in.)(1.34 in.)(65 ksi) 

= 274 kips/bolt 

LRFD 

<prn = 0.75(274 kips/bolt) 

= 206 kips/bolt 

(Spec. Eq. J3-6c) 

ASD 

274 k�p�tuvlt 
-

2.00 
= 137 kips/bolt 

For the two outer bolts (near the end plate edge), the available tearout strength when defor
mation at the bolt hole at service load is a design consideration is: 

37 in. (30.8in.+2 in.) 
( )le = - - -�- - - -� ½ I¾ in. 

2 
= 1.41 in. 

r,1 
= l .2lc tFu 

= 1.2(1.41 in.)(1.34 in.)(65 ksi) 

= 147 kips/bolt 
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The available bearing strength of the outer bolts is determined as follows: 

LRFD ASD 

<prn = 0.75(147 kips/bolt) rn 147 kips/bolt 
2.00 

= 110 kips/bolt = 73.5 kips/bolt 

Bolt shear governs for each bolt. The available strength of the four-bolt connection at the 
compression chord is: 

LRFD ASD 

<pRn = n( <prn ) 6 =n[�J 
= 4 ( 62. 7 kips/bolt) = 4 ( 41.8 kips/bolt) 
= 251 kips > 79 .3 kips o.k. = 167 kips> 53.0 kips o.k.

Column Flange Flexural Strength 

With no column stiffeners, AISC Design Guide 4, Table 3.4, provides the following: 

s 
= !._Jbfcg2 

=½�(15.7 in.)(5½ in.) 

= 4.65 in. 
Pfo = 2 in.

Pr, =2 in. 

C =PJo+PJi 
= 2 in.+2 in. 
= 4.00 in. 

From AISC Design Guide 4, Table 3.4: 

Ye = b;
c [hi(� J+ho (� J]+f h1 [s + 

3
: J+ho [s+1 J+ c; +½

= 15·7 in.
[(26.8 in} 

1
. )+(30.8 in} 

1
. J] 2 l 4.65 Ill. l 4.65 Ill. 

2 + --x
5½ in.

+ 5½ in. 
2 

= 241 in. 

3(4.00 in.) 

l 
4 00 in (26.8 in.) 4.65 in.+---,+(30.8 in.) 4.65 in.+ · · 

4 4 

(4.00 inf 
+ 2
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From AISC Design Guide 4, Equation 3.21, the available strength of the unstiffened column 
flange is: 

LRFD ASD 

McJ FycYct Jc 2
<llMcJ = <pbFycYct Jc 2 --

Q Qb 
= 0.90(50 ksi)(241 in.)(1.31 in.)2 

(50 ksi)(241 in.)(1.31 in.)2 

= 18,600 kip-in. --

1.67 
= 12,400 kip-in. 

18,600 kip-in. > 11,700 kip-in. o.k. 12,400 kip-in. > 7,670 kip-in. o.k.

The column flange satisfies the flexural strength requirement. No stiffeners are required. 

Column Flange Concentrated Force Strengths 

Calculate the column web local yielding strength opposite the truss chord from AISC 
Design Guide 4, Equation 3.24, with the parameter, C1 = 1.0, as follows: 

Rn
= [c1 (6kc +2tp )+ NjFyctwc 

= { 1.0[6(1.91 in.)+ 2(1.34 in.)]+ 0 in.}( 50 ksi )( 0.830 in.) 

= 587 kips 

The bearing length, N, is conservatively assumed as zero because the chord does not have 
direct bearing against the flange plate. 

Using the resistance factor, qi, and safety factor, Q, from AISC Specification Section JI 0.2, 
the available column web local yielding strength is: 

LRFD ASD 

<pRn = 1.00( 587 kips) Rn -
587 kips 

-

Q 1.50 
= 587 kips > 405 kips o.k. = 391 kips > 266 kips o.k.

The column flange satisfies the web local yielding strength requirement, where the required 
strength was determined in Example 4.4.3. No stiffeners are required. 

Calculate the column web local crippling available strength opposite the truss chord force. 
The chord force applied from the top of the truss is located more than the depth of the 
column from the end of the column; therefore, use AISC Specification Equation Jl0-4. The 
bearing length, lb , equals zero because the chord does not have direct bearing against the 
flange plate. 
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Rn =0.80t; 1+3[�)(�;
r
- 5 

�
EF

::
tr 

qr (Spec. Eq. Jl0-4) 

=0.80(0.830 inf 1+3[ Oin. )[0.830 in.
)

J.5 

15.2 in. 1.31 in. 

(29,000 ksi)(50 ksi)(l .31  in.) 
X 

0.830 in. (1.0) 

= 834 kips 

From AISC Specification Section JI 0.3, the available column web local crippling strength 
1s: 

LRFD ASD 

<j)Rn = 0.75(834 kips) Rn 
-

834 kips 
-

Q 2.00 
= 626 kips > 405 kips o.k. = 417 kips> 266 kips o.k.

The column flange satisfies the web local crippling strength requirement. No stiffeners are 
required. 

By inspection, the limit state of web compression buckling does not apply. 

Column Panel-Zone Shear Stress 

The column panel-zone shear strength is evaluated using AISC Specification Section 
Jl0.6(a). In accordance with AISC Seismic Provisions Section E4.2, the column and truss 
segment outside of the special segment are designed to remain elastic. Therefore, panel
zone deformations were not considered in the analysis of the structure. 

From statics, it can be seen that column panel-zone shear based on summation of Mc should 
be reduced by the column shear, Ve . The column shear, Ve , is not from the code-specified 
loads, but is, instead, the column shear developed from the plastic hinging of the special 
segment of the truss. Assuming points of inflection at the mid-height of the columns above 
and below the panel zone and conservatively using the same expected moment on both faces 
of the column, the column shear is determined as follows: 

Vue = 

-

-

2Muc 

hb h1 -+-
2 2 

LRFD 

2(11,700 kip-in.) 
(14 ft+ 12.5 ft)(12 in./ft) 

2 

= 147 kips 

ASD 

2MacVac = 
hb h1 -+-
2 2 

2(7,670 kip-in.) 
-

-

(14 ft+ 12.5 ft)(l2 in./ft) 
2 

= 96.5 kips 
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where 

hh = story height below the joint, in. 
h1 = story height above the joint, in. 

The required strength of the panel zone is: 

Ru= 
2.Muc 

d 2yp

LRFD 

-Vue

2(11,700 kip-in.) 
30 in. -2 ( 0.590 in.) 

665 kios 

147 kips 

Ra= 
2.Mac 

d 2yp

ASD 

-Vac

2(7,670 kip-in.) 

MOMENT FRAMES 

30 in.-2(0.590 in.) 
96.5 kips 

436 kios 

From AISC Specification Section Jl 0.6(a), using the required axial strengths from Example 
4.4.4, the column strength ratio can be determined as follows: 

LRFD ASD 
a= 1.0 a= 1.6 

aPr = 1.0( 249 kips) aPr = 1.6(218 kips) 
= 249 kips = 349 kips 

aPr ::; 0.4P
y

aPr ::; 0 .4 P
y

::; 0.4F
y
A

g
::; 0.4F

y
A

g

::= 0.4(50 ksi)(51.8 in.2) ::; 0.4( 50 ksi )( 51.8 in.2) 

::; 1,040 kips ::; 1,040 kips 

249 kips < 1,040 kips o.k. 349 kips < 1,040 kips o.k.

Therefore, use AISC Specification Section Jl0.6(a)( l ). The nominal panel-zone strength is 
determined as follows: 

R,, = 0.60F
y
dctw

= 0.60( 50 ksi )( 15.2 in.)( 0.830 in.) 
= 378 kips 

(Spec. Eq. JJ0-9) 

From AISC Specification Section JJ0.6 , the available column panel-zone strength is deter
mined as follows: 

LRFD ASD 

<PRn =0.90(378 kips) R,, -
378 kips 

-

1.67 
= 340 kips < 665 kips n.g. = 226 kips< 436 kips n.g.
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The column panel zone does not satisfy the strength requirement. Therefore, a column-web 
doubler plate is required. From AISC Specification Section 110.9, web doubler plates 
required for shear strength are designed in accordance with the provisions of Chapter G. From 
AISC Specification Section 02.1, the required thickness of the doubler plate is determined 
from Equation 02-1 as follows: 

LRFD ASD 

Ru <pRn 
tmJn == 

Qv (Ra Rn/ !) 
tmin = 

( ) 0.6FydcCvt (pv 0.6FydcCvl 

-
665 kips 340 kips 1.67 ( 436 kips 226 kips) 

--

0.90(0.6)(50 ksi)(l5.2 in.)(1.0) 
-

0.6(50 ksi)( l5.2 in.)(1.0) 
= 0.792 in. = 0.769 in. 

Use a 1-in.-thick ASTM A572 Grade 50 doubler plate. Attach the doubler plate to the column 
flanges using a fillet welded joint. Extend the plate 6 in. above and below the chords. To 
avoid free edges, a minimum-sized fillet weld across the top and bottom of the plate is 
recommended but not required. 

Comment: 

Installing doubler plates can have economic implications, such that selecting a column with 
an adequate web thickness might be an appropriate consideration. Nevertheless, for the 
purposes of this example, the column size is maintained to illustrate the panel-zone doubler 
plate design process. 

Design of Chord and Web Diagonal-to-End-Plate Welds 

The chord force, Pu or Pa, is taken from Example 4.4.3. Determine the effective length of 
weld available, le , on both sides of the end-plate web as follows: 

le = d 3 in. 
= 14.1 in.-3 in. 
= 11.1 in. 

The 3-in. dimension accounts for the kdet dimension for the WT. 

From AISC Manual Equation 8-2, the weld size in sixteenths of an inch is: 

LRFD ASD 

Pu Pa 
Dreq'd = 

( )( ) Dreq'd = 
( )( ) 1.392 kip/in. 4le 0.928 kip/in. 4le 

405 kips 266 kips 
- -
- -

(1.392 kip/in.)(4)(11.1 in.) ( 0.928 kip/in.) ( 4) (11.1 in.) 

= 6.55 sixteenths = 6.46 sixteenths 

Use 1/i6-in. fillet welds (four-sided) for the chord to end-plate welds. 
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Comment: 

The connecting welds for the web diagonal can be determined using the preceding proce

dure. For the purposes of the example, the welds shown connecting the web diagonal to the 

end plate, determined using the preceding procedure, are considered adequate. 

Example 4.4.6. STMF Truss Chord Splice 
Connection Design 

Given: 

Refer to the truss shown in Figure 4-35. Design the chord splice connection between the 

special and nonspecial chord segments. In accordance with AISC Seismic Provisions Section 

E4.4a, the splice location is at least one-half the panel length from the end of the special 

segment. Figure 4-38 illustrates the configuration associated with the splice connection. 

The ¾-in.-thick plate material is ASTM A572 Grade 50. Use 70-ksi electrodes. 

Solution: 

From AISC Manual Table 2-5 the plate material properties are as follows: 

ASTM A572 Grade 50 

F
y 

= 50 ksi 

Fu
= 65 ksi 

per elevation 

PL¾x12x1'-8" 

gusset plate 

(A572 Gr. 50) 

gusset plate 

(A572 Gr. 50) 

Fig. 4-38. STMF truss chord �plice connection configuration. 
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From AISC Manual Tables 1-7 and 1-15, the chord geometric properties are as follows: 

2L5x5x5/s 
Y

p 
= 0.590 in. 

Required Axial Strength in the Chord Due to the Expected Vertical Shear 

Using AISC Manual Table 3-23, Case 22, the required axial strength in the chords due to 
the EVS, V,,e (see Example 4.4.3), at the location of the splice, is determined as follows: 

Pne = M/(lever arm between chords) 

where 

M =Pl 

P = Vne

= 48.7 kips 
l = clear distance to splice 

13 ft 
2 

(30 ft)(l2 in./ft)- 15.2 in.-(13 ft)(l2 in./ft) 
2 

= 94.4 in. 

Therefore: 

M = (48.7 kips)(94.4 in.) 

= 4,600 kip-in. 

P. _ 4,600 kip-in. 
ne - 30 in. 2(0.590 in.) 

= 160 kips 

Required Nonspecial Chord Axial Strength at the Splice 

The AISC Seismic Provisions Section E4.3b states that the required strength of a nonspecial 
segment be calculated based on the load combinations in the applicable building code that 
include the capacity-limited horizontal seismic load effect. In this case, the overstrength 
seismic load corresponds to the EVS component of the special segment. Therefore, the 
governing load combination for the nonspecial chord axial strength that includes the over
strength seismic load is: 
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LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the 0.5 factor Section 2.4.5, with consideration 
on L permitted in ASCE/SEI 7, of Provisions Section E4.3b: 
Section 2.3.6), with consideration of 
Provisions Section E4.3b: 

Pu =(1.2+0.2SDS)PD +Pne P,, = (1.0+0.105SDs )PD 

+ 0.5PL + 0.2Ps + 0.525?,,e + 0.75PL + 0.75Ps

= 227 kips = 146 kips 

Design of the Splice Plate and Connecting Welds 

Determine the required effective length of weld, le, when applying a single-pass 5/\6-in. fillet 
weld on both sides of each chord (D = 5). From AISC Manual Equation 8-2, the required 
effective length of weld is: 

LRFD 

l -
Pu

e 

-

(1.392 kip/in.)(4D) 

227 kips 
-

-

( 1.392 kip/in.) ( 4) ( 5 sixteenths) 

= 8.15 in. 

ASD 

l -
P,, 

e 

-

(0.928 kip/in.)(4D) 

146 kips 
-

-

(0.928 kip/in.)(4)(5 sixteenths) 

= 7.87 in. 

Conservatively, use 9 in. of 5/\6-in. fillet weld (four-sided) for each chord. Then, add I in. 
for tolerance and constructability on each side. Therefore, the minimum width, b, of the 
lower splice plate is: 

b = 2l
e 
+ 2(1 in.) 

= 2(9 in.)+ 2.00 in. 

= 20.0 in. 

Comment: 

The required connecting weld for the web vertical and the required plate height, h, can be 
determined using the preceding methodologies. For the purposes of this example, the web 
vertical weld and plate height are considered adequate. In the case of the top chord splice, 
the plate may require additional width to accommodate the diagonal web connections. As 
with the vertical weld, the weld associated with connecting the diagonals is also considered 
adequate. 
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4.5 COLUMN SPLICE AND COLUMN BASE 
DESIGN EXAMPLES 

4-187

The following design examples address the design of gravity column splices, SMF column 

splices, SMF column bases, and SMF embedded column bases. 

Example 4.5.1. Gravity Column Splice Design in a 
Moment Frame Building 

Given: 

Refer to the floor plan shown in Figure 4-8 and the SMF elevation shown in Figure 4-9. 

Design a splice using bolted flange plates between the third and fourth levels for the gravity 

column located at the intersection of grids 2 and B. Use ASTM A572 Grade 50 for all 

splice material. The column sizes above and below the splice are ASTM A992 W12 x 40 

and W12x58, respectively. 

Solution: 

From AISC Manual Table 2-4, the beam and column material properties are as follows: 

ASTM A992 

Fy = 50 ksi 

F,, = 65 ksi 

From AISC Manual Table 2-5, the splice material properties are as follows: 

ASTM A572 Grade 50 

Fy = 50 ksi 

F,, = 65 ksi 

From AISC Manual Table 1-1, the column geometric properties are as follows: 

Lower Shaft 

W12x58 

d = 12.2 in. 

Zx = 86.4 in. 3

Upper Shaft 

W12x40 

d = 11.9 in. 

Z, = 57.0 in.3

ddet = 12¼ in. 

Zy = 32.5 in.3

ddet = 12 in. 

Zy = 16.8 in.3

ff= 0.640 in. bf= 10.0 in. 

ff= 0.515 in. 

AISC Seismic Provisions Sections D2. l ,  D2.5a and D2.5c have requirements for gravity 

column splices. Note that these gravity column splice provisions are equally applicable to 

gravity column splices in braced-frame buildings. 

Check splice location 

AISC Seismic Provisions Section D2.5a requires that the splice be located a minimum of 

4 ft from the beam-to-column connections. The three exceptions to this requirement do not 

apply for this building. 
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Assume that the gravity column splices are at the same vertical elevation as the SMF column 
splices shown in Figure 4-9. This location satisfies AISC Seismic Provisions Section D2.5a. 

Required Shear Strength of Splice in Minor Axis of Column 

AISC Seismic Provisions Section D2.5c requires that, with respect to both orthogonal axes, 
the column splice be able to develop a required shear strength equal to: 

LRFD ASD 

Mpc Mpc 
Vu

= - - Va
= - -asH asH 

where as is the LRFD-ASD force level adjustment factor(= 1.0 for LRFD and 1.5 for 
ASD). In the minor axis of the column, the required shear strength of the splice is: 

LRFD ASD 

F
y
Z

y 
F

y
Z

y 
Vuy 

=- - Vay= - -asH asH 
(50 ksi)(l6.8 in.3) (50 ksi)(l6.8 in.3)

- -- -

1.0(12.5 ft)(12 in./ft) 1.5 ( 12.5 ft)( 12 in./ft) 
= 5.60 kips = 3.73 kips 

The shear force to be resisted by each flange splice plate is half of MpclH. Therefore, for 
one splice plate: 

LRFD ASD 

Vuy 
= 5.60 kips

Vay= 
3.73 kips 

2 2 
= 2.80 kips = 1.87 kips 

Note that the smaller column, the W12 x 40, controls the required shear strength, as is 
stipulated in AISC Seismic Provisions Section D2.5c. 

Conservatively ignoring frictional resistance between the upper and lower shafts due to 
column dead load, this force will be resisted by the splice material. 

Required Compressive Strength of Splice 

With the upper shaft centered on the lower shaft, the dimensions of the upper shaft are such 
that it will achieve full contact bearing on the lower shaft. Therefore, the splice will not be 
required to transfer any compressive loads if the upper shaft is finished to bear on the lower 
shaft. Because a note stating, "finish to bear," is provided on the detail, Case I-A applies 
from AISC Manual Part 14, Table 14-3. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4.5 COLUMN SPLICE AND COLUMN BASE DESIGN EXAMPLES 

Splice Geometry 

Try the column splice detail from AISC Manual Part 14, Table 14-3, Case I-A. 

W12x40 
du

= ddet 
= 12 in. 

W12x58 
d1 = ddet 

= 12¼ in. 
d

u 
+ ¼ in. :c::; d1 :c; d

u 
+ 5/s in.

du
+¼in. =12¼in.

du 
+5/s in.= 125/s in.

12¼ in. :c::; 12¼ in. :c::; 125/s in. o.k. 

From Case I-A of AISC Manual Table 14-3, use Type 2 flange plates. 

PL% in.x8 in.x1 ft½ in. 
gu = g1 = 5½ in. 

Splice Bolts 

4-189

Because the centroid of each bolt group is eccentric to the column ends, there will be 
a moment on each bolt group. Using the geometry shown in AISC Manual Table 14-3, 
Case I-A, and considering the eccentricity from the center of the bolt group to the column 
interface, this moment is: 

LRFD ASD 

Mu
= Vuy

e Ma
= Vay

e 

= ( 2.80 kips )[ 1/2(3 in.)+ 1¾ in.] = (1.87 kips)[ 1/2(3 in.)+ 1¾ in.] 

= 9.10 kip-in. = 6.08 kip-in. 

The geometry of each bolt group is such that the bolts are all equidistant from the centroid 
of their bolt group. Therefore, the moment will be shared equally between the bolts. The x-,

y- and radial distances from the center of gravity of the bolt group to the center of each bolt
following the procedure and definitions in AISC Manual Part 7 are:

Cx = 
112(5 1/2 in.) 

= 2.75 in. 
Cy = ½(3 in.) 

= 1.50 in. 

c = �(2.75 inf +(1.50 inf 

= 3.13 in. 
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The polar moment of inertia of the bolt group is: 

l
y 

� Ic/ 

= 4(2.75 in.2 )2 

(1/in.2)

= 30.3 in.4 / in.2

Ix �Ic/ 

= 4(1.50 in.2 )2 

(1/in.2)

= 9.00 in.4 /in.2

I
p

� Ix +l
y 

= 30.3 in.4 /in.2 +9.00 in.4 /in.2

= 39.3 in.4 /in.2

MOMENT FRAMES 

From AISC Manual Equation 7-2a, the direct shear force on each bolt due to the concentric 
force, Vuy and Vay, applied at 90° with respect to the vertical is: 

LRFD ASD 
From AISC Manual Equation 7-3a: From AISC Manual Equation 7-3b: 

rpxu = rpu sin 0 rpxa = rpa sin 0 

uy sin 90° ay sin90° 

- -- -

n n 

-
(2.80 kips)(1.oo) 

-
(1.87 kips)(I.00) 

- -

4 4 
= 0.700 kips/bolt = 0.468 kips/bolt 

From AISC Manual Equation 7-4a: From AISC Manual Equation 7-4b: 

rpyu = rpu COS 0 rpya = rpa cos0 

Vuy cos90° 

-
ay cos90° 

- --

n n

( 2.80 kips)( 0) 
-

(1.87 kips)(o)
- --

4 4
= 0 kips/bolt = 0 kips/bolt

The additional shear force on each of the four bolts in the bolt group due to the moment 
caused by eccentricity is: 
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LRFD ASD 
From AISC Manual Equation 7-6a: From AISC Manual Equation 7-6b: 

Tmxu = [ �
u

:
y J [

Mac
y JT,nxa = 

T 
_ (9.10 kip-in.)(1.50 in.) _ (6.08 kip-in.)(1.50 in.) 

[39.3 t:;J [39.3 t'.;J 
= 0.347 kips/bolt = 0.232 kips/bolt 

From AISC Manual Equation 7-7a: From AISC Manual Equation 7-7b: 

[
MuCx 

JT,nyu = 

T 
[
MaCx 

JTmya = 

T 
_ (9.10 kip-in.)(2.75 in.) _ (6.08 kip-in.)(2.75 in.) 

[ 39.3 �::: J [ 39.3 �::; J

= 0.637 kips/bolt = 0.425 kips/bolt 

The required strength per bolt is then: 

LRFD ASD 

From AISC Manual Equation 7-8a: From AISC Manual Equation 7-8b: 

ru = (rpxu + Tmxu )
2 

+ (rpyu + Tmyu )
2

Ta = )(rpxa + Tmxa )
2 

+ (rpya + Tmya )
2 

( 0.700 kips/bolt+ 0.347 kips/bolt )2 ( 0.468 kips/bolt+ 0.232 kips/bolt )2
- -

- -

I + ( 0 kips/bolt+ 0.637 kips/bolt )2 \ + ( 0 kips/bolt+ 0.425 kips/bolt )2 

= 1.23 kips/bolt = 0.819 kips/bolt 

From AISC Manual Table 7-1 for ¾-in.-diameter Group A bolts with threads not excluded 
from the shear plane (thread condition N): 

LRFD ASD 

<jlr,, = 17.9 kips/bolt rn = 11.9 kips/bolt
Q 

17.9 kips/bolt> 1.23 kips/bolt o.k. 11.9 kips/bolt> 0.819 kips/bolt o.k.

Use ¾-in.-diameter Group A bolts with threads not excluded from the shear plane (thread 
condition N) in standard holes. 
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Bearing Strength of Splice Plate 

Using AISC Manual Table 7-5 with le = 1 ¼ in., hole type= STD, Fu = 65 ksi: 

LRFD ASD 

<Jlrn = ( 49 .4 kip/in.) ( 3/s in.) rn = (32.9 kip/in.)(3/s in.)

= 18.5 kips/bolt = 12.3 kips/bolt 

18.5 kips/bolt> 1.23 kips/bolt o.k. 12.3 kips/bolt > 0.819 kips/bolt o.k.

Bearing Strength of the Column Flanges 

Because the column flanges are thicker and wider than the splice plates and their 
tensile strength is equal to the splice material, the bearing strength of the column flanges is 
adequate. 

Block Shear Rupture of the Splice Plates 

A block shear failure path is assumed as shown in Figure 4-39. The nominal strength for the 
limit state of block shear rupture on the splice plate is given in AISC Specification Section 
J4.3 as follows, with the standard bolt hole diameter for ¾-in.-diameter bolts equal to 1½6

in. per AISC Specification Table J3.3: 

I 

I 

I 

I 

I 

I 

8" 

0 

0-------------0--

Fig. 4-39. Block shear failure path for splice plate. 
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where 
Agv = ( 1/s in.) ( 5 ½ in. + 1 ¼ in.) 

= 2.53 in.2

Ant = ( 1/s in.) [ 3 in.+ 1 ½ in. -1 ½ ( 1½6 in.+ 1/i6 in.)] 

= 1.20 in.2

Anv = ( 1/s in.) [ 5 ½ in.+ 1 ¼ in. -1 ½ ( 11/16 in.+ 1/i6 in.)] 

= 2.04 in.2 
Ubs = 1.0 

and 

R11 = 0.60( 65 ksi )( 2.04 in.2) + 1.0( 65 ksi )(1.20 in.2)

::; 0.60 ( 50 ksi )( 2.53 in.2) + 1.0( 65 ksi )( 1.20 in.2)
= 158 kips> 154 kips 

Therefore: 

Rn = 154 kips 

The available strength for the limit state of block shear rupture on the splice plate is: 

LRFD ASD 

<j)R11 = 0.75(154 kips) 154 kips 
Q 2.00 

= 116 kips> 2.80 kips o.k. = 77.0 kips> 1.87 kips o.k.

Shear Yielding of the Splice Plates 

4-193

From AISC Specification Section 14.2, Equation 14-3, the available shear strength due to the 
limit state of shear yielding of one splice plate is: 

LRFD ASD 

<p V11 = <j)0.60F
y
A

g

Vn -
0.60F

y
A

g -

Q Q 

= 1.00(0.60)(50 ksi)(-Ys in.)(8 in.) 0.60(50 ksi)(-Ys in.)(8 in.) 
-

= 90.0 kips >2.80 kips o.k.
-

1.50 
= 60.0 kips > 1.87 kips o.k.

Shear Yielding of the Column Flanges 

Because the column flanges are thicker and wider than the splice plates and their yield 
strength is equal to the splice material, the shear yielding strength of the column flanges is 
adequate. 
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Shear Rupture of the Splice Plates 

The net area of one splice plate is: 

A
11

= (% in.)[8 in. 2( 1½6 in.+ 1/i6 in.)] 

= 2.34 in.2

MOMENT FRAMES 

From AISC Specification Section J4.2, Equation J4-4, the available strength due to the limit 
state of shear rupture for each splice plate is: 

LRFD ASD 

<I>½, = <p0.60F
u
A

nv

Vn 
-

0.60F,,A11v 
-

= 0.75(0.60)(65 ksi)(2.34 in.2)
Q Q 

0.60(65 ksi)( in.2)
-

= 68.4 kips> 2.80 kips o.k.
-

2.00 
= 45.6 kips> 1.87 kips o.k.

Required Shear Strength of the Splice in the Major Axis of the Column 

AISC Seismic Provisions Section D2.5c requires that the column splice be able to develop 
a required shear strength in the major axis of the column equal to: 

LRFD ASD 

Mpcx 
Vax = Vux =--

cx,H asH 

-

FyZx 
-

FyZx 
- -

asH asH 

-

(so ksi)(57.0 in.3)
-

(so ksi)(57.0 in.3)
- -

1.0(12.5 ft)(12 in./ft) 1.5(12.5 ft)(12 in./ft) 
= 19.0 kips = 12.7 kips 

Bolted splice plates could be provided on the column web, but it may be possible to resist 
the major-axis shear through minor-axis bending of the flange plates. 

Because there are two flange splice plates, the applied force on each plate is one half of the 
shear calculated for the major axis of the column. 

LRFD ASD 

½,x = 

l 9.0 kips 
Vax = 

12.7kips 
2 2 

= 9.50 kips = 6.35 kips 
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Minor-Axis Flexural Yielding of the Splice Plate 

Assuming the column is rigid enough to force all deformation into the splice plate, the 
relative movement between the columns will cause minor-axis plate bending. The bending 
behavior in the plate is that of a beam fixed at one end, free to deflect vertically but not rotate 
at the other (AISC Manual Table 3-23, Case 23). 

The limit states checked are flexural yielding of the splice plate, shear yielding of the splice 
plate, shear rupture of the splice plate, and prying action on the innermost bolts. 

The length of bending is the distance between the bearing plane of the columns and the 
innermost bolt line, which is I¾ in. according to Figure 4-40. 

The required flexural strength of the plate, from AISC Manual Table 3-23, Case 23, is: 

LRFD 

M 
- V,,xL 

u- 2

-

(9.50 kips)(!¾ in.)
-

2 
= 8.31 kip-in. 

PL 3/sx8x 1 '-0½'' 
(A572 Gr. 50) centered 
on column flange, typ. 
with std. holes 

(2) ¾" dia. Group A,
thread condition N,
bolts in std. holes, typ.
5½" gage, typ.

ASD 

M 
- VaxL 

a- 2
( 6.35 kips )(I¾ in.)

-

-

2 
= 5.56 kip-in. 

ct_ Upper & lower 

I 
column shaft 

W12x40 column 
with std. holes 

Finish to bear 

with std. holes 

Fig. 4-40. Connection as designed in Example 4.5.1. 
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As determined previously, the splice plates are PL% in. x 8 in. x 1 ft ½ in. Using AISC 
Specification Section Fl l ,  determine the available flexural yielding strength of the plate. 
Note that the dimension t used in AISC Specification Section Fl l is parallel to the axis of 
bending, and therefore t = 8 in. for minor-axis bending of the splice plate in this example. 

Check the limit on lb d/ t2
:

(l¾ in.) (3/s in.) 

(8 inf 

= 0.0103 
0.08£ 0.08(29,000 ksi) 

Fy 50 ksi 
= 46.4 

Because li
;
d < 0.03E

, AISC Specification Equation Fl 1-1 applies. The nominal flexural
t Fy 

yielding strength of the plate from Equation Fl 1-1 is: 

Mn = FyZ � l .6FySx 

( 
·) 

(8 in.)(3/s inf 
( ·) (

8 in.)(3/s inf
= 50 ks1 , -- - - - < 1.6 50 ks1 

4 
-

6 

= 14.1 kip-in.� 15.0 kip-in. 

Therefore, Mn = 14. l kip-in. The available flexural yielding strength is: 

LRFD ASD 

<!>hMn =0.90(14. l kip-in.) Mn - 14.1 kip-in. 
-

Qb 1.67 
= 12.7 kip-in. >8.31 kip-in. o.k. = 8.44 kip-in.> 5.56 kip-in. 

Shear Yielding of the Splice Plate 

Using AISC Specification Equation J4-3: 

LRFD 

<!>Rn = <j>0.60FvAgv 

= 1.00(0.60)(50 ksi)(31s in.)(8 in.) 

= 90.0 kips >9.50 kips o.k.

Rn 

Q 

ASD 

-
0.60FyAgv

-

Q 

(0.60)(50 ksi)(31s in.)(8 in.)
-

1.50 

= 60.0 kips >6.35 kips o.k.

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

o.k.



4.5 COLUMN SPLICE AND COLUMN BASE DESIGN EXAMPLES 

Shear Rupture of the Splice Plate 

Anv = (8 in.)(3/s in.)-2(13/iG in.+ ½6 in.)(3/s in.) 

= 2.34 in.2 

Using AISC Specification Equation J4-4: 

LRFD 

<J>R11 = <J>0.60FuAnv Rn

Q 

= 0.75(0.60)(65 ksi)(2.34 in.2) 

= 68.4 kips >9.50 kips o.k.

Prying Action on the Splice Plates 

ASD 

0.60FuAnv--

Q 

0.60(65 ksi)(2.34 in.2) 
--

2.00 

= 45.6 kips >6.35 kips 

4-197

o.k.

Because the innermost bolts will dominate the resistance to the tension force, only the two 
bolts closest to the interface are considered. The required strength per bolt, T, is taken as 
half of the shear force at each flange plate; therefore: 

LRFD ASD 

T= 
9.50 kips 

T= 
6.35 kips 

2 2 
= 4.75 kips =3.18 kips 

The available tensile strength per bolt The available tensile strength per bolt 
before prying action effects are before prying action effects are 
considered, B, is 29.8 kips from AISC considered, B, is 19.9 kips from AISC 
Manual Table 7-2. Manual Table 7-2. 

The parameters required for checking prying action are defined in AISC Manual Part 9 and 
given in Figure 4-4 l for this example. 

b = 1¾ in. 
db =¾ in. 
d' = d1,

= 13/16 in. 

b' = b db 
2 

= 1¾ in. 

= 1.38 in. 
a = 4½ in. 

¾ in. 
2 
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where 
a+d1, /2= 4½ in. +¾ in./2 

= 4.88 in. 
l .25b+d1, /2 = 1.25(1¾ in.)+¾ in./2 

= 2.56 in. 
4.88 in. > 2.56 in. 

Therefore, use a' = 2.56 in. 

MOMENT FRAMES 

To calculate the tributary length, p, the AISC Manual refers to Dowswell (2011) as one 
method to calculate the length. According to this reference, the tributary length, Pe , can be 
taken as Pe = 4£ (Dowswell, 2011, Equation 33), where b is as defined previously and 
where c = a + b, and a is limited to 1.25b. For this calculation: 

a = 4½ in.:S: 1.25b = 2.19 in. (Use a= 2.19 in.) 
C =a+b 

= 2.19 in.+ 1¾ in. 
= 3.94 in. 

Pe =4£ 

= 4�(1¾ in.)(3.94 in.) 

= 10.5 in. 

This tributary width is limited by the geometry of the plate. The tributary width cannot be 
greater than the actual edge distance to the end of the plate on one side and half of the bolt 
gage in the other direction. Therefore, use: 

1 11 
. 5½ in.p= 14m.+- --

2 
= 4.00 in. 

• • 

1II 
• • 

- - -- + -- -

.2¾"1 
• �1 1¼" II 

..Q 

• • 

I p = 4" I • ·I

Fig. 4-41. Prying action terminology. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



4.5 COLUMN SPLICE AND COLUMN BASE DESIGN EXAMPLES 

The remaining variables from AISC Manual Part 9 are as follows: 

d' 8=1--

=I 

13/i6 in. 
4.00 in. 

= 0.797 

b' 
p= 

1.38 in. 
2.56 in. 

= 0.539 

From AISC Manual Equation 9-21, Pis: 

LRFD 

p = *( :-1)

1 l 29.8 kips = 
0.539 4.75 kips 

1) 

=9.78 

ASD 

p = *( :-1)

=-l-[19.9 kips 
-I)

0.539 3.18 kips 

=9.75 

4-199

(Manual Eq. 9-20) 

(Manual Eq. 9-22) 

The required plate thickness to develop the available strength of the bolt, B, with no prying 
action, is calculated from AISC Manual Equation 9-26 as: 

tc = )4Bb'
Cf!PFu 

LRFD 

4(29.8 kips)(!.38 in.) 
-
-

\ 0.90(4.00 in.)(65 ksi) 

= 0.838 in. 

tc 

ASD 

=)Q4Bb' 
pFu 

1.67(4)(19.9 kips)(!.38 in.) 
--

\ (4.00 in.)(65 ksi) 

= 0.840 in. 

Because the splice plate is thinner than tc , prying on the bolts will occur at the bolt ultimate 
strength. 

Because the fitting geometry is known, the available tensile strength of the bolt including 
the effects of prying action can be determined as: 

(Manual Eq. 9-27) 

where Q is based on a' determined from AISC Manual Equation 9-28, and Be is the available 
tensile strength per bolt before prying action is considered. 
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LRFD 

I 1 (fcJ2 
a = 

0(1 + p) t 
1 

, \2 

= 1 0.838 in. _1
0.797(1+0.539) ¾ in. 

=3.26 

Because a'> 1, use the following AISC 
Manual equation: 

= ( 
¾ in. J

2 

(1+0.797)
0.838 in. 

=0.360 

The available tensile strength of each bolt 
1s: 

4: = BcQ 
= (29.8 kips)(0.360) 
= 10.7 kips> 4.75 kips o.k.

MOMENT FRAMES 

ASD 

I l (fcJ2 

a = 
0(1 + p) t 

1 

= ---,-----,-I 

0.797( + 1)

=3.28 

. \2 0.840 Ill. 

¾ in. 

Because a' > 1, use the following AISC 
Manual equation: 

=( ¾in. J
2

(1+0.797)
0.840 in. 

= 0.358 

The available tensile strength of each bolt 
1s: 

Tc
= BcQ 
= (19.9 kips)(0.358) 
= 7.12 kips> 3.18 kips o.k.

The final connection design and geometry for the flange connection is shown in Figure 4-40. 

Example 4.5.2. SMF Column Splice Design 

Given: 

Design a splice for the SMF column located on grid 4 in Figure 4-9. The column material 
is ASTM A992. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. The 
required column strengths between the third and fourth levels were determined by a second
order analysis including the effects of P-8 and P-ti with reduced stiffness as required by 
the direct analysis method. The governing load combinations in ASCE/SEI 7, including the 
overstrength factor from ASCE/SEI 7, Section 12.4.3 (referred to as the overstrength seismic 
load in the AISC Seismic Provisions), follow. 
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The required compressive strength of the column is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

Pu
= (!.2+0.2SDs )D+Q0QE 

+0.5L+0.2S
= 140 kips 

The required tensile strength of the column is: 

LRFD 
Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

Tu
= (0.9-0.2SDs )D+QoQE

= 15.3 kips 

The required shear strength of the column is: 

LRFD 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

Vu 
= (1.2+0.2SDS)D+Q0QE

+0.5L+0.2S
= 47.2 kips 

Section 2.4.5: 

Pa =(1.0+0.I05SDS)D 
+ 0.525Q0QE + 0.75L + 0.75S

= 109 kips 

ASD 
Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

Ta
= ( 0.6-0.14SDs )D+0.7Q0QE

= 8.64 kips 

ASD 
Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

Va =(1.0+0.I05SDS)D 
+ 0.525Q0QE + 0.75L + 0.75S

= 26.9 kips 

From ASCE/SEI 7, use Seismic Design Category D, Q0 = 3, p = 1.0, and SDS = 1.0. 

Assume that there is no transverse loading between the column supports in the plane of 
bending and that the connections into the column minor axis produce negligible moments 
on the column. 

Solution: 

From AISC Manual Table 2-4, the column material properties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Table 1-1, the column geometric properties are as follows: 

Upper Shaft 
W14x68 
A= 20.0 in.2
fw = 0.415 in. 

d = 14.0 in. 
Zx = 115 in.3

br= 10.0 in. tr= 0.720 in. 
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Lower Shaft 
W14x132 
Zx = 234 in.3

MOMENT FRAMES 

There is no net tensile load effect on the column; therefore, the requirements of AISC 
Seismic Provisions Section D2.5b(2) do not apply. 

Splice Connection 

CJP groove welds are used to splice the column webs and flanges directly as shown in 
Figure 4-42 and in accordance with the provisions of AISC Seismic Provisions Section 
E3.6g. 

Required shear strength of the web splice 

Per AISC Seismic Provisions Section D2.5c, the required shear strength of the web splice 
is equal to the greater of the required strength determined using AISC Seismic Provisions

Section D2.5b(l), and the following: 

LRFD ASD 

"'i.Mµc LMµc 

Vu
= - - Va

= - -
a

8
H a

8
H

where "'i.Mp
c is the sum of the nominal plastic flexural strengths of the column sections above 

and below the splice for the direction in question, and a,1 is the LRFD-ASD force level 
adjustment factor (1.0 for LRFD and 1.5 for ASD). Because this requirement is for web 
splices, "'i.Mpc in the major axis of the column will be considered. 

"'i.Mµc 

v,, =- -asH 

LRFD 

+ Zxbot

a8
H

(50 ksi)(115 in.3 +234 in.3)
1.0(12.5 ft)(12 in./ft) 

=116kips 

"'i.Mpc 

Va
= - asH 

Fy 

ASD 

asH 
(50 ksi)(! 15 in.3 +234 in.3)

1.5(12.5 ft)(l2 in./ft) 
= 77.6 kips 

Using the load combinations in ASCE/SEI 7 including the overstrength seismic load, the 
required shear strength is given as: 

LRFD ASD 

Va = 26.9 kips 

LMpc Therefore -�- governs in determining the required shear strength of the splice.
asH 
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For the limit state of shear yielding on the gross section of the smaller column, according to 
AISC Specification Section G2, the available shear strength of the column is: 

LRFD ASD 

<Pv V,, = <Pv 0.6FyAwCv l 
Vn -

0.6FyAwCv 1 
-

Qv Qv 
= 1.00(0.6)(50 ksi) 0.6(50 ksi)(l4.0 in.)(0.415 in.)(LO) 

x(I4.0 in.)(0.415 in.)(LO) 
--

1.50 
= 174 kips> 116 kips o.k. = l 16 kips> 77.6 kips o.k. 

Using AISC Specification Equation J4-4, the minimum web depth to satisfy the limit state 
of shear rupture on the net section is: 

dw = 

Vu 

cp0.60Futw 

--

LRFD 

116kips 
0.75(0.60)(65 ksi)(0.415 in.) 

= 9.56 in. 

dw = 

QVa 
0.60Futw 

ASD 

2.00(77.6 kips) 
--

0.60( 65 ksi )( 0.415 in.) 
= 9.59 in. 

Therefore, the maximum length of each weld access hole, lh , permitted in the direction of 
the web is: 

LRFD ASD 

lh =½[d-2tr -dw ] lh =½[d-2tr -dw ] 

= ½[14.0 in. 2( 0.720 in.) 9.56 in.] = 
1/2[14.0 in. 2(0.720 in.) 9.59 in.]

= 1.50 in. = 1.49 in. 

Therefore, specify that the access holes for the flange splice welds may not extend more 
than 1 ½ in. measured perpendicular to the inside flange surface as shown in Figure 4-42. 

Location of Splice 

AISC Seismic Provisions Section D2.5a requires that splices be located 4 ft away from 
the beam-to-column flange connection. The clear distance between the beam-to-column 
connections is approximately 10.8 ft. Because the webs and flanges are joined by CJP welds, 
AISC Seismic Provisions Section D2.5a(b) permits the splice to be located a minimum of 
the column depth (14.0 in.) from the beam-to-column flange connection. 

The column splice location shown in Figure 4-9 is acceptable. 
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Additional Weld Requirements 

Per AISC Seismic Provisions Section A3.4b, the filler metal used to make the splice welds 
must satisfy AWS Dl.8/Dl.8M, clauses 6.1, 6. 2 and 6.3. Additionally, AISC Seismic

Provisions Section D2.5d requires that weld tabs be removed. 

AISC Specification Section Jl.6 provides additional requirements for weld access hole 
geometry. The final connection design is shown in Figure 4-42. 

Example 4.5.3. SMF Column Base Design 

Given: 

Refer to Column CL-1 in Figure 4-9. Design a fixed column base plate for the ASTM A992 
W-shape. The base and other misceJlaneous plate material is ASTM A572 Grade 50. The
anchor rod material is ASTM F l554 Grade 105. The 2¼-in.-diameter anchor rods have an
embedment length, h�t, of at least 25 in. The column is centered on a reinforced concrete
foundation. The foundation concrete compressive strength, f/, is 4 ksi with ASTM A615
Grade 60 reinforcement. The anchor rod concrete edge distances, CaJ and ca2, are both
greater than 37.5 in.

1½" max, 
typ. 

ct_ Upper & lower 
column shaft 

Weld access hole 
---t-+--- per Specification 

Section J1 .6, typ. 

W14x132 

Fig. 4-42. Connection as designed in Example 4.5.2. 
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The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. The 
required column strengths at the base level were determined by a second-order analysis 
including the effects of P-b and P-t,. with reduced stiffness as required by the direct analysis 
method. The governing load combination in ASCE/SEI 7, including the overstrength factor 
from ASCE/SEI 7, Section 12.4.3 (referred to as the overstrength seismic load in the AISC 
Seismic Provisions), follows. In this example, two of the controlling limit states are tensile 
yielding in the anchor rods and bending in the base plate. For these limit states, the axial 
force needs to be minimized because this will increase the overturning (bending) in the base 
plate and increase the tensile force in the anchor rods; therefore, the required axial compres
sive strength is determined from: 

LRFD ASD 

Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Pu = (0.9-0.2SDs )D+D0QE Pa
= (0.6-0.l4SDs)D+0.7Q0QE 

= 98.8 kips = 64.5 kips 

The required flexural strength is determined from: 

LRFD ASD 

Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Mu = (0.9 0.2SDs )MD+ DoMQE Ma = (0.6-0.14SDs )MD +0.7Q0MQE

= 946 kip-ft = 662 kip-ft 

The required shear strength is determined from: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Vu = (1.2 + 0.2SDs )D + DoQE Va =(1.0+0.l4SDS)D+0.7Q0QE 

= 96.0 kips = 67.2 kips 

Assume that the connection into the column minor axis produces negligible moments on 
the column. 

From ASCE/SEI 7, use Seismic Design Category D, Q0 = 3, p = 1.0, and SDs = 1. 0. 

Use LRFD provisions for the concrete design. 

Solution: 

From AISC Manual Table 2-4, the column material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu = 65 ksi 
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From AISC Manual Table 2-5, the base plate material properties are as follows: 

ASTM A572 Grade 50 
F

y 
= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Table 2-6, the anchor rod material properties are as follows: 

ASTM Fl554 Grade 105 
F,, = fura = 125 ksi 

From ASTM A615, the concrete reinforcement properties are as follows: 

ASTM A615 Grade 60 
F

y 
= 60 ksi 

From AISC Manual Table 1-1, the column and beam geometric properties are as follows: 

W14x176 

A = 51.8 in.2
ff= 1.31 in. 

W24x76 

d = 23.9 in. 

d = 15.2 in. 
kdes = 1.91 in. 

tw = 0.830 in. 
Zx = 320 in.3

From AISC Manual Table 7-17, the 2¼-in.-diameter anchor rod has a gross area of 
A= 3.98 in.2

Required Strengths at Column Base

AISC Seismic Provisions Section D2.6a(a) defines the required axial strength at the column 
base. 

AISC Seismic Provisions Section D2.6b(b) defines the required shear strength of the column 
base as the lesser of the required shear strength determined from load combinations, including 
the overstrength seismic load or 2R

y
F

y
Zl(asH), but not less than 0.7F

y
Zl(a,H). 

LRFD ASD 

Vu
=

2R
y y V,,, = 

2R
y
F

v
Z 

a,H a,H 

-
2(1.1)(50 ksi)(320 in.3) 

-
2(1.1)(50 ksi)(320 in.3)

- -

1.0( 14 ft)( 12 in./ft) 1.5 ( 14 ft) ( 12 in ./ft) 
= 210 kips> 96.0 kips = 140 kips> 67.2 kips 

0.7F
y
Z 0.7F

y
Z 

Vu> Va> a,H CXsH

-
0.7(50 ksi)(320 in.3)

-
0.7(50 ksi)(320 in.3) 

- -

1.0(14 ft)(I2 in./ft) 1.5(14 ft)(12 in./ft) 
= 66.7 kips< 96.0 kips = 44.4 kips < 67 .2 kips 

Therefore, Vu = 96.0 kips. Therefore, V11 = 67.2 kips. 
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AISC Seismic Provisions Section D2.6c(b) requires that the flexural strength equal or 
exceed the lesser of the load combination of the applicable building code, including the 
overstrength seismic load, or the following: 

LRFD 

1. 
a., 

1.1(1.1)(50 ksi)(320 in.3) 
1.0(12 in./ft) 

= 1,610 kip-ft>946 kip-ft 

Therefore, Mu
= 946 kip-ft. 

Initial Size of Base Plate 

ASD 

Ma
= -��-

a., 

1.1 (1.1)( 50 ksi )( 320 in.3) 
1.5 ( 12 in./ft) 

= 1,080 kip-ft>662 kip-ft 

Therefore, Ma
= 662 kip-ft. 

The base plate dimensions should be large enough for the installation of at least four anchor 
rods, as required by the Occupational Safety and Health Administration (OSHA, 2008). 

Try a plate with N = 32 in., B = 32 in., and anchor rod edge distance = 4 in. Try two rows 
of four equally spaced rods, as shown in Figure 4-43. 

Using the recommendations from AISC Design Guide l ,  Base Plate and Anchor Rod

Design (Fisher and Kloiber, 2010), determine the required base plate thickness and anchor 
rod tension force. 

Base Plate Eccentricity and Critical Eccentricity 

For the calculation of the base plate eccentricity, e, from AISC Design Guide 1, Equation 
3.3.6: 

LRFD ASD 

Mu 

e=- Ma 

e=-

Pu Pa 

(946 kip-ft)(I2 in./ft) ( 662 kip-ft) ( 12 in./ft) 
98.8 kips 64.5 kips 

= 115 in. = 123 in. 

For the calculation of the critical eccentricity, ecrit:

ecrit == --2 2qmax 

(AISC Design Guide 1, Eq. 3.3.7) 

For the calculation of the maximum plate bearing stress, qm ax: 

(AISC Design Guide 1, Eq. 3.3.4) 
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Flange extension 
plates included to ---._ 
engage corner 
anchor rods 

CJP flange to 
extension plate, 
typ. 

CJP flange to � -1---t-.==F
:.., 

base plate, typ. 

Leveling nut 

and washer 

or shim stack 

to restrain 
concrete 
breakout 

N = 2'-8" 

MOMENT FRAMES 

PL3/sx5¼x5¼" 

(A572 Gr. 50) 
with std. holes 

PL3½" 

(A572 Gr. 50) 

with (8) 2¼" dia. 
F1554 Gr. 105 
bolts 

Concrete foundation 

3½" dia. holes, typ. 

3" nonshrink grout 

C 

.E 

PL 1 x4½x4½" (A572 Gr. 50) 
washer with a double nut 

Fig. 4-43. Connection cross section as designed in Example 4.5.3. 
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For the calculation, assume the concrete bearing frustum area ratio equals 2 from ACI 318, 
Section 14.5.6: 

/I½= 2 
vTi 

The available bearing stress is determined from AISC Specification Equation J8-2. 

LRFD 

fp(max) = <p ( 0.85f }) /J½
vTi

= 0.65( 0.85)( 4 ksi)( 2) 
= 4.42 ksi 

qmax = fp(max)B 

= (4.42 ksi)(32 in.) 
= 141 kip/in. 

N ecrit = -2 

= 32 in. 98.8 kips
2 2(141 kip/in.) 

= 15.6 in. 

ASD 

0.85fc'. /I½fp(max) = 
� VAi

_ 0.85( i)( :) 
2.31 

= 2.94 ksi 

q,nax = fp(max)B 

= (2.94 ksi)(32 in.) 
= 94.1 kip/in. 

N
ecrit = -2 

= 32 in. 64.5 kips
2 2(94.1 kip/in.) 

= 15.7 in. 

With e > ecr it, the eccentricity meets the AISC Design Guide 1 criteria for a base plate with 
a large moment (Figure 4-44). 

Per AISC Design Guide 1, Section 3.4, the following inequality must be satisfied: 

[ 
N

J
2 2Pr(e+ f)

!+- > --�
2 - qmax 

For the calculation off: 

f = 
N edge distance2 
32 in. 4.

=-- Ill. 

2 
= 12.0 in. 

Therefore: 

[1 + :r = [ 12.0 in.+ 3\
in.

= 784 in.2

(AISC Design Guide 1, Eq. 3.4.4) 
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LRFD ASD 

2(98.8 kips) 2 ( 64.5 kips) 

2Pu (e+l) x(115 in.+12.0 in.) 2Pa (e+ l) x(123 in.+12.0 in.) 
- -

- -

qmax 141 kip/in. qmax 94.1 kip/in. 

= 178 in.2 =185 in.2

W.h (1+
N J

2

>
2P,.(e+l) h. 1· . . fi d d 1 1 . . "bl It - , t e mequa Ity IS satis e an a rea so ut10n IS possI e.

2 qmax 

Base Plate Bearing Length 

From AISC Design Guide 1, Equation 3.4.3, the base plate bearing length is: 

LRFD ASD 

Y=(l+:J±\ (
1

+ :r 
2Pu (e+ l)

Y=(l+:J±\ (
1

+ :r -

2Pa (e+ l) 
qmax q,nax 

= �784 in.2 �784 in.2 -178 in.2 = �784 in.2 �784 in.2 -185 in.2

= 3.38 in. = 3.53 in. 

f 

I 
e 

X 

I 
Pre 

A 
Pr 

A 
•B

iT qmaxY 

I 
f + f'J. y

2 2 

N 

Fig. 4-44. Base plate with large moment (Fisher and Kloiber, 2010). 
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Required Rod Tensile Strength 

From AISC Design Guide 1, Equation 3.4.2, the required rod tensile strength for the anchor 
group on one side of the base plate is: 

LRFD ASD 

Nua = qmaxY Pu Naa = qmaxY - Pu

= (141 kip/in.)(3.38 in.) 98.8 kips = ( 94. l kip/in.) ( 3.53 in.) 64.5 kips 

= 378 kips = 268 kips 

Base Plate Thickness 

Check the base plate for flexural yielding at both the bearing and tension interfaces. At the 
bearing interface, the bearing pressures between the concrete and the plate will cause bending 
for the cantilever lengths m and n as shown in Figure 4-45. At the tension interface, the 
anchor rods cause bending for the cantilever length, x, as shown in Figure 4-44. 

For the calculation of the assumed bending lines at the bearing interface, from AISC Design 
Guide 1, Section 3.1.2: 

N-0.95d
m=-- --

2 
32 in. 0.95(15.2 in.) 

2 
= 8.78 in. 

(g 
---

� 
.Q 

---

(g 

I 

I 

I 

I 

I 

I 

I 

I 

I 

I: m .1. 

d 

I 

I (g 
----- ---

I 

I 

I 

I 

I ----- ---

I (g 
I 

0.95d ..1. m ..

C: 

0 
00 

0 

C: 

CQ 

Fig. 4-45. Assumed bending lines (Fisher and Kloiber, 2010). 
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B 0.8bfn =---�

2 
32 in. 0.8(15.7 in.)

2 
= 9.72 in. 

MOMENT FRAMES 

For the calculation of the base plate cantilever bending line distance at the tension interface: 

x =f-d+!.l_ 
2 2 

_ 12 0. _ 15.2 in. 1.31 in.- . Ill.- --+- --

= 5.06 in. 
2 2 

(AISC Design Guide 1, Eq. 3.4.6) 

For flexural yielding at the bearing interface and Y < max(m, n), from AISC Design Guide 1, 
Equation 3.3.15: 

fp(req) = 2.11 

= 2.11 

LRFD 

( 
y2 J Jp(max)Y l max(m, n) 

in. 3.38 in.
2 

50 ksi 
= 3.27 in. 

fp(req) = 2.58 

=2.58 

ASD 

( 
y2) Jp(max)Y l max(m,n) 

in. 3.53 in.
2 

50 ksi 
= 3.32 in. 

For flexural yielding at the tension interface, from AISC Design Guide 1, Equation 3.4.7: 

LRFD ASD 

2 �NuaX 

Pi fp(req) = .11 --
BF

y 

fp(req) = 2.58 

=2.1\ 
(378 kips)(5.06 in.)

= 2.58
' 

(268 kips)(5.06 in.) 
(32 in.)(50 ksi) (32 in.)(50 ksi) 

=2.3 l in. = 2.38 in. 

Use a PL3½ in. x32 in. x2 ft 8 in. ASTM A572 Grade 50 for the base plate. 

Plate Washer Bearing Strength 

According to AISC Manual Table 14-2, use a '1/s-in. x 5¼-in. x 5¼-in. plate washer, welded
to the top of the base plate, to transfer the shear to the anchor rods. Also, interpolating from 
Table 14-2, use a 3½-in.-diameter hole for the 2¼-in.-diameter anchor rods. 
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Determine the available bearing and tearout strength assuming deformation at the bolt hole 
is not a design consideration. 

The clear distance to the edge of the bearing plate, le, is taken as: 

5¼ in. 2¼ in. 
2 

= 1 .50 in. 

The nominal bearing strength on the base plate is: 

R11 = 3.0dtFun (from Spec. Eq. J3-6b) 

= 3.0(2¼ in.)(¾ in.)(65 ksi)(8) 

= 3,070 kips 

The nominal tearout strength on the base plate is: 

R11 = l.5(tFu
n (from Spec. Eq. J3-6d) 

= 1 .5(1.50 in.)(Ys in.)(65 ksi)(8) 

= 1,020 kips 

Therefore, R11 = 1,020 kips, and the available tearout strength is: 

LRFD ASD 

<j)R11 = 0.75(1,020 kips) -
1,020 kips 

-

2.00 
= 765 kips> 96.0 kips o.k. = 510 kips> 67.2 kips 

Anchor Rod Combined Tension and Shear 

o.k.

Using the recommendations from AISC Design Guide I and AISC Specification Section 
J3.7, the available tensile stress of the anchor rod subject to combined tensile and shear 
loads is checked, including the effects of bending. 

Based on testing performed by Gomez et al. (2009), this approach was determined to provide 
a reasonable and conservative strength estimate for earthquake design. Therefore, given 
the comprehensive testing and design approach, the general anchor strength requirement of 
ACI 318, Section 17 .3, for resistance to combined tensile and shear loads can be satisfied. 

The anchor rod nominal tensile stress, from AISC Specification Table J3.2: 

F111 =0.75Fu 

= 0.75(125 ksi) 

= 93.8 ksi 

The anchor rod nominal shear stress with threads not excluded from the shear plane from 
AISC Specification Table J3.2: 
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F,,v = 0.450Fu 

= 0.450(125 ksi) 
= 56.3 ksi 

The anchor rod required shear stress, frv : 

LRFD 

Vu frv =- -
nvA

g 

96.0 kips 
--

8(3.98 in.2) 
= 3.02 ksi 

MOMENT FRAMES 

ASD 

Va frv =A
nv g 

67.2 kips 
--

8(3.98 in.2) 
= 2.11 ksi 

Therefore, the nominal tensile stress from AISC Specification Equation 13-3 is: 

LRFD 

, Fm Fnt = 1.3Fnt 
---frv < Fm

<j)F,,v 
= 1.3(93.8 ksi) 

- 93.8 ksi (3.02 ksi)
0.75(56.3 ksi) 

= 115 ksi > 93.8 ksi 

Therefore use F�1 = 93.8 ksi. 

<j)F�1 = 0.75(93.8 ksi) 
= 70.4 ksi 

ASD 

1 QFnt Fm = 1.3F,,t ---frv < F,,t 
Fnv 

= 1.3(93.8 ksi) 

2.00(93.8 ksi) 
( 

·
)- 2.11 ks1 

56.3 ksi 
= 115 ksi > 93.8 ksi 

Therefore use F�1 = 93.8 ksi. 

93.8 ksi 
--

2.00 
= 46.9 ksi 

The anchor rod combined tensile and bending stresses,fr, is: 

fr= fra + frh 

From AISC Design Guide 1 (Fisher and Kloiber, 2010), the anchor rod bending moment 
lever arm, l, is taken as: 

t 
l=_l!_+-'=='-

2 2 

3 1/2 in. ½ in. 
---+ 

2 2 

= 2.19 in. 
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The anchor rod plastic section modulus, Z, is: 

d3 
Z=_Jz_

(2¼ in.)3 

6 
= 1.90 in.3

4-215

Determine the anchor rod tensile stress, assuming that only the rods on one side of the base 
plate are in tension at any time. 

LRFD 

, _ Nua 
Jta - n1Ag 

_ 378 kips 
-

4( 3.98 in.2) 
= 23.7 ksi 

Anchor rod bending stress 

M _ Vul 
tb--nv 

_ (96.0 kips)(2.19 in.) 
8 

= 26.3 kip-in. 

Ma,
lib =

-2-
- 26.3 kip-in.

1.90 in.3
= 13.8 ksi 

Combined stress 

1; = l;a+lib

= 23.7 ksi + 13.8 ksi 
= 37.5 ksi < 70.4 ksi o.k.

Concrete Anchorage Strengths 

ASD 

Naa 
1;a = 

n1Ag 
_ 268 kips 
-

4( 3.98 in.2) 
= 16.8 ksi 

Anchor rod bending stress 

M _ Val 
tb-nv 

_ (67.2 kips)(2.19 in.) 
8 

= 18.4 kip-in. 

Ma,
lib =

-2-
- 18.4 kip-in.

1.90 in.3
= 9.68 ksi 

Combined stress 

1; = l;a+lib

= 16.8 ksi+9.68 ksi 
= 26.5 ksi < 46.9 ksi o.k.

The available strengths of the column base anchorage are checked in accordance with ACI 
318, Chapter 17. ACI 318, Table 17.3.1.1, provides the required strength of anchors for 
all possible failure modes. In addition, anchors in structures assigned to Seismic Design 
Category (SDC) C, D, E or F must meet the requirements of ACI 318, Section 17 .2.3. 
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Design Requirements for Tensile Loading 

Although checked previously in accordance with AISC provisions, the following illustrates 
the anchor tensile loading checks in accordance with ACI 318, Chapter 17, provisions. 
Per ACI 318, Section 17.3.1.1, the applicable failure modes that will be checked are steel 
strength, ¢iNsa, concrete breakout strength, ¢iNc·b, and pullout strength, ¢iNp11 • By inspection, 
the side-face blowout limit state is not applicable. 

Per ACI 318, Section 17.2.3.4.3, the anchors and their attachments must satisfy one of 
Options (a) through (d). In this example, the anchors are designed using Option (d), where 
the horizontal component of the earthquake load, E, is the overstrength seismic load. 

Per ACI 318, Section 17.2.3.4.4, the concrete breakout and pullout strength must be reduced 
by a factor of 0.75. Also, this section requires that the concrete must be evaluated in the 
cracked condition unless it can be demonstrated otherwise. 

Although longer embedment depths are permitted, with respect to the basic strength equation, 
ACI 318, Section 17.4.2.2, and this example limit the minimum effective embedment depth, 
hef, of the anchor rods to 25 in. 

The steel tensile strength of the anchor rod group of four ( on one side of the base plate) is: 

'f!Nsa = c!;inAse,N futa (from ACI 318,Eq. 17.4.l.2) 

where 
¢i = 0.75 from ACI 318, Section 17.3.3(a)(i) 

Ase,N = : l da -
0.

:�
43 

r from ACI 318, Section Rl 7.4.1.2 

n1 = 4.5 threads/in. from AISC Manual Table 7-17 

Therefore: 

A = n( 2¼ in.- 0.9743
)

2

se,N 4 l 4.50 
= 3.25 in.2

c!;iN,a = 0.75( 4 )( 3.25 in.2 )(125 ksi) 

= 1,220 kips >Nua = 378 kips o.k. 

The nominal tensile concrete breakout strength of the anchor group is: 

where 
\!fec,N = 1.0 from ACI 3 l 8, Section 17.4.2.4 
\!fed,N = 1.0 from ACI 3 l 8, Section 17.4.2.5 
\!fc,N = 1.0 from ACI 3 l 8, Section 17.4.2.6 
\!fcp,N =1.0 from ACI 318, Section 17.4.2.7 
ANc =[(n 1)s+2(I.5)hef ]2(I.5)hef 

(ACI 318, Eq. 17.4.2. lb) 

(from ACI 318, Figure Rl7.4.2. l )  
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s = [B 2(edge distance)]/(n 1) 

= [ 32 in. -2 ( 4 in.)]/ ( 4 -1) 

= 8.00 in. 

Therefore: 

ANc = [ ( 4-1 )(8.00 in .)+ 2 (1.5)( 25 in .)]( 2 )(1.5)( 25 in .) 

= 7,430 in .2

For the calculation of ANco: 

ANco =9h� 

= 9(25 inf 

= 5,630 in .2

For the calculation of Nb: 

Nb = 16Aa fjl h�r513 

16(1.o)( )4,000 psi )(25 in .)513 

1, 000 lb/kip 
= 216 kips 

Therefore: 

N cbg = (
7

A
30 

'.
n

·: )(1.0)(1.0)(1.0)(1.0)(216 kips)
5 ,630 Ill. 

= 285 kips 

0.75¢iN cbg = 0.75( 0.75)( 285 kips) 
= 160 kips < 378 kips n.g. 

4-217

(ACI 318, Eq. 17.4.2. l c) 

(ACI 318, Eq. 17.4.2.2b) 

Per ACI 318, Sections 17.3.2.l and 17.2.3.4.4(b), provide supplemental reinforcement to 
restrain the concrete breakout. From ACI 318, Section 17.4.2.9: 

A - Tu 
s - 0.75¢ify 

378 kips 
0.75(0.75)(60 ksi) 

= 11 .2 in .2

Provide at least 11 .2 in.2 of vertical reinforcing stirrups spaced within 0.5hef of each anchor 
rod group per ACI 318, Section Rl7.4.2.9. 

Alternatively, the need for vertical reinforcing stirrups can be eliminated using a longer 
embedment length, hef, and ACI 318, Equation 17.4.2.2a with kc = 24, and solving for the 
required tensile strength, Nua = 378 kips. 
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Nb = kcAafjlhe/5 (ACI 318, Eq. 17.4.2.2a) 

24(1.o)( �4,000 psi )he/5 

378 kips < - --- - -� --. - 1,000 lb/kip 
378 kips :::; l . 52h�/5

Therefore 

hef � 39.5 in. 2

An embedment length, h�t, of 40 in. or longer would eliminate the need for ve11ical rein
forcement stirrups. 

For the design pullout strength of the anchor group, including the additional 0.75 factor 
stipulated in ACI 318, Section 17.2.3.4.4(c): 

(from ACI 318, Eq. 17.4.3. l )  

where 
qi = 0.70 from ACI 318, Section 17.3. 3(c)ii, for Condition B 
\Jfc,P = 1. 0  from ACI 318, Section 17.4.3.6, assuming cracking at service load levels 

For the calculation of N
p

: 
(ACI 318, Eq. 17.4.3.4) 

For calculation of the anchor head bearing area, A brg, try a 1 -in. x 4½-in. x 4½-in. plate 
washer with a double heavy hex nut head on the embedded end of the anchor rod. 

Abrg = Aptare - Ase 

= ( 4½ inf 3.25 in.2 

=17.0 in.2 

N
P

= 8(17 . 0  in.2 )(4 ksi) 

= 544 kips 

Therefore: 

0.75<iJN
p
n = 0.75(0.70)(4)(1. 0)(544 kips) 

=1 ,140kips > 378kips o.k. 

Anchor Rod Head Plate Washer Flexural Strength 

Determine the available flexural strength of the 1-in. x 4½-in. x 4½-in. plate washer under 
the anchor rod head, from AISC Specification Section Fl  1 .  
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Lbd (4½ in.)(4½ in.) 
t2 ( 1 inJ2 

=20.3 
0.08£ 0.08(29,000 ksi) 

F
y 

50 ksi 
= 46.4 

Because 20.3 < 46.4, AISC Specification Section Fl 1.1 applies. 

The plastic section modulus per unit width, Z, of the plate washer is: 

bd2 

Z=-

(l in.)(! inf 
4 

= 0.250 in.3

The elastic section modulus per unit width, S, of the plate washer is: 
bd2 

S=-
6 

(I in.) (I inJ2 
6 

= 0.167 in.3

The nominal flexural strength of the plate washer is: 
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Mn
= F

y
Z '.:'. l .6F

y
Sx (from Spec. Eq. Fl l -1) 

= (50 ksi)(0.250 in.3) :c; 1.6(50 ksi)(0.167 in.3)

= 12.5 kip-in.< 13.4 kip-in. 

Therefore, Mn
= 12.5 kip-in. From AISC Specification Section Fl 1. 1, the available flexural 

strength of the plate washer is: 

LRFD ASD 

<!>hMn = 0.90(12.5 kip-in.) Mn 12.5 kip-in. 
Qb 1.67 

= 11.3 kip-in. = 7.49 kip-in. 

For the calculation of the plate washer cantilever bending moment, the plate washer canti
lever distance, l, is: 
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2 
= 0.500 in. 

MOMENT FRAMES 

2 

where Bnur head is the heavy hex nut W dimension given in AISC Manual Table 7-19. 

Therefore: 

LRFD ASD 
For the plate washer load, Wu : For the plate washer load, wa : 

Nua 
Wu

=

- -
Abrg 

NaaWa = - -
Abrg 

378 kips 268 kips - -- -

17.0 in.2 17.0 in.2 
= 22.2 ksi = 15.8 ksi 

For a 1-in. strip of plate: For a 1-in. strip of plate: 

M - w,/2 

M - Wal
2 

u-

a- 2 2 

-
(22.2 ksi)(l in.)(0.500 inf

-
(15.8 ksi)(I in.)(0.500 inf

- -

2 2 
= 2. 78 kip-in. < 11.3 kip-in. o.k. = 1.98 kip-in.< 7.49 kip-in. o.k.

Design Requirements for Shear Loading 

Although checked previously in accordance with AISC provisions, the following illustrates 
the shear loading checks in accordance with ACI 318, Chapter 17, provisions. Frictional 
shear resistance developed between the base plate and the concrete is neglected in considera
tion of earthquake loading. 

Per ACI 318, Section 17 .3.1. l ,  the applicable failure modes that must be checked are steel 
strength, <l>Vw, concrete breakout strength, <l>Vcb, and concrete pryout strength, <l>Vcp · Only 
steel strength is applicable in this example. 

Per ACI 318, Section 17.2.3.5.3, the anchors and their attachments must be designed using 
one of Options (a) through (c). In this example, the anchors are designed using Option (c), 
where the seismic load, E, is the overstrength seismic load. 

The design steel shear strength of the entire anchor group, including the grout pad factor of 
0.80 (ACI 318, Section 17.5.1.3) is: 

<I> V\Cl = 0.80$n0.6Ase,v futa 

where 
<I>= 0.65 from ACI 318, Section 17.3.3 

(from ACI 318, Eq. 17.5.1.2b) 
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Therefore: 
qi Via = 0.80(0.65)(8)(0.6)(3.25 in.2 )(125 ksi) 

= 1,010 kips> 96.0 kips o.k. 

For the interaction of tensile and shear forces, from ACI 318, Section 17 .6: 

Vu 96.0 kips 
qiV,a l,010 kips 

=0.0950 

Nua 378 kips 
qiNsa 

1,220 kips 
= 0.310 
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Because Vu :S; 0.2qi ½a , the full strength in tension is permitted according to ACI 318, 
Section 17.6.1. 

Design of Column Web-to-Base Plate Weld 

The effective length of weld available, le , on both sides of web, holding welds back from 
the "k" region, is: 

le = d-2kdes
= 15.2 in.-2(1.91 in.) 
= 11.4 in. 

From AISC Manual Equations 8-2a and 8-2b, the weld size in sixteenths of an inch is: 

LRFD 

Vu 
Dreq'd = 

( ) ( 1.392 kip/in.) 2le 

96.0 kips 
-
-

( 1.392 kip/in.) ( 2) ( 11.4 in.) 
= 3.02 sixteenths 

ASD 

Va

Dreq'd = 
( ) 0.928 kip/in. (2le ) 

67.2 kips 
-
-

(0.928 kip/in.)(2)(11.4 in.) 
= 3.18 sixteenths 

Conservatively, use 1/16-in. fillet welds (two-sided) for the column web-to-base plate weld. 

Design of Washer Plate-to-Base Plate Weld 

The effective length of weld available, le , on each of the eight plates (two sides), is: 

l
e

= 2(5¼ in.) 
= 10.5 in. 
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From AISC Manual Equations 8-2a and 8-2b, the weld size in sixteenths of an inch is: 

LRFD ASD 

Vu Vu D,eq'd = 
( )( ) D,eq'd = 

( )( ) 1.392 kip/in. 8le 0.928 kip/in. 8le 

96.0 kips 67.2 kips 
- -- -

(1.392 kip/in.)(8)(10.5 in.) (0.928 kip/in.)(8)(10.5 in.) 
= 0.821 sixteenths = 0.862 sixteenths 

The minimum weld size based on the thinner part joined from AISC Specification Table 
12.4 controls. Based on the 1/s-in.-thick washer plate, use 3/J6-in. fillet welds (two sides) for 
the washer plate-to-base plate weld. 

The final connection design and geometry for the moment-frame column base is shown in 
Figure 4-43. 

Example 4.5.4. SMF Embedded Column Base Design 

Given: 

Refer to Column CL-1 in Figure 4-9. Design an embedded column base plate for the ASTM 
A992 W-shape. The column is centered on a 72-in.-wide reinforced concrete foundation. 
The foundation concrete compressive strength, .fc.', is 4 ksi with ASTM A615 Grade 60 
reinforcement. Use ASTM A572 Grade 50 plate material. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. The 
required column strengths at the base level were determined by a second-order analysis 
including the effects of P-o and P-fi with reduced stiffness as required by the direct analysis 
method. The governing load combination in ASCE/SEI 7 including the overstrength factor 
from ASCE/SEI 7, Section 12.4.3 (referred to as the overstrength seismic load in the AISC 
Seismic Provisions), follows. 

In this example, the controlling limit state is yielding of the face plates. For this limit state, 
the axial force needs to be maximized because this will increase the bearing force and sub
sequent bending (yielding) in the plates. Therefore, the required axial strength is determined 
from: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 
P

u =(1.2+0.2SDs)D+QoQE Pa = ( 1.0 + 0.105S DS) D + 0.525Q0QE

+0.5L+0.2S + 0.75L + 0.75S
= 250 kips = 215 kips
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The required flexural strength is determined from: 

LRFD ASD 
Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Mu
= (0.9-0.2SDs )D+D.oQE Ma

= (0.6-0.14SDs )D+0.1D.0QE 

= 946 kip-ft = 662 kip-ft 

The required shear strength is determined from: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Vu 
= (1.2+0.2SDs)D+0.0QE Va

= (1.0+0.I4SDS)D+0.7Q0QE 
= 96.0 kips = 67.2 kips 

Consider that the connection into the column minor axis produces negligible moments 
on the column. With respect to the foundation, consider that the ACI 318 reinforcement 
requirements are adequate for all applicable concrete limit states including punching shear. 

From ASCE/SEI 7, use Seismic Design Category D, Q.0 = 3, p = 1.0, and SDS = 1.0. 

Use LRFD provisions for the concrete design. The final connection design and geometry for 
the embedded column base is shown in Figure 4-46. 

Solution: 

From AISC Manual Table 2-4, the column material properties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Table 2-5, the plate material properties are as follows: 

ASTM A572 Grade 50 
F

y 
= 50 ksi 

Fu
= 65 ksi 

From ASTM A615, the concrete reinforcement properties are as follows: 

ASTM A615 Grade 60 
Fy = Fysr = 60 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Column 
W14x176 
A = 51.8 in.2 
ff = 1.31 in. 

d = 15.2 in. 
Zx = 320 in.3

tw = 0.830 in. 
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Beam 

W24x76 

d = 23.9 in. 

Required Strengths at the Column Base 

MOMENT FRAMES 

AISC Seismic Provisions Section D2.6a requires that the axial strength equals or exceeds 

the required strength calculated using the load combinations of the applicable building code 

including the overstrength seismic load, or the required axial strength for column splices. 

AISC Seismic Provisions Section D2.6b(b) defines the required shear strength of the column 

base to be the lesser of the required shear strength determined from load combinations 

including the overstrength seismic load, or 2R
y
F

y
ZI( a,H), but not less than 0.7 F

y
ZI( asH). 

PL3/s" face bearing 

plate, typ. 

Section A-A 

W14x176 column 

Line of primary 

reinforcement beyond 

Concrete foundation 
(2) ¾" dia. X 36"

deformed bar anchors,
typ.

A 

bNl 

-- --

Note: The deformed bar anchor-to-column flange 

connection should match the strength of the bar. 

C 

.E 

0 
I 

-

..-

Fig. 4-46. Connection cross section as designed in Example 4.5.4. 
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4.5 COLUMN SPLICE AND COLUMN BASE DESIGN EXAMPLES 

Mpc = FyZx 

½1 =

--

(50 ksi)(320 in.3)
(12 in./ft) 

= l ,330 kip-ft 

LRFD 
2RyFyZ 

a.,H 
2(1.1)(50 ksi)(320 in.3)

1.0(14 ft)(l2 in./ft) 
= 210 kips> 96.0 kips 

0.7FyZ 
½1 > 

a.,H 
0.7(50 ksi)(320 in.3) 

--

1.0(14 ft)(12 in./ft) 
= 66.7 kips< 96.0 kips 

Therefore, Vu = 96.0 kips. 

ASD 

Va 

2RyFyZ--

a.,H 

-

2(1.1)(50 ksi)(320 in.3)
-

1.5(14 ft)( l2 in./ft) 
= 140 kips > 67 .2 kips 

Va 

0.7FyZ> 
a.,H 

0.7(50 ksi)(320 in.3)
--

1.5(14 ft)(l2 in./ft) 
= 44.4 kips < 67 .2 kips 

Therefore, Va = 67 .2 kips. 
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AISC Seismic Provisions Section D2 .6c(b) requires that the flexural strength equals or 
exceeds the lesser of the load combination of the applicable building code, including the 
overstrength seismic load, or I .  IRyFyZfa.,. 

LRFD ASD 

in.3

1.0 
= 1,610 kip-ft> 946 kip-ft = 1,080 kip-ft> 662 kip-ft 

Therefore, Mu = 946 kip-ft. Therefore, Ma
= 662 kip-ft. 

Required Column Embedment Depth 

Consider the base condition similar to a structural steel coupling beam embedded in a com
posite special shear wall, per AISC Seismic Provisions Section H5.5c. For the calculation 
of the embedment length, Le : 

Vn = l.5 4fj! hw 131h.rLe 
_0_.5_8 _-_ __,_..:...( )0.66 

h.r o.ss+-.L
2Le
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where 
�1 = 0.85 from ACI 318, Section 22.2.2.4 
g =H

= (14 ft)(l2 in./ft) 
= 168 in. 

Try an embedment length, Le , of 22 in. 

Therefore: 

l 
72 

· )

0·66 0.58 - 0.22 
Vn = l.54)4 ksi 1�· (0.85)(15.7 in.)(22 in.) 168. 

MOMENT FRAMES 

15.7 m. 0.88 + m. 
2( 22 in.) 

= 207 kips > 96.0 kips o.k. 

As indicated in AISC Seismic Provisions Section H5.5c(a), the embedment is considered to 
begin inside the first layer of confining reinforcement in the foundation. 

Longitudinal Foundation Reinforcement 

AISC Seismic Provisions Section H4.5b. l ( c) requires that longitudinal foundation rein
forcement with nominal axial strength equal to the expected shear strength of the column 
be placed over the embedment length. 

A - Vu
s - Fy

96.0 kips 
60 ksi 

= 1.60 in.2

AISC Seismic Provisions Section H4.5b. l ( c) requires two-thirds of this reinforcement in 
the top layer. It is permitted to use reinforcement placed for other purposes as part of the 
required longitudinal reinforcement. 

AISC Seismic Provisions Section H5.5b requires that this reinforcement be confined by 
transverse reinforcement that meets the requirements for boundary members of ACI 318, 
Section 18.10.6. For this example, as stated previously, the foundation reinforcing require
ments are considered adequate per ACI 318. 

Minimum Face Bearing Plate Thickness 

AISC Seismic Provisions Section H5.5c(b) requires face bearing plates on both sides of 
the column at the face of the foundation and near the end of the embedded region. At a 
minimum, the stiffener thickness should meet the detailing requirements of AISC Seismic

Provisions Section F3.5b.4, where 

tmin = 0.75tw > 1/s in. 
= 0.75(0.830 in.) 
= 0.623 in. > 3/8 in. 
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Yielding in the Face Bearing Plates 

The column axial force is distributed from the column to the face bearing plates and then 
to the foundation in direct bearing. As outlined in AISC Manual Part 14, the critical face 
plate cantilever dimension, l, is determined as the larger of m, nor 'An' (as depicted in Figure 
4-45), where:

N-0.95d m=----
2 

B-0.8b1 
n= -- -� 

2 

I A}ib; 'An = ---
4 

where 
N=d 
B = ht 

(Manual Eq. 14-2) 

(Manual Eq. 14-3) 

(from Manual Eq. 14-4) 

A =1.0 (conservative per AISC Manual Part 14) 

Therefore: 

15.2 in. 
2 

= 0.380 in. 

0.8(15.7 in.) 
n=- - - - - - --15.7 in. 

2 
= 1.57 in. 

= 3.86 in. 

For the yielding limit state, the required minimum thickness is determined from AISC 
Manual Equations 14-7a and I4-7b: 

LRFD 

t · - l 2Pi,
mm -

\ 0.90F
y
BN

= (3.86 in.) 

2(250 kips) 
x

\ 0.90(50 ksi)(15.7 in.)(15.2 in.) 

= 0.833 in. 

ASD 

tmin = \
I.67(2Pa )

F
y
BN 

= (3.86 in.) 

1.67(2)(215 kips) 
x

\ (50 ksi)(I5.7 in.)(15.2 in.) 

= 0.947 in. 
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Due to the different load combinations used for LRFD versus ASD, there is a slight 
discrepancy between the LRFD and ASD results for the required shear strength. Typically, 
one method should be chosen and used consistently throughout an entire design. For the 
purposes of this example, the LRFD result will be used. 

Because flexural yielding at the bearing interface controls the face plate design, the fillet 
weld connection provisions of AISC Seismic Provisions Section F3.5b.4 are not applicable 
and the thickness should be fully developed. Therefore, the face plates are welded to the 
columns with complete-joint-penetration groove welds. 

Use 3/s-in.-thick ASTM A572 Grade 50 face bearing plates. 

Required Transfer Reinforcement 

AISC Seismic Provisions Section H5.5c(d) requires two regions of transfer reinforcement 
attached to both embedded flanges. The area of transfer reinforcement is: 

A1b 2': O.O�fc'Lebr/Fysr 

= 0.03(4 ksi)(22 in.)(15.7 in.)/(60 ksi) 

= 0.691 in.2

(Prov. Eq. H5-3) 

The provision requires that all transfer bars be fully developed where they engage the 
embedded flange. For this example, consider a bar length of 36 in. fully developed per ACI 
318. 

Use two ¾-in. x 36-in. bars in each region. 

2rc(¾ in.)2

A1b=--'----'--4 
= 0.884 in.2 

> 0.691 in.2 o.k. 

The weld of the deformed bar to the column flange should be a flux-filled material using 
an electric arc welding process that develops the strength of the rebar according to A WS 
DI.I, clause 7.

AISC Seismic Provisions Section H5.5c(d) also requires that the not-to-exceed transfer 
reinforcement area is: 

(Prov. Eq. H5-4) 

< 0.08(22 in.)(72 in.) A.,r

< 127 in.2 -Asr 

In AISC Seismic Provisions Equation H5-4, Asr is the longitudinal area of reinforcement 
provided over the embedment length. As noted in the Given statement, the foundation 
reinforcing requirements are considered adequate per ACI 318. Therefore, this check is 
provided for illustrative purposes only. 

The final connection design and geometry for the embedded column base is shown in Figure 
4-46.
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4.6 DESIGN TABLE DISCUSSION 

Table 4-1. Comparison of Requirements for SMF, 
IMF and OMF 
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Several categories of connection and design criteria are listed in Table 4-1. The Seismic 

Provisions requirements for each category are given for OMF, IMF and SMF. 

Table 4-2. SMF Design Tables 

Various values useful in the design of SMF are tabulated. Values are given for W-shapes 
that meet the width-to-thickness requirements for SMF beams and columns with Fy = 50 ksi 
(ASTM A992). 

For cases where the limiting web width-to-thickness ratio is a function of the member's 
required axial strength, Pu or Pa, according to AISC Seismic Provisions Table D 1.1, the 
member will satisfy the width-to-thickness requirements for highly ductile members if Pu or 
Pa is less than or equal to the value tabulated for Pu max or Pa max, respectively. The nominal 
axial yield strength of a member, Py, is calculated as RyFyAg . Note that it is assumed that 
Ca= Pu/¢icPy > 0.114 or Ca= QcPa/Py > 0.114 . Where "NL" is shown, there is no limi
tation on the values of Pu or Pa. 

The value l. IRyMp is given to aid in several calculations, including the determination of 
the required shear strength of SMF connections and the SMF column-beam moment ratio. 

Several values are tabulated to enable quick determination of column panel-zone shear 
strength. To determine if AISC Specification Equations Jl 0-11 or Jl 0-I 2 are applicable, 
0.75Pc is given for comparison with the required axial strength, Pr. If Pr is less than or equal 
to 0.75Pc, then the values of ¢iRv1 and ¢iRv2 or ¢iRv1fQ and ¢iRv2fQ can be used to calculate 
the available panel-zone shear strength. Considering strength of a column without doubler 
plates: 

where 
Fy = specified minimum yield stress of the column web, ksi 
hcf = width of column flange, in. 
db = depth of beam, in. 
de = depth of column, in. 
tcJ = thickness of column flange, in. 

tw = thickness of column web, in. 

Expanding AISC Specification Equation JJ0-11 yields: 

[ 3bcft;f 

J 
�=0.00���+0.00���-� -. 

dbdctw 
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Rv 1 and Rv2 are defined as: 

Substituting into the expanded version of AISC Specification Equation JI 0-11, the available 
panel-zone shear strength is: 

LRFD ASD 

<!JRv2 
<!JRv = <!JRv i +- -

db 

Rv Rv1 Rv2 
-=-+-
Q Q Qdb 

To aid in the determination of the minimum panel-zone element thicknesses, w/90 or dz/90 

are also tabulated. Therefore, the sum of the corresponding w2/90 or d2/90 values for the 
SMF beam and column will determine the minimum panel-zone element thicknesses per 
AISC Seismic Provisions Equation E3-7, t 2: (dz + w2)/90. 

Values are also tabulated to aid in the determination of lateral bracing requirements. The 
value given for Lb max is the maximum distance between lateral braces specified in AISC 
Seismic Provisions Section D 1.2b. The required brace strength at beam-to-column connec
tions stipulated in AISC Seismic Provisions Section E3.4c(l), equal to 0.02FybftbJ, is also 
given. All lateral bracing is also required to have a minimum stiffness based on a moment 
equal to RyMp = RyFyZ. The value of this moment is tabulated. 

Table 4-1 

Comparison of Requirements 
for SMF, IMF and OMF 

Special Moment Intermediate Moment Ordinary Moment 

Frame (SMF) Frame (IMF) Frame (OMF) 

Story Drift Angle 0.04 rad 0.02 rad No specified minimum 

Performance confirmed by Performance confirmed by 
testing per AISC Seismic testing per AISC Seismic FR: Develop 1.1R

yMp
/a8 of 

Connection 
Provisions Chapter K; Provisions Chapter K; beam, maximum moment 

Flexural 
connection achieves connection achieves developed by system or 

Strength 
minimum 80% of nominal minimum 80% of nominal satisfy requirements in AISC 

plastic moment of the beam plastic moment of the beam Seismic Provisions Sections 
at story drift angle at story drift angle E1 .6b, E2.6 and E3.6 

of 0.04 rad of 0.02 rad 

Vfor load combination Vfor load combination Vfor load combination 
Connection including overstrength plus including overstrength plus including overstrength plus 

Shear Strength shear from application of shear from application of shear from application of 

Ee1= 2Mpr1Lh Ee1 = 2(1.1 RyMp)/Lh Ee1= 2(1.1RyMp)ILet 
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Connection 

Shear Strength 

Panel-Zone 

Shear Strength 

Panel-Zone 

Thickness 

Continuity Plates 

Beam-Column 

Proportion 

Width-to-

Thickness 

Limitations 

Stability Bracing 

of Beams 

Column Splice 

Protected Zone 
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Table 4-1 (continued) 

Comparison of Requirements 
for SMF, 

Special Moment 

Frame (SMF) 

- or -

Lesser V permitted if 
justified by analysis. See 

also the exception provided 
in AISC Seismic Provisions 

Section E3. 6d 

For Pr � 0. 75Pc, 
compute strength per AISC 
Specification Eq. J10-11 
using ¢v = 1.00 (LRFO) or 

Qv = 1.50 (ASO) 

For Pr > 0. 75Pc, 
compute strength per AISC 
Specification Eq. J10-12 

using ¢v = 1.00 (LRFO) or 
Qv = 1.50 (ASO) 

t ?_ (dz + w,)/90 

To match tested condition 
or ANSI/ AISC 358, 

Section 2.4.4 

LM;c 
1 O• > . 

LM
p
b 

Beams and columns to 
satisfy the AISC Seismic 

Provisions Section 01 .1 for 
highly ductile members 

Beam bracing required 
to satisfy AISC Seismic 

Provisions Section 01 .2b for 
highly ductile members 

Splices are to satisfy AISC 
Seismic Provisions Section 
02.5 and E3.6g; bolts or 

CJP groove welds 

As established by ANSI/ AISC 
358 for each 

prequalified connection; 
generally, one-half beam 
depth beyond centerline 

of plastic hinge 

IMF and OMF 

Intermediate Moment Ordinary Moment 

Frame (IMF) Frame (OMF) 

- or - - or -

Lesser V permitted if 
justified by analysis. See 

Lesser V permitted if 
also the exception provided 

justified by analysis 
in AISC Seismic Provisions 

Section E2.6d 

No additional requirements No additional requirements 
beyond AISC Specification beyond AISC Specification 

No additional requirements No additional requirements 
beyond AISC Specification beyond AISC Specification 

To match tested condition or 
Provide continuity plates as 

ANSI/AISC 358, Section 2.4.4 
required by AISC Seismic 
Provisions Section E1 .6b 

No additional requirements No additional requirements 
beyond AISC Specification beyond AISC Specification 

Beams and columns to 
satisfy the AISC Seismic No additional requirements 

Provisions Section 01 .1 for beyond AISC Specification 
moderately ductile members 

Beam bracing required 
to satisfy AISC Seismic No additional requirements 

Provisions Section 01 .2a for beyond AISC Specification 
moderately ductile members 

Splices are to satisfy AISC 
Seismic Provisions Sections No additional requirements 

02.5 and E2.6g; bolts or beyond AISC Specification 
CJP groove welds 

As established by ANSI/ AISC 
358 for each 

prequalified connection; 
None 

generally, one-half beam 
depth beyond centerline of 

plastic hinge 
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R
y

= 1.1

Shape 

W44x335 

x290 1920 

x262 861 

x230
v 

230 

W40x655 NL 

x593 NL 

x503 NL 

x431 NL 

x397 NL 

x372 NL 

x362 NL 

x324 NL 

x297 3710 

x277 2590 

x249 1540 

x215 328 

W40x392 NL 

x331 NL 

x327 NL 

x294 NL 

x278 NL 

x264 NL 

x235 2190 

x211 1300 

x183 276 

x167 255 

x149v 
167 

Table 4-2 

SMF Design Values 
W-Shapes

6000 

5700 

5090 

4570 

3900 

3490 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ =

1130 3200 

1020 2870 2900 

822 1900 2540 

2580 19100 7240 

2310 15700 6530 

1950 11200 5550 

1660 8120 4760 

1500 7010 4390 

1410 6090 4130 

1360 5820 3980 

1210 4690 3570 

1110 3870 3270 

989 3550 3060 

887 2870 2760 

761 2120 2380 

1770 7090 4350 

1490 4980 3660 

1440 4940 3600 

1280 4020 3230 

1240 3540 3090 

1150 3210 2900 

989 2670 2590 

887 2140 2330 

761 1530 2000 

753 1130 1850 

650 658 1640 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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DESIGN TABLES 

Fy = 50 ksi 

Shape 

W44x335 

x290 

x262 

x230
v 

W40x655 

x593 

x503 

x431 

x397 

x372 

x362 

x324 

x297 

x277 

x249 

x215 

W40x392 

x331 

x327 

x294 

x278 

x264 

x235 

x211 

x183 

x167 

x149v 

Panel Zone 

Wz dz -or-
90 90 

0.449 

0.450 

0.450 

0.406 

0.406 

0.406 

0.406 

0.407 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.406 

0.407 

0.406 

0.406 

Table 4-2 

SMF Design Values 
W-Shapes

Lateral Bracing 

14.6 25.0 

14.5 22.4 

14.3 19.3 

16.1 59.8 

15.9 53.9 

15.5 45.3 

15.2 38.2 

15.2 35.4 

15.0 33.0 

15.0 32.2 

14.9 28.8 

14.8 26.1 

14.9 25.0 

14.8 22.4 

14.8 19.3 

11.0 31.2 

10.7 26.0 

10.8 25.8 

10.6 23.2 

10.5 21.7 

10.5 20.6 

10.6 18.8 

10.5 16.8 

10.4 14.2 

10.0 12.2 

9.56 9.79 

4-233

R
y

= 1.1 

Cd= 1.0 

33.3 5820 

29.0 5040 

84.5 14100 

76.3 12700 

64.9 10600 

55.4 8980 

51.0 8250 

47.9 7700 

46.7 7520 

41.8 6690 

38.3 6100 

36.1 5730 

32.4 5130 

28.1 4420 

48.1 7840 

40.6 6550 

40.1 6460 

36.3 5820 

34.1 5450 

32.5 5180 

29.2 4630 

26.2 4150 

22.5 3550 

20.3 3180 

17.6 2740 

Notes: 'Shape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W36x925 

x853 

x802 

x723 

x652 

x529 

x487 

x441 

x395 

x361 

x330 

x302 

x282 

x262 

x247 

x231 

W36x256 

x232 

x210 

x194 

x182 

x170 

x160 

x150 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

3650 

3020 

2500 

2000 

NL 

2810 

2280 

1640 

1230 

791 

490 

254 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

19800 

18500 

16500 

5550 

5190 

4860 

5240 

4720 

4200 

3870 

3620 

3370 

3150 

2930 

MOMENT FRAMES 

Fy = 50 ksi

LRFD (tjl = 

3260 9410 

3040 29800 8850 

2720 24400 7990 

2430 19900 7200 

1920 13100 5850 

1770 11100 5360 

1590 9110 4880 

1410 7320 4350 

1280 6070 3980 

1150 5110 3630 

1060 4240 3340 

985 3680 3110 

930 3100 2900 

881 2710 2720 

832 2360 2560 

1080 3290 2820 

968 2680 2550 

914 2030 2320 

838 1730 2140 

790 1520 2010 

738 1310 1880 

702 1120 1760 

673 954 1660 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use qi= 0.90 and 

Q = 1.67 when applying the value of <1>Rv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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DESIGN TABLES 

F
y 

= 50 ksi 

Shape 

W36x925 

x853 

x802 

x723 

x652 

x529 

x487 

x441 

x395 

x361 

x330 

x302 

x282 

x262 

x247 

x231 

W36x256 

x232 

x210 

x194 

x182 

x170 

x160 

x150 

Panel Zone 

Wz dz 
-or-
90 90 

in. 

0.378 

0.378 

0.378 

0.378 

0.378 

0.378 

0.377 

0.378 

0.378 

0.378 

0.378 

0.377 

0.377 

0.378 

0.378 

0.378 

0.377 

0.377 

0.378 

0.378 

0.377 

0.378 

0.377 

0.378 
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Table 4-2 (continued) 

SMF Design Values R
y

= 1.1 

W-Shapes
Cd= 1.0 

Lateral Bracing 

lb max RyMp 

ft 

17.8 

17.9 82.4 112 

17.6 77.2 105 16800 

17.4 69.4 94.9 15000 

17.1 62.3 85.1 13300 

16.7 50.1 69.5 10700 

16.5 45.8 64.0 9760 

16.4 41.5 57.6 8750 

16.2 37.0 52.0 7840 

16.1 33.6 47.4 7100 

16.0 30.7 43.2 6460 

15.9 28.1 39.6 5870 

15.9 26.1 36.9 5450 

15.7 23.9 34.1 5040 

15.6 22.3 32.0 4720 

15.5 20.8 30.1 4410 

11.1 21.1 32.0 4770 

10.9 19.0 29.0 4290 

10.8 16.6 26.0 3820 

10.7 15.2 24.0 3520 

10.6 14.3 22.5 3290 

10.6 13.2 20.9 3060 

10.4 12.2 19.6 2860 

10.3 11.3 18.3 2660 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W33x387 

x354 NL 

x318 NL 

x291 NL 

x263 NL 

x241 NL 

x221 2500 

x201 1800 

W33x169 1150 

x152 765 

x141 463 

x130 230 

W30x391 NL 

x357 NL 

x326 NL 

x292 NL 

x261 NL 

x235 NL 

x211 NL 

x191 2260 

x173 1670 

W30x148 1340 

x132 975 

x124 711 

x116 532 

x108 354 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

7160 

6400 

5850 

5240 

4740 

4320 

3900 

3170 

2820 

2590 

2350 

7310 

6660 

6000 

5340 

4750 

4270 

3790 

3400 

3060 

2520 

2200 

2060 

1910 

1740 

1240 

1100 

1000 

900 

852 

788 

723 

679 

638 

604 

576 

1350 

1220 

1110 

979 

882 

779 

718 

654 

597 

599 

559 

530 

509 

487 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ =

5140 3510 

4280 3210 

3510 2900 

2800 2670 

2330 2450 

1870 2220 

1540 1860 

1170 1680 

954 1560 

757 1440 

8360 4310 

7000 3940 

5820 3600 

4710 3230 

3720 2890 

3060 2600 

2370 2340 

1910 2100 

1550 1910 

1320 1640 

945 1460 

817 1370 

683 1280 

546 1190 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



DESIGN TABLES 

F
y 

= 50 ksi 

Shape 

W33x387 

x354 

x318 

x291 

x263 

x241 

x221 

x201 

W33x169 

x152 

x141 

x130 

W30x391 

x357 

x326 

x292 

x261 

x235 

x211 

x191 

x173 

W30x148 

x132 

x124 

x116 

x108 

Panel Zone 

Wz dz 
-or-
90 90 

in. 

0.349 

0.349 

0.349 

0.348 

0.348 

0.349 

0.348 

0.349 

0.348 

0.349 

0.349 

0.349 

0.315 

0.315 

0.314 

0.314 

0.314 

0.314 

0.314 

0.315 

0.314 

0.315 

0.314 

0.315 

0.314 

0.314 

4-237

Table 4-2 (continued) 

SMF Design Values R
y

= 1.1 

W-Shapes
Cd= 1.0 

Lateral Bracing 

lb max RyMp 

ft 

15.7 

15.6 33.6 46.6 6510 

15.5 30.2 42.0 5820 

15.4 27.5 38.5 5320 

15.3 24.8 34.8 4770 

15.1 22.3 31.5 4310 

15.0 20.2 28.9 3930 

14.9 18.1 26.1 3540 

10.4 14.0 21.2 2880 

10.3 12.3 19.0 2560 

10.1 11.0 17.5 2360 

9.98 9.83 16.0 2140 

15.3 38.1 51.8 6650 

15.2 34.7 47.5 6050 

15.0 31.6 43.1 5450 

14.9 28.3 38.6 4860 

14.7 25.1 34.6 4320 

14.7 22.7 31.3 3880 

14.6 19.9 27.9 3440 

14.4 17.9 25.2 3090 

14.3 16.1 22.8 2780 

9.52 12.4 18.6 2290 

9.39 10.5 16.4 2000 

9.31 9.77 15.3 1870 

9.14 8.93 14.2 1730 

8.97 7.98 13.1 1590 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W27x539 

x368 

x336 

x307 

x281 

x258 

x235 

x217 

x194 

x178 

x161 

x146 

W27x129 

x114 

x102 

x94 

W24x370 

x335 

x306 

x279 

x250 

x229 

x207 

x192 

x176 

x162 

x146 

x131 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

2110 

1560 

1340 

959 

518 

315 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

6250 

5700 

5190 

4720 

4300 

3890 

3580 

3180 

2870 

2600 

2340 

1990 

1730 

1540 

1400 

5700 

5140 

4650 

4210 

3750 

3400 

3060 

2820 

2580 

2360 

2110 

1870 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ = 

1260 8140 4090 

1130 6830 3720 

1030 5660 3380 

932 4830 3120 

853 4030 2850 

784 3310 2600 

707 2860 2400 

632 2260 2140 

605 1800 1970 

546 1470 1790 

497 1200 1620 

505 1090 1420 

467 786 1260 

419 620 1130 

395 500 1040 

1280 9120 4090 

1140 7470 3690 

1020 6270 3360 

929 5230 3070 

821 4240 2760 

749 3530 2520 

671 2880 2280 

620 2490 2120 

567 2080 1940 

529 1740 1790 

482 1380 1610 

445 1070 1450 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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DESIGN TABLES 

F
y 

= 50 ksi 

Shape 

W27x539 

x368 

x336 

x307 

x281 

x258 

x235 

x217 

x194 

x178 

x161 

x146 

W27x129 

x114 

x102 

x94 

W24x370 

x335 

x306 

x279 

x250 

x229 

x207 

x192 

x176 

x162 

x146 

x131 

Panel Zone 

Wz dz 
-or-
90 90 

in. 

0.282 

0.283 

0.283 

0.282 

0.283 

0.283 

0.283 

0.282 

0.282 

0.282 

0.283 

0.283 

0.282 

0.283 

0.283 

0.282 

0.251 

0.250 

0.250 

0.250 

0.250 

0.250 

0.251 

0.251 

0.250 

0.251 

0.250 

0.251 
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Table 4-2 (continued) 

SMF Design Values R
y

= 1.1 

W-Shapes
Cd= 1.0 

Lateral Bracing 

lb max RyMp 

ft 

15.2 

14.5 48.9 5680 

14.4 33.3 44.9 5180 

14.2 30.1 41.2 4720 

14.2 27.8 37.6 4290 

14.0 25.3 34.5 3910 

13.9 22.9 31.3 3540 

13.9 21.2 29.1 3260 

13.7 18.8 25.9 2890 

13.6 16.8 23.6 2610 

13.5 15.1 21.4 2360 

13.4 13.7 19.3 2130 

9.23 11.0 16.4 1810 

9.10 9.39 14.3 1570 

8.97 8.30 12.8 1400 

8.85 7.45 11.7 1270 

13.6 37.3 49.1 5180 

13.5 33.5 44.9 4680 

13.4 30.6 40.9 4230 

13.2 27.8 37.3 3830 

13.1 24.9 33.5 3410 

13.0 22.7 30.6 3090 

12.9 20.4 27.7 2780 

12.8 19,0 25.6 2560 

12.7 17.3 23.5 2340 

12.7 15.9 21.6 2150 

12.6 14.1 19.5 1920 

12.4 12.4 17.3 1700 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W24x103 

x94 

x84 

x76 

W24x62 

x55
v 

W21 x275 

x248 

x223 

x201 

x182 

x166 

x147 

x132 

x122 

x111 

W21 x93 

x83 

x73 

x68 

x62 

W21 x57 

x50 

x44 

832 

499 

283 

181 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

1280 

1130 

1010 

771 

57.7 676 

NL 3780 

NL 3380 

NL 3030 

NL 2670 

NL 2400 

NL 2180 

NL 1880 

NL 1680 

NL 1550 

NL 1410 

NL 1110 

1060 988 

682 867 

517 807 

325 726 

321 650 

171 555 

56.8 481 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ =

375 625 1040 

340 481 926 

315 374 840 

306 221 683 

252 145 608 

882 5570 3070 

782 4560 2770 

702 3660 2490 

628 3010 2220 

565 2460 2010 

506 2060 1830 

477 1490 1620 

425 1210 1460 

391 1030 1350 

355 848 1220 

376 655 1020 

331 525 915 

289 409 806 

272 349 750 

252 280 686 

256 249 626 

237 168 551 

217 118 488 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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DESIGN TABLES 

F
y 

= 50 ksi 

Shape 

W24x103 

x94 

x84 

x76 

W24x62 

x55
v 

W21 x275 

x248 

x223 

x201 

x182 

x166 

x147 

x132 

x122 

x111 

W21 x93 

x83 

x73 

x68 

x62 

W21 x57 

x50 

x44 

Panel Zone 

Wz dz 
-or
90 90 

in. 

0.250 

0.251 

0.251 

0.250 

0.250 

0.251 

0.219 

0.219 

0.220 

0.219 

0.219 

0.220 

0.220 

0.219 

0.220 

0.219 

0.219 

0.219 

0.219 

0.219 

0.220 

0.220 

0.219 

0.220 
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Table 4-2 (continued) 

SMF Design Values R
y

= 1.1 

W-Shapes
Cd= 1.0 

Lateral Bracing 

lb max RyMp 

ft 

8.31 

8.27 7.94 11.9 1160 

8.14 6.95 10.6 1030 

8.01 6.11 9.48 917 

5.76 4.15 7.29 701 

5.59 3.54 6.38 614 

12.9 28.3 37.6 3430 

12.9 25.5 34.0 3080 

12.7 22.7 30.6 2750 

12.6 20.5 27.2 2430 

12.5 18.5 24.7 2180 

12.5 16.9 22.5 1980 

12.3 14.4 19.5 1710 

12.2 12.9 17.6 1530 

12.2 11.9 16.3 1410 

12.1 10.8 14.9 1280 

7.68 7.83 11.7 1010 

7.64 6.98 10.5 898 

7.56 6.14 9.23 788 

7.51 5.66 8.63 733 

7.39 5.07 7.76 660 

5.64 4.26 6.92 591 

5.43 3.49 5.96 504 

5.26 2.93 5.17 437 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W18x311 

x283 

x258 

x234 

x211 

x192 

x175 

x158 

x143 

x130 

x119 

x106 

x97 

x86 

W18x71 

x65 

x60 

x55 

x50 

W18x46 

x40 

x35 

W16x100 

x89 

x77 

W16x57 

x50 

x45 

x40 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

666 

518 

322 

316 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

3410 

3080 

2770 

2470 

2230 

2010 

1790 

1620 

1460 

1320 

1160 

1060 

938 

736 

671 

620 

565 

509 

457 

94.1 395 

45,8 335 

NL 998 

NL 882 

NL 756 

NL 529 

603 464 

425 415 

221 368 

MOMENT FRAMES 

Fy = 50 ksi

LRFD (tjl =

920 3120 

826 5620 2850 

734 4690 2570 

658 3810 2340 

588 3170 2110 

534 2590 1930 

479 2110 1740 

427 1760 1580 

388 1450 1440 

373 1140 1320 

331 891 1170 

299 756 1070 

265 592 949 

275 451 784 

248 384 716 

227 329 660 

212 269 608 

192 219 551 

195 200 506 

169 149 443 

159 97,5 386 

298 908 1100 

265 717 983 

225 535 848 

212 328 630 

186 253 551 

167 202 499 

146 161 443 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2,1a with F
y 
= 50 ksi; use <iJ = 0,90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively, 

NL= Not limited by width-to-thickness requirements, Pu max and Pa max are limited by member available strength. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



DESIGN TABLES 

Fy = 50 ksi 

Shape 

W18x311 

x283 

x258 

x234 

x211 

x192 

x175 

x158 

x143 

x130 

x119 

x106 

x97 

x86 

W18x71 

x65 

x60 

x55 

x50 

W18x46 

x40 

x35 

W16x100 

x89 

x77 

W16x57 

x50 

x45 

x40 

Panel Zone 

Wz dz 
-or
90 90 

in. 

0.187 

0.188 

0.188 

0.188 

0.188 

0.188 

0.187 

0.187 

0.187 

0.188 

0.188 

0.187 

0.187 

0.187 

0.188 

0.188 

0.187 

0.187 

0.187 

0.188 

0.187 

0.187 

0.167 

0.167 

0.166 

0.166 

0.167 

0.166 

0.167 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

ft 

12.3 

12.1 

12.0 

11.9 

11.8 

11.6 

11.5 

11.4 

11.4 

11.3 

11.2 

11.1 

11.1 

11.0 

7.10 

7.05 

7.01 

6.97 

6.89 

5.38 

5.30 

5.09 

10.5 

10.4 

10.3 

6.68 

6.64 

6.55 

6.55 

Lateral Bracing 

29.8 

27.1 

24.7 

22.2 

20.1 

18.1 

16.3 

14.8 

13.4 

12.0 

10.5 

9.66 

8.55 

6.19 

5.69 

5.25 

4.74 

4.28 

3.67 

3.16 

2.55 

10.2 

9.10 

7.83 

5.09 

4.45 

3.98 

3.54 

4-243

R
y

= 1.1 

Cd= 1.0 

35.0 

31.8 

28.7 

26.0 

23.8 

21.4 

19.5 

17.6 

16.1 

14.2 

13.1 

11.6 

9.07 

8.27 

7.73 

7.04 

6.39 

5.70 

4.96 

4.23 

13.6 

12.1 

10.5 

7.36 

6.45 

5.84 

5.18 

3100 

2800 

2520 

2250 

2030 

1820 

1630 

1480 

1330 

1200 

1050 

967 

853 

669 

610 

564 

513 

463 

416 

359 

305 

908 

802 

688 

481 

422 

377 

335 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W16x31 

W14x873 

x808 

x730 

x665 

x605 

x550 

x500 

x455 

x426 

x398 

x370 

x342 

x311 

x283 

x257 

x233 

x211 

x193 

x176 

x159 

x145 

x132 

W14x82 

x74 

x68 

W14x53 

x48 

W14x38 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

401 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

10200 

9230 

8370 

7460 

6660 

5950 

5290 

4720 

4380 

4040 

2200 

1970 

1790 

1610 

1450 

1310 

1180 

701 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ =

2790 

2560 

2060 

1830 

1630 

1440 

1290 

1150 

1050 

972 

891 

809 

723 

646 

581 

514 

462 

414 

378 

335 

302 

284 

219 

192 

174 

154 

141 

131 

51400 

43900 

38800 

32500 

27100 

22600 

18700 

15600 

13900 

12100 

10500 

9000 

7450 

6210 

5140 

4230 

3460 

2930 

2420 

1990 

1660 

1400 

665 

560 

467 

316 

256 

162 

9640 

8930 

8060 

7350 

6680 

6080 

5510 

5030 

4690 

4390 

4090 

3790 

3430 

3120 

2840 

2570 

2330 

2130 

1940 

1750 

1600 

1460 

900 

818 

750 

585 

529 

420 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <I>= 0.90 and 

Q = 1.67 when applying the value of <1>Rv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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Fy = 50 ksi 

Shape 

W16x31 

W14x873 

x808 

x730 

x665 

x605 

x550 

x500 

x455 

x426 

x398 

x370 

x342 

x311 

x283 

x257 

x233 

x211 

x193 

x176 

x159 

x145 

x132 

W14x82 

x74 

x68 

W14x53 

x48 

W14x38 

Panel Zone 

Wz dz 
-or
90 90 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.140 

0.145 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

Lateral Bracing 

20.5 104 

20.2 95.2 

19.6 87.9 

19.3 80.0 

19.0 72.4 

18.7 65.7 

18.5 59.5 

18.3 53.9 

18.1 50.8 

18.0 47.3 

17.8 43.9 

17.7 40.5 

17.5 36.6 

17.4 33.3 

17.2 30.2 

17.1 27.3 

17.0 24.6 

16.9 22.6 

16.8 20.6 

16.7 18.6 

16.6 16.9 

15.7 15.1 

10.4 8.64 

10.4 7.93 

10.3 7.20 

8.01 5.32 

7.97 4.78 

6.47 3.49 

4-245

R
y

= 1.1 

Cd= 1.0 

123 9300 

114 8390 

104 7610 

95.2 6780 

86.9 6050 

79.1 5410 

71.7 4810 

65.2 4290 

60.9 3980 

56.8 3670 

53.3 3370 

49.3 3080 

44.8 2760 

40.8 2480 

36.9 2230 

33.5 2000 

30.4 1790 

27.7 1630 

25.3 1470 

22.9 1320 

20.9 1190 

18.8 1070 

11.4 637 

10.3 578 

9.51 527 

7.26 399 

6.53 359 

4.97 282 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W14x26 

W12x336 

x305 

x279 

x252 

x230 

x210 

x190 

x170 

x152 

x136 

x120 

x106 

x96 

W12x50 

x45 

W12x35 

W12x22 

x19 

W10x112 

x100 

x88 

x77 

x68 

W10x45 

W10x30 

x26 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

453 

196 

109 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

3040 

2710 

2430 

2160 

1950 

1750 

1570 

1390 

1230 

1080 

938 

827 

741 

362 

324 

258 

148 

125 

741 

655 

570 

492 

430 

277 

185 

158 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ =

897 10600 3710 

797 8720 3360 

730 7190 3070 

647 5920 2780 

584 4970 2540 

520 4160 2320 

458 3460 2100 

403 2760 1880 

358 2210 1680 

318 1740 1500 

279 1360 1320 

236 1080 1170 

210 889 1060 

135 298 548 

122 240 491 

113 160 386 

95.9 65.5 243 

86.0 44.2 209 

258 1460 1230 

226 1160 1100 

196 909 975 

169 695 851 

147 539 746 

106 277 499 

94.5 136 332 

80.3 101 285 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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Fy = 50 ksi 

Shape 

W14x26 

W12x336 

x305 

x279 

x252 

x230 

x210 

x190 

x170 

x152 

x136 

x120 

x106 

x96 

W12x50 

x45 

W12x35 

W12x22 

x19 

W10x112 

x100 

x88 

x77 

x68 

W10x45 

W10x30 

x26 

Panel Zone 

Wz dz -or-
90 90 

in. 

0.145 

0.121 

0.121 

0.122 

0.121 

0.122 

0.121 

0.121 

0.121 

0.121 

0.121 

0.121 

0.121 

0.121 

0.121 

0.122 

0.127 

0.127 

0.128 

0.0989 

0.0984 

0.0980 

0.0984 

0.0984 

0.0984 

0.105 

0.105 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

ft 

4.51 

14.5 

14.3 

14.1 

13.9 

13.8 

13.7 

13.6 

13.4 

13.3 

13.2 

13.1 

13.0 

12.9 

8.18 

8.14 

6.43 

3.54 

3.43 

11.2 

11.1 

11.0 

10.9 

10.8 

8.39 

5.72 

5.68 

Lateral Bracing 

39.7 

35.8 

32.4 

29.3 

26.7 

24.3 

22.1 

19.7 

17.5 

15.5 

13.7 

12.1 

11.0 

5.17 

4.63 

3.41 

1.71 

1.40 

13.0 

11.5 

10.2 

8.87 

7.78 

4.97 

2.96 

2.54 

4-247

R
y

= 1.1 

Cd= 1.0 

48.1 

43.4 

39.5 

35.7 

32.7 

29.9 

26.9 

24.4 

21.7 

19.3 

17.1 

15.2 

13.7 

6.82 

6.14 

4.69 

2.71 

2.28 

15.9 

14.3 

12.7 

11.0 

9.74 

6.37 

4.03 

3.49 

2760 

2460 

2200 

1960 

1770 

1600 

1430 

1260 

1110 

981 

853 

752 

674 

330 

294 

235 

134 

113 

674 

596 

518 

447 

391 

252 

168 

143 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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R
y

= 1.1

Shape 

W10x19 

x17 

W8x67 

x58 

x48 

x40 

W8x28 

W8x21 

W8x15 

W6x25 

W6x16 

x12 

W5x19 

x16 

W4x13 

NL 

211 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

NL 

Table 4-2 (continued) 

SMF Design Values 
W-Shapes

109 

353 

301 

247 

201 

137 

103 

MOMENT FRAMES 

Fy = 50 ksi

LRFD ($ =

76.5 56.4 211 

72.7 39.3 187 

154 651 739 

134 485 641 

102 342 529 

89.1 228 439 

68.9 127 309 

62.1 75.9 231 

59.6 35.9 167 

61.2 113 275 

49.0 59.5 178 

41.6 28.2 133 

41.7 83.7 209 

36.1 58.3 177 

34.9 43.5 144 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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DESIGN TABLES 

F
y 

= 50 ksi 

Shape 

W10x19 

x17 

W8x67 

x58 

x48 

x40 

W8x28 

W8x21 

W8x15 

W6x25 

W6x16 

x12 

W5x19 

x16 

W4x13 

Panel Zone 

Wz dz 
-or-
90 90 

in. 

0.105 

0.105 

0.0792 

0.0792 

0.0792 

0.0792 

0.0792 

0.0831 

0.0831 

0.0608 

0.0608 

0.0608 

0.0477 

0.0477 

0.0386 

4-249

Table 4-2 (continued) 

SMF Design Values R
y

= 1.1 

W-Shapes
Cd= 1.0 

Lateral Bracing 

lb max RyMp 

ft 

3.65 

3.53 1.32 2.11 85.7 

8.85 7.74 9.56 321 

8.77 6.66 8.28 274 

8.68 5.56 6.89 225 

8.52 4.52 5.69 182 

6.76 3.04 3.94 125 

5.26 2.11 2.85 93.5 

3.66 1.26 1.92 62.3 

6.34 2.77 3.51 86.6 

4.04 1.63 2.19 53.6 

3.83 1.12 1.59 38.0 

5.34 2.16 2.70 53.2 

5.26 1.80 2.28 44.1 

4.17 1.40 1.81 28.8 

Notes: vshape does not meet the hltw limit for shear in AISC Specification Section G2.1a with F
y 
= 50 ksi; use <iJ = 0.90 and 

Q = 1.67 when applying the value of <!JRv1 and Rv1 IQ, respectively. 

NL= Not limited by width-to-thickness requirements. Pu max and Pa max are limited by member available strength. 
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5.2 ORDINARY CONCENTRICALLY BRACED FRAMES (OCBF) 5-3

5.1 SCOPE 

The AISC Seismic Provisions requirements and other design considerations summarized in 

this Part apply to the design of the members and connections in braced frames that require 

seismic detailing according to the AISC Seismic Provisions.

5.2 ORDINARY CONCENTRICALLY BRACED 
FRAMES (OCBF) 

Ordinary concentrically braced frame (OCBF) systems, like other concentrically braced 

frame systems, resist lateral forces and displacements primarily through the axial strength 

and stiffness of the brace members. The design of OCBF systems is addressed in AISC 

Seismic Provisions Section F l .  Concentrically braced frames are arranged such that the 

centerlines of the framing members (braces, columns and beams) coincide or nearly coin

cide, thus minimizing flexural behavior. While special concentrically braced frame (SCBF) 

systems have numerous detailing requirements to ensure greater ductility, OCBF systems 

anticipate little inelastic deformation and are designed using a higher seismic force level to 

account for their limited system ductility. OCBF systems, with their relatively simple design 

and construction procedures, can be an attractive choice for smaller buildings and nonbuild

ing structures. OCBF systems may be less desirable in larger buildings and buildings with 

a higher seismic performance objective. 

Concentrically braced frame systems tend to be more economical than moment-resisting 

frames and eccentrically braced frames in terms of material, fabrication and erection costs. 

They do, however, often have reduced flexibility in floor-plan layout, space planning, and 

electrical and mechanical routing as a result of the presence of braces. In certain circum

stances, however, braced frames are exposed and featured in the architecture of the building. 

Several configurations of braced frames may be considered, including those shown in AISC 

Seismic Provisions Commentary Figures C-F2. l ,  C-F2.4 and C-F2.5. 

Braced frames typically are located in walls that stack vertically between floor levels. In 

the typical office building, these walls generally occur in the core area around stair and ele

vator shafts, central restrooms, and mechanical and electrical rooms. This generally allows 

for greater architectural flexibility in placement and configuration of exterior windows and 

cladding. Depending on the plan location and the size of the core area of the building, the 

torsional resistance offered by the braced frames may become a controlling design parameter. 

Differential drift between stories at the exterior perimeter must be considered with this type 

of layout, because rotational displacements of the floor diaphragms may result in perimeter 

displacement or drifts that impose forces on the cladding system and other nonstructural 

elements of the building. 

Multi-tiered braced frame (MTBF) systems are those frames in which brace axial forces 

are transmitted to another brace, either directly or through a beam acting as an axial strut, 

at a location lacking out-of-plane support for stability. In typical frames, such out-of-plane 

stability is provided by beams or floor diaphragms engaging the orthogonal lateral system. 

The lack of out-of-plane support in MTBF requires the columns to have significantly 

higher out-of-plane flexural strength and stiffness, which is reflected in the unbraced length. 

Additionally, if the deformation of the individual tiers is not uniform, the columns will 

experience in-plane flexure; if such in-plane flexure is large enough to result in inelastic 
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5-4 BRACED FRAMES 

rotation, the strength and stiffness with respect to out-of-plane flexure may be significantly 
reduced. 

To address this effect, AISC Seismic Provisions Section Fl .4c includes provisions for 
design of multi-tiered OCBF. Note that, while design of multi-tiered EBF is possible, the 
AISC Seismic Provisions do not include a procedure due to the possible complex inter
actions of unbraced links and unbraced columns. Design of multi-tiered OCBF focuses 
on increased required strength to reduce the probability of the inelastic column rotation 
demands. 

In designing and detailing OCBF systems, there are few special considerations. The 
design of OCBF members is mostly based upon typical steel design procedures, as out
lined in the AISC Specification. The requirements for OCBF systems in the AISC Seismic

Provisions include the following: 

• Braces are moderately ductile members as given in Section Fl.Sa, except in frames
with tension-only braces that have slenderness ratios greater than 200.

• The required strength of bracing connections is given in Section Fl .6a.
• The brace slenderness limit of Le / r � 4� E/ F

y 
for V or inverted-V configurations is

given in Section Fl .5b.
• The requirements for beams in V or inverted-V frames are given in Section Fl .4a.
• The required strengths of beams and their connections are to use the overstrength

seismic loads as given in AISC Seismic Provisions Section Fl.Sc.

The connection strength requirement of AISC Seismic Provisions Section Fl .6a is 
intended to protect the connection as the brace approaches yielding or buckling, thus provid
ing improved ductility for the system. The limit on the slenderness in V -type and inverted 
V-type braced frames is intended to limit the unbalanced force that develops on the braced
frame beam when the compression brace buckles and its strength degrades while the ten
sion brace yields. The buckling of the compression brace results in a significant reduction
in the frame shear resistance. This slenderness limit does not apply to braces in two-story
X-braced frames because that configuration prevents or reduces the magnitude of unbal
anced forces on the beam.

AK-braced frame, defined by the AISC Seismic Provisions Glossary as a configuration 
in which two or more braces connect to a column at a point other than an out-of-plane 
beam-to-column or strut-to-column connection, are not permitted in OCBF systems per 
AISC Seismic Provisions Section Fl .4b. The definition of K-braced frames precludes the 
use of braces framing to columns between diaphragm levels or locations of out-of-plane 
lateral support for the columns. This definition also precludes multi-tiered concentric braced 
frames where there are two or more levels of bracing between diaphragm levels or locations 
of out-of-plane lateral support for the columns. 

OCBF Design Example Plan and Elevation 
The following examples illustrate the design of an OCBF system based on the AISC Seismic

Provisions Section Fl. The plan and elevation are shown in Figure 5-1 and Figure 5-2. 
The gravity loading at the roof is as follows: 

D = 18 psf 
L = 0 psf 
S = 30 psf 
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OCBF investigated in design examples. 
For elevation, see Figure 5-2. 

Fig. 5-1. OCBF roof plan. 

�Roof 

�Base 

Fig. 5-2. OCBF elevation. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-6 BRACED FRAMES 

The vertical load of the exterior wall is supported at grade. The seismic weight of the wall 
that is tributary to the roof level is 140 lb/ft on all four sides of the building perimeter. The 
lateral earthquake force, E, acting at the roof level along grid 1 is 65.8 kips as calculated 
per ASCE/SEI 7, Section 12.8. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of 
loads. From ASCE/SEI 7, the following parameters apply: Seismic Design Category D, 
R = 3¼, Q0 = 2, le

= 1.0, and Sos
= 0.528. ASCE/SEI 7 does not permit an R = 3 system 

in Seismic Design Category D; therefore, an OCBF system is used for this building and 
designed according to the AISC Seismic Provisions. The structural framing is regular and 
has two bays of seismic force-resisting perimeter framing on each side in each orthogonal 
direction. Therefore, ASCE/SEI 7, Section 12.3.4.2b, permits the redundancy factor p to be 
taken as 1.0. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev
= 0.2SosD (ASCE/SEI 7, Eq. I2.4-4a) 

The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

(ASCE/SEI 7, Eq. 12.4-3) 

The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Section 
12.4.3.1, is: 

(ASCE/SEI 7, Eq. 12.4-7) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 
(for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as defined in Section 
12.4.2. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

l.2D+Ev +Eh +L+0.2S
= I.2D+0.2S0sD+pQE +0.5L+0.2S

= (1.2 + 0.2Sos )D + pQE + 0.5L + 0.2S

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev +E1, 

= 0.9D 0.2SosD+pQE

= (0.9 0.2Sos )D+pQE

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

I.OD+0.7Ev +0.7Eh

= l.0D+0.7(0.2SosD)+0.7pQE

= (1.0+0.14Sos )D+0.7pQE

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I.OD+0.525Ev +0.525Eh +0.75L+0.75S 

= I.0D+0.525(0.2S0sD)+0.525pQE 

+ 0.75L + 0.75S

= (1.o+O.l05Sos )D+0.525pQE

+ 0.75L + 0.75S
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LRFD ASD 

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7Ev +0.7E1i 

= 0.6D-0.7 ( 0.2SDSD) + 0.7pQE 

= (0.6-0.14SDS )D+ 0.7pQE 

The basic load combinations with seismic load effects including overstrength from 
ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and 
E1i as defined in Section 12.4.3. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

l.2D+Ev +E1111i +L+0.2S
= I.2D+0.2SDSD+Q0QE +0.5L+0.2S

= (1.2+0.2Svs )D+Q0QE +0.5L+0.2S

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev + Emh 
= 0.9D 0.2SvsD+QoQE 

= (0.9-0.2Svs )D+QoQE 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

I.0D+0.7Ev +0.7Emh

= l.0D+0.7(0.2SvsD)+0.7QaQE 

= (1.0 + 0.14Svs )D + 0.7QoQE 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 
l .OD+ 0.525Ev + 0.525£1111, + 0.75L + 0.75S 

= l.OD+0.525(0.2SvsD)+0.525Q0QE 

+ 0.75L + 0.75S

= (1.0+ 0.105Svs )D+ 0.525Q0QE 

+ 0.75L + 0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D-0.7Ev +0.7£1111, 

= 0.6D-0.7(0.2SvsD)+0.7QoQE 

= (0.6-0.14Svs )D+0.7Q0QE 

Note that according to ASCE/SEI 7, Table 12.2-1, buildings with OCBF in Seismic 
Design Categories D and E are only permitted up to a structural height of 35 ft. An excep
tion applies for Seismic Design Categories D, E and F that allows the maximum structural 
height to be increased to 60 ft for single-story buildings where the dead load of the roof does 
not exceed 20 psf, which is the case here. 

Assume that the ends of the diagonal braces are pinned and braced against translation for 
both the x-x and y-y axes. The loads given for each example are from a first-order analysis. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-8 BRACED FRAMES 

Assume that the effective length method of AISC Specification Appendix 7 is used for 
stability design. AISC Specification Appendix 8 will be applied to approximate a second
order analysis. 

Example 5.2.1. OCBF Diagonal Brace Design 

Given: 

Refer to the roof plan shown in Figure 5-1 and the Brace BR-1 shown in Figure 5-2. Select 
an ASTM A992 W-shape for the diagonal braces to resist the loads given. 

The axial loads and moments on the brace due to a first-order analysis are (tension loads are 
indicated as negative): 

PD = 5.54 kips Ps = 6.70 kips p QE = ±22.3 kips MD = 2.34 kip-ft 

The dead load bending moment, MD, is due to the self-weight of the brace, assuming a 
member that weighs 33 lb/ft. Sometimes this self-weight loading is ignored in the design of 
vertical diagonal braces where judgment would indicate that the loading is minimal and only 
uses a small percentage of the member strength. However, in this example, considering the 
relatively long length of the diagonal brace and that the self-weight moment is resisted by 
the minor axis flexural strength of the brace, the dead load moment is included in this design 
check. There are no bending moments due to live loads or snow loads. 

P story is the total vertical load on the story calculated using the following governing load 
combinations. From Figure 5-1 , the plan area is 38,400 ft2• The basic load combinations 
with seismic load effects from ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for
ASD), are used as determined previously.

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

(1 .2+0.2SDS)D+pQE +0.5L+0.2S

P,tory = 1,130 kips 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

(1 .0+0.14SDS)D+ 0.7pQE

Psrory = 742 kips 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

(1 .0+0.I05SDS )D+0.525pQE

+0.75L+0.75S

f,101y = 1,590 kips 

The story shear from the analysis is 136 kips. From the analysis model, the first-order inter
story drift due to the nominal shear force, E, without the Cd factor applied, is tiH = 0.0941 in. 
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Solution: 

From AISC Manual Table 2-4, the material properties are: 

ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi 

Required Strength 

Determine the required strength 

5-9

Considering the load combinations given in ASCE/SEI 7, the maximum compressive axial 
force in the diagonal brace, with Ev and E1, incorporated from Section 12.4.2, is determined 
as follows. 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (including the SEI 7, Section 2.4.5: 
permitted 0.5 factor on L): 

Pu = (1.2 + 0.2SDS )PD+ pPQE + 0.5PL Pa
= (1. 0+0.14SDs )PD +0.7pPQE 

+0.2Ps = [1.o+0.14(0.528)](5.54 kips) 
= [ 1.2 + 0.2( 0.528 )]( 5.54 kips) + 0.7(1.0 )( 22.3 kips)

+ 1.0 ( 22.3 kips)+ 0.5 ( 0 kips) = 21.6 kips 
+ 0.2( 6.70 kips)

= 30.9 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa =(1.0+0. l05SDs)PD+0.525pPQE 
+ 0.75PL + 0.75Ps

= [ 1.0 + 0.105( 0.528)]( 5.54 kips) 

+0.525(1.0)(22.3 kips)+0.75(0 kips)

+0.75(6.70 kips)
= 22.6 kips 

The maximum bending moment in the brace concurrent with these load combinations, with 
Ev and E1i incorporated from Section 12.4.2, is: 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (including the 0.5 SEI 7, Section 2.4.5: 
factor on L as permitted in Section 2.3.6): 
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LRFD ASD 

Mu
= (l.2+0.2SDs)MD +pMQE +0.5ML Ma

= (1.0+0.14SDS )MD +0.7pMQE 
+0.2Ms = [1.0+0.14(0.528)](2.34 kip-ft) 

= [1.2 + 0.2( 0.528) ]( 2.34 kip-ft) + 0.7 ( 1.0 )( 0 kip-ft)
+ 1.0( 0 kip-ft)+ 0.5( 0 kip-ft) = 2.51 kip-ft 
+ 0.2 ( 0 kip-ft)

= 3.06 kip-ft 
and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5 : 

Ma =(1.0+0.105SDS)MD 
+ 0.525pMQE + 0.75ML + 0.75Ms

= [1.0+0.105(0.528)](2.34 kip-ft) 

+ 0.525(1.0 )( 0 kip-ft)

+0.75(0 kip-ft)+0.75(0 kip-ft)
= 2.47 kip-ft 

The ASCE/SEI 7 load combination that results in the maximum axial tensile force in the 
diagonal brace, with Ev and E1i incorporated from Section 12.4.2, is: 

LRFD ASD 
From Load Combination 7 from ASCE/ From Load Combination l O from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Pu
= (0.9 0.2SDS)PD+PPQE Pa

= (0.6 0.14SDS )PD +0.7pPQE

=[0.9 0.2(0.528)](5.54 kips) =[0.6 0.14( 0.528) ]( 5.54 kips) 

+1.0(-22.3 kips) +o.7(1.o)(-22.3 kips)
- 17.9 kips = 12.7 kips 

The maximum bending moment in the brace concurrent with these load combinations is: 

LRFD ASD 

From Load Combination 7 from ASCE/ From Load Combination 10 from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Mu= (0.9 0.2SDS )MD+ pMQE Ma
= (0.6-0.14SDS )MD +0.7pMQE 

=[0.9 0.2( 0.528 )]( 2.34 kip-ft) = [0.6-0.14(0.528)](2.34 kip-ft) 

+ 1.0(0 kip-ft) +0.1(1.0)(0 kip-ft)

= 1.86 kip-ft = 1.23 kip-ft 

Try a W10 x 33 with its flanges oriented parallel to the plane of the braced frame. 
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From AISC Manual Table 1-1, the geometric properties for the W10 x 33 are as follows: 

A = 9.71 in.2 ht = 7.96 in. d = 9.73 in. tw = 0.290 in. 
tr = 0.435 in. kdes = 0.935 in. h1!2tJ = 9.15 hltw = 27.1 
rx = 4.19 in. ly = 36.6 in.4 ry = 1.94 in. 

Brace Slenderness 

Check brace element width-to-thickness ratios 

According to AISC Seismic Provisions Section Fl  .5a, braces are required to satisfy the 
requirements for moderately ductile members. Elements in the brace members must not 
exceed the width-to-thickness requirements given for Amd in Section D 1.1. 

From AISC Seismic Provisions Table A3.l: 

Ry = 1.1 for ASTM A992 

From AISC Seismic Provisions Table D 1.1, for flanges of rolled I-shaped sections: 

'Amd =0.40� E
. RyFv 

= 0.40
29,000 ksi 

(1.1)(50 ksi) 

=9.18 

Because hjl2t1 :S: AmJ, the flanges meet the requirements for moderately ductile members. 

From AISC Seismic Provisions Table D 1.1, for webs of rolled I-shaped sections used as 
diagonal braces: 

= 1.57 29,000 ksi
( 1.1) ( 50 ksi) 

= 36.1 

Because hltw :S: Amd, the web meets the requirements for moderately ductile members. 

Alternatively, Table 1-3 can be used to verify that the member satisfies the local width-to
thickness requirements for OCBF diagonal braces. 

Additionally, the W10 x 33 does not contain slender compression elements according to 
AISC Specification Table B4. l a  and as indicated in AISC Manual Table 1-1. 

Available Compressive Strength 

Determine K

As stated in the OCBF Design Example Plan and Elevation section, the effective length 
method in AISC Specification Appendix 7 is used for stability design. According to AISC 
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Specification Appendix 7, Section 7.2.3(a), for braced frame systems, the effective length 
factor, K, for members subject to compression is taken as 1.0, unless a rational analysis 
indicates that a lower value is appropriate. 

The length of the brace diagonal in each bay, based on the geometry in Figure 5-2, is: 

L = �(40 ft)2 +(40 ft)2 

= 56.6 ft 

This length has been determined by calculating the distance between the work points based 
on the intersection of the centerlines of the brace, column and beams. Shorter unbraced 
lengths of the brace may be used if justified by the engineer of record. By inspection, the 
laterally unbraced length of the diagonal brace in the in-plane (about the y-y axis) direction 
is half of the overall length. For buckling out-of-plane (about the x-x axis), if both of the 
diagonals are continuous for their full length and are connected at the intersection point, the 
effective length factor, K, is 0.5 (El-Tayem and Goel, 1986; Picard and Beaulieu, 1987). 
This requires a connection between the diagonal members at their intersection that is rigid 
in flexure out-of-plane. The available axial compressive strength of diagonals in X-bracing 
where one of the diagonal braces is not continuous through the intersection can be deter
mined by an energy method (Nair, 1997). 

Assume that the connection of the half brace sections at the X-brace intersection is rigid out
of-plane. The braces are oriented such that buckling about the y-y axis of the brace occurs 
in the plane of the frame. 

Lx = 56.6 ft 
L

y 
=0.5L 
= 0.5(56.6 ft) 
= 28.3 ft 

Kx =0.5 
K

y 
=1.0 

KxLx
0.5(56.6 ft)(12 in./ft) 

rx 4.19 in. 
= 81.1 

K
y
L

y 
1.0(28.3 ft)(12 in./ft) 

ry 1.94 in. 

= 175 (governs) 

The slenderness ratio, Lclr = Kllr, is less than 200 and therefore meets the recommendation 
of the User Note in AISC Specification Section E2. 

Using AISC Manual Table 6-2 with Ley
= 28.3 ft and interpolating, the available compres

sive strength of a W10 x 33 is determined as follows: 
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LRFD 

<l>cP,, = 71.7 kips Pn 
= 47.8 kips 

QC 

5-13

ASD 

Second-order effects and interaction between axial force and flexure are checked in the 
following steps of this example. 

Available Flexural Strength 

Because there is no bending moment in the strong axis, Mex
= 0 kip-ft. 

From AISC Manual Table 6-2, the available flexural strength about the minor axis for a 
W10x33 is: 

LRFD 

<i>hMny 
= 52.5 kip-ft 

Second-Order Effects 

= 34.9 kip-ft 
Qb 

ASD 

Second-order effects are addressed using the procedure in AISC Specification Appendix 8, 
as follows: 

(Spec. Eq. A-8-1) 

(Spec. Eq. A-8-2) 

Calculate B 1 

Cm = 1.0 as moment is due to self-weight applied between supports 
a = 1.0 (LRFD); a= 1.6 (ASD) 

The elastic critical buckling strength, P e1, is calculated in the plane of bending. For this 
calculation, the plane of bending will be in the plane of the frame, about the y-y axis of the 
brace. 

Lc1 = K1Ly 

= 1.0(28.3 ft) 
= 28.3 ft 

rc2EJ; 
Pe1 =--'-

( Lc1 )
2 

rc2 (29,000 ksi)(36.6 in.4)

[(28.3 ft)(l2 in.!ft)j2

= 90.8 kips 
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From AISC Specification Equation A-8-3: 

LRFD 

Bi
= Cm 2': 1 

1-aPr /Pei

As previously calculated, Pr is from 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6: 

B - l .O 1i- 2': 
1-[1.0(30.9 kips)/90.8 kips] 

= 1.52 > 1 o.k.

Calculate B2 

BRACED FRAMES 

ASD 

Cm >l Bi
= 

1 aPr /Pei -

As previously calculated, Pr is from 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

Bi
= 

1 
1.0 > 1

[1.6(21.6 kips)/90.8 kips]-

=1.61>1 o.k.

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Bi
= 

l 
1.0 > 1

[1.6(22.6 kips )/90.8 kips] -

= 1.66 > l o.k.

As previously calculated, Pstory 
is 1,130 kips (LRFD), 742 kips (ASD Load Combination 8), 

and 1,590 kips (ASD Load Combination 9). His given as 136 kips. 
HLPestory = RM 13.H

(Spec. Eq. A-8-7) 

= l.OO 
(136 kips)(40 ft)

(0.0941 in.)(l ft/12 in.) 
= 694,000 kips 

Using AISC Specification Equation A-8-6: 

LRFD 

B2 = 1 2': 1 
af,toryl 
Pe story

As previously calculated, Pstory is from 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6: 

B2 = 
l 

l > 1
1.0(1,130 kips) -
694,000 kips 

=1.00 

ASD 

B2 = 1 2': 1 
af,toryl 
Pe story

As previously calculated, Pstory is from 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

B2 = 
1 

1 > I
1.6(742 kips) -
694,000 kips 

=1.00 
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LRFD ASD 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

B2 = 
l 

I 
> I

1.6(1,590 kips) -
694,000 kips 

=l.00 

5-15

Because B2 '.:'. 1.5, the effective length method can be used to check stability according to 
AISC Specification Appendix 7. 

The required flexural strength of the brace including second-order effects, using AISC 
Specification Equation A-8-1, is determined as follows. 

LRFD ASD 

As previously calculated, Mu is from As previously calculated, Ma is from 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Mn1 =Mu Mnt = Ma

= 3.06 kip-ft = 2.51 kip-ft 

M11 = 0 kip-ft M11 = 0 kip-ft 

M, = B1Mn1 +B2M11 M, = B1Mn1 +B2M1t 
= 1.52(3.06 kip-ft)+ 1.00( 0 kip-ft) = 1.61(2.51 kip-ft)+l .00(0 kip-ft) 

= 4.65 kip-ft = 4.04 kip-ft 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Mn1
= Ma

= 2.47 kip-ft 

M11 = 0 kip-ft 

Mr = B1Mn1 + B2M1t 
= l.66(2.47 kip-ft)+l.OO(O kip-ft) 

= 4.10 kip-ft 

Because B2 = 1.00, the required axial compressive strength of the brace including second
order effects, based on AISC Specification Equation A-8-2, is determined as follows. 
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LRFD ASD 
From Load Combination 6 from ASCE/SEI From Load Combination 8 from ASCE/ 
7, Section 2.3.6 (including the permitted SEI 7, Section 2.4.5, and incorporating 
0.5 factor on L), and incorporating Ev and Ev and Eh from Section 12.4.2: 
Eh from Section 12.4.2: 

Pu
= (1.2+0.2SDS)PD +B2 (pPQE )+0.511, Pa =(1.0+0.14SDS)Po 

+0.2Ps + B2 ( 0.7pPQE)
= [ 1.2 + 0.2( 0.528)]( 5.54 kips) = [1.o+0.14(0.528)](5.54 kips) 

+ 1.00(1.0)(22.3 kips)+o.5(0 kips) + 1.00(0.7)(1.0)(22.3 kips)
+ 0.2( 6.70 kips) = 21.6 kips 

= 30.9 kips 
and from Load Combination 9 from ASCE/ 
SEI 7, Section 2.4.5, and incorporating Ev

and Eh from Section 12.4.2: 

Pa
= (1.0+0.105SDS )PD 

+ B2 (0.525pPQE )+0.75PL +0.75Ps

= [1.0+0.105(0.528)](5.54 kips) 

+ 1.00(0.525)(1.0)(22.3 kips)

+0.75(0 kips)+0.75(6.70 kips)
= 22.6 kips 

Combined Loading (Compression and Flexure) 

Check combined loading of the W10x33 brace 

Determine the applicable equation, using AISC Specification Section HI. 

LRFD 
As previously calculated, Pr is from 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6: 

P,. 71.7 kips 
= 0.431 

ASD 
As previously calculated, Pr is from 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

Pc 47.8 kips 
= 0.452 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

P,. 22.6 kips 
Pc 47.8 kips 

= 0.473 
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Because P,!Pc � 0.2, the brace design is controlled by the following equation: 

(Spec. Eq. Hl- la) 

LRFD 
As previously calculated, P, and M,y

are from Load Combination 6 from 
ASCE/SEI 7, Section 2.3.6: 

0.431 +!( 0 + 
4.65 kip-ft

) = 0.510
9 52.5 kip-ft 

0.510< 1.0 o.k.

ASD 
As previously calculated, P, and M,y
are from Load Combination 8 from 
ASCE/SEI 7, Section 2.4.5: 

0.452 + !( 0 + 
4·04 kip-ft

)= 0.555
9 34.9 kip-ft 

0.555 < 1.0 o.k.

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

0.473 +!( 0 + 
4· 10 kip-ft

)= 0.577
9 34.9 kip-ft 

0.577 < 1.0 o.k.

Note that the minor axis bending moment from the self-weight of the diagonal brace utilizes 
about 9% (LRFD) and 12% (ASD) of the member available strength. 

Available Tensile Strength 

From AISC Manual Table 6-2, the available strength of the W1 Ox33 brace in axial tension 
for yielding on the gross section is: 

LRFD 

<j)1Pn 
= 437 kips> 17.9 kips o.k.

Combined Loading (Tension and Flexure) 

Check combined loading of the W1 Ox33 

As previously calculated: 

LRFD 

M,, =Mu 

= 1.86 kip-ft 
P, =IPul

=17.9kips 

ASD 

Pn = 291 kips> 12.7 kips 
Qt 

ASD 

M
ry =Ma 

= 1.23 kip-ft 
Pr =IPal

= 12.7 kips 
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Consider second-order effects per AISC Specification Appendix 8. As previously calcu
lated, B2 = 1.00. According to AISC Specification Appendix 8, Section 8.2, B 1 should be 
taken as 1.00 for members not subject to compression. Given that both B 1 and B2 are equal 

to 1.00, there is no amplification required for second-order effects for the loads on the mem
ber when the diagonal brace is in tension. 

LRFD ASD 

Pr 17.9 kips 12.7 kips - -- -

Pc 437 kips Pc 291 kips 
=0.0410 =0.0436 

Because Prf Pc < 0.2, the brace design is controlled by the equation: 

P. 
[
M M 

J _r + �+-2. < 1.0
2Pc. Mex Mey -

(Spec. Eq. HI- lb) 

LRFD ASD 

I7.9kips +(o+ l .86kip-ft
)=0.0559 

2(437 kips) 52.5 kip-ft 
12.7 kips + ( 0 + 1.23 kip-ft

)= 0_0571
2(291 kips) 34.9 kip-ft 

0.0559 < 1.0 o.k. 0.0571 < 1.0 o.k.

The W10x33 is adequate for the OCBF diagonal brace BR-1. The brace is oriented with 
the flanges parallel to the plane of the braced frame. 

Example 5.2.2. OCBF Column Design 

Given: 

Refer to Column CL-I in Figure 5-2. Select an ASTM A992 W-shape to resist the loads 
given for the column. 

The loads on Column CL-1 due to a first-order analysis are: 

PD = 16.4 kips Ps = 19.9 kips PQE = ±15.8 kips 

Assume that the ends of the columns are pinned and braced against translation for both the 
x-x and y-y axes. The loading in the columns is from a first-order analysis. AISC Specifica

tion Appendix 8 can be applied to approximate a second-order analysis.

Solution: 

From AISC Manual Table 2-4, the material properties are: 

ASTM A992 
Fy = 50 ksi 
Fu

= 65 ksi 
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Required Strength 

AISC Seismic Provisions Section Dl.4a states that the required strength of the columns 
must be the greater effect of the axial compressive and tensile strengths determined using 
the seismic load effect with overstrength; that is, the seismic load multiplied by the over
strength factor, Q0, or the load effect resulting from the analysis requirements for an OCBF. 

The governing load combinations, including the overstrength factor, from ASCE/SEI 7, 
Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD) incorporating Section 12.4.3, are used 
to calculate the required axial compressive strength. 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from 
SEI 7, Section 2.3.6 (including the ASCE/SEI 7, Section 2.4.5: 
0.5 factor on L): 

Pu 
= (1.2+0.2SDS)Pv+Q0PQE Pa = (1.0 + 0.14Svs )Pv + 0.7QoPQE 

+ 0.5PL + 0.2Ps = [1.o+0.14(0.528)](16.4 kips) 
= [ 1.2 + 0.2( 0.528)](16.4 kips) +0.7(2)(15.8 kips)

+ 2(15.8 kips)+ 0.5( 0 kips) = 39.7 kips 
+0.2(19.9 kips)

= 57.0 kips 
and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (1.0+0.105Sos )Po 
+ 0.525Q0PQE + 0.75PL + 0.75Ps

= [1.0+0.105(0.528)](16.4 kips) 

+0.525(2)(15.8 kips)+0.75(0 kips)

+0.75(19.9 kips)
= 48.8 kips 

The governing load combinations, including the overstrength factor as given in ASCE/ 
SEI 7, Section 12.4.3, for the required axial tensile strength are: 

LRFD ASD 
From Load Combination 7 from ASCE/ From Load Combination IO from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Pu
= (0.9 0.2Svs )Po+ QoPQE Pc, = ( 0.6 0.14Sos )Pv +0.7Q0PQE

=[0.9 0.2(0.528)](16.4 kips) =[0.6 0.14(0.528)](16.4 kips) 

+2(-15.8 kips) +0.7(2)(-15.8 kips)
- 18.6 kips - 13.5 kips - -
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Second-Order Effects 

Use the procedure of AISC Specification Appendix 8 to determine the second-order effects 
on the required strengths, where the required flexural strength and required axial strength 
are given as: 

Mr = B1Mn1 + B2Mn1

Pr = Pn1+ B2P1t

(Spec. Eq. A-8-1) 

(Spec. Eq. A-8-2) 

There is no bending moment in the column due to either vertical loading or lateral transla
tion. Consequently, there is no requirement to determine multipliers for the required flexural 
strength due to second-order effects. The lateral drift is minimal. As calculated in Example 
5.2.1, B2 = 1.00. Therefore, there is no amplification of the axial load in the column due to 
P-!i. In summary, no adjustments to the member forces calculated by a first-order analysis 
are required due to second-order effects. 

Try a W10x49. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

A = 14.4 in.2

tr = 0.560 in. 
d = 10.0 in. 
rx = 4.35 in. 

Column Slenderness 

tw = 0.340 in. 
ry = 2.54 in. 

ht = 10.0 in. 

There are no specific requirements for member ductility for columns in OCBF systems in 
AISC Seismic Provisions Section F 1. Therefore, check width-to-thickness ratios for element 
slenderness according to AISC Specification Table B4. I a. As indicated in AISC Manual

Table 1-1, the W10 x 49 section is not slender for compression. 

Available Compressive Strength 

Determine K

According to AISC Specification Appendix 7, Section 7.2.3(a), for braced frame systems, 
the effective length factor for members subject to compression is taken as 1.0. 

Therefore: 

Kx = 1.0 
Lx =40 ft 

Ky = 1.0 
Ly = 40 ft 

KxLx 1.0(40 ft)(l2 in./ft) 

rx 4.35 in. 
= 110 

K
yLy 

1.0(40 ft)(I2 in./ft) 

r
y 2.54 in. 

= 189 (governs) 

From AISC Manual Table 6-2 with Le
y

= K
y 

L
y

= 1.0(40 ft) = 40 ft, the available compres
sive strength of a W10 x 49 is: 
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LRFD ASD 

<l\,Pn = 91.1 kips> 57.0 kips o.k. Pn 
= 60.6 kips > 48.8 kips o.k.

QC 

Available Tensile Strength 

From AISC Manual Table 6-2, the available strength of the W1 Ox49 column in axial ten
sion for yielding on the gross section is: 

LRFD ASD 

<j)1P,1 = 648 kips> 18.6 kips o.k. Pn = 431 kips> 13.5 kips o.k.

Qt 

The W10 x 49 for OCBF Column CL-I is adequate. 

Example 5.2.3. OCBF Beam Design 

Given: 

Refer to Beam BM-1 in Figure 5-2. Select an ASTM A992 W-shape to resist the loads 
shown below. 

The loads on the beam due to a first-order analysis are: 

PD = -3.92 kips
MD = 72.0 kip-ft 
VD = 7.20 kips 

PL = 0 kips 
ML= 0 kip-ft 
Vi, = 0 kips 

Ps = -4.74 kips 
Ms= 120 kip-ft 
Vs = 12.0 kips 

PQE = ±16.5 kips 
MQE = 0 kip-ft 
VQE = 0 kips 

Assume that the ends of the beam are pinned and braced against translation for both the 
x-x and y-y axes.

Solution: 

From AISC Manual Table 2-4, the material properties are: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

Required Strength 

The beam is a collector element transferring diaphragm shear to the OCBF braces. 
According to ASCE/SEI 7, Section 12.10.2.1, the forces in the collector are calculated using 
the seismic load effects, including the overstrength factor. The axial force in the beam from 
dead and snow load is in tension. 

The governing load combinations in ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 
2.4.5 (for ASD), with Ev and E11 incorporated from Section 12.4.3, are used for determining 
the required beam strengths. 
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The required axial compressive strength of the beam is determined as follows. 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L):

Pu 
= (1.2+0.2SDS)Pv +!J0PQE 

+ 0.5PL + 0.2f'.s 

= [ 1.2 + 0.2( 0.528)](-3.92 kips) 

+ 2(16.5 kips)+ 0.5( 0 kips)

+ 0.2(-4.74 kips)
= 26.9 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Pu = ( 0.9 0.2S DS) Pv + Q0PQE 

=[0.9 0.2(0.528)](-3.92 kips) 

+ 2(16.5 kips)
= 29.9 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Pc, = (1.0 + 0.14Svs )Pv + 0.7QoPQE 

= [ 1.0 + 0. 14( 0.528 )](-3.92 kips) 

+0.7(2)(16.5 kips)
= 18.9 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (1.0 + 0.105Svs )Pv 

+ 0.525Q0PQE + 0.75h + 0.75Ps 

= [1.0 + 0.105(0.528)](-3.92 kips) 

+0.525(2)(16.5 kips)+0.75(0 kips)

+ 0.75(-4.74 kips)
= 9.63 kips 

and from Load Combination l O from 
ASCE/SEI 7, Section 2.4.5: 

Pa
= (0.6 0.14Svs )Pv 

+ 0.7Q0PQE 

= [o.6 - 0.14(0.528)](-3.92 kips) 

+0.7(2)(16.5 kips)
= 21.0 kips 
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The required axial tensile strength of the beam is determined as follows. 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L):

Pu 
= (1.2+0.2SDS)Pv+!:20PQE

+ 0.5PL + 0.2fs
= [ 1.2 + 0.2( 0.528)](-3.92 kips)

+2(-16.5 kips)+o.5(0kips)

+ 0.2(-4.74 kips)
= -39.1 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Pu =(0.9 0.2Svs)Pv+!:20PQE

=[0.9 0.2(0.528)](-3.92kips) 

+2(-16.5 kips)
= -36.1 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Pa = (1.0 + 0.14Svs )Pv + 0.7Q0PQE

= [1.0 + 0.14( 0.528 )](-3.92 kips) 

+0.7(2)(-16.5 kips)
= -27.3 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (1.0+0.105Svs)Pv 
+ 0.525Q0PQE + 0.75PL + 0.75Ps

= [1.0 + 0.105(0.528)](-3.92 kips) 

+0.525(2)(-16.5 kips)

+0.75(0 kips)+0.75(-4.74 kips)
= -25.0 kips 

and from Load Combination l O from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (0.6 0.14Svs )Pv 
+ 0.7Q0PQE

= [o.6 - 0.14(0.528)](-3.92 kips)

+0.7(2)(-16.5 kips)
= -25.2 kips 
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The required shear strength of the beam is determined as follows. 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L):

Vu
= (1.2+0.2SDs )VD +Q0VQE 

+ 0.5VL + 0.2Vs 

= [1.2+0.2(0.528)](7.20 kips) 

+2(0 kips)+o.5(0 kips)

+0.2(12.0 kips)
= 11.8 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Vu
= (0.9 0.2SDS)VD +Q0VQE 

= [o.9 0.2(0.528)](7.20 kips) 

+2(0 kips)
= 5.72 kips

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Va
= (1.0+0.14SDS )VD +0.7Q0

VQE 

= [1.0+0.14(0.528)](1.20 kips) 

+0.7(2)(0 kips)
= 7.73 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Va
= (1.0+0.105SDS)VD 

+ 0.525Q0VQE + 0.75VL + 0.75Vs

= [ 1.0 + 0.105 ( 0.528) ](7.20 kips) 

+0.525(2)(0 kips)+0.75(0 kips)

+ 0.75(12.0 kips)
= 16.6 kips 

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Va
= (0.6-0.14SDS )VD 

+0.7Q0VQE
= [o.6-0.14(0.528)](7.20 kips)

+0.7(2)(0 kips)
= 3.79 kips
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The required flexural strength of the beam is determined as follows: 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L): 

Mu
= (1.2+0.2SDS)MD+00

MQE 
+0.5ML +0.2Ms

= [1.2+0.2(0.528)](72.0 kip-ft)

+2(0 kip-ft)+0.5(0 kip-ft)

+0.2(120 kip-ft)
= 118 kip-ft 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Mu =(0.9 0.2SDS)MD+00
MQE 

= [o.9 0.2(0.528)](12.o kip-ft) 

+2(0 kip-ft)
= 57.2 kip-ft 

Try a W18x50. 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Ma =(1.0+0.14SDS)MD 
+0.7Q0MQE 

= [1.0+0.14(0.528)](12.o kip-ft) 

+0.1(2)(0 kip-ft)
= 77.3 kip-ft 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Ma = (1.0+0.105SDS )MD 
+ 0.525Q0MQE + 0.75ML + 0.75Ms 

= [1.0+0.105(0.528)](12.o kip-ft) 

+0.525(2)(0 kip-ft)

+ 0.75( 0 kip-ft)+ 0.75( 120 kip-ft)
= 166 kip-ft 

and from Load Combination l O from 
ASCE/SEI 7, Section 2.4.5: 

Ma = (0.6-0.14SDS )MD 
+0.7Q0MQE 

= [0.6-0.14(0.528)](12.o kip-ft) 

+0.1(2)(0 kip-ft)
= 37.9 kip-ft 

From AISC Manual Table 1-1, the geometric properties are as follows: 

A = 14.7 in.2
kdes = 0.972 in. 
Ix = 800 in.4

d = 18.0 in. 
hltw = 45.2 
Sx = 88.9 in.3

br = 7.50 in. 
rx = 7.38 in. 
Zx = 101 in.3
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Beam Slenderness 

There are no specific requirements for member ductility for beams in OCBF systems in 
AISC Seismic Provisions Section Fl. Therefore, check width-to-thickness ratios for element 
slenderness according to AISC Specification Table B4. la and Table B4. lb. 

As indicated in AISC Manual Table 1- 1, the W18 x 50 is slender for compression and 
compact for flexure. 

Available Compressive Strength 

Determine K 

According to AISC Specification Appendix 7, Section 7.2.3(a), for braced frame systems, 
the effective length factor for members subject to compression is taken as 1.0. Consider the 
open web steel joists at the top flange of the beam to provide the strength and stiffness 
required by AISC Specification Appendix 6 to stabilize the top flange of the beam in the y-y

axis at 6 ft 8 in. centers. Consider that the bottom flange of the beam is stabilized in the 
y-y axis at midspan by a bottom chord extension from the open web steel joist. Consider 
the effective length of the beam in compression about the y-y axis to be based on the unsup
ported length of the bottom flange. 

Therefore: 

K
x 

= 1.0 
L

x =4 0 ft 
K

y
= 1.0 

L
y

= 20 ft 

K
x
L

x 
1.0(40 ft)(I2 in./ft) 

r,, 7.38 in. 
=65.0 

K
y
L

y 
1.0(20 ft)(12 in./ft) 

ry 1.65 in. 
= 1 45 (governs) 

The combination of the top flange bracing and the bottom flange bracing from the open web 
steel joist at midspan creates a torsional brace. This example uses a simplified calculation of 
the available compressive strength according to AISC Specification Section E7 that consid
ers the limit state of flexural buckling using the minor axis unbraced length of the member 
that is based on the bottom flange unbraced length. A greater compressive strength may be 
available due to the additional minor axis constraint at the top flange. See Section 8.3 of 
this Manual for a method to determine the available torsional buckling strength considering 
constraint at the top flange. 

Because the web is considered a slender element for axial compression ( h/ tw > l .49� E/ Fy 
= 

1.49�29,000ksi/50 ksi = 35.9), a reduction for slenderness is required for calculating the 
available compressive strength per AISC Specification Section E7. 
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This reduction is included in AISC Manual Table 6-2; therefore, use AISC Manual Table 
6-2 to determine the available compressive strength of the W18 x 50. From Table 6-2, for
Ley 

= Ky
L

y 
= 20 ft:

LRFD ASD 

<j)cPn = 157 kips Pn = 104 kips
QC 

Available Flexural Strength 

Because the beam is bending about its major axis and has both compact flanges and a com
pact web in flexure, the available flexural strength is determined in accordance with AISC 
Specification Section F2. 

The open web steel joists provide lateral support of the compression flange at 6 ft 8 in. 
centers. 

Lh = 6.67 ft 

According to AISC Manual Table 6-2: 

L
p 

= 5.83 ft 
Lr = 16.9 ft 

Therefore, L
p 

< L1, :::; Lr and the limit state of lateral-torsional buckling applies. Con
servatively, use C1, = 1.0. 

From AISC Manual Table 6-2, the available flexural strength of the beam is: 

LRFD ASD 

<p1,Mn = 368 kip-ft 

Second-Order Effects 

Mn 
= 245 kip-ft 

Qb 

Following the procedure of AISC Specification Appendix 8: 

(Spec. Eq. A-8- l)  

(Spec. Eq. A-8-2) 

Calculate B 1 

Cm = 1.0 as the beam is subject to transverse loading between supports 
a = 1.0 (LRFD); a= 1.6 (ASD) 

Lc1 = KiLx 

= 1.0( 40 ft) 

= 40.0 ft 
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P - n2Elx

el -

(Lc1)
2 

rc2 (29,000 ksi)(soo in.4) 

[(40.0 ft)(l2 in./ft)]
2 

= 994 kips 

From AISC Specification Equation A-8-3: 

LRFD 

With P, as previously calculated from 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6: 

1 

1.0 >l
1.0(26.9 kips) -

994 kips 
= 1.03 

and with P, as previously calculated from 
Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

1.0 >l
1.0( 29.9 kips) -

994 kips 
=l .03 

Use B1 = 1.03. 

Calculate B2 

B2 = 1.00 as calculated in Example 5.2.1 
Pnr = 0 kips 
Pz1 = Pu or Pa as determined previously 
Mnt = Mu or Ma as determined previously 

BRACED FRAMES 

(from Spec. Eq. A-8-5) 

ASD 

With P, as previously calcaulted from 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

1 

1.0 > l
1.6(18.9 kips) -

994 kips 
= 1.03 

and with P, as previously calculated from 
Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

1 

1.0 >] 
1.6(9.63 kips) -

994 kips 
=1.02 

and with P, as previously calculated from 
Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

1 

1.0 >l
1.6(21.0 kips) -

994 kips 
= 1.03 

Use Bi = 1.03. 

M1t = 0 kip-ft because there is no moment due to seismic loading 
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From AISC Specification Equation A-8-2 and the applicable ASCE/SEI 7 load combination, 
with Ev and Eh incorporated from Section 12.4.3, the required axial compressive strength is 
determined as follows. 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L):

Pu = (1.2 + 0.2SDS )Po+ B2 (00PQE) 
+0.5PL +0.2Ps

= [ 1.2 + 0.2( 0.528 )](-3.92 kips) 

+ 1.00[( 2 )(16.5 kips)]+ 0.5( 0 kips)

+ 0.2(-4.74 kips)
= 26.9 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Pu = ( 0.9 -0.2Sos )Po+ B2 ( QoPQE) 

= [ 0.9 0.2 ( 0.528)] (-3.92 kips) 

+ l.00[(2)(16.5 kips)]

= 29.9 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Pc, = (1.0 + 0.14Sos )Po 

+ B2 ( 0.7Q0PQE)

= [ 1.0 + 0.14( 0.528)](-3.92 kips) 

+1.00[(0.7)(2)(16.5 kips)]

= 18.9 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

P0 
=(1.0+0.I05Sos)Po 

+ B2 (0.525Q0PQE )+0.75PL +0.75Ps

= [ 1.0+ 0.105(0.528)](-3.92 kips) 

+ l.00[(0.525)(2)(16.5 kips)]

+0.75(0 kips)+0.75(-4.74 kips)
= 9.63 kips 

and from Load Combination l O from 
ASCE/SEI 7, Section 2.4.5: 

Pc, =(0.6 0.14Sos)Po 

+ B2 ( 0.7Q0PQE)

= [o.6 0.14(0.528)](-3.92 kips) 

+ l .00[0.7(2)(16.5 kips)]

= 21.0 kips 
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From AISC Specification Equation A-8-1, the required flexural strength is: 

LRFD 

Mrx = B1M,ll + B2M11 

With Mn1 as previously calculated from 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6: 

Mrx = 1.03( 1 18 kip-ft)+ 1.00( 0 kip-ft) 

= 122 kip-ft 

and with M111 as previously calculated from 
Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

Mrx = 1.03(57.2 kip-ft)+ 1.00(0 kip-ft) 

= 58.9 kip-ft 

ASD 

Mrx = B1M,11 + B2M11

With M,ll as previously calculated from 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

Mrx = 1.03(77.3 kip-ft)+ 1.00(0 kip-ft) 

= 79.6 kip-ft 

and with Mnr as previously calculated from 
Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

Mrx = 1.03(166 kip-ft)+ 1.00(0 kip-ft) 

= 171 kip-ft 

and with Mn1 as previously calculated from 
Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

Mrx = 1.03(37.9 kip-ft)+ 1.00( 0 kip-ft) 

= 39.0 kip-ft 

Combined Loading (Flexure and Compression) 

Determine the applicable equation in AISC Specification Section H 1.1 : 

LRFD ASD 

With Pr as previously calculated from With Pr as previously calculated from 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

P,. 26.9 kips P,. 18.9 kips 
- -- -- -

I{ 157 kips I{ 104 kips 
= 0.171 = 0.182 

and with Pr as previously calculated from and with Pr as previously calculated from 
Load Combination 7 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

P,. 29.9 kips P,. 9.63 kips 
- -- -

I{ 157 kips I{ 104 kips 
= 0.190 =0.0926 
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LRFD ASD 
and with Pr as previously calculated from 
Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

P
r 21.0 kips 

-

-

P
c 

104 kips 
=0.202 

When Pr f Pc < 0.2, the beam design is controlled by the equation: 

(Spec. Eq. HI-lb) 

When Pr f Pc 2: 0.2, the beam design is controlled by the equation: 

+--+- <1.08
[

Mrx 
Mryl 

Pc,. 9 Mex 
Mey -

LRFD 
With Pr and Mrx as previously calculated 
from Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6: 

26.9 kips + ( 
122 kip-ft+ o) = 0.417

2(157 kips) 368 kip-ft 

0.417 < 1.0 o.k.

and with Pr and Mrx as previously 
calculated from Load Combination 7 
from ASCE/SEI 7, Section 2.3.6: 

29.9 kips +(
58.9 kip-ft +o) = 0.255

2(157 kips) 368 kip-ft 

0.255 < 1.0 o.k.

(Spec. Eq. HI-la) 

ASD 
With Pr and Mrx as previously calculated 
from Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

I8.9kips +(
79.6kip-ft+o)=0.4l6

2(104 kips) 245 kip-ft 

0.416 < 1.0 o.k.

and with Pr and Mrx as previously 
calculated from Load Combination 9 
from ASCE/SEI 7, Section 2.4.5: 

9.63kips +(
17lkip-ft+o)=0.744

2(104 kips) 245 kip-ft 

0.744 < 1.0 o.k.

and with Pr and Mrx as previously 
calculated from Load Combination 10 
from ASCE/SEI 7, Section 2.4.5: 

0.202+�(
39·0 kip-ft +o) = o.343

9 245 kip-ft 
0.343 < 1.0 o.k.
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Available Shear Strength 

From AISC Manual Table 6-2, the available shear strength of the W18x50 beam is: 

LRFD ASD 

<!Jv 
V,, = 192 kips> 11.8 kips o.k. = 128 kips> 16.6 kips o.k.

nv 

Available Tensile Strength 

From AISC Manual Table 6-2, the available strength of the W18x50 beam in axial tension 
for yielding on the gross section is: 

LRFD ASD 

<j)1Pn = 662 kips > 39.1 kips o.k. P,, = 440 kips> 27.3 kips o.k.

Qt 

Consider second-order effects (tension loading) 

Consider second-order effects according to AISC Specification Appendix 8. As previously 
calculated, B2 = 1.00. According to AISC Specification Appendix 8, Section 8.2, B1 is taken 
as 1.00 for members not subject to compression. Given that both B1 and B2 are equal to 1.00, 
there is no amplification required for second-order effects for the loads on the member when 
the diagonal brace is in tension. 

Combined Loading (Flexure and Tension) 

Because the axial tensile force is greater than the axial compressive force, interaction will 
be checked. 

LRFD ASD 

With P, and Mrx as previously calculated With P, and Mrx as previously calculated 
from Load Combination 6 from ASCE/ from Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Mrx =Mu Mrx =Ma 

= 118 kip-ft = 77.3 kip-ft 

P, .  =IPul Pr =IPal 
= 39. l kips = 27.3 kips 
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LRFD ASD 
By inspection, Load Combination 7 will and with Pr and Mrx as previously 
not govern. calculated from Load Combination 9 

from ASCE/SEI 7, Section 2.4.5: 

Mrx =Ma 
= 166 kip-ft 

Pr =IPal 
= 25.0 kips 

By inspection, Load Combination 10 will 
not govern. 

Determine the applicable equation in AISC Specification Section H 1.1: 

LRFD ASD 

Pr 39.1 kips Pr 27.3 kips 
- -- -

Pc 662 kips Pc 440 kips 
= 0.0591 =0.0620 

Because Prf P c< 0.2, the beam design is controlled by the equation: 

-+ -+- . Pr [ Mrx Mry 
J < l O 

2Pc Mex Mey -

LRFD 
With Pr and Mrx as previously calculated 
from Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6: 

39.1 kips +(
118 kip-ft +o)=0_350

2 ( 662 kips) 368 kip-ft 
0.350 < 1.0 o.k.

(Spec. Eq. HI-lb) 

ASD 
With Pr and Mrx as previously calculated 
from Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

27.3 kips + ( 
77.3 kip-ft+ 0) = 0_347

2( 440 kips) 245 kip-ft 
0.347 < 1.0 o.k.

and with Pr and Mrx as previously 
calculated from Load Combination 9 
from ASCE/SEI 7, Section 2.4.5: 

25.0 kips + 166 kip-ft+ 0) = 0_706
2 ( 440 kips) )45 kip-ft 
0.706< 1.0 o.k.
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Note that the available flexural strength was conservatively based on Ch = 1.0. Determining 

Ch and applying it would have resulted in a higher available flexural strength. 

The W18 x 50 is adequate for use as the OCBF Beam BM-1. 

Example 5.2.4. OCBF Brace-to-Beam/Column 

Connection Design 

Given: 

Refer to Joint JT-1 in Figure 5-2. Design the connection between the brace, beam and 

column. Use a bolted connection for the brace-to-gusset connection. Use a single-plate con

nection to connect the beam and gusset to the column and a welded connection between the 

beam and gusset plate. Use ASTM A992 for all W-shapes, A572 Grade 50 for all plates, 

and A36 for all angle material. Assume the member sizes are as determined in the previous 

OCBF examples. Use ¾-in.-diameter Group A bolts and 70-ksi weld electrodes. 

From Example 5 .2.1, the loads on the connection from the brace based on a first-order 

analysis are: 

PD= 5.54 kips PL= 0 kips Ps = 6.70 kips PQE = ±22.3 kips 

From Example 5.2.3, the loads on the connection from the beam (collector element), based 

on a first-order analysis are: 

PD = -3.92 kips 

MD = 72.0 kip-ft 

VD = 7.20 kips 

Solution: 

PL = 0 kips 

ML= 0 kip-ft 

VL = 0 kips 

Ps = -4.74 kips 

Ms= 120 kip-ft 

Vs = 12.0 kips 

PQE = ±16.5 kips 

MQE = 0 kip-ft 

VQE = 0 kips 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

Angles 

ASTM A36 

Fv = 36 ksi 

Fu = 58 ksi 

Plate 

ASTM A572 Grade 50 

F
y 

= 50 ksi 

Fu = 65 ksi 

W-shapes

ASTM A992

Fv = 50 ksi

Fu = 65 ksi
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From AISC Manual Table 1-1, the geometric properties are as follows: 

Beam 
W18x50 

5-35

A = 14.7 in.2
T = 15½ in. 
Zx = 101 in.3

d = 18.0 in. 
kdes = 0.972 in. 
ry = 1.65 in. 

h1 = 7.50 in. 
Ix = 800 in.4

tt = 0.570 in. 
Sx = 88.9 in.3

tw = 0.355 in. 
rx = 7.38 in. 

Column 
W10x49 
d = 10.0 in. ff = 0.560 in. tw = 0.340 in. kdes = 1.06 in. 
Brace 
W10x33 
A = 9.71 in.2 d = 9.73 in. tt = 0.435 in. tw = 0.290 in. ht = 7.96 in. 
Zy = 14.0 in.3

Required Strength 

From the loads given in Example 5.2.3, the required axial compressive strength of the 
collector at the beam-to-column connection is determined as follows. 

LRFD 

From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L), incorporating 
Ev and E1, from Section 12.4.3: 

Pu= (1.2+0.2SDs )PD +Q0PQE +0.5PL

+0.2fs

= [1.2+0.2(0.528)](0 kips) 

+2(16.5 kips)+o.5(0 kips)
+0.2(0 kips)

= 33.0 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Pu =(0.9 0.2SDs)PD+QoPQE 

= [o.9 0.2(0.528)](0 kips) 

+ 2 ( 16.5 kips)
= 33.0 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5, incorporating Ev

and E1, from Section 12.4.3: 

Pa= (1.0+0.14SDS )PD+ 0.7Q0PQE 

= [1.0 + 0.14( 0.528 )]( 0 kips) 

+0.7(2)(16.5 kips)
= 23.1 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa= (1.0+0.105SDS )PD 
+ 0.525Q0PQE + 0.75PL + 0.75Ps

= [1 .0 + 0.105( 0.528)]( 0 kips) 

+0.525(2)(16.5 kips)
+0.75(0 kips)+0.75(0 kips)

=17.3kips 
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LRFD ASD 
and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (0.6 -0.14SDS)Pv 
+ 0.7Q.0PQE

=[0.6 0.14(0.528)](0 kips) 

+0.7(2)(16.5 kips)
= 23.1 kips 

Note: These calculated axial compressive strengths result from the transfer of the collector 
force from the beam in the adjacent bay. The axial components from snow and gravity axial 
loads used in Example 5.2.3 are transferred from the brace gusset directly into the braced 
frame beam. 

According to AISC Seismic Provisions Section Fl .6a, the required strength of diagonal 
brace connections is the load effect based upon the seismic load with overstrength. Based 
on the loads given for the brace from Example 5.2.1, the maximum axial tensile force in the 
diagonal brace based upon the seismic load with overstrength is: 

LRFD 

From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L), incorporating 
Ev and E1, from Section 12.4.3: 

Pu = (1.2 + 0.2Svs )Pv + D.0PQE + 0.5PL 

+0.2Ps 

= [ 1.2 + 0.2( 0.528 )]( 5.54 kips) 

+2(-22.3 kips)+0.5(0kips)

+ 0.2( 6.70 kips)
= -36.0 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Pu
= (0.9-0.2Svs )Pv +0.oPQE 

= [o.9 0.2(0.528)](5.54 kips) 

+ 2(-22.3 kips)
= -40.2 kips 

ASD 

From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5, incorporating Ev 

and E1, from Section 12.4.3: 

Pa = (1.0 + 0.14Svs )Pv + 0.7Q.0PQE

= [1.o+0.14(0.528)](5.54 kips) 

+ 0.7( 2 )(-22.3 kips)
= -25.3 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (1.0+0.105Sos)Pv 
+ 0.525Q.0PQE + 0.75PL + 0.75Ps 

= [1.0+0.105(0.528)](5.54 kips) 

+0.525(2)(-22.3 kips)

+0.75(0 kips)+0.75(6.70 kips)
12.5 kips
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LRFD ASD 
and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Pc, = (0.6 0.14SDS )PD + 0.7[(,PQE 

=[0.6 0.14( 0.528) ]( 5.54 kips) 

+0.7(2)(-22.3 kips)
= -28.3 kips 

From AISC Seismic Provisions Table A3.1: 

Ry = I.I for ASTM A992 

According to the exception in AISC Seismic Provisions Section F l  .6a, the required axial 
tension strength of the connection need not exceed the expected yield strength of the brace 
divided by <Xs, where <Xs is the LRFD-ASD force level adjustment factor ( = 1.0 for LRFD 
and 1.5 for ASD): 

LRFD ASD 

Tu, exp = RyFyAg / <Xs Tc,, exp = RyFyAg / <Xs

= 1.1(50 ksi)(9.71 in.2 )/1.0 = 1.1(50 ksi)(9.71 in.2 )/1.5 

= 534 kips = 356 kips 

Therefore, the required strength of the brace connection in tension is Pu = 40.2 kips and 
Pa= 28.3 kips. 

The required shear strength of the beam concurrent with axial tension in the brace, as 
calculated in Example 5.2.3, is: 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Vu= 11.8 kips Va= 7.73 kips 

and from Load Combination 7 from and from Load Combination 9 from 
ASCE/SEI 7, Section 2.3.6: ASCE/SEI 7, Section 2.4.5: 

Vu = 5.72 kips Va= 16.6 kips 

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Va = 3.79 kips 

The required shear strength acts concurrently with the maximum tension force in the diagonal 
brace. 
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Considering the load combinations given in ASCE/SEI 7, the maximum compressive axial 
force in the diagonal brace based upon the seismic load with overstrength is: 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L), incorporating 
Ev and E1, from Section 12.4.3: 

Pu 
= (1.2+0.2SDs)PD +Q0PQE

+ 0.5PL + 0.2Ps
= [ 1.2 + 0.2( 0.528)]( 5.54 kips) 

+ 2( 22.3 kips)+ 0.5( 0 kips)

+0.2(6.70 kips)

= 53.2 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6, incorporating 
Ev and E1, from Section 12.4.3: 

Pu =(0.9 0.2SDS)PD +Q0PQE 

= [o.9 0.2(0.528)](5.54 kips) 

+2(22.3 kips)

= 49.0 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7 Section 2.4.5, incorporating Ev and 
E1, from Section 12.4.3: 

Pa = (1.0 + 0.14SDS 
)PD + 0.7Q0PQE 

= [1.0+0.14(0.528)](5.54 kips) 

+0.7(2)(22.3 kips)

= 37.2 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5, incorporating 
Ev and E1, from Section 12.4.3: 

Pa = (1.0+0.105SDS 
)PD

+ 0.525Q0PQE + 0.75PL + 0.75Ps

= [ 1.0 + 0.105 ( 0.528)] ( 5.54 kips) 

+0.525(2)(22.3 kips)+0.75(0 kips)

+0.75(6.70 kips)

= 34.3 kips 

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5, incorporating 
Ev and E1, from Section 12.4.3: 

Pa= (0.6 0.14SDS 
)PD +0.7Q0PQE 

= [o.6 0.14(0.528)](5.54 kips) 

+0.7(2)(22.3 kips)

= 34.1 kips 

According to the Exception in AISC Seismic Provisions Section Fl .6a, the required axial 
strength of the brace connection in compression need not exceed the lesser of the expected 
yield strength divided by as and l. lFcreAgfas, where Fcre is based on the expected yield 
stress, RyFy. 
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As determined in Example 5.2.1, the available compressive strength of the brace is: 

LRFD ASD 

<PcPn = 71.7 kips> 53.2 kips o.k.
Pn = 47.8 kips> 37.2 kips o.k.

QC 

The available compressive strength is greater than the maximum compressive axial force 
calculated using the seismic load with overstrength. Therefore, the exception limiting 
the required axial compressive strength to the expected yield strength divided by as and 
l .1FcreAg

l% will not govern. The required strength of the brace connection in compression 
is Pu = 53.2 kips and Pa = 37.2 kips. 

The required shear strength of the beam that acts concurrently with maximum axial com
pression in the brace is, as calculated in Example 5.2.3: 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Vu
= 11.8 kips Va

= 7.73 kips 

and from Load Combination 7 from and from Load Combination 9 from 
ASCE/SEI 7, Section 2.3.6: ASCE/SEI 7, Section 2.4.5: 

Vu = 5.72 kips Va
= 16.6 kips 

and from Load Combination l O from 
ASCE/SEI 7, Section 2.4.5: 

Va = 3.79 kips 

Brace-to-Gusset Connection 

Using AISC Manual Table 7-1 for ¾-in.-diameter Group A bolts, with threads not excluded 
from the shear plane (thread condition N), in standard holes in double shear: 

LRFD 

<j)r,1 = 35.8 kips/bolt rn = 23.9 kips/bolt 
Q 

ASD 
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For the limit state of bolt shear, the minimum number of bolts required in the brace-to

gusset connection is: 

LRFD ASD 

P,, 
n=- Pa 

n=- -

cpr,, r,, IQ 

53.2 kips 37.2 kips 
-

-

- -

35.8 kips/bolt 23.9 kips/bolt 

= 1.49 bolts = 1.56 bolts 

To facilitate erection, use oversized holes in one ply of the connection as permitted in AISC 

Seismic Provisions Section D2.2(c). 

When oversized holes are used in the diagonal brace connection, the required strength 

for the limit state of bolt slip need not exceed the load effect calculated using the load 

combinations not including the seismic load with overstrength, according to AISC Seismic 

Provisions Section F l.6a(c). These correspond to the required strengths calculated for the 

member design in Example 5 .2.1. 

Therefore, the required strength for the limit state of bolt slip need not exceed: 

LRFD ASD 

Pu slip = 30.9 kips Pa slip = 22.6 kips

From AISC Manual Table 7-3 for ¾-in.-diameter Group A slip-critical bolts in double 

shear, Class A faying surfaces, with oversized holes in the diagonal brace web and standard 

holes in the gusset and angles: 

For the limit state of bolt slip, the minimum number of bolts required in the brace-to-gusset 

connection is: 

LRFD ASD 

Pu 

n=- n= 
<l>rn r,,/Q 

30.9 kips 22.6 kips 
- -

- -

16.1 kips/bolt 10.8 kips/bolt 

= 1.92 bolts = 2.10 bolts 
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Use four claw angles to connect the brace to the gusset as shown in Figure 5-6. Try four 
L3½x3½x5/16 claw angles each connected to the gusset and brace web with two ¾-in.
diameter Group A slip-critical bolts in double shear, Class A faying surfaces. Therefore, the 
total number of bolts at the brace-to-angle connection and at the angle-to-gusset connection, 
nb = 4, is greater than the minimum number of bolts calculated above. 

From AISC Manual Tables 1-7 and l -7A: 

Claw Angles 
L3½x31hx5/16 

A= 2.10 in.2 x = 0.979 in. g = 2 in. 

For short claw angle connections, eccentricity may be an issue and should be considered for 
angles with the ratio L/g < 4. For angles with the ratio L/g 2: 4, the eccentricity effect of 
connections to opposite angle legs can safely be ignored (Thornton, 1996). Lis the distance 
between the centers of bolt groups on opposite legs of the angle, and g is the bolt gage in 
the angle leg. See Figure 5-3. 

Consider a 2-in. edge distance on the brace and the gusset, ½-in. space between the end of 
the brace and the end of the gusset, and 4-in. spacing between bolts. 

L 
_2[

4 in. 2. ½ in.
J- --+ m.+- -

2 2 

=8.50 in. 
L 8.50 in. 
g 2 in. 

= 4.25 > 4 o.k. 

Fig. 5-3. Single claw angle dimensions for check of eccentric effect. 
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Check tensile yielding of the angles 

A
g 

= gross area of four angles 
=4A 

= 4( 2.10 in.2)

= 8.40 in.2

For tensile yielding of connecting elements, the nominal strength is: 

Rn
= F

y
A

g 

= (36 ksi)(8.40 in.2)
= 302 kips 

The available tensile strength (yielding) of the four angles is: 

LRFD 

<j)Rn = 0.90(302 kips) Rn 
(302 kips) 

1.67 

ASD 

BRACED FRAMES 

(Spec. Eq. J4-l) 

= 272 kips > 1-40.2 kips! o.k. = 181 kips > I-28.3 kips I o.k.

Check tensile rupture of the angles 

From AISC Specification Table D3.1, Case 2, the shear lag factor is: 

U=l .:::. 
l 

= 1 _ 0.979 in.
4 in. 

= 0.755 

Use standard holes in the angles. For calculation of net area, AISC Specification Section 
B4.3b defines the width of the bolt hole as 1/15 in. greater than the nominal dimension of the 
hole, where the nominal hole dimension is given in Table J3.3 as 11/i6 in. for a ¾-in.-diameter 
bolt in a standard hole. 

An = A
g 

4t( d1, + ½6 in.) 

= 8.40 in.2 4(5116 in.)( 13/i6 in.+ 1/i6 in.) 

= 7.31 in.2

A
e = AnU

= (7.31 in.2 )(o.755) 

= 5.52 in.2 
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For tensile rupture of connecting elements, the nominal strength is: 

Rn = FuAe 

= (58 ksi)(5.52 in.2)

= 320 kips 

LRFD 

<J>Rn = 0.75(320 kips) 
= 240 kips> 40.2 kips o.k.

Check block shear rupture of the angles 

ASD 

Rn 320 kips --

2.00 
= 160 kips> 28.3 kips 

5-43

(Spec. Eq. J4-2) 

o.k.

AISC Manual Tables 9-3a, 9-3b and 9-3c for block shear may be used here for accurately 
calculating the tension rupture component. For the shear components, the values in the 
tables are based on a bolt spacing of 3 in., whereas this connection uses 4-in. bolt spacing. 
For this reason, the tables are not used here for calculating shear components (but could 
have been used as a conservative check). 

The horizontal edge distance along the tension plane, Zeh, is calculated as the angle leg less 
the gage: 

Leh = 3 ½ in. -2 in. 
= 1.50 in. 

Use an edge distance, Lev, of 1 ½ in. at the ends of the angles. 

The nominal strength for the limit state of block shear rupture relative to the axial load on 
the angles is: 

Rn = 0.60FuAnv + UbsFuAnt � 0.60FyAgv + UbsFuAnt 

where 

Ag
v = ( 4 angles)( 4 in.+ lev )t 

= ( 4 angles) ( 4 in.+ 1 ½ in.) ( 5/15 in.) 

= 6.88 in.2 

Ant = (4 angles)[zeh -½(dh + 1/15 in.)]t 

= (4 angles)[!.50 in. ½(13/16 in.+ 1li6 in.)](5!i6 in.) 

= 1.33 in.2 

Anv = ( 4 angles )[4 in.+ lev I½( dh + 1/16 in.) ]t 

= ( 4 angles)[ 4 in.+ I½ in. -1 ½(11/15 in.+ 1/15 in.)](5!i6 in.) 

= 5.23 in.2 

U1,, = 1.0 
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and 

R
n 

= 0.60( 58 ksi)( 5.23 in.2) + 1.0( 58 ksi)( 1.33 in.2)

<::;0.60(36 ksi)(6.88 in.2)+1.0(58 ksi)(I.33 in.2)
= 259 kips > 226 kips 

Therefore: 

Rn
= 226 kips

BRACED FRAMES 

The available strength for the limit state of block shear rupture on the angles is: 

LRFD ASD 

<PRn
= 0.75(226 kips) Rn 226 kips 

2.00 
= 170 kips> 40.2 kips o.k.

= 113 kips> 28.3 kips o.k.

Check tension rupture of the brace 

The claw angles are connected only to the web of the W10 x 33 brace and not to the flanges. 
Therefore, shear lag may reduce the effective area. The bolt holes in the web of the brace 
are oversized for erection tolerance. 

Because the tension load is transferred only at the web of the wide-flange brace, AISC 
Specification Table D3. l ,  Case 2, is applicable. However, to simplify calculation of the net 
section, consider the tensile rupture capacity of the web element only. This is similar to 
Table D3.1, Case 3, which applies to members with transverse welds to some, but not all, 
of the cross-sectional elements. 

From AISC Specification Table J3.3, the diameter of an oversized hole, dh, for a ¾-in.
diameter bolt is 15/16 in. From AISC Specification Section B4.3b, when computing the net 
area, the width of the bolt hole is taken as 1/t6 in. greater than the nominal dimension of 
the hole. 

Effective net area: 

U = 1.0 
A

n
= [d-2(dh + 1/16 in.)]tw 

= [9.73 in.-2( 15/16 in.+ 1/tG in.)](0.290 in.) 

= 2.24 in.2

A
e 

= A
nU

= ( 2.24 in.2 )(1.0) 

= 2.24 in.2
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For tensile rupture of the brace web, the nominal strength is: 

= ( 65 ksi )( 2.24 in.2) 
= 146 kips 

The available tensile rupture strength of the brace web is: 

LRFD 

<J>Rn = 0.75(146 kips) Rn 146 kips 
2.00 

ASD 

= 110 kips > 40.2 kips o.k. = 73.0 kips> 28.3 kips 

5-45

(Spec. Eq. J4-2) 

o.k.

For this lightly loaded member, this conservative and simplified calculation indicates that 
the available tensile rupture strength is adequate. 

Alternatively, the effective net area could be calculated for the entire section as follows. 
Calculate U, the shear lag factor, in accordance with AISC Specification Table D3. l ,  Case 
2. AISC Specification Commentary Figure C-D3. l suggests that the shape be treated as two
channels with the shear plane at the web centerline, as shown in Figure 5-4.

Fig. 5-4. Tension rupture on brace. 
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AISC Specification Commentary Section D3 states that x can be calculated using the 
geometric properties of the W-shape as: 

X= 

14.0 in.3

9.71 in.2
= 1.44 in. 

From AISC Specification Table D3. 1, with the connection length, l, of 4 in.: 

U=1 
x 

l 

=1 
1 .44 in. 

4 in. 
= 0.640 

For a W10 x 33 brace, using oversized holes in the brace web, the effective net area is: 

Ae = A,,U 
= [A- 2(d1i + 1/16 in.)t

w 
ju 

= [9.71 in.2 2( 11/16 in.+ V16 in.)(0.290 in.)](0.640) 

= 5.84 in.2

For tensile rupture of the beam web, the nominal strength is: 

Rn= FuAe 
= ( 65 ksi )( 5.84 in.2) 

= 380 kips 

The available tensile rupture strength of the brace web is: 

LRFD 

<J>Rn 
= 0.75(380 kips) R,, 380 kips 

2.00 

ASD 

= 285 kips > 40.2 kips o.k. = 190 kips> 28.3 kips 

(Spec. Eq. D3-l )  

(Spec. Eq. J4-2) 

o.k.

As shown, the available strength of the W-shape brace for the limit state of tensile rupture 
as calculated per the simplified calculation (with only the brace web considered effective) is 
adequate for the applied loads. However, if additional capacity was required, the available 
strength as calculated per AISC Specification Table D3.1, Case 2, is much greater. 

Check block shear rupture of the brace web 

The portion of the brace web between the bolt lines is checked for block shear as shown in 
Figure 5-5. Assume a gusset plate thickness, tg, of ¾ in. 
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The nominal strength for the limit state of block shear rupture relative to the axial load on 
the brace web is: 

Rn = 0.60FuAnv + U hsFuAnt S 0.60FyAgv + U hsFuA,u 

where 

Agv = 2( 4 in.+ 2 in.)tw

= 2(4 in.+2 in.)(0.290 in.) 

= 3.48 in.2 
Ant =[2g+tg (dh+ 1li6in.)]tw

=[2(2 in.)+¾ in.-( 15!i6 in.+ 1/i6 in.)](0.290 in.) 

= 0.979 in.2

A11v = 2[4in.+2 in. l½(dh+V16in.)] tw

= 2[4 in.+ 2 in. l ½( 1 5/16 in.+ ½6 in.)]( 0.290 in.) 

= 2.61 in.2

Uhs = 1.0 

and 
Rn = 0.60( 65 ksi )( 2.61 in.2) + 1.0( 65 ksi)( 0.979 in.2) 

:S: 0.60( 50 ksi )( 3.48 in.2) + 1.0( 65 ksi )( 0.979 in.2) 

= 165 kips< 16 8 kips 

Therefore: 

R11 = 165 kips 

2" 4" 

I 

W10x33 

brace 

I 

-
- -

-
1-

- - -
I 

-•-- -· 

Block shear 

path 

Fig. 5-5. Brace web block shear path. 
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The available strength for the limit state of block shear rupture on the brace web is: 

LRFD ASD 

<!JRn = 0.75(165 kips) 165 kips 
Q 2.00 

= 124 kips> 40.2 kips o.k.
= 82.5 kips > 28.3 kips o.k.

Check block shear rupture of the gusset plate 

With a block shear failure path similar to the one shown in Figure 5-5, and with an assumed 
gusset thickness, t

g 
= 3/s in., edge distance, lev = 2 in., and standard holes in the gusset, the 

nominal strength for the limit state of block shear rupture relative to the axial load on the 
gusset plate is: 

Rn = 0.60F,,Anv + UbsFuAnt � 0.60FyAgv + UbsFi,Ant 
where 

Agv = 2( 4 in.+ 2 in.)t
g

= 2( 4 in.+ 2 in.)(Ys in.) 

= 4.50 in.2

Ant =[2g+tw (dh+ 1li6in.)]t
g 

= [2( 2 in.)+ 0.290 in. -( 11/i6 in.+ 1/16 in.)](31s in.) 

= 1.28 in.2

Anv = 2[4 in.+ 2 in. -1 ½( dh + 1/16 in.)]t
g

= 2[4 in.+ 2 in. 1 ½( 13/16 in.+ l/i6 in.)](31s in.) 

= 3.52 in.2

Ubs = 1.0 

and 

Rn = 0.60( 65 ksi)( 3.52 in.2) + 1.0( 65 ksi)( 1.28 in.2)

� 0.60( 50 ksi)( 4.50 in.2) + 1.0( 65 ksi)( 1.28 in.2) 
= 220 kips> 218 kips 

Therefore: 

Rn
= 218 kips 

(Spec. Eq. J4-5) 

The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD ASD 

<!JRn = 0.75(218 kips) Rn -
218 kips 

-

2.00 
= 164 kips> 40.2 kips o.k.

= 109 kips > 28.3 kips o.k.
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Check the gusset plate for buckling on the Whitmore section 

The "Whitmore section" is discussed in AISC Manual Part 9 (Figure 9-1) and in Thornton 

and Lini (2011 ), and is shown for this example in Figure 5-6. 

W.P. 

W10x49 
column 

(j:_ column 

I 

� I
co 

(6) ¾" dia. Group A
(thread condition N)
bolts in std. holes

Section A-A 

W18x50 beam 

2½" 

(4) L3½x3½x5!i6 with (4) ¾" dia.
Group A slip-critical bolts to
gusset, Class A faying surfaces,
std. holes

W10x33 brace 

(4) ¾" dia. Group A
slip-critical bolts,
Class A faying
surfaces, std. holes
in angles, ovs. holes
in web of brace

(4} L3½x3½x5!i6 

Fig. 5-6. Assumed initial geometry for Examples 5.2.1 through 5.2.4. 
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On the gusset plate, the space between the bolt lines of the angles is: 

2g+tw = 2(2 in.)+0.290 in. 
= 4.29 in. 

The Whitmore width is: 

lw = 2ltan30° 
+s

r 

= 2( 4 in.) tan30° + 4.29 in.
= 8.91 in. 

¾ in. 
m 

= 0.108 in. 

BRACED FRAMES 

Use the effective length factor, K, of 0.50 as established by full-scale tests on bracing con
nections (Gross, 1990). Note that this K value requires the gusset to be supported on both
edges. Alternatively, the effective length factor for gusset buckling could be determined
according to Dowswell (2006). 

From Figure 5-6, the unbraced length of the gusset plate along the axis of the brace is 
L = 8.70 in. (The length of buckling can be calculated as demonstrated in Example 5.3.9; 
here it is determined graphically.) 

KL 0.50(8.70 in.) 
r 0.108 in. 

=40.3 

From AISC Manual Table 4-14, with F
y 

= 50 ksi and Le = 40.3: 
r 

<llcFcr = 39.9 ksi 

LRFD 

= 26.6 ksi 
QC 

ASD 

Therefore, from AISC Specification Equation E3-l ,  the available compressive strength
based on flexural buckling is: 

LRFD 

<pPn = <llcFcrAg

= (39.9 ksi)(8.91 in.)(¾ in.) 
= 133 kips> 53.2 kips o.k.

P,, = l Fer )A
g 

Q QC 

ASD 

= (26.6 ksi)(8.91 in.)(¾ in.) 
= 88.9 kips> 37.2 kips o.k.
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Note: An alternative is to use a reduced unbraced buckling length for the gusset calculated 
from the average values from the end and center of the Whitmore section. See Appendix C 
of AISC Design Guide 29, Vertical Bracing Connections-Analysis and Design (Muir and 
Thornton, 2014; Dowswell, 2006). 

Because the absolute value of the required strength of the connection in tension is less than 
the required strength of the connection in compression, tension yielding on the Whitmore 
section will not control. 

Check bolt bearing and tearout on the angles connected to the brace 

Standard holes are used in the angles. From AISC Specification Table J3.3, for a ¾-in.
diameter bolt, d1, = Ll/16 in. 

The bearing and tearout strength requirements per bolt are given by AISC Specification

Section 13.10. 

The bearing strength per bolt is: 

r,, = 2.4dtF
u 

= 2.4(¾ in.)( 5!i6 in.)(58 ksi) 
= 32.6 kips/bolt 

(Spec. Eq. J3-6a) 

For the interior bolt with a bolt spacing of 4 in., the tearout strength per bolt is: 

rn = l .2lctFu 

= 1.2(4 in.- 13/16 in.)(5!i6 in.)(58 ksi) 
= 69.3 kips/bolt 

(Spec. Eq. J3-6c) 

Therefore, the nominal strength for bearing controls over tearout at the interior bolt, 
rn = 32.6 kips/bolt. The available strength of the interior bolt is: 

LRFD ASD 

<\Jrn =0.75(32.6 kips/bolt) r,, 32.6 kips/bolt 
2.00 

= 24.5 kips/bolt = 16.3 kips/bolt 

Note that AISC Manual Table 7-4 could also have been used; however, it is based on 
smaller bolt spacing than 4 in. 

For the end bolt, with le = I½ in., the nominal tearout strength per bolt is: 
rn = I .2lctFu 

= 1.2 [ 1 ½ in. -½ ( 13/16 in.)] ( 51i6 in.)( 58 ksi) 

= 23.8 kips/bolt 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(Spec. Eq. J3-6c) 



5-52 BRACED FRAMES 

Therefore, the nominal strength for tearout controls over bearing at the end bolt, rn = 23.8 
kips/bolt. The available strength of the end bolt is: 

LRFD ASD 

<\Jrn =0.75(23.8 kips/bolt) 
rn -

23.8 kips/bolt 
-

Q 2.00 
= 17.9 kips/bolt = 11.9 kips/bolt 

From AISC Manual Table 7-3, for ¾-in.-diameter Group A slip-critical bolts in single shear, 
Class A faying surfaces, with oversized holes in the diagonal brace web and standard holes 
in the gusset and angles, the available bolt slip resistance is controlled by the oversized hole 
type. The available slip resistance is: 

LRFD 

<\)r,1 = 8.07 kips/bolt 

ASD 

= 5.39 kips/bolt 
Q 

The available slip resistance will control over available bolt shear streangth, and the avail
able strength for bearing and tearout exceeds the available bolt slip resistance for both 
interior and edge bolts. Therefore, the effective strength of the connection is controlled 
by bolt slip resistance. Considering four angles, each with two bolts, the effective fastener 
strength is: 

LRFD 

<\JRn = ( 4 angles) 

x(2 bolts)(8.07 kips/bolt) 

= 64.6 kips> 53.2 kips o.k.

Rn = ( 4 angles)
Q 

ASD 

x(2 bolts)(5.39 kips/bolt) 

= 43.1 kips > 37 .2 kips o.k.

Check bolt bearing and tearout on brace web 

Oversized holes are used in the brace. From AISC Specification Table J3.3, for a ¾-in.
diameter bolt, dh = 15/16 in. 

The bearing strength per bolt is: 

rn = 2.4dtFu 

= 2.4(¾ in.)( 0.290 in.)( 65 ksi) 

= 33.9 kips/bolt 
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For the interior bolt with a bolt spacing of 4 in., the tearout strength per bolt is: 

rn = l .2lctFu (Spec. Eq. J3-6c) 
= 1.2(4 in. 15/iG in.)(0.290 in.)(65 ksi)

= 69.3 kips/bolt 

Therefore, the nominal strength for bearing controls at the interior bolt, r11 = 33.9 kips/bolt. 
The available strength of the interior bolt is: 

LRFD ASD 

<pr,
1 
= 0.75(33.9 kips/bolt) rn 

33.9 kips/bolt 
Q 2.00 

= 25.4 kips/bolt = 17.0 kips/bolt 

Note that AISC Manual Table 7-4 could have been used, but the table is based on smaller 
bolt spacing than the 4 in. used in this example. 

Use AISC Manual Table 7-5 for the end bolts. For le
= 2 in., and oversized holes, the bear

ing and tearout strength per inch of thickness per end bolt is: 

LRFD 

<pr,, = 87 .8 kip/in. rn = 58.5 kip/in.
Q 

ASD 

The available bearing and tearout strength of the end bolt is: 

LRFD ASD 

<pr11 = (87.8 kip/in.)(0.290 in.) rn = ( 58.5 kip/in.) ( 0.290 in.)
Q 

= 25.5 kips/bolt = 17.0 kips/bolt 

The available strength for bearing and tearout exceeds the available bolt slip resistance 
previously determined for both the interior and edge bolts; therefore, the effective strength 
of the connection is controlled by bolt slip resistance. Considering four bolts on the brace in 
double shear, the effective fastener strength is: 

LRFD 

<pR11 
= ( 4 bolts) 

x(2 shear planes)(8.07 kips/bolt) 

= 64.6 kips> 53.2 kips o.k.

Rn = ( 4 bolts)
Q 

ASD 

x ( 2 shear planes) ( 5.39 kips/bolt) 

= 43.1 kips > 37 .2 kips o.k.
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Check bolt bearing and tearout on the gusset 

Standard holes are used in the gusset. From AISC Specification Table J3.3, for a ¾-in.
diameter bolt, dh = 13/16 in. 

The bearing strength per bolt is: 

r,
1 

= 2.4dtFu 

= 2.4(¾ in.)(31s in.)(65 ksi) 

= 43.9 kips/bolt 

(Spec. Eq. J3-6a) 

For the interior bolt with a bolt spacing of 4 in., the tearout strength per bolt is: 

rn = l .2lc tF,, 

= 1.2 ( 4 in. - 13/16 in.) ( 3/s in.) ( 65 ksi) 

= 93.2 kips/bolt 

(Spec. Eq. J3-6c) 

Therefore, the nominal strength for bearing controls at the interior bolt, rn = 43.9 kips/bolt. 
The available strength of the interior bolt is: 

LRFD ASD 

<J>rn = 0.75( 43.9 kips/bolt) rn 43.9 kips/bolt 
2.00 

= 32.9 kips/bolt = 22.0 kips/bolt 

Note that AISC Manual Table 7-4 could also have been used. However, it is based on 
smaller bolt spacing than 4 in. 

Use AISC Manual Table 7-5 for the end bolts. For le = 2 in., the bearing and tearout strength 
per end bolt is: 

LRFD 

<j>r,, = 87.8 kip/in. rn 
= 58.5 kip/in. 

Q 

ASD 

The available bearing and tearout strength of the end bolt is: 

LRFD 

<j>r11 
= (87.8 kip/in.)(31s in.) 

= 32.9 kips/bolt 

ASD 

rn = (58.5 kip/in.)(3/s in.)
Q 

= 21.9 kips/bolt 

The available bolt slip resistance determined previously is less than the available strength 
for bearing and tearout for both interior and edge bolts; therefore, the effective strength of 
the connection is controlled by bolt slip resistance. Considering four bolts on the gusset 
plate, the effective fastener strength is: 
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LRFD ASD 

<!>R
n 

= ( 4 bolts) R 
� = ( 4 bolts) 

x( 2 shear planes )(8.07 kips/bolt) x ( 2 shear planes) ( 5 .39 kips/bolt) 
= 64.6 kips> 53.2 kips o.k. = 43.1 kips > 37 .2 kips o.k.

Use four Group A slip-critical bolts in double shear, Class A faying surfaces, to connect four 
L3½x3½x5/16 claw angles to the gusset and brace web. Use standard holes in the angles 
and gusset, and oversized holes in the brace web. 

Connection Interface Forces 

The forces at the gusset-to-beam and gusset-to-column interfaces are determined using the 
Uniform Force Method. The planes of uniform forces will be set at the column bolt line and 
the gusset-to-beam interface. The assumption of a plane of uniform force at the column bolt 
line allows the bolts at the column connection to be designed for shear and axial load only 
(no eccentricity) and therefore simplifies the design. 

It should be noted that this assumption is different than that made for the typical cases of 
the Uniform Force Method discussed in the AISC Manual where the uniform force at the 
column is at the face of the column flange. Appropriate work points and uniform force planes 
can often be selected conveniently to balance engineering, fabrication and erection economy. 

As previously calculated, the maximum brace force according to ASCE/SEI 7 load combi
nations is 53.2 kips (LRFD) or 37.2 kips (ASD) acting in compression. The maximum brace 
force in tension is 40.2 kips (LRFD) or 28.3 kips (ASD). Consider the larger compression 
force to act in both directions in order to simplify calculations. 

Assume an initial connection geometry as shown in Figure 5-6. Using the analysis found in 
AISC Manual Part 13: 

db 
eb =

2 
18.0 in. 

2 
= 9.00 in. 

de ec = -+ 2.50 m. 
2 

_ 10.0 in. 
2 50 . - -- -+ . m. 

2 
= 7.50 in. 

Set � as the distance from the bottom of the beam to the center of the two bolts connecting 
the single plate to the gusset. 

�=4 in.+½(3 in.) 

= 5.50 in. 
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Use a shared single-plate connection to connect the beam and gusset to the column. 
Therefore, the bottom flange of the beam must be either coped or blocked flush to clear the 
single-plate shear connection. Consider no weld between the gusset and the beam for 5 in. 
to allow for a 4 1/2-in.-wide single plate with a 1/2-in. clearance between the plate and the start 
of the blocked beam flange. Assume a 17-in.-long gusset with a 1/2 in.-clearance to the 
column flange. Consider the gusset-to-beam weld length as 12.5 in. Because the bolt line is 
used as the plane of uniform force, the distance to the center of the gusset-to-beam weld, a,

must be set from the bolt line. 

12.5 in. 
4u .

1, • a = ---+ 12 m.+ 12 m. 
2 

= 8.75 in. 

2½ in. 

Note: Alternatively, where the beam flange is blocked flush to lap the shear tab, the gusset 
could be welded to the beam with a one-sided fillet weld on the far side of the gusset, and a 
flush partial-joint-penetration groove weld on the near side. This would allow the full length 
of the gusset along the beam to be included in the design at this interface. 

Setting � = �, the value of a required for the uniform forces is: 

a = eb tan e ec + � tan e

= (9.00 in.)tan45° 7.50 in.+(5.50 in.)tan45° 

= 7.00 in. 

(from Manual Eq. 13-1) 

Because the a required for uniform forces does not equal a based on this initial geometry, 
uniform forces at the interfaces are not possible with the current configuration. The connec
tion geometry can be adjusted by an iterative process to achieve the uniform distribution. 
Alternatively, the connection can be analyzed with an additional moment per the method 
described as "Analysis of Existing Diagonal Bracing Connections" in AISC Manual Part 13. 

Because the gusset-to-beam connection is more rigid than the gusset-to-column connec
tion, the beam can be assumed to resist the moment generated by the eccentricity between 
the actual gusset connection centroids and the ideal centroids calculated using the Uniform 
Force Method. 

Using a= 7.00 in. and � = 5.50 in.: 

r=�(a+ec)2 +(�+eb)2 

= 20.5 in. 

(Manual Eq. 13-6) 

The required shear force at the gusset-to-column connection is determined as: 

� Ve =-P (Manual Eq. 13-2) 
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LRFD 

13 
Vue =-Pu 

r 

= [ 5·50 '.n. )( 53.2 kips)
20.5 Ill. 

= 14.3 kips

ASD 

13 
Vac =-Pa 

r 

= [ 5·50 '.n-)(37.2 kips)
20.5 Ill. 

=9.98 kips

The required axial force at the gusset-to-column connection is determined as:

5-57

(Manual Eq. 13-3)

LRFD 

ec 
Hue =-Pu 

r 

= [ 7 ·50 '.n} 53.2 kips)
20.5 Ill. 

= 19.5 kips

ASD 

ec 
Hae =-Pc, 

r 

= [ 7·50 '.n. )(37.2 kips)
20.5 Ill. 

= 13.6 kips

The required shear force at the gusset-to-beam connection is determined as:

LRFD 

a 
Hub =-Pu 

r 

=[7·00 '.n-)(53.2 kips)
20.5 Ill. 

= 18.2 kips

(Manual Eq. 13-5)

ASD

a 
Hab =-Pa 

r 

= [ 7·00 '.n. )(37.2 kips)
20.5 Ill. 

= 12.7 kips

The required axial force at the gusset-to-beam connection is determined as:

(Manual Eq. 13-4)

LRFD ASD 

eh 
Vub =-Pu 

eh 
Vab =-Pa 

r 

= [ 9·00 '.n. )( 53.2 kips)
20.5 Ill. 

= 23.4 kips

The moment at the gusset-to-beam interface is:

r 

= [ 9.00 '.n. )(37.2 kips)
20.5 m. 

= 16.3 kips

(from Manual Eq. 13-14)
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LRFD ASD 

Mub = Vubla-al Mab = Vc,bla al 
= ( 23.4 kips)l7,00 in. 8.75 in.I = (16.3 kips)l7,00 in. 8.75 in.I 
= 41 .0 kip-in. = 28.5 kip-in. 

The connection interface forces are illustrated symbolically in Figure 5-7 and summarized 
as follows based on Load Combination 6 from ASCE/SEI 7, Section 2.3.6 (LRFD), and 
Load Combination 8 from Section 2.4.5 (ASD), which result in the maximum brace force. 

LRFD 

Rub = 11.8 kips 
Aub = 33.0 kips 
Vub = 23.4 kips 
Hub = 18.2 kips 
Mub = 41.0 kip-in. 

Vue = 14.3 kips 
Hue = 19.5 kips 

Gusset-to-Beam Connection 

Design gusset-to-beam weld 

ASD 

Rab = 7.73 kips 
Aab = 23.1 kips 
Vab = 16.3 kips 
Hab = 12.7 kips 
Mab = 28.5 kip-in. 

Vae = 9.98 kips 
Hae = 13.6 kips 

The gusset-to-beam weld will be determined by applying the plastic method discussed in 
AISC Manual Part 8. 

To accommodate the bottom flange block, which extends ½ in. past the single plate, the 
maximum length of weld along the gusset-to-beam interface is: 

lwb = 17½ in. 4½ in. ½ in. 
= 12.5 in. 

The shear force, axial force, and force due to flexure per linear inch of weld are found using 
AISC Manual Equations 8-12, 8-13 and 8-14: 

fuv = 
lwb

18.2 
12.5 in. 

= 1.46 kip/in. 

LRFD 

J;,v = 
l wb

12.7 kips 
12.5 in. 

= 1.02 kip/in. 

ASD 
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Fig. 5-7. Free-body diagrams for Example 5.2.4. 
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LRFD ASD 

f - Vubua - lwb
f, _ Vabaa - lwb

23.4 kips 16.3 kips 
- -- -

12.5 in. 12.5 in. 
= 1.87 kip/in. = 1.30 kip/in. 

f, - 4Mub f, - 4Mahuh - l 2 
ah - l 2 wb wh 

4( 41.0 kip-in.) 4(28.5 kip-in.) 
- -- -

(12.5 in.)2 (12.5 in.)2 

= 1.05 kip/in. = 0.730 kip/in. 

The force on the weld due to bending is determined using plastic section properties as per 
the plastic method indicated in AISC Manual Part 8. The examples in this Manual that 
employ special concentrically braced frame connections also use a plastic stress distribution 
to determine the forces at the beam-to-gusset interface. 

Use a vector sum (square root of the sum of the squares) to combine the shear, axial and 
bending stresses on the gusset-to-beam interface. Because the bending stress acts in opposite 
directions over each half of the length, this creates both a maximum (peak) and a minimum 
stress. The average stress is determined based on the maximum (peak) stress and the mini
mum stress. All stress units below are in kip/in. 

LRFD 

fu,peak = 

(1.87 kip/in.+ 1.05 kip/in.)2 

+(1.46 kip/in.)2 

= 3.26 kip/in. 

fu,avg = ½ 

=½ 

�(fua -fub )
2 

+ fuv 2 

+�(fua + fuh)2 + J,n,2

(
1.87 kip/in.

)
2 

-1.05 kip/in. 

+(1.46 kip/in.)2

(
1.87 kip/in. 

)
2 

+ + 1.05 kip/in.

+ ( 1.46 kip/in. )2

= 2.47 kip/in. 

ASD 

fa.peak = 

(1.30 kip/in.+ 0.730 kip/in.)2

+(1.02 kip/in.)2 

= 2.27 kip/in. 

fa,avg = ½ 

=½ 

�(faa -fab )
2 

+ fc,v 2

+ �(faa + fc,b )
2 + fa/

(
1.30 kip/in. 

)
2 

-0.730 kip/in.

+(l.02 kip/inf

(
1.30 kip/in. 

)
2 

+ +0.730 kip/in.

+(1.02 kip/inf 

= 1.72 kip/in. 
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According to the AISC Manual Part 13, because the gusset is directly welded to the beam, 
the weld is designed for the larger of the peak stress and 1.25 times the average stress. For 
a discussion of the weld ductility factor of 1.25, see AISC Manual Part 13. 

LRFD 

Ju.weld = max(I.25fu,avg,Ju,peak) 

=max 
1.25(2.47 kip/in.), 
3.26 kip/in. 

= 3.26 kip/in. 

0 = tan - I ( fua + fuh )
fuv 

_ 1 ( 1.87 kip/in.+ 1.05 kip/in.
) = tan 

1.46 kip/in. 

= 63.4° 

ASD 

fa,weld = max( I.25fa,avg,Ja.peak) 

=max 
1.25 ( 1. 72 kip/in.), 
2.27 kip/in. 

= 2.27 kip/in. 

0 = tan - I ( faa + !ab J
fav 

_1 ( 1.30 kip/in.+ 0.730 kip/in.
) = tan 

1.02 kip/in. 

= 63.3° 

The strength of fillet welds defined in AISC Specification Section 12 can be simplified to 
AISC Manual Equations 8-2a and 8-2b, as explained in AISC Manual Part 8: 

The required weld size at the gusset-to-beam interface, incorporating the directional fillet 
weld increase from AISC Specification Section 12.4, is: 

LRFD ASD 

D> 
fu,weld 

D>
fa.weld

- 2(1.392 kip/in.)(1 +0.50sin'-5 0) - 2(0.928 kip/in.)(1+0.50sin'-5 0)

> 
3.26 kip/in. 

> 
2.27 kip/in. 

- 2(1.392 kip/in.)(1+0.50sin'-5 63.4° ) - 2( 0.928 kip/in.)(1+0.50sin '-5 63.3° )
= 0.823 sixteenths = 0.860 sixteenths

From AISC Specification Table 12.4, the minimum size fillet weld allowed for the parts 
being connected is 3/!6 in. 

Use two-sided 3/16-in. fillet welds to connect the gusset plate to the beam. 

Check gusset plate rupture at beam weld 

A conservative method to determine the minimum gusset plate thickness required to transfer 
the shear and tension forces is to set the shear rupture strength of the weld (based on the 
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resultant force) equal to the shear rupture strength of the gusset plate. Using AISC Manual

Equation 9-3: 

LRFD ASD

6.19D 6.19D
tmin =

Fu 
tmin =

Fu 

(6.19 kip/in.)(0.823 sixteenths) (6.19 kip/in.)(0.860 sixteenths)
- -- -

65 ksi 65 ksi
= 0.0784 in. = 0.0819 in.

1/s in. > 0.0784 in. o.k. 1/s in.> 0.0819 in. o.k.

Use a 1/s-in.-thick gusset plate to connect the brace to the beam and column.

Alternatively, the required thickness of the gusset plate could be determined by checking the
strength of the gusset plate directly. 

Check gusset plate yielding at beam weld 

It can be shown that because the gusset plate satisfies the minimum thickness criteria for
rupture based on weld size, it also satisfies the tension yielding criteria. 

Check beam web local yielding 

The maximum stress per unit length on the gusset-to-beam interface along the weld due to
moment Mb is M1,l(l

2!4) assuming a plastic stress distribution. Conservatively neglecting the
portion of this stress distribution that acts in the reverse direction, and considering the total
force to be applied at the center of the bearing length, the resultant compressive force is: 

LRFD

Mub l l )R" � V., + [ I: l 2 

l Mub )= Vub +2 -
l

-

= 23.4 kips+2[ 41.0 kip-in.)
12.5 in. 

= 30.0 kips

ASD

Mab l l )R" �V0,+ [t:) 2 

l Mab )=Va1,+2 -
l

-

= 16.3 kips+ 2 [ 28.5 kip-in.)
12.5 in. 

= 20.9 kips

The beam is checked for the limit state of web local yielding due to the force from the gusset
plate welded to the beam flange. 

The force is applied a distance a from the beam end. Because a < d1, = 18.0 in., AISC
Specification Equation Jl 0-3 is applicable. 
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For a force applied at a distance less than the depth of the member: 

Rn= Fywtw (2.5k + li,) (Spec. Eq. Jl0-3) 

= ( 50 ksi )( 0.355 in.)[2.5( 0.972 in.)+ 12.5 in.] 

= 265 kips 

LRFD 

$Rn = 1.00( 265 kips) Rn --

ASD 

265 kips 
1.50 

= 265 kips> 30.0 kips o.k. = 177 kips> 20.9 kips o.k.

Alternatively, the available strength for web yielding can be determined from AISC Manual

Table 9-4. 

Check beam web local crippling 

A portion of the force is applied within d/2 of the member end; therefore, use AISC 
Specification Section Jl0.3(b). Check the length of bearing relative to the beam depth: 

lb 12.5 in. 
d 18.0 in. 

=0.694>0.2 

Therefore, use AISC Specification Equation J10-5b to determine the available strength, 
through use of AISC Manual Table 9-4. 

From AISC Manual Table 9-4 for the W18x50: 

LRFD 

$Rs = 52.0 kips 
<!JR6 = 6.30 kip/in. 

Rs = 34.7 kips
Q 

R6 = 4.20 kip/in.
Q 

From AISC Manual Equation 9-49a (LRFD) and 9-49b (ASD): 

LRFD 

$Rn = $Rs + lb ( <j)R6) Rn= Rs +11 
R6

Q Q ) Q 

ASD 

ASD 

= 52.0 kips+(12.5 in.)(6.30 kip/in.) = 34. 7 kips+ ( 12.5 in.) ( 4.20 kip/in.) 
= 131 kips > 30.0 kips o.k. = 87.2 kips> 20.9 kips o.k.
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Beam and Gusset-to-Column Connection 

Use a single-plate connection that combines the connections of the beam and gusset to the 
column. Design the bolted connections of the gusset to the single plate and of the beam to 
the single plate individually. Design the weld of the single plate to the column considering 
the combined plate length. The forces used to design the single plate will be those derived 
per the Uniform Force Method. Additional forces beyond those calculated by this method 
may occur in the connection of the beam-to-gusset connection to the column due to the 
rotation of the beam relative to the column. While forces in the connections due to rota
tion from seismic drift are opposite the forces determined by the Uniform Force Method, 
the beam and gusset connection to the column will be designed following the single plate 
design philosophy in AISC Manual Part 10 to provide additional rotational ductility to 
address both rotation from seismic drift and simple-beam end rotation. The eccentricity on 
the single plate due to the braced frame shear is addressed by the Uniform Force Method, 
which applies a force couple based on the He axial forces applied at the center of the beam 
and the center of the gusset-to-column connection. 

Design gusset-to-column bolted connection 

The resultant force on the bolts in the gusset plate is: 

LRFD 

Ru= Jvu} +Hu} Ra= Jva} + Hac2 

ASD 

= �(14.3 kips)2 +(19.5 kips)2 = �(9.98 kips )2 + (13.6 kips )2 

= 24.2 kips = 16.9 kips 

Try two bolts connecting the gusset to a single plate. The required shear strength per bolt is: 

LRFD ASD 

V. - Ru
u 

- 2 Va
= 

2
24.2 16.9 

2 2 
= 12. l kips/bolt = 8.45 kips/bolt 

From AISC Manual Table 7-1, the shear strength of a ¾-in.-diameter Group A bolt, with 
threads not excluded from the shear plane (thread condition N), in single shear is: 

LRFD ASD 

<j)r,
1 
= 17.9 kips/bolt> 12.1 kips/bolt o.k. r,, = 11.9 kips/bolt > 8.45 kips/bolt o.k.

From AISC Manual Table 7-4 with 3-in. bolt spacing, the bearing and tearout strength per 
inch of single-plate thickness is: 
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LRFD 

<pr,, = 87 .8 kip/in. 

Use a ½6-in.-thick single plate. 

rn = 58.5 kip/in.
Q 

ASD 

The available bearing and tearout strength of the interior bolt at the single plate is: 

LRFD ASD 

<prn = (87.8 kip/in.)(5!i6 in.) r,, = ( 58.5 kip/in.) ( 5/16 in.)
Q 

= 27.4 kips/bolt > 12.1 kips/bolt o.k. = 18.3 kips/bolt> 8.45 kips/bolt 

5-65

o.k.

The edge distances in the single plate are 1 V2 in. vertically and 2 in. horizontally. Conserva
tively, use the lesser of these edge distances. A more refined check would calculate the edge 
distance in the direction of the force. For the end bolt, with lev = l ½ in. and using a ½6-in.
thick single plate, the nominal bearing strength per bolt is: 

r,
1 

= 2.4dtFu 

= 2.4(¾ in.)(½6 in.)(65 ksi) 
= 36.6 kips/bolt 

The nominal tearout strength of the end bolt is: 

rn 
= l .2lc tFu 

= 1.2[1 ½ in. ½(13/i6 in.)](5!i6 in.)(65 ksi) 

= 26.7 kips/bolt 

(Spec. Eq. J3-6a) 

(Spec. Eq. J3-6c) 

The tearout strength controls, and therefore the available tearout strength of the end bolt at 
the single plate is: 

LRFD ASD 

<pr,, =0.75(26.7 kips/bolt) rn -
( 26. 7 kips/bolt) 

-

2.00 
= 20.0 kips/bolt> 12. l kips/bolt o.k. = 13.4 kips/bolt> 8.45 kips/bolt o.k.

The available strength for bearing and tearout exceeds the available bolt shear strength for 
both interior and edge bolts; therefore, the effective strength of the connection is controlled 
by bolt shear. Considering two bolts at the single plate, the effective fastener strength is: 

LRFD ASD 

<!>Rn = ( 2 bolts) ( 17 .9 kips/bolt) Rn = (2 bolts)(l 1.9 kips/bolt) 
Q 

= 35.8 kips> 24.2 kips o.k. = 23.8 kips > 16.9 kips o.k.
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The gusset is 318 in. thick and will have greater bearing strength than the 5/16-in.- thick single 
plate; therefore, the gusset plate is not checked for bearing strength. 

Block shear rupture in the gusset-to-column single-plate connection 

Check block shear relative to normal force on the single plate. 

The nominal strength for the limit state of block shear rupture relative to the normal force 
on the single plate is: 

Rn = 0.60FuAnv + Ub,FuAnr <S; 0.60FyAgv + UbsFi,Ant 

where 
Agv = 2leht

p

= 2(2 in.)(51i6 in.) 

= 1.25 in.2 

A,u= [s (dh+Vi6 in.)h 

= [ 3 in. -( 1½6 in.+ 1h in.)] ( 51i6 in.) 

= 0.664 in.2 

Anv = 2[leh - ½(dh + ½6 in.)]t
P

= 2[ 2 in. ½( 1½6 in.+ 1/16 in.)]( 5/16 in.) 

= 0.977 in.2 

Ubs = 1.0 

and 

Rn
= 0.60(65 ksi)(0.977 in.2)+ 1.0(65 ksi)(0.664 in.2) 

:::; 0.60( 50 ksi )( 1.25 in.2) + 1.0( 65 ksi )( 0.664 in.2) 

= 81.3 kips> 80.7 kips 

Therefore: 

Rn = 80.7 kips 

(Spec. Eq. J4-5) 

The available strength for the limit state of block shear rupture on the single plate is: 

LRFD ASD 

$Rn = 0.75(80.7 kips) -
80.7 kips

-

2.00 
= 60.5 kips> 19.5 kips o.k. = 40.4 kips> 13.6 kips o.k.

Check block shear relative to shear force on the single plate. 
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The available block shear rupture strength of the single plate relative to the shear load 
is determined as follows, using AISC Manual Tables 9-3a, 9-3b and 9-3c, and AISC 
Specification Equation J4-5, with n = 2, lev = 1 ½ in., leh = 2 in., and Ubs = 1.0. 

LRFD 

Tension rupture component from AISC 
Manual Table 9-3a: 

Shear yielding component from AISC 
Manual Table 9-3b: 

<p0.60F
y

Agv 
!Olk" 1. = Ip Ill.

t 

Shear rupture component from AISC 
Manual Table 9-3c: 

<p0.60FuAnv = 93 2 k" 1· . 1pm. 
t 

The block shear rupture design strength 
is: 

<pRn = <p0.60FuAnv 
+ <pU bsFuA,a 

� <p0.60Fy
A

gv 

+ <pU bsFuAnt 

93.2 kip/in. 
= (5J\6 in.) 

+1.0(76.2 kip/in.)

101 kip/in.
<(½6in.) -

+1.0(76.2 kip/in.)

= 52.9 kips< 55.4 kips 

Therefore: 
<!>Rn = 52.9 kips> 14.3 kips o.k.

ASD 

Tension rupture component from AISC 
Manual Table 9-3a: 

O.t 
= 50.8 kip/in. 

Shear yielding component from AISC 
Manual Table 9-3b: 

0.60FyA
gv · · = 67 .5 kip/in. 

O.t 

Shear rupture component from AISC 
Manual Table 9-3c: 

0.60FuAnv = 62 2 k" 1· . Ip Ill. 
O.t 

The block shear rupture allowable strength 
1s: 

_R_n = 
0.60.F,,Anv + UbsFuA,11 

Q Q Q 

< 
0.60F

y
A

gv + UbsFuAnt
-

Q Q 

62.2 kip/in. 
= (5J\6 in.) 

+1.0(50.8 kip/in.)

67.5 kip/in. 
< (5116 in.) - +1.0(50.8 kip/in.)

= 35.3 kips< 37.0 kips 

Therefore: 
Rn = 35.3 kips> 9.98 kips o.k.
Q 

Combined shear and normal block shear design check using an elliptical equation 

For the single plate at the gusset-to-column connection, the interaction of shear and normal 
block shear is considered as follows: 
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LRFD 

(
Vr r +(Pr r �1.0Ve Pc 

( 
14.3 kips r +[ 

19.5 kips r 
52.9 kips 60.5 kips 

= 0.177 < 1.0 o.k.

ASD 

(
Vr r +(Pr r �l.OVe Pc 

( 
9.98 kips r 

l 
13.6 kips r

35.3 kips 
+ 

40.4 kips 
= 0.193 < 1.0 o.k.

Block shear rupture in the ¾-in.-thick gusset plate is also adequate as the gusset is thicker 
than the single plate. 

Tensile rupture in the gusset-to-column single plate 

Conservatively consider only a 6-in. length of single plate under axial tension from the gusset. 
The nominal tensile rupture strength is: 

where 
U =1.0 
An

= [z 2(d1, + 1/i6 in.)]t
P

= [6 in.-2( 13/16 in.+ ½6 in.)](5/16 in.) 

= 1.33 in.2 

Ae = AnU 
= (1.33 in.2 )(1.0)

= 1.33 in.2

Therefore: 

Rn = ( 65 ksi )(1.33 in.2)
= 86.5 kips 

The available tensile rupture strength is: 

LRFD 

<IJRn = 0.75(86.5 kips) 
= 64.9 kips> 19.5 kips o.k.

(Spec. Eq. J4-2) 

(Spec. Eq. D3-I) 

ASD 

Rn 86.5 kips 
--

2.00 
= 43.3 kips> 13.6 kips o.k.

Tensile rupture in the ¾-in.-thick gusset is also okay because of its greater thickness. 
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Tensile yielding in the gusset-to-column single plate 

Again, conservatively consider only a 6-in. length of single plate under axial tension from 
the gusset. The nominal tensile yielding strength is: 

Rn
= F

y
A

g 

where 
A

g
= lt

p

= (6 in.)(5!i6 in.) 

= 1.88 in.2

Therefore: 

Rn
= (50 ksi)(I.88 in.2)
= 94.0 kips 

The available tensile yielding strength is: 

LRFD 

<j)Rn = 0.90(94.0 kips) 
= 84.6 kips> 19.5 kips o.k. 

(Spec. Eq. J4-l )  

ASD 

Rn 94.0 kips 
-

1.67 
= 56.3 kips> 13.6 kips o.k.

Tensile yielding in the 1/s-in.-thick gusset is also okay because of its greater thickness. 

Shear rupture in the gusset-to-column single plate 

Check the available shear rupture strength at the net section through the bolt line. 
Conservatively, consider only a 6-in. length of single plate. 

Anv = [z -2( dh + 1/16 in.)]t
p

= [6 in. 2(13/i6 in.+ V16 in.)](5!i6 in.) 

= 1.33 in.2

Therefore: 

Rn = 0.60( 65 ksi )( 1.33 in.2)
= 51.9 kips 

The available shear rupture strength is: 

LRFD 

<j)Rn = 0.75(51.9 kips) 
= 38.9 kips> 14.3 kips o.k.

ASD 

Rn 51.9 kips 
--

2.00 
= 26.0 kips> 9.98 kips 
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Shear rupture in the 3/s-in.-thick gusset is also okay because of its greater thickness. 

Shear yielding in the gusset-to-column single plate 

Check the available shear yielding strength at the gross section through the bolt line. 

Agv = ltp
= (6 in.)(5/15 in.) 

= 1.88 in.2

Rn
= 0.60(50 ksi)(I.88 in.2)
= 56.4 kips 

The available shear yielding strength is: 

LRFD 

<j)R,, = 1.00(56.4 kips) 
= 56.4 kips> 14.3 kips o.k.

(Spec. Eq. J4-3) 

ASD 

Rn 56.4 kips 
--

1.50 
= 37.6 kips> 9.98 kips o.k.

Shear yielding in the 3/s-in.-thick gusset is also okay because of its greater thickness. 

Use a 5/16-in.-thick single plate with two ¾-in.-diameter Group A bolts, with threads not 
excluded from the shear plane (thread condition N), in standard holes, to connect the %-in.
thick gusset to the column. 

Design the beam-to-column single plate connection 

The beam-to-column joint transfers both vertical shear and horizontal force. The horizontal 
forces acting at the beam-to-column interface are the uniform force component, H -Hb = He, 
and the collector force, Ab. For this particular connection at this location in the structure, 
when the diagonal brace is in tension, the resultant horizontal force between the beam and 
the column is a compression force with a magnitude of He. However, when the diagonal 
brace is in compression, the collector force between the beam and the column will be in ten
sion. Therefore, the collector and He forces act in opposite directions. Conservatively, use 
the greater of He and the collector force, Ab, for the design of the single plate. 

LRFD ASD 

Pu =max{
H 
Aub 

Hub
= Hue } Pa =max {

H Hab = Hae } 
Aab

{19.5 kips
} {13.6 kips

} =max =max 
33.0 kips 23.1 kips 

= 33.0 kips = 23.1 kips 
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Note that the determination of the relative directions of the collector force and He forces at
the column face may not always be as apparent as in this single-story structure. A conserva
tive approach is to add the absolute values of the two components. 

The vertical force on the beam web-to-column connection is, as shown in Figure 5-7:

LRFD
As previously determined, from Load
Combination 6 from ASCE/SEI 7, 
Section 2.3.6: 

Ruh = 11.8 kips
Vuh = 23.4 kips
Vu =Ruh+ Vuh

= 11.8 kips+ 23.4 kips
= 35.2 kips

and from Load Combination 7 from
ASCE/SEI 7, Section 2.3.6: 

Rub = 5.72 kips

Vuh

Vu 

_ eh P.-
u 

r 

= ( 
9·00 �n. 

)( 49.0 kips)
20.5 m. 

= 21.5 kips
=Rub + ½,h
= 5.72 kips+ 21.5 kips
= 27.2 kips

ASD
As previously determined, from Load
Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

Rah= 7.73 kips
Vab = 16.3 kips
Va =Rab + Vah

=7.73 kips+l6.3 kips
= 24.0 kips

and from Load Combination 9 from
ASCE/SEI 7, Section 2.4.5: 

Rab = 16.6 kips
eh Vah =-Pa 

Va 

r 

= ( 
9·00 �n. 

)(34.3 kips)
20.5 m. 

= 15.1 kips
=Rah+ Vah
= 16.6 kips+ 15. 1 kips
= 31.7 kips

and from Load Combination 10 from
ASCE/SEI 7, Section 2.4.5: 

Rab = 3.79 kips
eh Vab = -Pc,
r 

= ( 
9 .OO !n.

) ( 34. 1 kips)
20.5 m. 

= 15.0 kips
½, =Rab + Vah

= 3.79 kips+ 15.0 kips
= 18.8 kips
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Note that the calculated vertical shear force is conservative because the analysis has been 
simplified by considering the maximum brace force as equal in magnitude in either tension 
or compression. A more exact analysis would include the actual tension and compression 
forces combined with the respective beam reactions with consideration of the direction of 
loading of each force component. For this structure, the larger diagonal brace force, which 
acts in compression, and its resultant Vi1 component, which acts upward, would be counter
acted by the beam reaction acting downward. To remedy the shortfall of this simplification, 
the vertical force, Vu (LRFD) and Va (ASD), could be calculated for both the maximum 
force due to compression in the brace with its concurrent reaction and the maximum reac
tion resulting from tension force in the brace with the vertical beam reaction. 

For the case where the brace is in compression: 

LRFD 

From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6: 

Ru 
= 11.8 kips

V,,b = -23.4 kips 

Vu =Ru + Vub 
= 11.8 kips+ (-23.4 kips) 

= -11.6 kips

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Ru 
= 5.72 kips

Vub = -21.5 kips 

Vu =Ru + V,,b 
= 5.72 kips+ (-21.5 kips) 

15.8 kips 

For the case where the brace is in tension: 

ASD 

From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Ra = 7.73 kips 

Vah= -16.3 kips 

Va 
=Ra +½,h 
= 7.73 kips+ (-16.3 kips) 

= -8.57 kips

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Ra 
= 16.6 kips

Vab= IS.I kips 

Va =Ra +Vab 
= 16.6 kips+(-15.1 kips) 

= 1.50 kips 

and from Load Combination IO from 
ASCE/SEI 7, Section 2.4.5: 

Ra 
= 3.79 kips

Vab= 15.0 kips 

Va =Ra +Vab 
= 3.79 kips+ (-15.0 kips) 

11.2 kips 

The maximum shear at the beam-to-column interface will occur when the diagonal brace 
is in tension based on the load combinations from ASCE/SEI 7, Section 2.3.6 (LRFD) and 
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Section 2.4.5 (ASD), with Ev and Eh incorporated from Section 12.4.3. The beam reaction, 
Vu or Va, is the concurrent force. 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
0.5 factor on L): 

Tu = (1.2 + 0.2SDs )TD+ D0TQE + 0.5TL 
+0.2Ts

= [1.2+0.2(0.528)](5.54 kips) 

+2(-22.3 kips)+o.5(0 kips)

+0.2(6.70 kips)
= -36.0 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Tu
= (0.9 0.2SDs)TD+Q0TQE 

= [o.9-0.2(0.528)](5.54 kips) 

+ 2(-22.3 kips)
= -40.2 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Ta = (1.0 + 0.14SDs )TD+ 0.7Q0TQE 

= [1.o+0.14(0.528)](5.54 kips) 

+ 0.7( 2 )(-22.3 kips)
= -25.3 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Ta =(1.0+0.I05SDs)TD 
+ 0.525Q0TQE + 0.75h + 0.75Ts

= [1.o+0.105(0.528)](5.54 kips) 

+0.525(2)(-22.3 kips)

+0.75(0 kips)+0.75(6.70 kips)
= -12.5 kips 

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Ta
= (0.6 0.14SDs )TD +0.7Q0TQE 

= [o.6 -0.14(0.528)](5.54 kips) 

+0.7(2)(-22.3 kips)
= -28.3 kips 

Calculate Vu and Va concurrent with tension in the brace by prorating the tensile force in the 
brace, T u or Ta, to the maximum compressive force in the brace calculated at the beginning 
of this example. 
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LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6: 

Vu = Ru+ Vub 
Pu 

= 11.8 kips+ r-36·0 �ips 
J (-23.4 kips)

53.2 kips 
= 27.6 kips

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Tu Vu = Ru +-Vub 
Pu 

= 5.72 kips+(
-40·2 �ips

)(-21.5 kips)
49.0 kips 

= 23.4 kips 

BRACED FRAMES 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Ta Va =Ra +-Vab 
Pc, 

= 7.73 kips+ (
-25·3 �ips

)(-16.3 kips)
37.2 kips 

= 18.8 kips

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Tc, Va = Ra +-Vab 
Pa 

= 16.6 kips+( 
12·5 �ips

)(-15.1 kips)
34.3 kips 

= 22.1 kips 

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Ta Va = Ra +-Vab 
Pc, 

= 3.79 kips+(
-28·3 �ips

)(-15.0 kips)
34.1 kips 

= 16.2 kips 

Therefore, from Load Combination 6 from ASCE/SEI 7, Section 2.3.6 (LRFD), and Load 
Combination 9 from Section 2.4.5 (ASD), the maximum vertical force in the beam-to
column connection is Vu = 27.6 kips (LRFD) or Va = 22.1 kips (ASD). 

Combine the maximum vertical force with the horizontal force at the beam-to-column 
interface as follows: 

LRFD 

Ru = 

= �(27.6 kips)2 +(33.0 kips)2 

= 43.0 kips 

ASD 

Ra = 

= �( 22.1 kips )2 + ( 23.1 kips )2 

= 32.0 kips 

Try four ¾-in.-diameter Group A bolts, with threads not excluded from the shear plane 
(thread condition N), in standard holes, in the single plate connecting the beam and the 
column. 
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Available shear strength of the bolt group 

From the check of the gusset-to-column single-plate design, the effective strength of the con
nection is controlled by the available bolt shear strength of the ¾-in.-diameter Group A bolts, 
with threads not excluded from the shear plane (thread condition N), in the 5/16-in.-thick plate, 
which is 17.9 kips/bolt (LRFD) and 11.9 kips/bolt (ASD). The required number of bolts is: 

LRFD ASD 

Ru 
nmin =-

<\>rn 

Ra 
nmin = (

r,
,/Q)

-
43.0 kips 32.0 kips 

- -

17 .9 kips/bolt 11.9 kips/bolt 
=2.40 =2.69 

Use four bolts so that the connection is at least half the depth of the beam. 

The beam web thickness is 0.355 in., which is slightly thicker than the single plate. 
Additionally, the beam specified minimum tensile strength, Fu, of 65 ksi is equal to the tensile 
strength of the single plate. However, because the beam web thickness is greater than the 
single plate thickness, the bolt available bearing strength on the beam web is greater than 
that of the single plate, and therefore, the bearing strength of the beam web is adequate. 

Block shear rupture in the beam-to-column single-plate connection 

According to AISC Specification Section B4.3b, in computing net area for tension and 
shear, the width of a bolt hole is taken as V16 in. larger than the nominal dimension of 
the hole. The nominal diameter of a standard hole for a ¾-in. diameter bolt from AISC 
Specification Table 13.3 is 13/i6 in. 

The nominal strength for the limit state of block shear rupture relative to the normal load 
on the single plate is: 

Rn = 0.60FuAnv + Ub,FuAnr � 0.60FyA
gv + UbsFuAnt 

where 

A
g
v = 2lehtp

= 2(2 in.)(5!i6 in.) 

= 1.25 in.2

An1 =[3s 3(d1,+1li6in.)]t
p

= [3(3 in.)-3(1½6 in.+ 1/i6 in.)](5116 in.) 

= 1.99 in.2 
Anv =2[leh ½(dh +½6in.)]tp

= 2[2 in. ½(11/16 in.+ 1/16 in.)](5!i6 in.) 

= 0.977 in.2

Ubs = 1.0 
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and 

R,, = 0.60( 65 ksi)( 0.977 in.2) + 1.0( 65 ksi)( 1.99 in.2)

<::;0.60(50 ksi)(l.25 in.2)+1.0(65 ksi)(l.99 in.2)
= 168 kips> 167 kips 

Therefore: 

R,, = 167 kips 

The available strength for the limit state of block shear rupture on the single plate is: 

LRFD ASD 

cpR
,, 

= 0.75(167 kips) R,, 167 kips 
2.00 

= 125 kips > 33.0 kips o.k.
= 83.5 kips> 23.1 kips o.k.

The available block shear rupture strength of the single plate relative to the shear load is 
determined as follows, using AISC Manual Tables 9-3a, 9-3b and 9-3c, and AISC Specifica

tion Equation J4-5, with n = 4, lev = 1 ½ in., Zeh = 2 in., and Ubs = 1.0. 

LRFD 
Tension rupture component from AISC 
Manual Table 9-3a: 

<PFi,Anr 
= 76.2 kip/in. 

t 

Shear yielding component from AISC 
Manual Table 9-3b: 
cp0.60F

y
A

gv

t 
= 236 kip/in. 

Shear rupture component from AISC 
Manual Table 9-3c: 

cp0.60FuAnv 
= 218 kip/in. 

t 

ASD 
Tension rupture component from AISC 
Manual Table 9-3a: 

FuAnr 
= 50 8 k. /" . 1pm.

Qr 

Shear yielding component from AISC 
Manual Table 9-3b: 
0.60F

y
A

gv 
= 158 kip/in. 

Qt 

Shear rupture component from AISC 
Manual Table 9-3c: 

0.60F,,A11v 
= 145 kip/in. 

Qr 
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LRFD ASD 

The block shear rupture design strength 
1s: 

The block shear rupture allowable strength 
1s: 

<JlRn = <j)0.60FuAnv +<JlUh.,FuAnt 
:S <j)0.60Fy

Agv 
+ <JlUhsFuA ,a 

218 kip/in. 
= (5116 in.) 

+1.0(76.2 kip/in.)

236 kip/in. 
< (5116 in.) - +1.0(76.2 kip/in.)

= 91.9 kips< 97.6 kips 

Therefore: 
<j)R,, = 91.9 kips> 27.6 kips o.k.

_R_,, = 0.60F;,A nv + UhsFuA,11
Q Q Q 

< 0.60FyAgv + UhsFuAnt- Q Q
145 kip/in. 

= (5116 in.) 
+1.0(50.8 kip/in.)

158 kip/in.
< (5116 in.) - +1.0(50.8 kip/in.)

= 61.2 kips< 65.3 kips 

Therefore: 
R,, = 61.2 kips > 22. l kips o.k.
Q 

Block shear rupture in the beam web is also okay based on its greater thickness than the 
single plate. 

Combined shear and normal block shear design check using an elliptical equation 

For the single plate at the beam-to-column connection, the interaction of shear and normal 
block shear rupture is considered as follows: 

LRFD 

As previously calculated, Vr and Pr are 
from Load Combination 6 from ASCE/SEI 
7, Section 2.3.6 (governing case): 

(Vr r +(Pr r :Sl .O
Ve Pc 

( 27.6 kipsr + ( 33.0 kips r
91.9 kips 125 kips

= 0.160 < 1.0 o.k.

ASD 

As previously calculated, Vr and Pr are 
from Load Combination 9 from ASCE/SEI 
7, Section 2.4.5 (governing case): 

(Vrr +(Prr :Sl.O
Ve Pc 

( 22. l kips r + ( 23. l kips r 
61.2 kips 83.5 kips 

= 0.207 < 1.0 o.k.

Tensile yielding in the beam-to-column single plate 

Consider 12 in. of the plate to be effective. 
Ag

= ltp
= (12 in.)(5116 in.) 

= 3.75 in.2
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The nominal strength due to tensile yielding is: 

Rn= FyAg 
= ( 50 ksi )( 3.75 in.2) 

= 188 kips 

BRACED FRAMES 

(Spec. Eq. J4-1) 

The available strength due to tensile yielding in the beam-to-column single plate is: 

LRFD ASD 

<PRn = 0.90(188 kips) R,, -
188 kips 

- -

Q 1.67 
= 169 kips> 33.0 kips o.k. = 113 kips> 23.1 kips o.k.

The beam web has a greater thickness (0.355 in.) and an equal specified minimum yield 
stress of Fy = 50 ksi; therefore, the available tensile strength due to yielding in the beam 
web is also adequate. 

Tensile rupture in the beam-to-column single plate 

Consider 12 in. of the plate to be effective. 

An= [t-4(dh + 1/i6 in.)]t
p 

= [12 in.-4( 131i6 in.+ 1/i6in.)](51i6 in.) 

= 2.66 in.2 

U =1.0 

Ae = AnU 
=(2.66 in.2)(1.o) 

= 2.66 in.2 

The nominal strength due to tensile rupture is: 

= ( 65 ksi )( 2.66 in.2) 

= 173 kips 

(Spec. Eq. D3-l )  

(Spec. Eq. J4-2) 

The available strength due to tensile rupture in the beam-to-column single plate is: 

LRFD ASD 

<!lRn =0.75(173 kips) Rn -
173 kips 

- -

Q 2.00 
= 130 kips> 33.0 kips o.k. = 86.5 kips> 23.1 kips o.k.
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The beam web has a greater thickness (0.355 in.) and the same specified minimum tensile 
strength as the single plate; therefore, the available strength due to tensile rupture in the 
beam web is also adequate. 

Shear rupture in the beam-to-column single plate 

Check the available shear rupture strength at the net section through the bolt line. 
Conservatively consider only a 12-in. length of single plate. 

Anv =[l-4(dh + 1/16 in.)]t
p 

= [ 12 in. 4 ( 1½6 in.+ 1/16 in.)] ( 5/16 in.) 

= 2.66 in.2

The nominal strength due to shear rupture is: 

Rn = 0.60F,,Anv

= 0.60( 65 ksi)( 2.66 in.2)
= 104 kips 

The available strength due to shear rupture is: 

LRFD 

<pRn = 0.75(104 kips) 
= 78.0 kips> 27.6 kips o.k.

(Spec. Eq. J4-4) 

ASD 

Rn 104 kips 
2.00 

= 52.0 kips > 22.1 kips o.k.

The beam web is thicker (0.355 in.) and has the same specified minimum tensile strength 
(65 ksi) as the single plate; therefore, the available strength of the beam web due to shear 
rupture is also adequate. 

Shear yielding in the beam-to-column single plate 

Check the available shear yielding strength at the gross section through the bolt line. 
Conservatively, consider only a 12-in. length of single plate. 

A
gv = lt

p

= (12 in.)(5116 in.) 

= 3.75 in.2 

The nominal strength due to shear yielding is: 

Rn = 0.60F
y
A

gv

= 0.60( 50 ksi)( 3.75 in.2)
=113 kips 
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The available strength due to shear yielding is: 

LRFD ASD 

<IJRn = 1.00(113 kips) Rn -
113 kips 

-

1.50 
= 113 kips> 27.6 kips o.k. = 75.3 kips> 22.1 kips o.k.

The beam web is thicker (0.355 in.) with the same specified minimum yield strength (50 ksi) 
as the single plate; therefore, the available strength of the beam web due to shear yielding 
is also adequate. 

Use a minimum 3/t6-in.-thick single plate with four ¾-in.-diameter Group A bolts, with 
threads not excluded from the shear plane (thread condition N), in standard holes, to connect 
the beam to the column. 

Design the weld of the combined single plate to the column face 

The weld of the single plate could be determined assuming two individual single plates. 
However, this neglects the increased bending capacity of a 23½-in.-long plate relative to the 
summation of bending capacities of a 12-in.-long single plate and a 6-in.-long single plate. 
Therefore, design the weld based on a 23½-in.-long single plate. 

When the collector force acts in tension on the column face, the He force on the gusset-to
column interface is also in tension. The collector force in the beam, Ab, acts 5.75 in. above 
the neutral axis of the single plate, and the He force at the gusset-to-column interface acts 
8.75 in. below the neutral axis of the single plate, as determined in the following. 

Eccentricity of Ab on the single plate: 

eAb = ½(23½ in.) l ½ in. 3 in. ½(3 in.) 

= 5.75 in. 

Eccentricity of He on the single plate: 

eHe = ½(23½ in.) l½ in. ½(3 in.) 

= 8.75 in. 

Eccentricity of vertical shear on the column face: ee = 2.50 in. 

The total normal force at the column face is: 

LRFD ASD 

Hu = Aub +Hue Ha = Aab +Hae 
= 33.0 kips+ 19.5 kips = 23.1 kips+ 13.6 kips 
= 52.5 kips = 36.7 kips 
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The total shear force at the column face is: 

LRFD ASD 

Vu = Rub + Vub + Vue Va= Rab+ Vab + Vac 
= 11.8 kips+ 23.4 kips+ 14.3 kips = 7.73 kips+ 16.3 kips+ 9.98 kips 
= 49.5 kips = 34.0 kips 

For moment on a weld group, sum moments about the mid-height centerline of the single 
plate at the face of the column: 

LRFD ASD 

Mu = Vu ec + Aube Ab HuceHc Ma= Vaec + A,beAb HaceHc 
= (49.5 kips)(2.50 in.) = (34.0 kips)(2.50 in.) 

+(33.0 kips)(5.75 in.) +(23.1 kips)(5.75 in.) 

(19.5 kips)(8.75 in.) (13.6 kips )(8.75 in.) 

= 143 kip-in. = 98.8 kip-in. 

The stresses at the single plate-to-column interface are determined as follows: 

l =23½in. 

z2 Zw =-(2 welds) 
4 

(23 1/2 in.)2

( ) = ---- 2 welds 

= 276 in.2

LRFD 

Vu 

fu v = 2l 

49.5 kips 
--

2(23.5 in.) 

= 1.05 kip/in. 

f, Hu 
ua = 2! 

52.5 kips 
--

2(23.5 in.) 

= 1.12 kip/in. 

ASD 

Va 

fav = 2l 

34.0 kips 
--

2(23.5 in.) 

= 0.723 kip/in. 

Ha 

faa = 2! 

36.7 kips 
--

2(23.5 in.) 

= 0.781 kip/in. 
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f, - Muub--Zw 

143 kip-in. 
276 in.2

LRFD 

= 0.518 kip/in. 

f�r = 

+(1.12 kip/in.+0.518 kip/inf 

= 1.95 kip/in. 

Using the conservative solution (adding 
the flexural stress), the angle of the 
resultant load with respect to the weld is: 

0 = tan-1 (!,w + f,,b J
fuv 

_1 ( 1.12 kip/in.+ 0.518 kip/in.
) = tan 

1.05 kip/in. 
= 57.3° 

Ma 
fab = 

Zw 

98.8 kip-in. 
276 in.2

= 0.358 kip/in. 

far = 

BRACED FRAMES 

ASD 

+(0.781 kip/in.+0.358 kip/inf 

= 1.35 kip/in. 

Using the conservative solution (adding 
the flexural stress), the angle of the 
resultant load with respect to the weld is: 

0 = tan-I [fc,a + f�b J
fav 

_1 (0.781 kip/in.+0.358 kip/in.
) = tan 

0.723 kip/in. 
= 57.6° 

Note that the stress calculations above are based on the governing load combination. 

The weld size is determined from AISC Manual Equations 8-2a (LRFD) and 8-2b (ASD): 

LRFD ASD 

D= 
fur 

D= 
far 

(1.392 kip/in.)( 1.0 + 0.50sin l .5 0) ( 0.928 kip/in.)( 1.0 + 0.50sin l.5 0) 
I. 95 kip/in. 1.35 kip/in. 

- -

- -

( 1.392 kip/in.) (0.928 kip/in.) 

1 
X 

(1.0 + 0.50sin l .5 57.3° ) 
X 

(1.0 + 0.50sin l .5 57.6° ) 

= 1.01 sixteenths = 1.05 sixteenths 

Considering the column-flange thickness and the single-plate thickness, the minimum fillet 
weld size from AISC Specification Table J2.4 is 3/16 in. However, according to the AISC 
Manual Part 10 discussion of single-plate connections, the weld between a single plate and 
the support should be sized as: 

¼(tp )= 5/s(5/16 in.) 
= 0.195 in. 
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The use of the above minimum weld size combined with the single plate requirement for 
connection plate thicknesses to be less than or equal to dh/2 - 1/16 in. according to AISC 
Manual Table 10-9 facilitates ductile behavior in the connection. 

Use two-sided ¼-in. fillet welds at the single plate-to-column connection. 

Check single-plate shear rupture at weld to column 

One method to determine the minimum single-plate thickness required to transfer the shear 
and tension forces is to set the weld strength (based on the resultant force) equal to the 
shear rupture strength of the single plate. From AISC Manual Part 9, the minimum required 
single-plate thickness is: 

6.19D 
tmin = -- 

Fu 

LRFD 

(Manual Eq. 9-3) 

ASD 

lmin == 
( 6.19 kip/in.) ( 1.01 sixteenths) 

tmin == 
( 6.19 kip/in.) ( 1.05 sixteenths) 

65 ksi 65 ksi 
= 0.0962 in. < 

5/i6 in. o.k. = 0.100 in. < 
5/i6 in. o.k.

Check compression on the single plate 

When the brace force is in compression, the beam-to-column axial force is in compression. 
The unit force on the single plate in compression results from axial and bending forces 
combined. 

Check the plate for the limit state of buckling using the double-coped beam procedure given 
in AISC Manual Part 9. The local flexural strength is determined in accordance with AISC 
Specification Section F l  1. 

Lb = 2.50 in. 

Lhd (2.50 in.)(23½ in.) 

t2 (5!i6 in.)2

=602 

0.08£ 0.08(29,000 ksi) 
Fv 50 ksi 

=46.4 

l.9E 1.9(29,000 ksi) 
F

y 
50 ksi 

=1,100 
0.08£ Lbd l .9E 

For rectangular bars with - -< -
2
- :S: - - bent about their major axis and assuming

Cb = 1.0: Fy t Fy 
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where My = FySx 
( .)(51i6 in.)(23V2 in.)2

= 50 ks1 �-�- -� 
= 1,440 kip-in. 

Mp =FyZx 
( 

.
)

(
5!i6 in.)(23V2 in.)2

= 50 ks1 - - - - - -
= 2,160 kip-in. 

Therefore: 
Mn = l .0 [1.52 0.274(602)(2/�

0
�s�

s
j(l,440 kip-in.)

= 1,780 kip-in.< 2,160 kip-in. 
The available flexural strength of the plate is : 

LRFD ASD 
<j)Mn = 0.90(1, 780 kip-in.) Mn 

-

1, 780 kip-in. 
- 1.67 

= 1,600 kip-in. 
= 1,070 kip-in. 

Determine the nominal axial compressive strength of the plate: lµ t/ 12 (23½ in.)(5116 in.)3 

12 = 0.0598 in.4A = lµ tp= (23½ in.)( 5!i6 in.) 
= 7.34 in.2
= {f;Ay ry �A 

0.0598 in.47.34 in.2
= 0.0903 in. 
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(0.65)(2.50 in.) 
0.0903 in. 

= 18.0 

According to AISC Specification Section J4.4, when Lclr :=::; 25: 

Pn = F
y
A

g 

= ( 50 ksi)( 7.34 in.2)

= 367 kips 

The available compressive strength of the plate is: 

LRFD 

<j)Pn = 0.90(367 kips) 
= 330 kips 

367 kips 
-

1.67 
= 220 kips 

5-85

(Spec. Eq. J4-6) 

ASD 

Axial compression and flexure is combined using AISC Specification Section HI. 

LRFD 

P,, 52.5 kips 
<j)P,, 330 kips 

= 0.159 < 0.2 

�+ Mu <1.0
2<j}Pn <pMn -

52.5 kips 
+ 

143 >HI/ H>• 

2(330 kips) 1,600 kip-in. 
= 0.169 < 1.0 o.k.

Use a 1/16-in.-thick single plate 23½ in. long. 

Check column web local yielding 

ASD 

Pn /Q 220 kips 
= 0.167 < 0.2 

P,, + Ma < 1.0 
2(Pn /Q) Mn /Q -

36.7 kips 
+ 

98.8 aw .... 

2(220 kips) 1,070 kip-in. 
= 0.176 < 1.0 o.k.

The peak unit bending force, fh, is less than the axial unit bending force, fa - Therefore, the 
bending forces do not affect the overall concentrated force on the gusset nor do they affect 
the length of force applied on the interface. A portion of the concentrated force is applied 
within a distance less than the depth of the column. 
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For a force applied at a distance from the member end that is less than the depth of the 
member: 

R,, = Fywtw ( 2.5k +lb ) 

= ( 50 ksi)( 0.340 in.)[ 2.5(1.06 in.)+ 23½ in.] 

= 445 kips 

LRFD 

$Rn = 1.00( 445 kips) R,, --

ASD 
445 kips 

1.50 
= 445 kips > 33.0 kips o.k. = 297 kips > 23. l kips 

(Spec. Eq. J l0-3) 

o.k.

Alternatively, the available strength for web yielding can be determined per AISC Manual

Part 9 and Table 9-4. 

Check column web local crippling 

A portion of the concentrated force is applied at a distance less than d/2 from the end of the 
column; therefore, use AISC Specification Section J10.3(b). Check the length of bearing 
relative to the column depth: 

lb 23½ in. 
d 10.0 in. 

= 2.35 > 0.2 

Therefore, use AISC Specification Equation JI 0-5b to determine the available strength, 
through use of AISC Manual Table 9-4. 

From AISC Manual Table 9-4 for the W10 x 49: 

LRFD 

<!JRs = 48.5 kips 

<!JR6 I 0.1 kip/in. 

Rs = 32.3 kips
Q 

R6 = 6.76 kip/in.
Q 

From AISC Manual Equations 9-49a and 9-49b: 

LRFD 

<j)R,, = $Rs + lb ( <!JR6) R,, = Rs +lb 

R6
Q Q Q 

ASD 

ASD 

= 48.5 kips+ ( 23½ in.) ( 10.1 kip/in.) = 32.3 kips+ ( 23½ in.)( 6.76 kip/in.) 
= 286 kips> 33.0 kips o.k. = 191 kips> 23.1 kips o.k.

The final connection design and geometry are shown in Figure 5-8. 
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� column 

I PL5/ie" (A572 Gr. 50) W18x50 beam 

W.P. 

- - --��- - � beam 

17½" 

� I
co (") 

PL 3/a" -+<1----+-� 

--- (4) L3½x3½x5/ie with 
(4) ¾" dia. Group A
slip-critical bolts to
gusset, Class A faying
surfaces, std. holes

(A572 Gr. 50) 

W10x49 
column 

brace 

(6) ¾" dia. Group A
(thread condition N)
bolts in std. holes

(4) ¾" dia. Group A
slip-critical bolts,
Class A faying
surfaces, std. holes
in angles, ovs. holes
in web of brace

Note: Bolts indicated as 
thread condition N are to be 
pretensioned with Class A or 
better faying surfaces. 

Fig. 5-8. Connection designed in Example 5.2.4. 
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Example 5.2.5. OCBF Tension-Only Diagonal Brace Design 

Given: 

Unlike special systems, tension-only bracing is permitted in OCBF systems; therefore, this 

example demonstrates a tension-only brace design for the same configuration as Example 

5.2.4. Refer to Brace BR- l shown in Figure 5-2. Select an ASTM A36 single-angle section 

for the diagonal brace to resist the loads given, as a tension-only bracing configuration. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. From 

a first-order analysis, the loads on the brace are: 

PD= 0 kips 

PH= 0 kips 

Ps = 0 kips 

PL= 0 kips 

PQE = ±51.1 kips 

MD = 1.13 kip-ft 

The dead load bending moment indicated above is due to the self-weight of the brace 

assuming a member that weighs 16 lb/ft. Sometimes this self-weight loading is ignored 

in the design of vertical diagonal braces where judgment would indicate that the loading 

is minimal and only uses a small percentage of the available member strength. However, 

in this example, considering the relatively long length of the diagonal brace, the dead load 

moment is included in this design check. There are no bending moments due to live loads 

or snow loads. 

The story shear, H, from the first-order analysis is 136 kips, and the first-order interstory 

drift due to that load without the Cd factor applied from the analysis model is: 

t:,.H = 0. 76] in. 

Solution: 

From AISC Manual Table 2-4, the material properties are: 

ASTMA36 

F
y 

= 36 ksi 

Fu
= 58 ksi 

Determine the required strength of the diagonal brace 

Considering the load combinations given in ASCE/SEI 7, the governing load combination 

and resultant maximum axial tension and bending moment in the diagonal brace are: 

LRFD ASD 

From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 

SEI 7, Section 2.3.6 (including the SEI 7, Section 2.4.5, with Ev and E1,

permitted 0.5 factor on L), with Ev and E1, incorporated as defined in Section 12.4.2: 

incorporated as defined in Section 12.4.2: 
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LRFD ASD 

Pu = (1.2+0.2SDS)PD +pPQE +0.5PL Pa= (1.0+0.14SDs )PD +0.7pPQE 

+0.2Ps = [1.0 + 0.14( 0.528 )]( 0 kips) 

= [1.2+0.2(0.528)](0 kips) +0.7(1.0)(-51.1 kips)
+1.0(-51. l kips)+0.5(0 kips) = -35.8 kips 

+0.2(0 kips)

=-51.l kips 

Mu = (1. 2+0.2SDs)MD +pMQE +0.5ML Ma = (1.0+0.14SDs )MD +0.7pMQE 
+0.2 Ms = [1.0+0.14(0.528)](1.13 kip-ft) 

= [1.2+0.2(0.528)](1.13 kip-ft) +0.1(1.0)(0 kip-ft)
+1.0(0 kip-ft)+o.5(o kip-ft) = 1.2 1  kip-ft 
+0.2(0 kip-ft)

= 1.48 kip-ft 

Try an L5 x 5 x % for the brace member. 

From AISC Manual Table 1-7, the geometric properties are as follows: 

L5x5x3/s 
A= 3.65 in.2 rx = ry = 1.55 in. rz = 0.986 in. Sx =Sy

= 2.41 in.3

Determine the effective slenderness ratio 

The available compressive strength of a tension-only brace is ignored in the design of the 
bracing. Therefore, to ensure the brace will buckle in compression under relatively minor 
loading, use a tension-only brace with a slenderness ratio greater than the recommended 
maximum effective slenderness ratio, Lclr, of 200 as indicated in the User Note in AISC 
Specification Section E2. According to the User Note in AISC Specification Section Dl , 
Lcfr of members designed based on tension should preferably not exceed 300. Therefore, 
the effective slenderness ratio, LJr, is selected to be greater than 200, but less than 300. 

Determine K 

According to AISC Specification Appendix 7, Section 7.2.3(a), for braced-frame systems 
the effective length factor, K, for members subject to compression is taken as 1.0, unless a 
rational analysis indicates that a lower value is appropriate. 

The overall length of the brace diagonal in each bay is: 

L = �(40 ft)2 +(40 ft)2 

= 56.6 ft 
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This length has been determined by calculating the distance between the work points based 
on the intersection of the centerlines of the diagonal braces, columns and beams. Shorter 
lengths may be used if justified by the engineer of record. 

Single angles in X-bracing are normally continuous for the full diagonal length of the bay 
with the orientation of each brace reversed as shown in Figure 5-9, permitting the braces to 
be connected to each other by bolting at mid-length. The effective length in this arrange
ment is 0.85 times the half diagonal length considering the radius of gyration in the z-axis, 
r
z 

(El-Tayem and Goel, 1986). 

l
2 

=0.5l

= 0.5(56.6 ft) 

= 28.3 ft 
K

z 
=0.85 

0.85(28.3 ft)(I2 in./ft) 

0.986 in. 

=293 

The slenderness, lclr, is greater than 200, but less than 300, and therefore meets the desired 
range based on the User Notes in AISC Specification Sections DI and E2. 

Note that the suggested slenderness limit of 300 does not apply to rod bracing, nor does the 
0.85 effective length factor. 

High-strength bolt 

with spacer plate 

Fig. 5-9. Connection of single-angle diagonal braces at midpoint. 
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Check brace element width-to-thickness ratios 

Based on the exception noted in AISC Seismic Provisions Section Fl .5a, braces in tension
only frames with slenderness ratios greater than 200 are not required to satisfy the width-to
thickness requirements of Section Dl .  l for moderately ductile members. 

Determine the available tensile strength 

For tensile yielding on the gross section, the nominal tensile strength is: 
Pn = F

y
A

g 

= (36 ksi)(3.65 in.2)

= 131 kips 

The available tensile strength is: 

LRFD 

91?,, = 0.90(131 kips) 

ASD 

Pn 131 kips 
Qt 1.67 

(Spec. Eq. D2-l )  

= 118 kips > 51.1 kips o.k. 
= 78.4 kips> 35.8 kips o.k.

The limit state of tension rupture on the effective area should also be checked; however, by 
inspection, it would not control. 

Determine the available flexural strength 

During the governing seismic load conditions, the bracing is subject to significant axial ten
sion with some minor flexure due to self-weight. The large axial tension loading provides 
a stabilizing effect to the brace and negates the effect of lateral-torsional buckling due to 
flexure. Therefore, even though the member is not laterally restrained along the length, 
when consideration is given to the significant axial tension load in the member, flexural 
strength can be based on the limit state of yielding only. This assumes that the single angle 
has continuous lateral restraint along the length; therefore, the lateral-torsional buckling 
limit state does not apply. Additionally, because the section is compact, the limit state of 
leg local buckling does not apply. 

The nominal flexural strength due to yielding is: 

Mn
= 1.5M

y 

= 1.5SxF
y 

= 1.5(2.41 in.3 )(36 ksi)(l ft/12 in.) 

= 10.8 kip-ft 
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The available flexural strength is: 

LRFD ASD 

<PhMn = 0.90(10.8 kip-ft) Mn -
10.8 kip-ft 

Qb 1.67 
= 9.72 kip-ft> 1 .48 kip-ft o.k. = 6.47 kip-ft> 1.21 kip-ft o.k.

Consider second-order effects 

Follow the calculation procedure of AISC Specification Appendix 8. 

Mr= B1Mnt + B2M11 

Calculate B t 

(Spec. Eq. A-8-1) 

(Spec. Eq. A-8-2) 

B i = 1.00 according to Section 8.2 of AISC Specification Appendix 8,  as the member is not 
subject to compression. 

Calculate B2 

Pstory is the total vertical load on the story calculated using the applicable load case. As 
calculated in Example 5.2.1: 

LRFD 

Pstory = 1,130 kips 

RM= 1.0 (braced frame) 
HL 

Pe story 
= RM 

!'!,.H 

=l.O 
(136kips)(40 ft) 

(0.761 in.)(1 ft/12 in.) 
= 85,800 kips 

Using AISC Specification Equation A-8-6: 

a=l.0 

B2 = 
I 

--

I 

=l.01 

LRFD 

1 
21 

aP,tory 

Pe story 

1 > 1
1.0(1,130 kips) -

85,800 kips 

ASD 

Pstory = 742 kips 

a=l.6 

B2 = 
]-

--

ASD 

1 
21 

aPsrmy 

Pe story 

1 > 1
1.6(742 kips) -

1 - ·-------------------------·-
85,800 kips 

=1.01 
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First-order bending moments with the structure restrained against lateral translation (gravity 
loads in this case), and due to lateral translation of the story are, respectively: 

LRFD ASD 

Mm =Mu Mm =Ma 
= 1.48 kip-ft = 1.21 kip-ft 

M11 = 0 kip-ft M11 = 0 kip-ft 

From AISC Specification Equation A-8-1, the required flexural strength of the brace includ
ing second-order effects is: 

LRFD ASD 

Mr
= B1Mn1 +B2M11 Mr = B1Mn1 + B2M11 
= 1.00(1.48 kip-ft)+ 1.01(0 kip-ft) = 1.00(1.21 kip-ft)+ 1.01(0 kip-ft) 
= 1.48 kip-ft = 1.21 kip-ft 

First-order axial forces with the structure restrained against lateral translation (gravity loads 
in this case), and due to lateral translation of the story from seismic loading are, respectively: 

LRFD ASD 

Pn1 = 0 kips P,u = 0 kips 
Pzr = 51.1 kips Pzt = 35.8 kips 

From AISC Specification Equation A-8-2, the required strength of the brace including 
second-order effects is: 

LRFD ASD 

Pr = P,,t + B2Pzr Pr = P,11 + B2Pz1 
= 0 kips+ 1.01 ( 51.1 kips) = 0 kips+ 1.01 (35.8 kips) 
= 51.6 kips = 36.2 kips 

Check combined loading of the brace 

LRFD ASD 

P,. 51.6 kips P, 36.2 kips 
- -- -- -

Pc 118 kips Pc 78.4 kips 
= 0.437 = 0.462 

Because Prf P c 2". 0.2, the brace design is controlled by the equation: 

-+--+- <1.0P, 8 [Mrx Mry J 
Pc 9 Mex Mey -

(Spec. Eq. HI-la) 
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LRFD ASD 

0.437 +�[o+ 1.48 = o.572 
9 9.72 kip-ft 

0.462+�[0+ 1.21 = 0.628 
9 6.47 kip-ft 

0.572< 1.0 o.k. 0.628 < 1.0 o.k.

Note that the y-y axis bending moment from the self-weight of the diagonal brace utilizes 
about 15% of the member capacity. 

Use an L5x5x% in the tension-only configuration for OCBF diagonal Brace BR-1. 

Braces must be continuous through and bolted to each other at the intersecting joint as 
shown in Figure 5-9. Coordinate spacer plate thickness with gusset plate thickness. 

MT -OCBF Design Example Plan and Elevation 

The following examples illustrate the design of a multi-tiered ordinary concentrically braced 
frame (MT-OCBF) system based on AISC Seismic Provisions Section F l .4c. The plan and 
elevation are shown in Figure 5-10 and Figure 5-11. 

The gravity loading is as follows: 

D = 19 psf 
Lr

= 20 psf (subject to roof LL reduction per building code) 
S = 20 psf 

The wall dead load is 8 psf. 

0 

0 

300'-0" 

I (typ.) : 
1H--a--a a---a a-a--a--a--a--a--a--H'-@

tT
-

a

-

a

-1-

a

-

a

-1-

a

-

a

-

a

-1-1-
1-@ ��1H--l--J:--J:--J:--J:--J: J:--J:--J:--f-@ 

� � � (4) d;-1 � � � � � 
MT-OCBF investigated 
in design examples 

Fig. 5-10. MT-OCBF roof plan. 
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The calculated elastic lateral deflection of the frame due to seismic loads, t,..H, is 0.983 in. 

From ASCE/SEI 7, the following parameters apply: Seismic Design Category D, R = 3¼, 
Q0 = 2, p = 1.0, le

= 1.0, SDS = 0.738, Sm = 0.397, and approximate period parameters, 
C1 = 0.02 and x = 0.75. ASCE/SEI 7 does not permit an R = 3 system in Seismic Design 
Category D; therefore, an ordinary concentrically braced frame system is used and will be 
designed in accordance with the AISC Seismic Provisions.

The structural framing is regular and has at least two bays of seismic force-resisting perime
ter framing on each side in each orthogonal direction. The roof diaphragm meets the flexible 
diaphragm requirements of ASCE/SEI 7, Section 12.3.1.1.a. In accordance with ASCE/SEI 
7, Section 12.3.4.2, the redundancy factor, p, is permitted to be taken as 1.0 because the 
condition in Section 12.3.4.2.b is met. 

Because the roof dead load is less than or equal to 20 psf, the height limit for an OCBF is 
extended to 60 ft for a single-story building per Footnote 'T' in ASCE/SEI 7, Table 12.2-1. 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 (for 
LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as defined in Section 12.4.2. 

LRFD ASD 

From Load Combination 6 from ASCE/ From Load Combination 8 from 
SEI 7, Section 2.3.6 (including the ASCE/SEI 7, Section 2.4.5: 
permitted 0.5 factor on L): 

l .2D+Ev +Eh +L+0.2S 1.0D+0.7Ev +0.7Eh 

= (1.2+ 0.2SDs )D+ pQE + 0.5L+ 0.2S = (1.0+0.14SDS )D+0.7pQE 

Fig. 5-11. MT-OCBF elevation. 
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LRFD ASD 

and from Load Combination 7 from and from Load Combination 9 from 
ASCE/SEI 7, Section 2.3.6: ASCE/SEI 7, Section 2.4.5: 

0.9D Ev+Eh I .OD+ 0.525Ev + 0.525Eh 

= (0.9-0.2SDs )D+pQE 
+ 0.75L + 0.75S

= ( 1.0 + 0.105S DS) D + 0.525pQE 

+ 0.75L + 0.75S

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

0.6D 0.7Ev +0.7Eh

= (0.6-0.14SDs )D+0.7pQE

The basic load combinations with seismic load effects including overstrength from ASCE/ 
SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as 
defined in Section 12.4.3. 

LRFD 

From Load Combination 6 from 
ASCE/SEI 7, Section 2.3.6 (including 
the permitted 0.5 factor on L): 

l.2D+Ev +Emh +L+0.2S
= ( l.2+0.2SDs )D+fl0QE + 0.5L+ 0.2S

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

0.9D Ev +Emh

= (0.9-0.2SDs)D+floQE

ASD 

From Load Combination 8 from 
ASCE/SEI 7, Section 2.4.5: 

l.0D+0.7Ev +0.7E111h

= (1.0+0.14SDs )D + 0.7QoQE

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

l .OD+ 0.525Ev + 0.525Emh 

+ 0.75L + 0.75S

= (1.0+0.105SDs )D+0.525Q0QE

+0.75L+0.75S

and from Load Combination IO from 
ASCE/SEI 7, Section 2.4.5: 

0.6D 0.7Ev +0.7Emh

= (0.6-0.14SDs )D+0.7Q0QE

From the roof plan shown in Figure 5-10, the building area is: 

A= (120 ft)(300 ft) 

= 36,000 ft2
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The wall system is considered simply supported for lateral loads between the roof and foun
dation. Therefore, the lateral earthquake forces due to wall weight are based on half of the 
total weight of the wall system. Consequently, the total effective seismic weight, W, at the 
roof level is calculated as follows: 

( 19 psf) (36, 000 ft2 ) + ( 2 lines) ( 8 psf) ( 120 ft) ( 
6° ft 

J 
W _ 

2 
( 

l kip J
(
60 ft)

1, 000 lb 
+ (2 lines )(8 psf)(300 ft) -

2
-

= 886 kips 

The seismic response coefficient, Cs, determined in accordance with ASCE/SEI 7, Section 
12.8.1. l ,  is: 

Cs = 
[S�sJ 
le 

0.738 

(3¼)l.O 
= 0.227 

Ta = Cih;, 

=0.02(60 n}°-75

= 0.431 s 

0.397 

( 0.431 

(ASCE/SEI 7, Eq. 12.8-2) 

(ASCE/SEI 7, Eq. 12.8-7) 

(ASCE/SEI 7, Eq. 12.8-3) 

= 0.283 > 0.227 

Therefore, C.1 = 0.227. 

From ASCE/SEI 7, Section 12.8.1, the seismic base shear total for four braced frames is: 

V = CsW 
= 0.227(886 kips) 
= 201 kips 

(ASCE/SEI 7, Eq. 12.8-1) 
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Example 5.2.6. MT-OCBF Diagonal Brace Design 

Given: 

Refer to the plan and elevation shown in Figures 5-10 and 5-11 and select an ASTM A36
single-angle section to serve as a tension-only member for Brace BR-1 to resist the required
load. 

Note that the bracing will be designed as tension-only in accordance with AISC Seismic

Provisions Section Fl .4c(h). A flexible diaphragm will be assumed, so accidental torsion
need not be considered. 

Due to the bracing layout, the configuration is balanced and the brace required strength can
be taken as equal at each tier level. 

Solution: 

The lateral load applied to each braced frame is:
V Pi = --------

( 2 sides) ( 2 frames)
201 kips

4
= 50.3 kips

Determine the angle of the brace from the horizontal:

0 = tan - I ( 20 ft)
25 ft 

= 38.7° 

Therefore, the axial force in the brace due to seismic loading is:

P, _ 50.3 kips
QE -

cos38.7° 

= 64.5 kips

Considering the load combinations given in ASCE/SEI 7, with Ev and E1i incorporated as
defined in Section 12.4.2, and assuming the braces carry no gravity loads, the required axial
strength of a tension-only brace is: 
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LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6: SEI 7, Section 2.4.5: 

Pu= (1.2+0.2SDS)PD +pPQE +0.511, Pa= (I.O + 0.14Sos )Po+ 0.7pPQE 
+0.2Ps =[1.0+0.14(0.738)](0 kips) 

= [1.2+0.2(0.738)](0 kips) +0.7(1.0)(64.5 kips)
+ ( 1.0 )( 64.5 kips)+ 0.5( 0 kips) = 45.2 kips 

+0.2(0 kips)
= 64.5 kips 

Try an L4x4x5/i6. 

From AISC Manual Table 2-4, the material properties are: 

ASTMA36 
F

y 
= 36 ksi 

Fu= 58 ksi 

From AISC Manual Table 1-7, the geometric properties are: 

A= 2.40 in.2 r
y 
= rx = 1.24 in. r

2 
= 0.781 in. 

5-99

Based on the exception noted in AISC Seismic Provisions Section F l  .Sa, braces in tension
only frames with slenderness ratios greater than 200 are not required to satisfy the width-to
thickness requirements of Section D 1.1 for moderately ductile members. 

The work-point to work-point length of the brace diagonal in each bay, based on the geom
etry in Figure 5-11, is: 

L = �(20 ft)2 + (25 ft)2 

= 32.0 ft 

This length has been determined by calculating the distance between the work points based 
on the intersection of the centerlines of the diagonal braces, columns and beams. Shorter 
lengths may be used if justified by the engineer of record. 

Single angles in X-bracing are normally continuous for the full diagonal length of the bay 
with the orientation of each brace reversed as shown in Figure 5-9, permitting the braces 
to be connected to each other by bolting at mid length. The effective length in this arrange
ment is 0.85 times the half diagonal length considering the radius of gyration in the z-axis, 
rz (El-Tayem and Goel, 1986). 

L
z 

=0.5(32.0 ft) 
= 16.0 ft 

Kz = 0.85 
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Lx 

Kx 
Lex 
r 

Ly 

Ky 

0.85(16.0 ft)(l2 in./ft) 
0.78l in. 

= 209 

= 0.5(32.0 ft) 

=16.0 ft 
=l.0 

KxLx 
rx 

1.0(16.0 ft)(l2 in./ft) 
1.24 in. 

= 155 

= 0.5(32.0 ft) 

= 16.0 ft 
=l.0 

Le
y KyLy 

r ry 

1.0(16.0 ft)(12 in./ft) 
1.24 in. 

= 155 

(Le) = 209
r max 

The slenderness ratio, Lcf r, is less than 300 and therefore meets the recommendation of the 
User Note in AISC Specification Section DI for members designed on the basis of tension. 
In addition, the slenderness ratio is greater than 200 and therefore need not comply with the 
requirements of moderately ductile members, as stated in AISC Seismic Provisions Section 
Fl.Sa. 

The available tensile yielding strength is: 

P,, = F
y
A

g 

= (36 ksi)( 2.40 in.2)
= 86.4 kips 
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LRFD ASD 

<PrPn = 0.90(86.4 kips) -
86.4 kips

-

Qt 1.67 
= 77.8 kips> 64.5 kips o.k. = 51.7 kips> 45.2 kips o.k.

The L4x4xo/i6 is adequate for the MT-OCBF diagonal braces at all levels. 

Note that the rupture limit state for the brace in tension would be investigated when design
ing connections for this brace. 

Example 5.2.7. MT-OCBF Column Design 

Given: 

Refer to the elevation shown in Figure 5-11 to select an ASTM A992 W-shape for Column 
CL-I.

Note that the ends of the columns are assumed as pinned and braced against translation for 
both the x-x and y-y axes, and against rotation. Loading for the columns is determined from 
a first-order analysis. Use the approximate method given in AISC Specification Appendix 8 
to account for second-order effects. 

Also note that many columns in the building (the sidewalls and the interior) rely on the 
four OCBF for stability. The code requires frame stability analysis and the consideration of 
leaning columns; however, an exhaustive stability analysis is not presented in this example 
in order to focus on the seismic requirements. 

Solution: 

From AISC Manual Table 2-4, the material properties are: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

Required Axial Strength 

From the plan in Figure 5-10, the tributary area for Column CL-I is: 

(25 ft)(20 ft) = 500 ft2 

Therefore, axial forces due to gravity loads are as follows: 

PD= (19 psf)( 500 ft2 )(1 kip/1,000 lb) 

= 9.50 kips 

Ps = (20 psf)(500 ft2 )(1 kip/1,000 lb) 

= 10.0 kips 
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From Example 5.2.6, the axial force in the brace due to seismic loading is 64.5 kips. The 
seismic force causing compression in the column ( calculated for the lowest level of column 
section, including the vertical components of three braces): 

PQE = 3( 64.5 kips )sin38.7° 

= 121 kips 

AISC Seismic Provisions Section D 1.4a says that the required axial strength for columns in 
seismic force-resisting systems is determined from the greater effect of the following: the 
load effect from the analysis requirements per the system provisions, and the compressive 
axial strength and tensile strength using the overstrength seismic load; that is, the seismic 
load multiplied by the overstrength factor, Q0• 

Per AISC Seismic Provisions Section F l  .4c(f), the seismic force is to be increased by an 
additional factor of 1.5. 

Considering the load combinations given in ASCE/SEI 7, with Ev and Eh incorporated as 
defined in Section 12.4.3, the required axial strength of the column is: 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from 
SEI 7, Section 2.3.6 (including the ASCE/SEI 7, Section 2.4.5: 
permitted 0.5 factor on L:

Pu
= (1.2+0.2SDS )PD +!.l0PQE +0.5PL Pa =(1.0+0.14SDs)PD +0.7QoPQE 

+0.2Ps =[1.0+0.14(0.738)](9.50 kips) 
= [ 1.2 + 0.2( 0.738 )](9.50 kips) +0.7(1.5)(2)(121 kips)

+ (1.5)(2 )( 121 kips)+ 0.5( 0 kips) =265 kips 
+0.2(10.0 kips)

= 378 kips 

and from Load Combination 7 from and from Load Combination 9 from 
ASCE/SEI 7, Section 2.3.6: ASCE/SEI 7, Section 2.4.5: 

Pu = ( 0.9 -0.2S DS) PD + !.loPQE Pa =(1.0+0.105SDs)PD

= [o.9-0.2(0.738)](9.50 kips) + 0.525Q0PQE + 0. 75PL + 0. 75Ps

+(1.5)(2)(121 kips) =[1.0+0.105(0.738)](9.50 kips) 

= 370 kips +0.525(1.5)(2)(121 kips)

+0.75(0 kips)+0.75(10.0 kips)
= 208 kips 
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LRFD ASD 
and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Pa =(0.6 0.14SDS )PD+ 0.7Q.0PQE

=[0.6 0.14(0.738)](9.50 kips) 

+0.7(1.5)(2)(121 kips)
= 259 kips 

Required Flexural Strength-Out-of-Plane 

AISC Seismic Provisions Section F l.4c(g) stipulates that in an MT-OCBF, columns sub
jected to axial compression are also designed to resist bending moments due to second-order 
and geometric imperfection effects. 

To satisfy this requirement, an out-of-plane horizontal notional load applied at every tier 
level and equal to 0.006 times the vertical load contributed by the compression brace con
necting to the column at the tier level may be developed. Note that this section of the AISC 
Seismic Provisions does not address tension-only bracing conditions. The tension brace 
force is used in this application of the AISC Seismic Provisions. 

Based on the required axial strength of the tension-only brace determined in Example 5.2.6, 
the horizontal loads at tier levels 2 and 3, due to imperfection effects, are: 

LRFD ASD 

P,, = 0.006(64.5 kips)sin38.7° Pa = 0.006( 45.2 kips )sin38.7°

= 0.242 kip = 0.170 kip 

The column is restrained against translation at its top and bottom, and as shown on the plan 
in Figure 5-10, the column strong axis is oriented to resist out-of-plane moments. Therefore: 

LRFD ASD 

Mux = ( 0.242 kip )(20 ft) Max
= (0.170 kip)(20 ft) 

= 4.84 kip-ft = 3.40 kip-ft 

Column Design 

Using a column orientation with the strong axis out-of-plane of the frame, try a W14x90. 
From AISC Manual Table 1-1, the geometric properties are as follows: 

A= 26.5 in.2 d = 14.0 in. rx = 6.14 in. ry = 3.70 in. Ix
= 999 in.4

For the available compressive strength, the element slenderness is checked according to 
AISC Specification Table B4.1 a. As indicated in AISC Manual Table 1-1, the section is not 
slender for compression with F

y 
= 50 ksi. 
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From AISC Specification Commentary Table C-A-7.1, for a pinned-pinned condition, 
Kx

= K
y

= 1.0. 

Therefore: 

Lex KxLx 

rx rx 

1.0(60 ft)(l2 in./ft) 
6.14 in. 

= 117 (governs) 

Ley 
K

yLy 

r
y 

r
y 

1.0(20 ft)(I2 in.!ft) 
3.70 in. 

=64.9 

From AISC Manual Table 4-14 with L,Jr = 117 and using AISC Specification Equation 
E3-1, the available compressive strength is: 

LRFD 

<pcFcr = 16.5 ksi 
<pcPn 

= <pcFcr
A

g

= ( 16.5 ksi) ( 26.5 in. 2)
= 437 kips> 378 kips o.k.

Fer = 11.0 ksi
QC 

Pn _ Fer A -
g

QC QC 

ASD 

=(11.0 ksi)(26.5 in.2) 
= 292 kips > 265 kips o.k.

From AISC Manual Table 6-2, with unbraced length, Lb = 20 ft, the available flexural 
strength about the x-x axis is: 

LRFD ASD 

<pb Mn = 539 kip-ft> 4.84 kip-ft o.k.
M n = 358 kip-ft> 3.40 kip-ft o.k.

Qb 

Note that Cb = 1.0 for the center section of the column and 1.67 for the lower and upper 
sections of the column. Conservatively, use Cb = 1.0 for this column design. 

Second-Order Effects 

Follow the approximate procedure of AISC Specification Appendix 8 to account for second
order effects. 

Mr
= B1M,11 + B2M11 
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Calculate B2 

To determine P srory, use the area of 36,000 ft2 for the roof and the gravity loads given in the 
MT-OCBF Design Example Plan and Elevation section. Use load combinations that include 
seismic effects; in this case, Load Combination 6 from ASCE/SEI 7, Section 2.3.6 (LRFD), 
and Load Combinations 8 and 9 from Section 2.4.5 (ASD), are considered. 

PD= (36,000 ft2 )(19 psf)(l kip/1,000 lb) 

= 684 kips 

Ps = (36,000 ft2 )(20 psf)(I kip/1,000 lb) 

= 720 kips 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): 

P.11ory = (1.2 + 0.2SDs )PD+ Q0PQE 
+ 0.5PL + 0.2Ps 

= [ 1.2 + 0.2( 0.738)]( 684 kips) 

+2(0 kips)+o.5(0 kips)

+ 0.2(720 kips)
= 1,070 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

P.,tory = (1.0 + 0.14SDS )PD 
+0.7Q0PQE

= [ 1.0 + 0.14( 0.738 )]( 684 kips) 

+ 0.7(2 )(o kips)
= 755 kips

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

P.11ory = (1.0+ 0.I05SDs )PD 
+ 0.525Q0

PQE + 0.75PL + 0.75Ps 

= [1.0 +0.105(0.738)] (684 kips) 
+0.525(2)(0 kips)+0.75(0 kips)

+ 0.75(720 kips)
= 1,280 kips 

The total story shear, H, with four bays of bracing in the direction under consideration, is 
201 kips as calculated previously. From an elastic analysis, the first-order interstory drift is 
!J.H = 0.983 in. 

H = 201 kips 
L =60 ft 
RM = 1.0 for a braced frame 
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HL
Pe story = RM !'!,.

H

= 1.0 
(201 kips)(60 ft)

( 0.983 in.) ( l ft/12 in.) 
= 147,000 kips 

LRFD 

a =1.0 
I B

2=---->l 
l af,tory -

Pe story 

From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): 

l B2=- -�- -�>l 
l -

l:?[!,�!?�i£�) 
-

147,000 kips 
= 1.01 > 1 

ASD 

a =1.6 
l

B2=- - -->l 
af,tory -

Pe story

BRACED FRAMES 

(Spec. Eq. A-8-7) 

From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

1 
> I

1.6(755 kips) -

147,000 kips 
= 1.01 > 1 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

l B2 =- -�- -�>l 
l - !:�(l,��?����) 

-

147,000 kips 
= 1.01 > l 

Calculate B1 tor the x-x axis (out of plane of the frame) 

B1 = Cm > l
1 a?y/Pe1 -

n2EI*
Pei=--

( Lc1 )
2 

n2 (29,000 ksi)(999 in.4) 
Pelx = 

2 

[1.0(60 ft)(l2 in./ft)]

= 552 kips 

Cn = 1.0 as a conservative assumption 
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Recalculate the required strengths including second-order effects: 

LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L): 
Pu =(1.2+0.2SDS)PD +B2Q0PQE +0.5PL 

+0.2Ps

=[1.2+0.2(0.738)](9.50 kips) 

+1.01(1.5)(2)(121 kips)

+0.5(0 kips)+0.2(10.0 kips)
= 381 kips 

Calculate B ix: 

LRFD 

a =1.0 

Bi = m >l
aPr1 -

Pei 

As previously calculated, Pr is from Load 
Combination 6 from ASCE/SEI 7, Section 
2.3.6 (governing case): 

B1x = 1.0 >l
1.0(381 kips) -

1-······································· 
552 kips 

=3.23 > I 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Pa
= (1.0+0.14SDS )PD+ B20.7Q0PQE 

= [ 1.0 + 0.14( 0.738)](9.50 kips) 

+ 1.01(0.7)(1.5)(2)(121 kips)
= 267 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 
Pa 

= (1.0+0.105SDS)PD 
+ B20.525Q0PQE + 0.75PL + 0.75Ps

=[1.0+0.105(0.738)](9.50 kips) 

+1.01(0.525)(1.5)(2)(121 kips)

+0.75(0 kips)+0.75(10.0 kips)
= 210 kips 

ASD 

a = 1.6 

Bi - Cm >laPr -1 
Pei 

As previously calculated, Pr is from Load 
Combination 8 from ASCE/SEI 7, Section 
2.4.5: 

B1x = 
1-

1.0 > l
1.6(267 kips) -

552 kips
= 4.42 > 1 
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LRFD 

BRACED FRAMES 

ASD 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

B1x = 
1-

1.0 > l
1.6( IOkips)-

552 kips 

= 2.56 > 1 

The x-x axis, out-of-plane moment is amplified as follows. Note that this moment is taken 
as Mm with the structure restrained against lateral translation. 

LRFD ASD 

From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): SEI 7, Section 2.4.5: 

BixM,,x = BixMntx BixMax = BixMntx

= 3.23( 4.84 kip-ft) = 4.42(3.40 kip-ft) 

= 15.6 kip-ft = 15.0 kip-ft 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

B1xMax = B1xMntx

= 2.56(3.40 kip-ft) 

= 8.70 kip-ft 

Combined axial compressive and flexural strength will be checked using AISC Specification

Section HJ. Determine the applicable interaction equation in AISC Specification Section 
HI.I: 

LRFD ASD 

Pr 381 kips Pr 267 kips 
- -

- -- -

Pc 437 kips Pc 292 kips 
=0.872 >0.2 =0.914>0.2 

Because Prf Pc 2:'. 0.2, the column design is controlled by the equation: 

P,. 8[Mrx MryJ<I O-+--+-

Pc, 9 Mex Mey -
(Spec. Eq. HI-la) 
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LRFD 

0.872 + �r 15.6 kip-ft+ 0 J < 1.0
9 539 kip-ft -

= 0.898 < 1.0 o.k.

ASD 

0_914+�[ 
15.o kip-ft +o) < 1.o

9 358 kip-ft -

= 0.951 < 1.0 o.k.

Therefore, a W14 x 90 is adequate for the column. 

Example 5.2.8. MT-OCBF Column Design Using 
Tension-Only Bracing Exception 

Given: 

5-109

Because tension-only bracing is being used, AISC Seismic Provisions Section Fl .4c(h) may 
be applied if the conditions of Section Fl.4c(h)(I) and Section Fl.4c(h)(2) are met. Using 
this alternate approach, verify the column design in Example 5.2.7. 

Note that the ends of the columns are assumed as pinned and braced against translation for 
both the x-x and y-y axes, and against rotation. Loading for the columns is determined from 
a first-order analysis. Use the approximate method given in AISC Specification Appendix 8 
to account for second-order effects. 

Solution: 

The following changes are made to previous design requirements and applied in this example: 

1. The required Brace BR-I connection force is reduced to the basic requirement for
OCBF frames:

PQE =!1oQE 

= 2(64.5 kips) 
= 129 kips 

2. The required Strut ST-I axial force is reduced to the basic requirement for OCBF
frames:

PQE =!1oQE 

= 2(50.3 kips) 
= 101 kips 

3. The required axial strength of the column is reduced to the basic requirements for
OCBF frames. The basic load combinations with seismic load effects including over
strength from ASCE/SEI, Section 2.3.6 (LRFD) and Section 2.4.5 (ASD), are used,
with E11 and Eh incorporated as defined in Section J 2.4.3 ( without the additional 1.5
factor on the seismic force). The gravity and seismic forces calculated in Example
5.2.7 are used.
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LRFD 
From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (including the 
permitted 0.5 factor on L): 

Pu = (l.2+0.2Sos)Po +!.10PQE +0.5PL 
+0.2Ps

=[1.2+0.2(0.738)](9.50 kips) 

+(2)(121 kips)+0.5(0 kips) 

+0.2(10.0 kips)
= 257 kips 

and from Load Combination 7 from 
ASCE/SEI 7, Section 2.3.6: 

Pu = (0.9-0.2Sos)Po +!.10PQE 

=[0.9 0.2(0.738)](9.50 kips) 

+(2)(121 kips) 
= 249 kips 

BRACED FRAMES 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

Pa
= (1.0 + 0.14Sos )Po+ 0.7QoPQE 
=[1.0+0.14(0.738)](9.50 kips) 

+0.7(2)(121 kips)
= 180 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa
= (1.0+0.105Sos)Po 

+0.525Q0PQE +0.75PL +0.75Ps
=[1.0+0.105(0.738)](9.50 kips) 

+0.525(2)(121 kips)

+0.75(0 kips)+0.75(10.0 kips)
= 145 kips 

and from Load Combination 10 from 
ASCE/SEI 7, Section 2.4.5: 

Pa
= (0.6-0.14Sos )Po +0.7QoPQE 
=[0.6-0.14(0.738)](9.50 kips) 

+0.7(2)(121 kips)
= 174 kips 

4. The column is now required to be designed for in-plane flexural moments, associated
with possible inherent differences in the strength of the bracing tiers.

Per AISC Seismic Provisions Section F l .4c(h)(2), the expected yield strength of the ASTM 
A36 L4x4x5/i6 brace in tension, with Ry

= 1.5 from AISC Seismic Provisions Table A3.1, 
is: 

RyFyAg 
= 1.5 ( 36 ksi) ( 2.40 in. 2) 
= 130 kips 

As previously determined, this is a very slender brace and the controlling slenderness ratio 
exceeds 200. Assume that the available compressive strength is negligible. 
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The lateral force associated with developing the maximum expected tensile strength of the 
brace is calculated as follows: 

LRFD 

cos38.7° 

(130 kips )cos38.7° 

1.0 
= 101 kips 

ASD 

cos38.7° 

(130 kips)cos38.7° 

1.5 
= 67.6 kips 

The LRFD-ASD force level adjustment factor, <Xs, is from AISC Seismic Provisions Section 
F l .6a(a). 

AISC Seismic Provisions Section F l.4c(h)(2) requires that columns be designed for addi
tional in-plane bending moments resulting from the unbalanced lateral forces at each tier. 
These unbalanced lateral forces are determined using expected brace strengths. For condi
tions where the same brace size and geometry occur at each tier, this method gives no 
unbalanced lateral force. For such cases, the column is designed for a minimum unbalanced 
lateral force equal to 5% of the larger horizontal shear applied above and below the tier to 
address unknown variations in strength, geometry and response. This is equal to: 

LRFD ASD 

Pu
= 0.05Pi Pa

= 0.05Pi 

=0.05(101 kips) = 0.05( 67.6 kips) 
= 5.05 kips = 3.38 kips 

This force is applied at tiers 2 and 3. The column is restrained at its top and bottom. Therefore: 

LRFD ASD 

Muy = Mu May = Ma 

= l 
5.05

/
ips 

)(20 ft) = l
3.38

2
kips 

)(20 ft)

= 50.5 kip-ft = 33.8 kip-ft 

Note that the braced frame is composed of two columns, and therefore, the in-plane moment 
is split to both columns. If more columns were connected at each tier level, the in-plane 
moment would be dispersed to more columns. 

Using an orientation with strong-axis bending out-of-plane of the frame, as illustrated in 
Figure 5-10, verify the W14 x 90 chosen in the previous example. 

From AISC Manual Table 1-1, the geometric properties of a W14x90 are as follows: 

A = 26.5 in.2 d = 14.0 in. rx = 6.14 in. r
y 

= 3.70 in. 
Ix

= 999 in.4 l
y 

= 362 in.4 
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From Example 5.2.7, the available compressive strength is: 

LRFD ASD 

<PcPn = 437 kips> 257 kips o.k. Pn = 292 kips > 180 kips o.k.

QC 

As determined in Example 5.2.7, with unbraced length, Lb = 20 ft, the available flexural 
strength about the x-x axis is: 

LRFD ASD 

<PbMnx = 539 kip-ft> 4.84 kip-ft o.k.
M,ix = 358 kip-ft> 3.40 kip-ft o.k.

Qb

From AISC Manual Table 6-2, the available flexural strength about the y-y axis is: 

LRFD ASD 

<PhMny = 273 kip-ft> 50.5 kip-ft o.k.
Mny 

o.k.- = l 81 kip-ft> 33.8 kip-ft 
Qb

According to the footnote in Table 6-2, note that the W14 x 90 is noncompact for flexure, 
and AISC Manual Table 6-2 accounts for this. 

Second-Order Effects 

Follow the approximate procedure of AISC Specification Appendix 8 to account for second
order effects. 

Calculate B2 

From Example 5.2.7, B2 is calculated as: 

LRFD 

From Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): 

B2 = 1.01 > 1 

ASD 

(Spec. Eq. A-8-2) 

(Spec. Eq. A-8-1) 

From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

B2 = 1.01 > 1 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

B2 = 1.01 > I 
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Calculate B1 for the y-y axis (in the plane of the frame) and x-x axis

(out of the plane of the frame) 

5-113

(Spec. Eq. A-8-3) 

rc2 El* 
Pe1=- -

(L,i)2 

rc2 (29,000 ksi)(999 in.4) 
Pelx = 

2 

[1.0(60 ft)(l2 in./ft)] 

= 552 kips 

rc2 (29,000 ksi)(362 in.4) 
Pe1y = 

2 

[1.0(20 ft)(l2 in./ft)] 

= 1,800 kips 
Cm = 1.0 as a conservative ass umption 

(Spec. Eq. A-8-5) 

Recalculate the req uired strengths including second-order effects: 

LRFD ASD 
From Load Combination 6 from From Load Combination 8 from 
ASCE/SEI 7, Section 2.3.6 (including ASCE/SEI 7, Section 2.4.5: 
the permitted 0.5 factor on L): 

Pu = (1.2 + 0.2SDs )PD+ B2D.0PQE + 0.5PL Pa= (1.0+0.14SDS )PD+ B20.70.0PQE 
+0.2Ps = [1.0+0.14(0.738)](9.50 kips) 

= [!.2+0.2(0.738)](9.50 kips) +1.01(0.7)(2)(121 kips)
+ 1.01(2)(121 kips)+o.5(0 kips) = 182 kips 

+0.2(10.0 kips)
= 259 kips 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa= ( 1.0+0.!05SDs )PD 
+B2 0.525Q0PQE +0.75PL +0.75Ps

= [1.0+0.105(0.738)](9.50 kips) 

+1.01(0.525)(2)(121 kips)

+0.75(0 kips)+0.75(10.0 kips)
= 146 kips 
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Calculate B 1x and B 1y including second-order effects: 

a =1.0 

Bi= Cm �l 
1 aPr

Pei 

LRFD 

As previously calculated, P, is from 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (governing case): 

B1x =
l .O > l

1 __ l .0_ (_25_ 9_ k _ip_s) -
552 kips 

= 1.88 > 1 

B = 1.0 > 1iy 
1.0(259 kips) -

1- ------ --
1,800 kips 

=1.17>1 

ASD 

a =1.6 

Bi = Cm > 1
l- aPr -

Pei 

As previously calculated, Pr is from 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

B1x = 

1 

1.0 >1
1.6( 82 kips) -

552 kips 
= 2.12 > 1 

B1y = 1.0 > 1
1 

1.6(182 kips) -
1,800 kips 

=1.19>1 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Bix = 

1
> 1

1.6(146 kips) -

552 kips 
=1.73>1 

Biy = 

l 
> 1

1 
1.6(146 kips) -

1,800 kips 
=l.15>1 

The y-y axis (in-plane moment) and x-x axis (out-of-plane moment) are amplified as follows. 
Note that this moment is taken as Mn1 with the structure restrained against lateral translation. 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from 
SEI 7, Section 2.3.6 (governing case): ASCE/SEI 7, Section 2.4.5: 
B1xMux = BixMntx B1xMax = BixMntx 

= 1.88(4.84 kip-ft) = 2.12(3.40 kip-ft) 
= 9. IO kip-ft = 7.21 kip-ft 
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LRFD ASD 

B1yMuy = B1yMnty B1yMay = B1yMn1y

= 1.17 ( 50.5 kip-ft) = l.19(33.8 kip-ft) 

= 59.1 kip-ft = 40.2 kip-ft 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

B1xMax = B1xMn1x

= l.73(3.40 kip-ft) 

= 5.88 kip-ft 

B1yMay = B1yMnty

= l.15(33.8 kip-ft) 

= 38.9 kip-ft 

The combined flexural and compressive load will be checked using AISC Specification

Section Hl. Determine the applicable interaction equation from AISC Specification Section 
Hl.1: 

LRFD ASD 

As previously calculated, P, is from Load As previously calculated, Pr is from 
Combination 6 from ASCE/SEI 7, Section Load Combination 8 from ASCE/SEI 7, 
2.3.6: Section 2.4.5: 

P,. 259 kips P,. 182 kips 
- -- -

Pc 437 kips Pc 292 kips 
=0.593 > 0.2 =0.623 > 0.2 

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

P,. 146 kips 
--

292 kips 
= 0.500 > 0.2 

Because Prf Pc � 0.2, the column design is controlled by the equation: 

(Spec. Eq. Hl-la) 
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LRFD 
As previously calculated, Mrx and Mry are 
from Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): 

0.593 + !( 
9.10 kip-ft

+ 59.1 kip-ft
J < 

1
.0 

9 539 kip-ft 273 kip-ft -
= 0.800 < 1.0 o.k.

BRACED FRAMES 

ASD 
As previously calculated, Mrx and Mry are 
from Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

0.623+�( 
7.21 kip-ft+ 40.2 kip-ft

) :s; 1.0
9 358 kip-ft 181 kip-ft 

= 0.838 < 1.0 o.k.

and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

0_500+!( 
5.88 kip-ft+ 38.9 kip-ft 

J < 1.o
9 358 kip-ft 181 kip-ft -

= 0.706 < 1.0 o.k.

As illustrated, use of the exception in AISC Seismic Provisions Section F l  .4c(h) reduces the 
axial load on the column, but the additional in-plane column moments result in the column 
having a similar stress ratio. However, use of this exception results in a lower strut design 
force and lower brace connection design force. 

Example 5.2.9. MT-OCBF Strut Design Using 

Tension-Only Bracing Exception 

Given: 

Refer to the elevation shown in Figure 5-11 to select an ASTM A992 W-shape for the web
horizontal Strut ST-1. Use tension-only bracing employing the provisions of AISC Seismic

Provisions Section Fl  .4c(h). 

Solution: 

Load Combination 6 from ASCE/SEI 7, Section 2.3.6 (LRFD) and Load Combination 8 
from Section 2.4.5 (ASD) govern, with Ev and Eh incorporated from Section 12.4.3. 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from 
SEI 7, Section 2.3.6 (including the ASCE/SEI 7, Section 2.4.5: 
permitted 0.5 factor on L): 

Pu
= (1.2+0.2Sos )Po +Q0PQE +0.5PL Pa

= (1.0+0.I4Sos)Po +0.7QoPQE 
+0.2Ps = [1.0 + 0.14( 0.738)]( 0 kips) 

= [1.2+0.2(0.738)](0 kips) +o.7(2)(50.3 kips)
+(2)(50.3 kips)+o.5(0 kips) = 70.4 kips 
+0.2(0 kips)

= 101 kips 
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Try a W12 x 50 strut. 

From AISC Manual Table 2-4, the material properties are: 

ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi 

From AISC Manual Table 1-1, the moment of inertia about the y-y axis is: 

fy = 56.3 in.4
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Interpolating from AISC Manual Table 6-2 with unbraced length Le = 25 ft, the available 
compressive strength for a W12 x 50 strut is: 

LRFD 

<IJcP,, = 142 kips> 101 kips o.k.

The moment due to the weight of the strut is: 

Mv = wvL
2 

8 
(0.050 kip/ft)(25 n)2

8 
= 3.91 kip-ft 

LRFD 
From Load Combination 6 from 
ASCE/SEI 7, Section 2.3.6 (including 
the permitted 0.5 factor on L): 

Mu= (1.2+0.2Svs )Mv +QoMQE 
+0.5ML +0.2Ms

= [1.2+0.2(0.738)](3.91 kip-ft)

+2(0 kip-ft)+o.5(0 kip-ft)

+0.2(0 kip-ft)
= 5.27 kip-ft

ASD 
P,, 

= 94.3 kips> 70.4 kips o.k.

QC 

ASD 
From Load Combination 8 from 
ASCE/SEI 7, Section 2.4.5: 

Ma= (1.0+0.14Svs )Mv +0.7Q0MQE 

= [1.0+0.14(0.738)](3.91 kip-ft) 

+ o.7(2 )(o kip-ft)
= 4.31 kip-ft

From AISC Manual Table 6-2, the available y-y axis flexural strength for a W12 x 50 strut 
is: 

LRFD ASD 
M <iJbMny = 79.9 kip-ft> 5.27 kip-ft o.k. � = 53.1 kip-ft> 4.31 kip-ft o.k.

Qb 
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Calculate B1 for the y-y axis (in the plane of the frame) 

a 

Bi= Cm 2: 1
1-aPr /Pei

rc2(29,000ksi) in.4
�1=--------'---� 

[1.0(25 ft)(12 in./ft)]2

= 179 kips 
Cm = 1.0 as a conservative assumption 

LRFD 

=1.0 

Bi - Cm >1-

1-aPr 

-

Pei 

a = 1.6 

Bi - Cm
-

aPr 1 
Pei 

BRACED FRAMES 

(Spec. Eq. A-8-3) 

(Spec. Eq. A-8-5) 

ASD 

2: 1 

--
1.0 >1

1.0(101 kips) -
--

1.0 >1
1.6(70.4kips) -I -""-""""-""""""" ____ """""""" _____ """ 1 

179 kips I 79 kips 
= 2.29 > 1 = 2.70 > 1 

The y-y axis, in-plane moment is amplified as follows. Note that this moment is taken as Mnt 

with the structure restrained against lateral translation. 

LRFD ASD 

B1Muy 
=BiMnt B1May 

= B1Mn1 
= 2.29(5.27 kip-ft) = 2.70(4.31 kip-ft) 
= 12.1 kip-ft = 11.6 kip-ft 

Given the combined flexural and compressive loads, sufficiency is verified per AISC 
Specification Section H l .  Determine the applicable interaction equation in AISC Specification 
Section Hl. l: 

LRFD ASD 

101 kips P," 70.4 kips 
- -

- -- -

Pc 142 kips Pc 94.3 kips 
=0.711>0.2 =0.747 >0.2 

Because P,!Pc 2: 0.2, the column design is controlled by the equation: 
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Pr S[Mrx Mry
)<l O-+--+- . 

Pc- 9 Mex Mey -

LRFD 

0.711+!(0+ 12.1 kip-ft )<1.0
9 79.9 kip-ft -

0.846< 1.0 o.k.

(Spec. Eq. Hl-la) 

ASD 

0.747 + !( 0 + 11.6 kip-ft)< 1.0 
9 53.1 kip-ft -

0.941 < 1.0 o.k.

Per AISC Seismic Provisions Section Fl.4c(c), columns are to be torsionally braced at 
every strut-to-column connection location. As stated in the accompanying User Note, this is 
"typically satisfied by connecting the strut to the column to restrain torsional movement of 
the column. The strut must have adequate flexural strength and stiffness and an appropriate 
connection to accomplish this function." Figure 5-12 shows a conceptual detail for the 
MT-OCBF brace and strut connections to the braced frame column. As shown in this detail, 
the strut is oriented web horizontal to facilitate a connection that efficiently and directly 
engages the strut. The strut orientation and connection detail serve the purpose of accom
modating the braced frame forces and providing a substantial torsional brace to the column, 
in accordance with the MT-OCBF provisions. 

W12x50 strut 

Extended horizontal shear 

plate for W12 strut 

connection. Shear plate is 

welded to column flanges. 

Note that shear plate is not 

connected to column web. 

brace 

Cut and cope flanges 

as shown to facilitate 

erection of strut 

W14x90 column 

Bracing gusset 

plate connection 

Fig. 5-12. Conceptual detail for Example 5.2.9. 
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5.3 SPECIAL CONCENTRICALLY 

BRACED FRAMES (SCBF) 

BRACED FRAMES 

Special concentrically braced frame (SCBF) systems, like other concentrically braced frames, 

resist lateral forces and displacements primarily through the axial strength and stiffness of 

the brace members. In concentrically braced frames, the centerlines of the framing members 

(braces, columns and beams) coincide or nearly coincide, eliminating or minimizing flexure 

in the system. The design of SCBF systems is addressed in AISC Seismic Provisions Section 

F2. While the general layout of an SCBF is very similar to that of an ordinary concentrically 

braced frame (OCBF), there are additional detailing requirements to focus inelastic response 

of the structure into the diagonal braces and to enhance the ductility of the braces and their con

nections. These detailing requirements provide for greater energy dissipation and ductility, 

allowing SCBF systems to be designed using a lower force level in comparison to that of 

OCBF systems. 

Concentrically braced frame systems tend to be more economical than moment-resisting 

frames and eccentrically braced frames in terms of material, fabrication and erection costs. 

They do, however, often have reduced flexibility in floor-plan layout, space planning, and 

electrical and mechanical routing as a result of the presence of braces. In certain circum

stances, however, braced frames are exposed and featured in the architecture of the building. 

Braced frames typically are located in walls that stack vertically between floor levels. 

In the typical office building, these walls generally occur in the core area around stair 

and elevator shafts, central restrooms, and mechanical and electrical rooms. This gener

ally allows for greater architectural flexibility in placement and configuration of exterior 

windows and cladding. 

As for multi-tiered OCBF systems, the AISC Seismic Provisions address the design of 

multi-tiered SCBF in Section F2.4e. Design of multi-tiered SCBF focuses on the possible 

mechanisms that may form and cause in-plane flexure, and requires sufficient in-plane column 

flexural strength to preclude inelastic rotation; as such, multi-tiered SCBF may require much 

heavier columns than other multi-tiered braced frames. 

In considering the configuration of a braced frame system, both in plan and elevation, 

it is important to note the requirements for redundancy in the system. The AISC Seismic

Provisions require consideration of the distribution of tension and compression forces in 

SCBF braces. Specifically, AISC Seismic Provisions Section F2.4a requires that along any 

line of bracing, the braces are oriented to resist at least 30%, but not more than 70%, of the 

total horizontal force in tension unless the available strength of each brace in compression 

is larger than the required strength resulting from the overstrength seismic load. 

The AISC Seismic Provisions limit member slenderness, compressive strength, and 

width-to-thickness ratios, in addition to requiring special detailing for gusset plates. The 

cumulative effect of these requirements is intended to result in braces that maintain a high 

level of ductility and hysteretic damping when subjected to severe seismic forces. 

Brace slenderness is limited to ensure adequate compressive strength and resistance to the 

cyclic degradation of the brace. The post-buckling performance of the brace is dependent 

on the compactness of the members used. Members with a higher width-to-thickness ratio 

are more susceptible to local buckling, which may lead to tearing of the brace material in 

the buckled areas prior to the dissipation of a significant amount of energy. This behavior 

results in a system with significantly lower energy dissipation capability. 
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The last of the predominant issues relating to the bracing members is the spacing of 

intermediate connectors of double-angle, double-channel, or similar built-up braces. AISC 

Seismic Provisions Section F2.5b notes that connectors should be placed such that the 

air; value for the individual components of the brace does not exceed 0.4 times the govern

ing slenderness of the built-up member. Additionally, it is required that the connectors have 

a shear strength that develops the tensile strength of individual components of the brace. 

These two provisions are intended to ensure that the brace buckles as a unit, thus allow

ing more reliable behavior. The connector requirements are reduced when it can be shown 

that the brace assembly can buckle as a single element without inducing shear forces in the 

connectors between the individual members. In any case, no fewer than two connectors 

are allowed with uniform spacing, and bolted connectors are not permitted in the middle 

one-fourth of the clear brace length. The limitation on the location of bolted attachments is 

included to guard against premature rupture due to the formation of a plastic hinge in the 

buckled brace. 

In order to increase ductility and energy dissipation of the system, the connections must be 

detailed to accommodate the effects of brace buckling. Currently, there are two approaches 

used in the design of these connections; these are stated in AISC Seismic Provisions 

Sections F2.6c.3(a) and F2.6c.3(b). The first approach creates enough strength and rigidity 

in the connections to force the brace to form plastic hinges at the ends and middle of the 

brace under compressive forces. The second approach utilizes out-of-plane buckling of 

the gusset plate such that plastic hinges occur in the gusset plate at the brace ends with a 

hinge still occurring at the midpoint of the brace. This usually is accommodated in one of 

two ways. As one option, the connection can be detailed such that the end of the brace is 

located a distance of at least two times the thickness of the gusset from the intersection of 

the gusset and the beam or column. This configuration is shown in AISC Seismic Provisions 

Commentary Figure C-F2.19. The value of two times the thickness of the gusset has been 

developed through research and analysis. Alternatively, an elliptical yield line approach can 

be used (Lehman et al., 2008). AISC Seismic Provisions Section F2.6b addresses beam-to

column connection issues related to the accommodation of large seismic drifts associated 

with the yielding and buckling of the braces. This provision is discussed in greater detail 

in the following. 

The design requirements for most basic frame configurations are covered by the condi

tions listed earlier in this section. V-braced and inverted V-braced frames, however, are 

required to meet additional criteria, as noted in AISC Seismic Provisions Section F2.4b. 

These requirements are intended to reduce the effect of a loss in strength of the compres

sion brace relative to the tension brace in the post-buckling range, as shown in Figure 5-13. 

As the compression brace buckles under load, its capability to resist the vertical load is 

diminished relative to the strength of the tension brace. This results in an unbalanced vertical 

load between the two members, which exerts additional vertical force on the beam. Braced 

frame configurations utilizing zipper columns and two-story X configurations, as shown in 

Figures 5-13(b) and 5-13( c ), distribute this unbalanced vertical load to other levels that are 

not experiencing high seismic demands, providing for better overall frame performance. 

Another check covered in the AISC Seismic Provisions relates to columns that are part 

of the SCBF system. Columns are required to meet the highly ductile width-to-thickness 

criteria according to AISC Seismic Provisions Section F2.5a and have special considerations 

for their splices. According to AISC Seismic Provisions Section F2.6d, column splices must 
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develop a required shear strength equal to (IM
µ

/a,)/Hc . This requirement is intended to

account for the possibility of the columns sharing some of the lateral force demand through 

frame action as the brace elements deform inelastically, deflecting the frames beyond what 

elastic calculations might predict. Additionally, column splices must be located at least 

4 ft from the beam-to-column flange connections as required by AISC Seismic Provisions 

Section D2.5a. 

Design of Gusseted Beam-to-Column Connections to 
Accommodate Large Drifts 
AISC Seismic Provisions Section F2.6b requires that gusseted beam-to-column connec

tions be designed to accommodate demands corresponding to large drifts. In the context 

of this provision, the connection consists of the gusset plate, the affected parts of the beam 

Yielding 

brace 

( a) Inverted V-braced

( chevron) frame

Yielding 

brace 

(b) Inverted V-bracedframe

with zipper column

Yielding 

brace 

(c) Two story X-bracedframe

Fig. 5-13. Assumed inelastic deformation of various braced frame configurations. 
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and column, and any other connection material (such as angles and plates) interconnecting 

these elements. 

Two methods of accommodating demands corresponding to large drifts are provided. 

First, as described in AISC Seismic Provisions Section F2.6b(a), the connection may be 

detailed to provide sufficient rotation capacity such that the beam and column are not 

constrained to rotate together as the frame deforms. The provision defines this required 

relative rotation as 0.025 rad. Connections similar to the simple connections presented in 

AISC Manual Part 10 and meeting the rotational ductility checks described in AISC Manual 

Part 9 can be assumed to provide a minimum of 0.03 rad and satisfy the intent of the AISC 

Specification Section B3.4a for simple connections. The Part 9 rotational ductility checks 

are intended for use with connections between 6 in. and 36 in. deep and with geometries 

similar to those shown in the AISC Manual. The use of deeper connections, smaller set-off 

distances between the supported and supporting members, or smaller edge distances can 

affect the ability of connections to accommodate large rotations in a ductile manner. 

It is important to note that these bounds apply to the connection as a whole. For example, 

if the connection at the column face consists of a double-angle connection from column 

flange-to-gusset and a double-angle connection from column flange-to-beam web, the two 

double-angle connections should not be considered as separate; they should be considered 

as rotating about a single point and the entire depth of the assembly should not exceed 36 

in. in order for the rotation requirements to be deemed satisfied in the absence of further 

demonstration. Physical tests can also be used to demonstrate adequate rotation capacity. 

The second method of accommodating demands corresponding to large drifts is described 

in AISC Seismic Provisions Section F2.6b(b). Rather than attempting to determine the 

actual demand placed on gusseted connections by seismic drifts, this method establishes 

an upper-bound demand based on flexural yielding of either the beam or the column. It is 

assumed that these members have sufficient rotational ductility to maintain their function as 

braced-frame members when subjected to inelastic rotation. The connection is designed to 

resist a moment corresponding to the lesser of 1.1 times the expected beam flexural strength 

and 1.1 times the sum of the expected column flexural strength above and below the con

nection. This moment is considered in conjunction with the brace forces corresponding to 

the brace expected strength. Connection assemblies may be designed to resist this moment 

in one of two ways. The entire assembly may be analyzed with the required moment and 

axial force applied and all connection elements designed for the corresponding forces. 

Connecting the beam itself to the column by a fully restrained moment connection capable 

of resisting the expected flexural strength of the beam is another option. With this option, the 

gusset plate and related connection elements may be designed for forces derived considering 

the brace connection required strength. 

Thus, there are three methods of complying with AISC Seismic Provisions Section F2.6b 

presented in this Manual. Each of these methods is presented in a different connection 

example-Examples 5.3.9, 5.3.10 and 5.3.11. These examples also illustrate three differ

ent methods of accommodating the rotation associated with brace buckling as required by 

Section F2.6c.3. There is no correlation between the method of accommodating frame drift 

and the method of accommodating brace rotation due to buckling; that is, any method of 

complying with Section F2.6b may be used in conjunction with any method of complying 

with Section F2.6c.3. Examples 5.3.9, 5.3.10 and 5.3.11 are configured as follows: 
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Example 
Method of Complying with AISC Method of Complying with AISC 

Seismic Provisions Section F2.6b Seismic Provisions Section F2.6c.3 

5.3.9 
Detailed to provide rotation per 

Linear hinge zone 
Section F2.6b(a) 

5.3.10 
Detailed as FR connection per 

Elliptical hinge zone 
Section F2.6b(b )( 1) 

5.3.l l 
Designed to resist moments per Hinge plate for in-plane brace 

Section F2.6b(b)(2) buckling 

Examples 5.3.1 through 5.3.6 address analysis and SCBF member design issues. Examples 

5.3.7 and 5.3.8 address brace-to-beam connection design. 

SCBF Design Example Plan and Elevation 
The following examples illustrate the design of SCBF systems based on AISC Seismic

Provisions Section F2. The plan and elevation are shown in Figures 5-14 and 5-15. The 

lateral forces shown in Figure 5-15 are the seismic forces from the equivalent lateral force 

procedure of ASCE/SEI 7, Section 12.8, and apply to the entire frame. 
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\_ SMF investigated in Part 4. 
SCBF investigated in Part 5 For elevation, see Figure 4-9. 

Fig. 5-14. SCBF plan for SCBF member examples. 
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The code-specified gravity loading is as follows: 

Djioor = 85 psf 
Droof = 68 psf 
Ljioor = 50 psf 
S = 20 psf 
Curtain wall = 17 5 lb/ft along building perimeter at every level 

5-125

From ASCE/SEI 7, the Seismic Design Category is D, Q0 = 2, R = 6, p = 1.3, and 
SDs = 1.0. The effective length method from AISC Specification Appendix 7 will be used 
for stability design. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev= 0.2SDSD (ASCE/SEI 7, Eq. 12.4-4a) 

The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

� Roof

(0 
' 

N 
,..-

� Fourth
Level 

(0 
' 

N 
,..-

Third 
Level 

(0 
' 

N 
,..-

� Second
Level 

,..-

� Base

B C 

25'-0" 

l-----�,1------1 

,..
I 

....l 
() 

(ASCE/SEI 7, Eq. 12.4-3) 

Fx4 = 84 kips 

Column splice 48" 
above finished 
floor (typ.) 

Fig. 5-15. SCBF elevation for SCBF member examples. 
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The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Sec
tion 12.4.3.1, is: 

Emh = D.oQE (ASCE/SEI 7, Eq. 12.4-7 ) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 
(for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as defined in Section 
12.4.2. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

1.2D+Ev +E1, +L+0.2S 
= 1.2D+0.2S05D+pQE +0.5L+0.2S 
= (1.2 + 0.2Sos )D + pQE + 0.5L + 0.2S 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev +Eh 

= 0.9D-0.2SosD+pQE 

= (0.9-0.2Sos )D+ pQE 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

l.OD+0.7Ev +0.7Eh 

= l.0D+0.7(0.2S05D)+0.7pQE 

= (1.0+0.14SDS )D+0.7pQE 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I.OD+ 0.525Ev + 0.525E1, + 0.75L + 0.75S

= l.0D+0.525(0.2SosD)+0.525pQE 

+ 0.75L + 0.75S
= (L0+0.105SDS )D+ 0.525pQE 

+0.75L+0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D-0.7Ev +0.7Eh 

= 0.6D-0.7(0.2S05D)+0.7pQE 

= (0.6 0.14Sos )D+0.7pQE 

The basic load combinations with seismic load effects including overstrength from 
ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and 
Eh as defined in Section 12.4.3. 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

l.2D+Ev +Emh +L+0.2S l.OD+0.7Ev +0.7Emh

= l.2D+0.2SosD+D.0QE +0.5L+0.2S = l.0D+0.7(0.2SosD)+0.7QoQE 

= (1.2+0.2Sos )D+ D.0QE + 0.5L+0.2S
= (1.0+0.14SDS )D+0.7D.0QE 
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LRFD 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev+ Emh 
= 0.9D-0.2SDsD+QoQE 

= (0.9-0.2SDs )D+QoQE 

ASD 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

l .OD+ 0.525Ev + 0.525Emh + 0.75L + 0.75S 

= l .0D+0.525(0.2SDsD)+0.525Q0QE 

+ 0.75L + 0.75S

= (1.0+0.105SDs )D+ 0.525Q
0QE 

+0.75L+0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D-0.7 Ev + 0.7 Emh 

= 0.6D 0.7(0.2SDSD)+0.7Q0QE 

=(0.6 0.14SDs )D+0.7Q0QE 

Example 5.3.1. SCBF Brace Design 

Given: 

Refer to Brace BR-1 in Figure 5-15. Select an ASTM A500 Grade C round HSS to resist 
the following axial loads. 

PD
= 18.0 kips PL= 9.50 kips PQE = ±197 kips 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. The 
axial force due to the snow load is negligible. 

Relevant seismic design parameters were given in the SCBF Design Example Plan and 
Elevation section. 

From an elastic analysis, the first-order interstory drift between the base and the second 
level is ti.H = 0.200 in. 

Assume that the ends of the brace are pinned and braced against translation for both the x-x

and y-y axes. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A500 Grade C (round) 
F

y 
= 46 ksi 

Fu
= 62 ksi 
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Required Strength 

Determine the required strength 

Considering the load combinations given in ASCE/SEI 7, the maximum compressive axial 
force in the diagonal brace, with Ev and Eh incorporated from Section 12.4.2, is determined 
as follows. 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (including the SEI 7, Section 2.4.5: 
permitted 0.5 factor on L): 

Pu = (1.2+0.2SDS)Po+PPQE Pc, = (l.0+0.l4Sos)Po+0.7pPQE 
+0.5L+0.2S = [1.0+0.14(1.0)](18.0 kips) 

= [ 1.2 + 0.2(1.0 )](18.0 kips) + 0.7 (1.3 )(197 kips)
+ 1.3(197 kips)+0.5(9.50 kips) = 200 kips 
+0.2(0 kips)

= 286 kips 
and from Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

Pa = (1.0 + 0.105Sos )Po+ 0.525pPQE 
+0.75PL +0.75Ps

= [ 1.0 + 0.105( 1.0 )](18.0 kips) 

+0.525(1.3)(197 kips)

+0.75(9.50 kips)+o kips
= 161 kips 

The ASCE/SEI 7 load combination that results in the maximum axial tensile force in the 
diagonal brace, with Ev and Eh incorporated from Section 12.4.2, is: 

LRFD ASD 
Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

Pi, = (0.9 0.2Sos )Po +PPQE Pa= (0.6 0.14Sos )Po +0.7pPQE 

=[0.9 0.2 ( 1.0)] ( 18.0 kips) =[0.6 0.14(1.0)](18.0 kips) 

+ 1.3 ( -197 kips) +0.7(1.3)(-197 kips)
= -244 kips = 171 kips 
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The unbraced length of the brace from work point-to-work point is:

L = �(14 ft)2 
+ (25 ft/2)2 

= 18.8 ft

5-129

This length has been determined by calculating the distance between the work points based
on the intersection of the centerlines of the brace, column and beams. Shorter unbraced
lengths of the brace may be used if justified by the engineer of record. 

AISC Seismic Provisions Section F2.4a requires that between 30% and 70% of the total
horizontal force is resisted by braces in tension. From analysis, the total horizontal force
in the line of the braced frame is 91 kips + 84 kips + 57 kips + 30 kips = 262 kips. The
horizontal component of the axial force due to earthquake force in Brace BR-I, when it is
in tension is: 

( 25 ft/� )l-197 kipsl = 131 kips
l 18.8 ft 

which is 50% of the total horizontal force in the line of the braced frame. Therefore, it meets
the lateral force distribution requirements in AISC Seismic Provisions Section F2.4a. 

Try a round HSS8.625x0.500 for the brace.

From AISC Manual Table 1-13, the geometric properties are as follows:

D = 8.625 in.
I = 100 in.4 

tJes = 0.465 in.
r = 2.89 in. 

Width-to-Thickness Limitations 

A = 11. 9  in.2
D/t=l 8.5 

According to AISC Seismic Provisions Section F2.5a, braces must satisfy the requirements
for highly ductile members. Elements in the brace members must not exceed Ahd width-to
thickness ratios in AISC Seismic Provisions Table D 1.1. 

From Table D 1.1, with R
y 
= 1.3 from AISC Seismic Provisions Table A3.1:

E A1,J = 0.053- 
R

y
F

y 

= 0_053 29,000 ksi
1.3( 46 ksi)

=25.7

Because D/ t < A1,d, the HSS8.625 x 0.500 satisfies the width-to-thickness limitation for
highly ductile members. 

Alternatively, using Table 1-6, it can be seen that the HSS8.625 x 0.500 will satisfy the
width-to-thickness requirements for an SCBF brace. 
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Brace Slenderness 

Use K = 1.0 for both the x-x and y-y axes. According to AISC Seismic Provisions Section 
F2.5b(a), braces must have a slenderness ratio, Lc /r :C:: 200. 

Le 
1.0(18.8 ft )(12 in./ft ) 

r 2.89 in. 
= 78.1 < 200 o.k.

Second-Order Effects 

Follow the procedure of AISC Specification Appendix 8. Because there are no moments, 
only the following equation need be checked. 

(Spec. Eq. A-8-2) 

Calculate 82 

To determine P story, use an area of 9,000 ft2 on each floor and the gravity loads given in the 
SCBFDesign Example Plan and Elevation section. Use load combinations that include seismic 
effects; in this case, Load Combination 6 from ASCE/SEI 7, Section 2.3.6 (for LRFD) and 
Load Combination 8 from ASCE/SEI 7, Section 2.4.5 (for ASD), govern. 

LRFD 

[ 1.2 + 0.2 ( 1.0)] 

68 psf 
X 

+ 3(85 psf)

P,tory = (9,000 ft2 ) + 0 psf
+o.5(3)(50 psf)

+0.2(20 psf)

X (1 kip/1,000 ]b) 

[1.2+0.2(1.0)] 

+ x[ ( 175 lb/ft)( 4 )(390 ft)] 

X ( l kip/1,000 ]b) 

= 5,160 kips 

ASD 

Pstory = (9,000 ft2 ) 

1.0 
+0.14(1.0)

68 psf
X 

+3(85 psf)

+o psf +o psf
+o psf

X (] kip/1,000 ]b) 

[1.0+0.14(1.0)] 

+ x[(175 lb/ft)(4)(390 ft)] 

X (] kip/1,000 ]b) 

= 3,630 kips 

The total story shear, H, with two bays of bracing in the direction under consideration, where 
each braced frame is designed to resist the seismic loads shown in Figure 5-15, is deter
mined as follows. From an elastic analysis, the first-order interstory drift is t,.H = 0.200 in. 
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H = 2(91 kips+ 84 kips+ 57 kips+ 30 kips) 
= 524 kips 

L = 14 ft 
RM = 1.0 for a braced frame 

5-131

HL 
Pe story = RM 

/}.H 
(Spec. Eq. A-8-7) 

= l.O 
(524 kips)(l4 ft) 

(0.200 in.)(l ft/12 in.)
= 440,000 kips 

Using AISC Specification Equation A-8-6: 

LRFD 

a =1.0 

B2 = -- -->l
aP,-iory -1-�-� 
Pe story 

1 > 1
1 __ l.0�( �5,_16_ 0 _ k1_·ps�) -

440, 000 kips 
= 1.01 > 1 

ASD 

a = 1.6 

1 > 1
aP.,iory -
Pest01y 

440,000 kips 
= 1.01 > 1 

Because B2 :S: 1.5, the effective length method is a valid way to check stab ility according to 
AISC Specification Appendix 7. 

The required axial compressive strength of the brace including second-order effects is: 

(Spec. Eq. A-8-2) 

LRFD ASD 

P,, = (1.2 + 0.2SDs )PD+ B2pPQE Pa= (1.0+0.l4SDs )PD +0.7pB2PQE 
+0.5L+0.2S = [1.0 + 0.14(1.0 )](18.0 kips) 

= [1.2+0.2(1.0)](18.0 kips) +o.7(1.3)(1.01)(197 kips)
+ 1.01(1.3)(197 kips) = 202 kips 
+0.5(9.50 kips)+o.2(0 kips)

= 289 kips 

Available Compressive Strength 

As stated previously, use L = 18.8 ft for the unbraced length of the brace. 
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From AISC Manual Table 4-5 for the HSS8.625x0.500 brace with Le
= 18.8 ft (using 

interpolation), the available compressive strength is: 

LRFD ASD 

<j)J�, = 327 kips > 289 kips o.k. P,, = 218 kips> 202 kips o.k.

QC 

Available Tensile Strength 

From AISC Manual Table 5-6 for the HSSS.625 x 0.500 brace, the available tensile yielding 
strength is: 

LRFD ASD 

<j)tPn = 493 kips> 1-244 kipsl o.k. P,, = 328 kips > 1-171 kipsl o.k.

Qt 

Tensile rupture on the net section must also be checked at the connection; see Examples 
5.3.8 and 5.3.9 for illustration of this check. 

Use an HSS8.625x0.500 for SCBF Brace BR-I. 

Comments: 

The engineer of record may be able to justify a shorter unbraced length for the brace. In 
this example, if an unbraced length of 14 ft could be justified, an HSS7.500x0.500 could 
have been used for the brace. Because the end connections may be designed to resist the 
expected yield strength of the brace in tension, a 13% decrease in brace area would reduce 
the required connection strength. 

Example 5.3.2. SCBF Analysis 

Given: 

Refer to the braced frame elevation and sizes shown in Figure 5-16. All braces are ASTM 
A500 Grade C round HSS. Perform an analysis to determine the expected strengths in tension 
and compression of the braces according to AISC Seismic Provisions Section F2.3. 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A500 Grade C (round) 
F

y 
= 46 ksi 

Fu = 62 ksi 

From AISC Manual Table I-I 3, the geometric properties of the braces are: 

HSS6.000x0.312 
A = 5.22 in.2 r = 2.02 in. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-133

HSS6.875 x 0.500 
A = 9.36 in.2 r = 2.27 in. 

HSS7.500x0.500 
A = 10.3 in.2 r = 2.49 in. 

HSS8.625 x 0.500 
A = 11.9 in.2 r = 2.89 in. 

The AISC Seismic Provisions recommend proportioning braces to their required strength. 
For the two-story-X configuration, it is efficient to minimize the required beam strength by 
coordinating the brace size used above and below the intersected beam. 

According to AISC Seismic Provisions Section F2.3, the required strengths of columns, 
beams and connections are based on the load combinations in the applicable building code, 
where the seismic load effect with overstrength, Emh, is based on the larger force determined 
from the following two analyses: 
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Fig. 5-16. SCBF elevation for Example 5.3.2. 
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(a) An analysis in which all braces are assumed to resist forces corresponding to their
expected strength in compression or in tension

(b) An analysis in which all braces in tension are assumed to resist forces corresponding
to their expected strength and all braces in compression are assumed to resist their
expected post-buckling strength

In order to study the effects of analyses (a) and (b) on the rest of the frame, the expected 
strengths in tension and compression and the post-buckling strength in compression must 
be determined for all of the braces. 

For determining the expected strength in compression, AISC Seismic Provisions Section 
F2.3 requires that the brace length used not exceed the distance from brace end-to-brace end. 
The work point-to-work point length of the typical brace above the base level is: 

The work point-to-work point length of the brace at the base level is: 

L = �(14 ft)2 +(25 ft/2)2 

= 18.8 ft 

The brace length will be less than this distance because of the column and beam depth and 
because the gusset will accommodate brace buckling [AISC Seismic Provisions Section 
F2.6c.3(b )] by allowing a 2t clearance between the end of the brace and the line of restraint. 
AISC Seismic Provisions Commentary Figure C-F2. l 9 shows how the line of restraint 
is measured. It is likely that the actual length from brace end-to-brace end between the 
connections will be significantly less than the work point-to-work point distance calculated 
previously. Example 5.3.8 verifies that the actual length of the brace is approximately 12 to 
13 ft for the third- and fourth-level braces; therefore, use a length of 12 ft for determining the 
expected strength in compression for all braces. The brace lengths used in Table 5-2 could 
be modified once the connection length is known. 

Tables 5-1 and 5-2 show the expected strengths in tension and the expected and post
buckling strengths in compression of all braces. A sample calculation is given for the 
HSS6.000x0.312, and a similar procedure is used to determine the strengths of the other 
braces. From AISC Seismic Provisions Table A3. l :  

R
y 

= 1.3 for ASTM A500 Grade C 

From AISC Seismic Provisions Section F2.3, the expected strength of the brace in tension is: 

Pi= R
y
F

y
A

g 

= 1.3( 46 ksi )( 5.22 in.2)
= 312 kips 
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Table 5-1 

Expected Brace Strength in Tension 

Brace A RyFyAg
Member in.2 kips

HSS6.000 x 0.312 5.22 312 

HSS6.875 x 0.500 9.36 560 

HSS7.500x0.500 10.3 616 

HSS8.625 x 0.500 11.9 712 

Table 5-2 

Expected Brace Strength and Post-Buckling 
Brace Strength in Compression 

Expected
Expected Strength Post-Buckling
in Compression Strength

Brace in Compression
Member

r I Length I lclr �A =Ag (1 /0.877)Fc,eAg 
0.3[(1/0.877)FcreAg]

in.2 in. ft ksi kips kips

HSS6.000 x 0.312 5.22 2.02 12 71.3 38.3 228 68.4 

HSS6.875 x 0.500 9.36 2.27 12 63.4 42.1 449 135 

HSS7.500x0.500 10.3 2.49 12 57.8 44.6 524 157 

HSS8.625 x 0.500 11.9 2.89 12 49.8 48.1 653 196 

In compression, R
y
F

y 
is used in lieu of Fy 

for the determination of Fere according to AISC 
Seismic Provisions Section F2.3. Fcre is determined from AISC Specification Chapter E
using the equations for Fer· 

L
e 

1.0(12 ft)(I2 in./ft) 
r 2.02 in. 

= 71.3 

4.71� E
. 

. = 4.71 
R

y
Fv 

= 104 

29,000 ksi 
1.3( 46 ksi) 

Because 71.3 < 104, AISC Specification Equation E3-2 applies, and Fere is determined as
follows: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-136

n2 (29,000 ksi) 

(71.3)2 

= 56.3 ksi 

I R,

F

,, I Fcre = 0.658 F, R
y
F

y 

1.3( 46 ksi) 

= 0.658 (563 ksi) (1.3)( 46 ksi) 

= 38.3 ksi 

BRACED FRAMES 

(Spec. Eq. E3-4) 

(Spec. Eq. E3-2) 

From AISC Seismic Provisions Section F2.3, the expected strength of the brace in compres
sion is permitted to be taken as the lesser of R

yFyAg 
(= 312 kips) and (l/0.877)FcreAg : 

Pc- = (l/0.877)FcreAg 

= (1/0.877)(38.3 ksi)(5.22 in.2)
= 228 kips 

Therefore, the expected strength of the brace in compression is 228 kips. 

Also from Section F2.3, the maximum post-buckling brace strength is 0.3 times the expected 
brace strength in compression. 

The diagrams in Figures 5-17 a and 5-17b show the forces imposed on the frame from 
buckling and yielding of the braces. For the analysis provisions of AISC Seismic Provisions

F2.3(b), the expected strengths of the braces in compression shown in Figure 5-17a are 
multiplied by 0.3 (expected post-buckling brace strength) and shown in Figure 5-17b. 

In Examples 5.3.3 through 5.3.6, the forces generated in this analysis will be used in the 
design of the beam, column, and column splice connections. 

Example 5.3.3. SCBF Column Design 

Given: 

Refer to Column CL-1 in Figure 5-15. Select an ASTM A913 Grade 65 W-shape with the 
available strength required by the AISC Seismic Provisions. Note that ASTM A913 Grade 
70 might also be used in this design. The benefit of potential weight savings should be 
compared with fabrication and erection implications, including preheat requirements and 
the availability of welding consumables. Also, note that ASTM A992 is the preferred 
material for W-shapes according to AISC Manual Table 2-4; however, ASTM A913 is 
applicable if a higher strength is desired. Availability should be confirmed prior to specify
ing ASTM A913. 
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Relevant seismic parameters were given in the SCBF Design Example Plan and Elevation 
section. The column forces from gravity and snow loads are the following: 

Pv = 147 kips PL = 60.0 kips Ps = 7.00 kips

The seismic force in Column CL-1 from the seismic forces stipulated by the applicable 
building code using an equivalent lateral force analysis, not including the effect with over
strength, was determined from analysis to be PQE = 248 kips.

The forces resulting from the expected strengths of the braces defined in AISC Seismic

Provisions Section F2.3 and calculated in Example 5.3.2 must be considered. There are two 
Exceptions in Section F2.3 related to the required strength of columns: 3(b )(I) forces cor
responding to the resistance of the foundation to overturning uplift and 3(b )(2) forces deter
mined from nonlinear analysis. Reducing design forces based on foundation uplift borrows 
from the rocking frame concept while still using the high R value of an SCBF, which may 
not be justified if rocking behavior is not considered in the sizing of the foundation. 

Assume that the ends of the column are pinned and braced against translation for both the 
x-x and y-y axes. 

B C 

25'-0" 

�QQf ······················- � -- - - - - -� 

� / 
228 kips 312 kips 

� Fourth �/ 
Level 

co ' 
..-

_ 560 kips 

/ 
449 kips 

�--

co 
/ 

' 524 kips 616 kips 
..-

� Second �/ 
Level 

' 712 kips 653 kips 
..-

� Base / � 

Fig. 5-17a. Forces imposed on frame from brace buckling/yielding according to 

AISC Seismic Provisions Section F2.3( a).
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Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A9 l 3 Grade 65 

F
y 

= 65 ksi 

Fu = 80 ksi 

Required Strength 

Determine the required strength of the column from 

A/SC Seismic Provisions Section F2.3 (mechanism analysis)

BRACED FRAMES 

According to AISC Seismic Provisions Section F2.3, the required strengths of columns are 

based on the load combinations in the applicable building code, where the seismic load 

including overstrength, Emh, is based on an analysis in which all braces are assumed to resist 

forces corresponding to their expected strengths in compression or in tension. The analysis 

in which the compression braces are at their post-buckled strength does not govern here. 
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Fig. 5-17b. Forces imposed on.frame.from brace buckling/yielding according to 

AJSC Seismic Provisions Section F2.3(b). 
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Figure 5-18 shows the forces from the expected strengths of the braces as determined in 
Example 5.3.2. These forces can be considered as applied loads acting on the columns and 
as applied loads on the beam, which are shown here as beam shears acting on the column. 
Because seismic forces must be considered in both directions, both columns in the frame 
must be designed both for the maximum tension, shown for the column on gridline B, and 
for the maximum compression, shown for the column on gridline C. 

The axial compression force in the column from this analysis, with forces that produce 
compression in the column shown as positive, is: 

PEmh = (3 l 2 kips+ 449 kips+ 616 kips )sin 45° + (9.55 kips-11.7 kips) 

= 972 kips (compression) 

The axial tension force in the column from this analysis is, with forces that produce tension 
in the column shown as negative: 

PEmh = ( -228 kips -560 kips - 524 kips) sin 45° + ( 9 .55 kips -11. 7 kips) 

= -930 kips (tension) 
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Fig. 5-18. SCBF applied column forces for Example 5.3.3. 
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Using the load combinations in ASCE/SEI 7 where the seismic load with overstrength is 
substituted with the analysis described in Section F2.3 (in other words, PEmh = Emh), the 
required axial compressive strength of the column is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with Ev and Eh as defined 
0.5 factor on L), with Ev and Eh as defined in Section 12.4.3: 
in Section 12.4.3: 

Pu = (1.2 + 0.2SDS )Pv + PEmh + 0.5PL Pa = (1.0+ 0.14Svs )Pv + 0.7 PEmh

+0.2Ps = [1.0+0.14(1.0)](147 kips) 
= [1.2+0.2(1.0)](147 kips)+972 kips +0.7(972 kips)

+0.5(60.0 kips)+0.2(7.00 kips) = 848 kips 
= 1,210 kips 

The required axial tensile strength of the column is: 

LRFD ASD 
Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6, with Ev and Eh as defined Section 2.4.5, with Ev and Eh as defined 
in Section 12.4.3: in Section 12.4.3: 

Pu 
= (0.9-0.2Svs)Po+PEmh Pa

= (0.6-0.14Sos )Po +0.7PEmh 

= [o.9-0.2(1.0)](147 kips) = [o.6-0.14(1.0)](147 kips) 

+ (-930 kips) +0.7(-930 kips)
= -827 kips = -583 kips 

Second-Order Effects 

Because the seismic component of the column required strength comes from the mechanism 
analysis of AISC Seismic Provisions Section F2.3 and is based on the expected strengths of 
the braces, P-t,.. effects need not be considered and B2 from AISC Specification Appendix 
8 need not be applied. P-t,.. effects do not increase the forces corresponding to the expected 
brace strengths in compression and tension; instead, they may be thought of as contributing 
to the system reaching that state. However, P-o effects do still apply when moments are 
applied to the column. For this example, because the column does not have moments, there 
is no need to calculate B 1 factors. 

Therefore, the required axial compressive strength of the column including second-order 
effects is as previously calculated: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 

1 P. � l,2l0 k;p, 

Try a W12x106. 

ry = 3.11 in. 

LRFD 

A= 31.2 in.2 

Available Compressive Strength 

5-141

ASD 

Use K = 1.0 for both the x-x and y-y axes. From AISC Manual Table 4-l b, the available 
strength in axial compression for a W12 x 106 with Le = KL = 14 ft is: 

LRFD ASD 

<l>cPn = 1,380 kips> 1,210 kips o.k. P,, = 920 kips > 848 kips o.k.

QC 

Available Tensile Strength 

The available strength of the W12 x 106 column in axial tension for yielding on the gross 
section is: 

Pn = F
y
A

g

= (65 ksi)(31.2 in.2) 

= 2,030 kips 

LRFD 

cp1P,1 =0.90(2,030kips) 
= 1,830 kips > 827 kips o.k.

Width-to-Thickness Limitations 

(Spec. Eq. D2-I) 

ASD 

Pn 2,030 kips 
--

Qt 1.67 
= 1,220 kips> 583 kips o.k.

According to AISC Seismic Provisions Section F2.5a, the stiffened and unstiffened elements 
of SCBF columns must satisfy the requirements for highly ductile members in Section D 1.1. 

From Table 1-3 of this Manual, it can be seen that an ASTM A913 Grade 65 W12 x 106 
will satisfy the highly ductile width-to-thickness limits required for an SCBF column (note 
that any value of Pu max and Pa max is permissible, as shown in Table 1-3). 

Use a W12x106 for SCBF Column CL-1. 
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Example 5.3.4. SCBF Beam Design 

Given: 

Refer to Beam BM-2 in Figure 5-15. Select an ASTM A992 W-shape with a maximum 

depth of 36 in. Design the beam as a noncomposite beam for strength, although the com

posite deck can be considered to brace the beam as discussed later in this example. The 

applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. 

Assume the brace sizes are as shown in Figure 5-16. Relevant seismic parameters were 

given in the SCBF Design Example Plan and Elevation section. The shears and moments on 

the beam due to gravity, assuming a simple span from column line B to C, are: 

VD= 11.2 kips VL = 8.50 kips MD = 120 kip-ft ML= 100 kip-ft 

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 

F
y 

= 50 ksi 

F,,
= 65 ksi 

As required by AISC Seismic Provisions Section F2.3, the required strength of the beam is 

based on the load combinations in the applicable building code, including the seismic load 

effect with overstrength. The required strength is determined from the larger of: 

(a) An analysis in which all braces are assumed to resist forces corresponding to their

expected strength in compression or in tension

(b) An analysis in which all braces in tension are assumed to resist forces corresponding

to their expected strength and all braces in compression are assumed to resist their

expected post-buckling strength

These brace required strengths are shown in Tables 5-1 and 5-2, and the forces acting on 

Beam BM-2 are shown in Figure 5-19. 

Required Strength 

Determine the required axial strength of the beam based on 

A/SC Seismic Provisions Section F2.3(a) 

From AISC Seismic Provisions Section F2.3(a), the required axial strength of the beam is 

based on the braces at their expected strengths in tension and compression. 

To determine the required axial force of the beam, the horizontal component of the differ

ence between the sum of the expected strengths of the braces below the beam and the sum 

of the expected strengths of the braces above the beam can be thought of as a "story force" 

that the beam must deliver to the braces. Because the braced frame is in the middle bay of a 

three-bay building, half of this story force can be considered to enter the braces from each 

side, and is carried by Beam BM-2 to the braces connected to the beam midspan. This force 

could act in either direction and is shown as positive. See Figure 5-19(a). 
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Px3 = ( 560 kips+ 449 kips) sin 45 ° 

= 713 kips 

Px4 = ( 228 kips+ 3 I 2 kips) sin 45 ° 

= 382 kips 

The axial force on either side of the beam will be one-half of the difference: 

Px = ½(713 kips-382 kips) 

= 166 kips 

The required axial strength due to brace forces is equal to this force: 

PEmh = Px

= 166 kips 

The "unbalanced" vertical force is determined from the vertical component of all four brace 
forces. 

Py =(312kips 228kips+449kips 560kips)cos45 ° 

19. l kips

This unbalanced vertical force can be considered as a load acting downward at the midpoint 
of the beam, and produces the following shear and moment from the global beam analysis: 
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( b) Forces from AISC Seismic
Provisions Section F2.3(b)

Fig. 5-19. Forces acting on Beam BM-2from a mechanism analysis of 

AISC Seismic Provisions Section F2.3 as carried out in Example 5.3.2. 
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-Py
VEg =--·

2 

2 
= 9.55 kips 

=119 kip-ft 

BRACED FRAMES 

4 

Note that the unbalanced vertical force from the braces is to be considered when evaluating 
member limit states in the beam. In the connection design presented in Example 5.3.7, beam 
local limit states are evaluated using internal forces determined in the brace connection 
design. 

In combination with these overall member effects, the brace forces create localized shear 
and moment in the connection region (Fortney and Thornton, 2017). The local seismic 
moment due to the horizontal forces, MEL, must be computed separately for the braces above 
and below and summed: 

For evaluation here, the beam is assumed to be 21 in. deep. Therefore, eh is 10.5 in. 

(Pi +P2)
3

sin0eh (Pi +P2)
4

sin0eh 
MEL = -- - - - --+- - - - - --

8 8 
[(Pi+ P2 )

3 
sin0 +(Pi+ P2 )

4 
sin e]eh 

8 

8 

(713 kips+382 kips)(l0.5 in.) 
8(12 in./ft) 

= 120 kip-ft 

For design purposes, the required flexural strength due to brace forces may be taken as the 
sum of MEg and MEL· (An exact evaluation of this condition will show a somewhat smaller 
moment.) 

MEmh = MEg +MEL 

= 119 kip-ft+ 120 kip-ft 
= 239 kip-ft 
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The localized shear is V EL: 

2 0eb 
VEL =------

L
g 

where L
g 

is the gusset length. 

5-145

As with the localized moment, the localized shear from the braces above and below is additive. 
For evaluation here, the gussets above and below will be assumed to be 48 in. long, which 
is roughly one-sixth of the beam span. 

2(Pi +P2)
3

sin0eb 2(Pi +P2)
4

sin0eb 
VEL = - - -�- - -+ -- - -�- -

Lg Lg 

+P2)
3

sin0+(Pi +P2)
4

sin eh

2 +Px4 eb 
L

g 

2(713 kips+382 kips)(I0.5 in.) 
48 in. 

= 479 kips 

This shear is not additive to the unbalanced shear computed previously, and the required 
shear strength is the larger of the two: 

VEmh = 479 kips 

The following load combinations in ASCE/SEI 7 were found to govern. The required axial 
strength of Beam BM-2 according to the analysis requirements of AISC Seismic Provisions 
Section F2.3(a) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

Pu = (1.2 + 0.2SDs )PD+ PEmh + 0.5PL Pa = (1.0+ 0.14SDs )PD+ 0.7 PEmh 
+0.2Ps = [1.0+0.14(1.0)](0 kips) 

= [ 1.2 + 0.2(1.0 )]( 0 kips)+ 166 kips +0.7(166 kips)
+0.5(0 kips)+o.2(0 kips) =116kips 

= 166 kips 
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The required shear strength of Beam BM-2 according to the analysis requirements of AISC 
Seismic Provisions Section F2.3(a) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 
\I,, = (1.2+0.2SDs )VD+ VEmh +0.5VL Va 

= (1.0+0.I4SDs )VD+0.7VEmh 
+0.2Vs = [1.0+0.14(1.0)](0 kips) 

= [1.2+0.2(1.0)](0 kips) +0.7(479 kips)
+ 479 kips+ 0.5 ( 0 kips) = 335 kips 
+0.2(0 kips)

= 479 kips 

The shear due to gravity is zero at the beam midpoint for this loading, therefore, the required 
shear strength is due only to the local effect of the seismic forces. 

The required flexural strength of Beam BM-2 according to the analysis requirements of 
AISC Seismic Provisions Section F2.3(a) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

Mu = (1.2 + 0.2SDs )MD+ MEmh Ma
= (1.0+ 0.14SDs )MD +0.7MEmh 

+0.5ML +0.2Ms = [1.0+0.14(1.0)](120 kip-ft) 
= [1.2+0.2(1.0)](120 kip-ft) +0.7(239 kip-ft)

+ 239 kip-ft+ 0.5(100 kip-ft) = 304 kip-ft 
+0.2(0 kip-ft)

= 457 kip-ft 

Determine the required axial strength of the beam based on 

A/SC Seismic Provisions Section F2.3(b) 

From AISC Seismic Provisions Section F2.3(b), the required axial strength of the beam is 
based on the braces at their expected strengths in tension and post-buckling strengths in 
compression. For this analysis, the expected strengths of the braces in compression must 
be multiplied by 0.3 to approximate their post-buckling strengths as shown in Table 5-2. 
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To determine the required axial force of the beam, the horizontal component of the differ
ence between the sum of the expected strengths of the braces below the beam and the sum 
of the expected strengths of the braces above the beam can be thought of as a "story force" 
that the beam must deliver to the braces. Because the braced frame is in the middle bay of a 
three-bay building, half of this story force can be considered to enter the braces from each 
side. See Figure 5-l 9(b ). 

Px3 = ( 560 kips+ 135 kips) sin 45° 

= 491 kips 

Px4 = (68.4 kips+312 kips)sin45° 

= 269 kips 

The axial force in either side of the beam will be one-half of the difference: 

Px = ½(491 kips 269 kips) 

= 111 kips 

The required axial strength due to brace forces is equal to this force: 

= 111 kips 

The "unbalanced" vertical force is determined from the vertical component of all four brace 
forces. 

P
y 

= ( 312 kips -68.4 kips+ 135 kips - 560 kips) cos 45° 

128 kips 

This unbalanced vertical force can be considered as a load acting downward on the beam, 
and produces the following shear and moment: 

-P
y 

VEg =- -2 
(- I 28 kips) 

2 
= 64.0 kips 

-P
y
L 

MEg=--
4 

-(-128 kips)(25 ft) 

4 
= 800 kip-ft 
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The local connection moment is: 

( Px3 + P,4 )eb 
MEL= 

8 
(491 kips+269 kips)(I0.5 in.) 

8( 12 in./ft) 
= 83. l kip-ft 

BRACED FRAMES 

For design purposes, the required flexural strength due to brace forces may be taken as the 
sum of MEg 

and MEL. 

MEmh = MEg 
+MEL 

= 800 kip-ft+ 83. l kip-ft 
= 883 kip-ft 

The localized shear is V EL:

2 
VEL=------

Lg 

2(491 kips+269 kips)(l 0.5 in.) 
48 in. 

= 333 kips 

This shear is not additive to the unbalanced shear computed previously, and the required 
shear strength is the larger of the two: 

VEmh = 333 kips 

Using the load combinations in ASCE/SEI 7, the required axial strength of Beam BM-2 
according to the analysis requirements of AISC Seismic Provisions Section F2.3(b) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

Pu
= (I.2+0.2SDS )Pv + PEmh +0.5PL Pa = (I.O + 0.14Svs )Pv + 0.7 PEmh 

+0.2Ps = [ 1.0 + 0.14(1.0 )]( 0 kips) 
= [1.2 + 0.2(1.0)](o kips)+ 111 kips +0.7(111 kips)

+o.5(0 kips)+o.2(0 kips) = 77.7 kips 
= 111 kips 
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The required shear strength of Beam BM-2 according to the analysis requirements of AISC 
Seismic Provisions Section F2.3(b) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

V,, = (1.2 +0.2SDs )VD+ VEmh +0.5VL Va 
= (1.0 + 0.14SDs )VD+ 0.7VEmh 

+0.2Vs
= [1.0+0.14(1.0)](0 kips) 

= [1.2+0.2(1.0)](0 kips) +0.7(333 kips)
+ 333 kips+ 0.5 ( 0 kips)

= 233 kips
+0.2(0 kips)

= 333 kips

As with the other condition analyzed, the shear due to gravity at the beam midpoint is zero. 

The required flexural strength of Beam BM-2 according to the analysis requirements of 
AISC Seismic Provisions Section F2.3(b) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

Mu
= (1.2+0.2SDs)MD +MEmh Ma

= (1.0+ 0.14SDs )MD +0.7MEmh 
+ 0.5ML + 0.2Ms

= [1.0+0.14(1.0)](120 kip-ft) 
= [1.2+0.2(1.0)](120 kip-ft) +0.7(883 kip-ft)

+ 883 kip-ft+ 0.5(100 kip-ft) = 755 kip-ft
+0.2(0 kip-ft)

= 1,100 kip-ft

Note that the analysis of AISC Seismic Provisions Section F2.3(b), with the braces at post
buckling strength in compression, gives a significantly higher required moment for the 
beam and moderately lower required axial and shear forces. The moment resulting from 
the analysis of Section F2.3(b) does not act simultaneously with the axial and shear forces 
resulting from Section F2.3(a). 
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In summary, the required strength of Beam BM-2 determined by the analysis provisions of 
AISC Seismic Provisions Section F2.3(a) is: 

LRFD ASD 

Pu = 166 kips Pc, = 116 kips 
Vu = 479 kips Va = 335 kips 
Mu = 457 kip-ft Ma = 304 kip-ft 

The required strength of Beam BM-2 determined by the analysis provisions of AISC 
Seismic Provisions Section F2.3(b) is: 

LRFD ASD 

Pu = 111 kips Pa = 77.7 kips 
Vu = 333 kips Va = 233 kips 
Mu = 1,100 kip-ft Ma = 755 kip-ft 

Beam Size Selection 

The beam is subject to axial, shear and flexural forces. The discussions in Part 8 and Table 
8-1 of this Manual regarding the design of collector beams are applicable to the design of
beams within a braced frame.

Try a W21 x147. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

A = 43.2 in.2
ff = 1.15 in. 
Ix = 3,630 in.4
ly = 376 in.4
Cw

= 41,100 in.6

d =22. l in. 
kdes = 1.65 in. 
Sx = 329 in.3
ry = 2.95 in. 

tw = 0.720 in. 
btl2ff = 5.44 
rx =9.17 in. 
h0 = 21.0 in. 

ht = 12.5 in. 
hltw = 26.1 
Zx = 373 in.3
J = 15.4 in.4

In order to determine which limit states apply, the beam bracing requirements must be 
investigated. 

Bracing Requirements 

According to AISC Seismic Provisions Section F2.4b(b), beams in SCBF using V- and 
inverted-V configurations must satisfy the bracing requirements for moderately ductile 
members. This beam is considered part of such a configuration because it is intersected by 
braces at its midspan. AISC Seismic Provisions Section D 1.2a requires that beam bracing 
in moderately ductile members have a maximum brace spacing of: 

Lb = 0.19ryE/(RyFy ) 

= 0.19(2.95 in.)(l ft/12 in.)(29,000 ksi)/[1.1(50 ksi)] 

= 24.6 ft 
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Note that this can also be obtained from Table 1-3 for moderately ductile members. The
beam span is 25 ft; therefore, it is economical to provide bracing at midspan of the beam
(Lbr = 12.5 ft). 

AISC Seismic Provisions Section Dl .2a. l (a) requires that both flanges of the beam be lat
erally braced or the cross section be torsionally braced. The beam shown in Figure 5-14,
spanning between column lines 1 and 2, at midspan of the SCBF frame will be used to
provide lateral bracing. 

Determine lateral bracing requirements 

Beam bracing requirements are given in AISC Specification Appendix 6. The required
strength of end and intermediate point braces is: 

Prb = 0.02[ M��
d)

where 
Cd= 1.0 

(Spec. Eq. A-6-7) 

From AISC Seismic Provisions Equation Dl-1, with R
y

= 1.1 from AISC Seismic Provisions

Table A3.1, the required flexural strength of the brace is: 

LRFD ASD 

Mr = R
y
F

y
Z I a., Mr

= R
y
F

y
Z/a.,

= 1.1(50 ksi)(373 in.3 )/1.0 = 1.1(50 ksi)(373 in.3 )/1.5 

= 20,500 kip-in. = 13,700 kip-in. 

From AISC Specification Equation A-6-7, the required strength of end and intermediate
point braces is: 

LRFD ASD 

Prb = 0.02MrCd /h0 Prb = 0.02MrCd /h0

= 0.02(20,500 kip-in.)(1.0)/21.0 in. = 0.02(13,700 kip-in.)(1.0)/21.0 in. 
= 19.5 kips = 13.0 kips 

The required stiffness of point bracing, according to AISC Specification Equation A-6-8, is: 

LRFD 

P
br = _!_l lOMrCd J

<p Lbrho 

1 10( 20,500 kip-in.)(1.0) 
-

---

0.75 (12.5 ft)(l2 in./ft)(21.0 in.) 

= 86.8 kip/in. 

ASD 

P
br 

= QllOMrCd J
Lbrho 

=2.00 
10(13, 700 kip-in.)(1.0) 

(12.5 ft)(12 in./ft)(21.0 in.) 

= 87.0 kip/in. 
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The axial stiffness of the member providing bracing to the beam is: 

k =
AE

Using the ASD solution, the required area of the brace is: 

k 2 Pbr = 87.0 kip/in. 

A 2 Pbr (� J 

( ) 
( 30 ft) ( 12 in./ft)

> 87.0 kip/in. - 29,000 ksi 

21.08 in.2 

BRACED FRAMES 

Provide beam lateral bracing of both flanges at midspan of the beam (12.5 ft) with a minimum 
area of 1.08 in.2 and with an available axial compressive strength of 19.5 kips (LRFD) and 
13.0 kips (ASD). 

Note: The gravity beam shown (but not sized) in Figure 5-14 must be able to provide this 
lateral bracing, depending on the depth of the beam and the connection type. 

Available Flexural Strength 

Beam lateral bracing will be provided at 12.5 ft. However, the composite slab can be con
sidered to continuously brace the beam, and therefore, the limit state of lateral-torsional 
buckling does not apply and the available flexural strength is based on the plastic moment of 
the beam. From AISC Manual Table 6-2, the available flexural strength of the W21 x 147 is: 

LRFD ASD 

<j>1,M,, =<!>1,M
p 

--

= 1,400 kip-ft 
01, 01, 

= 931 kip-ft 

Available Compressive Strength 

In compression, the beam is considered continuously braced by the slab; therefore, minor
axis flexural buckling about the y-y axis does not govern over major-axis flexural buckling 
about the x-x axis. For major-axis flexural buckling about the x-x axis, the beam is assumed 
unbraced (KL= 25 ft). As explained in Part 8 for collectors, torsional buckling is considered 
because the torsional unbraced length is not the same as the minor-axis flexural buckling 
unbraced length. Because the top flange is constrained by the composite slab, the applicable 
torsional limit state is constrained-axis torsional buckling, as discussed in Part 8 of this 
Manual. 

For torsional buckling, the beam is considered unbraced between torsional brace points. In 
this example, the lateral braces of both flanges at midspan are assumed to provide a torsional 
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braced point. Therefore, the unbraced length for torsional buckling is taken as 12.5 ft. To 
summarize: 

Lx = 25 ft (flexural buckling about x-x axis) 
L

y
= 0 ft (flexural buckling about y-y axis does not apply) 

L2 = 12.5 ft ( constrained-axis torsional buckling) 

From AISC Manual Table 1-1 and Table 6- l a, the W21 x 147 is compact. 

Determine the critical buckling strength for flexural buckling 

about the x-x axis 

Lex 
1.0 ( 25 ft)( 12 in./ft) 

rx 9.17 in. 

=32.7 

The elastic buckling stress is: 

n2E

F, � [ L;, r 

n2 (29,000 ksi) 

(32.7)2

= 268 ksi 

The value of Fer is determined as follows: 

50 ksi 
Fe 268 ksi 

= 0.187 

(from Spec. Eq. E3-4) 

Because 0.187 < 2.25, use Equation E3-2 to determine the critical buckling stress. 

I F,.: 

Fer = 0.658F;. F
y

= (o.658°· 187 )(50 ksi) 

= 46.2 ksi 

Determine the critical buckling strength for 

constrained-axis torsional buckling 

(Spec. Eq. E3-2) 

For the limit state of constrained-axis torsional buckling, the unbraced length is I 2.5 ft and 
the top flange of the beam is considered continuously braced by the slab as described in Part 
8 of this Manual. Using Equation 8-2: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-154

n2 EI y ( h;; + d2 ) 1 Fe = 0.9 --�---+ GJ,-------
4( Lez )

2 lx+l
y

+0.25Ad2 

BRACED FRAMES 

(8-2) 

=0.9 

( ) 
(21.0 in.)2 

n2 (29,000 ksi) 376 in.4 

+(22.1 in.)2 

- - - - - - -��- - -�+(11,200 ksi)(15.4 in.4)
4[1.0(12.5 ft)(l2 in.lft)j

2 

x------------------

3,630 in.4 +376 in.4 +0.25(43.2 in.2 )(22.1 in.)2 

= 124 ksi 

The value of Fer is determined as follows: 

F
y 50 ksi

Fe 124 ksi 

= 0.403 

Because 0.403 < 2.25, use Equation E3-2 to determine the critical buckling stress. 

I F,,: 

Fer = 0.6581';, F
y

= ( 0. 658oAo3 ) ( 50 ksi) 

= 42.2 ksi 

(Spec. Eq. E3-2) 

Because Fer is lower for constrained-axis torsional buckling, this limit state governs over 
major-axis flexural buckling. 

For the governing limit state of constrained-axis torsional buckling, the available strength is 
determined as follows from AISC Specification Section E3: 

= (42.2 ksi)(43.2 in.2) 
= 1,820 kips 

LRFD 

<PePn = 0.90(1,820 kips) 
=l ,640 kips 

Pn

QC 

ASD 

1,820 kips 
--

1. 67
= 1,090 kips 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(Spec. Eq. E3- l )  



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-155

Second-Order Effects 

Second-order effects can be accounted for using the approximate second-order analysis 
procedure given in AISC Specification Appendix 8. Because the seismic component of 
the beam required flexural strength comes from the mechanism analysis of AISC Seismic 
Provisions Section F2.3 and is based on the expected strengths of the braces, P-!J. effects 
need not be considered and B2 from AISC Specification Appendix 8 need not be applied. 
P-!J. effects do not increase the forces corresponding to the expected brace strengths in com
pression and tension; instead, they may be thought of as contributing to the system reaching 
that state. However, P-o effects do apply. 

B1= Cn >l
l aP,./Pe1 -

n2 El*Pei=- --
(Lex? 

rc2 (29,000 ksi)(3,630 in.4) 

[ 1.0( 25 ft)( 12 in./ft )J2

= 11,500 ksi 

(Spec. Eq. A-8-3) 

(from Spec. Eq. A-8-5) 

Cm = 1.0, because there is transverse loading between supports 

LRFD ASD 

B1= 

1.0 
B1= 

l.O
I [1.0(166 kips)/(11,500 kips)] I [ l.6(116 kips )/(l l,500 kips)] 

=1.01 = 1.02 

The B 1 factor (P-o effect) need only be applied to the first-order moment with the structure 
restrained against translation. The required flexural strength of Beam BM-2, according 
to the analysis requirements of AISC Seismic Provisions Section F2.3(a) and including 
second-order effects, is determined from ASCE/SEI 7, Section 2.3.6, Load Combination 6 
(for LRFD) including the permitted 0.5 factor on L, and Section 2.4.5, Load Combination 8 
(for ASD), with the seismic load effects including overstrength incorporated from Section 
12.4.3: 

LRFD ASD 

Mu 
=B1(1.2+0.2SDs)MD+MEmh Ma

= B1 (1.0+0.14SDS)MD 
+B10.5ML +0.2Ms +0.7MEmh 

= 1.01[1.2+0.2(1.0)](120 kip-ft) = 1.02[1.0+0.14(1.0)](120 kip-ft) 

+ 239 kip-ft+ 1.01 ( 0.5)(100 kip-ft) +0.7(239 kip-ft)

+0.2(0 kip-ft) = 307 kip-ft 

= 459 kip-ft 
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The required flexural strength of Beam BM-2 according to the analysis requirements of 
AISC Seismic Provisions Section F2.3(b) and including second-order effects is: 

LRFD ASD 

Mu
= Bi (1.2+0.2Sos )Mo +MEmh Ma =B1(1.0+0.14Sos)Mo 

+B10.5ML +0.2Ms +0.7MEmh
= 1.01[1. 2+0.2(1.0)](120 kip-ft) = 1.02 [1.0+0.14(1.0)](120 kip-ft) 

+ 883 kip-ft+ I.OJ ( 0.5)( l 00 kip-ft) +0.7(883 kip-ft)

+0.2(0 kip-ft) = 758 kip-ft 

= 1,100 kip-ft 

In summary, including second-order effects, the required strength of Beam BM-2 deter
mined by the analysis provisions of AISC Seismic Provisions Section F2.3(a) is: 

LRFD ASD 

Pu = 166 kips Pa = 116 kips 
Vu = 479 kips Va = 335 kips 
Mu = 459 kip-ft Ma = 307 kip-ft 

Including second-order effects, the required strength of Beam BM-2 determined by the 
analysis provisions of AISC Seismic Provisions Section F2.3(b) is: 

LRFD ASD 

Pu = 111 kips Pa = 77.7 kips 
½, = 333 kips Va = 233 kips 
Mu= 1,100 kip-ft Ma = 758 kip-ft 

Combined Loading 

For the analysis provisions of AISC Seismic Provisions Section F2.3(a): 

LRFD ASD 

166 kips Pr 116kips - -- -

Pc 1,640 kips Pc 1,090 kips 
= 0.101 = 0.106 

Because Pr/ Pc: < 0.2, the beam-column design is controlled by the equation: 

P. 
[
M Mn,

J _r + ____E:_ + _·_J < 1.0 
2Pc Mex Mey -

(Spec. Eq. HJ-lb) 
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LRFD 

0.101 + l 459 kip-ft +OJ= 0.378
2 1,400 kip-ft 

0.378 < 1 .0 o.k.

ASD 

0.106 + l307 kip-ft+ OJ = 0.383
2 931 kip-ft 

0.383 < 1 .0 o.k.

For the analysis provisions of AISC Seismic Provisions Section F2.3(b): 

LRFD ASD 
111 kips Pr 77.7 kips 

- -- -

Pc- 1,640 kips Pc 1 ,090 kips 
=0.0677 =0.071 3 

Because Pr/ Pc-< 0.2, the beam-column design is controlled by the equation: 

5-157

_r + ____E_+_·_J < 1.0
P, 

[
M Mn,

] 2I'c- Mex Mey -
(Spec. Eq. Hl- lb) 

LRFD 

0.0677 + l l, 100 kip-ft +OJ = 0.820
2 1,400 kip-ft 

0.820 < 1 .0 o.k.

Check shear strength of the W21 x 14 7 

ASD 

0.0713 + l 758 kip-ft+ OJ= 0.850
2 931 kip-ft 

0.850 < 1 .0 o.k.

The analysis using AISC Seismic Provisions Section F2.3(a) controls the shear strength; 
therefore, from AISC Manual Table 6-2, the available shear strength is: 

LRFD ASD 

<l>vVn = 477 kips< 479 kips n.g.

Qv 
= 318 kips< 335 kips n.g.

While the beam available shear strength is adequate outside the connection region, the 
design will require a heavier beam, longer gusset plate, web reinforcement, or use of the 
gusset plate to resist a portion of the shear. The required beam web thickness for a W2 l 
can be calculated from the shear deficiency. The required thickness is 0.729 in. Therefore, 
a W21 x 166 would be required. 

To reduce the required shear strength, the required gusset length, L
8 

[from the analysis 
provisions of AISC Seismic Provisions Section F2.3(a)], can be solved for based on the 
equations derived earlier in this example. For the LRFD solution: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-158

2(Ma -a)
3 

2(Ma-a)
4 

Va =- ---+- - --,<�� Lg Lg -

2(P1 + P2)
3 

sin03eb 
+ 

2(P1 + P2\ sin04eh
Lg Lg 

Lg 2". :� [(P1 + P2)
3 

sin03 +(P1 + P2\ sin04]

2(11.l in.)
( )>---- 713 kips+382 kips - 477 kips 

2': 51.0 in.

BRACED FRAMES 

With a gusset of this length, a W21 x 14 7 would not require a web doubler plate. Selecting a
W21 x 14 7, the localized connection shear must be addressed in the connection design. This
is addressed in Example 5.3.7, which illustrates the design of the connection for this beam.

Check width-to-thickness limits of the W21 x147 

According to AISC Seismic Provisions Section F2.5a, beams in SCBF must satisfy the width
to-thickness requirements for highly ductile members. From Table l -3 of this Manual, the
W21 x 14 7 satisfies the limiting width-to-thickness ratios and Pu and Pa are not limited.

Example 5.3.5. SCBF Beam Design 

Given: 

Refer to Beam BM-1 in Figure 5-15. Select an ASTM A992 W-shape with a maximum depth
of 36 in. Design the beam as a noncomposite beam for strength, although the composite
deck can be considered to brace the beam. The applicable building code specifies the use of
ASCE/SEI 7 for calculation of loads.

Assume the brace sizes are as shown in Figure 5-16. Relevant seismic design parameters were
given in the SCBF Design Example Plan and Elevation section. The shears and moments
on the beam due to gravity are:

Vv = l l.2 kips
Mv = 120 kip-ft

VL = 8.50 kips
ML = lOO kip-ft

Note that in Example 5.3.9, the brace connections at the third level use a splice in the beam
away from the gusset plate. Based on the connection configuration, a shorter length could
have been used for the beam design here. In this example, the full 25-ft bay width is used
as the length of the beam.

Solution: 

From AISC Manual Table 2-4, the material properties are as follows:

ASTM A992
F

y 
= 50 ksi

Fu
= 65 ksi

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-159

As required by AISC Seismic Provisions Section F2.3, the required strength of the beams is 
based on the load combinations in the applicable building code, including the seismic load 
effect with overstrength. These forces are determined from the larger of: 

(a) An analysis in which all braces are assumed to resist forces corresponding to their
expected strength in compression or in tension

(b) An analysis in which all braces in tension are assumed to resist forces corresponding to
their expected strength and all braces in compression are assumed to resist their expected
post-buckling strength

These forces are shown in Tables 5-1 and 5-2, and the forces acting on Beam BM-1 are 
shown in Figure 5-20. 

Unlike Beam BM-2 designed in Example 5.3.4, these forces do not cause shears and 
moments on the beam; the only shears and moments are from gravity loads. 

Required Strength 

Determine the required axial strength of the beam based on 

A/SC Seismic Provisions Section F2.3(a)

From AISC Seismic Provisions Section F2.3(a), the required axial strength of the beam is 
based on the braces at their expected strengths in tension and compression. To determine 
the required axial force on the beam, the horizontal component of the difference between 
the sum of the expected strengths of the braces below the beam and the sum of the expected 

�Fourth 
Leve l 

25'-0" ---f 

' / 

: ', // : 1------�-�------
I 

I / ' I 

I 
/ ' 

I 

: 56Q,kips 449,kips: 

'""°',_T�h�i�rd� -
�
-+- i/ BM-1 ""I 

vLeve l 
t0 

:, /i 
c-'.i l 524'k_ips 61,,6/kipsl 
� T , / T 

I , / I � Second :------�-�------:
Leve l 1 / ,

, 1 

( a) Forces from AISC Seismic 
Provisions Section F2.3( a)
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Leve l 

�-�1-- 25'-0" -�

' / 

: ', // : 
l

------�-�------
1 

I / ' I 

I 
/ ' 

I 

: 56Q,kips 135,kips : 

°''-"--T�h�i�rd� -
�
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v Level 
t0 

:, /i 
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� T , / T 

! ' / ! � Second :------�-�------: 
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, 1 

( b) Forces from AISC Seismic 
Provisions Section F2.3(b)

Fig. 5-20. Forces on Beam BM-1 from a mechanism analysis ci 

AISC Seismic Provisions Section F2.3 as carried out in Example 5.3.2.
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strengths of the braces above the beam can be thought of as a "story force." The story force 
for the analysis in AISC Seismic Provisions Section F2 .3(a) with tension and compression 
braces at their expected strengths is: 

Px = [z:(Forces below beam)-I:(Forces above beam)]sin45° 

= [(524 kips+ 616 kips) (560 kips+449 kips)]sin45° 

= 92 .6 kips 

Because the braced frame is in the middle bay of a three-bay building, half of this story 
force, or 46.3 kips, can be considered to enter the braced bay from each side. The axial force 
in the beam is determined based on equilibrium of the joints at either end of the beam. From 
the joint at gridline B, as shown in Figure 5-21: 

Emh = I: ( Forces left of joint) I: ( Forces right of joint) 

= ( 46.3 kips) ( 524 kips 560 kips )sin 45° 

= 71.8 kips 

Determine the required axial strength of the beam based on 

A/SC Seismic Provisions Section F2.3(b)

For this analysis, the expected strength of the braces in compression must be multiplied by 
0.3 to approximate their post-buckling strength, as shown in Table 5-2. 

46.3 kips

I 
I 
I 
I 
I 

/ 
/ 

/ 

/ 
/ 

I 
1 569,i<ips 449�ps

I 
I 

i/4 .8 kips 71.8 ki� 46.3 kips

i' -- /I 
J_ 524 '1<ips 616A<ips J_ 

T '- / T 

I ', /
/ I 

I ' / I 
I 1 
I I 

Fig. 5-21. Axial force in Beam BM-I from the mechanism analysis of 

AISC Seismic Provisions Section F2.3( a).
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Figure 5-20(b) shows the forces corresponding to the tension braces at their expected 
strengths and the compression braces at their post-buckling strength. Similar to Beam BM-2 
in Example 5.3.4, an equivalent "story force" can be determined as: 

P, = [L(Forces below beam)-L(Forces above beam)]sin45° 

= [ ( 157 kips+ 616 kips)-( 560 kips+ 135 kips)] sin 45° 

= 55.2 kips 

Because the braced frame is in the middle bay of a three-bay building, half of this story 
force, or 27. 6 kips, can be considered to enter the braced bay from each side. The axial force 
in the beam is determined based on equilibrium of the joints at either end of the beam. From 
the joint at gridline B, as shown in Figure 5-22: 

Emh = L(Forces left of joint) L(Forces right of joint) 

= ( 27 .6 kips) ( 157 kips 560 kips) sin 45° 

=313 kips 

The analysis of AISC Seismic Provisions Section F2.3(b) governs the required axial strength 
of the beam, in which tension braces are at their expected strengths and compression braces 
are at their post-buckling strengths. The required shear and flexural strength of the beam 
comes from gravity loads only and, therefore, are the same for both analysis cases. 

27.6 kips 

I I 
I ', /

/ 

I ' / 
!-------::,-;-------

! / 
' I // 

, 

1 560,kips 135'kips 
I / ' 

i/43 kips 313 ki� 1, - - / 
l 157t<ips 616A<ips l 
T ' / T 

I ', /
/ 

I 
I ' / I 
,------�-�------, 
I /

/ 
', I 

27.6 kips 

Fig. 5-22. Axial force in Beam BM-I from the mechanism analysis of 

AISC Seismic Provisions F2.3(b).
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Using the load combinations in ASCE/SEI 7, the following load combinations were found to 
govern. The required shear strength of Beam BM-1 according to the analysis requirements 
of AISC Seismic Provisions Section F2.3(b) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load 
0.5 load factor on L), with the seismic effects including overstrength 
load effects including overstrength incorporated from Section 12.4.3: 
incorporated from Section 12.4.3: 
V,1

= (1.2+0.2SDs )VD+ VEmh +0.5VL Va
= (1.0+0.14SDs )VD +0.7VEmh 

+0.2Vs
= [1.o+0.14(1.0)](11.2 kips) 

= [1.2+0.2(1.0)](11.2 kips) +o kips +o.7(0 kips)
+0.5(8.50 kips)+o.2(0 kips)

= 12.8 kips
= 19.9 kips

The required flexural strength of Beam BM-1 according to the analysis requirements of 
AISC Seismic Provisions Section F2.3(b) is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load 
0.5 factor on L), with the seismic load effects including overstrength 
effects including overstrength incorporated from Section 12.4.3: 
incorporated from Section 12.4.3: 

Mu 
= (1.2+0.2SDs)MD+MEmh Ma 

= (1.0+0.14SDs)MD+0.7MEmh 

+0.5ML +0.2Ms = [1.0+0.14(1.0)](120 kip-ft) 
= [1.2+0.2(1.0)](120 kip-ft) +0.1(0 kip-ft)

+ 0 kip-ft+ 0.5(100 kip-ft) = 137 kip-ft
+0.2(0 kip-ft)

= 218 kip-ft

The required axial strength of Beam BM-1 according to the analysis requirements of AISC 
Seismic Provisions Section F2.3(b) is: 
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LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load 
0.5 factor on L), with the seismic load effects including overstrength 
effects including overstrength incorporated from Section 12.4.3: 
incorporated from Section 12.4.3: 

Pu
= (I.2+0.2SDS )Pv + PEmh Pa = (I.O + 0.14Svs )Pv + 0.7 PEmh 

+0.5PL +0.2�� = [1.0+0.14(1.0)](0 kips) 
= [ 1.2 + 0.2(1.0 )]( 0 kips)+ 313 kips +0.7(313 kips)

+0.5(0 kips)+o.2(0 kips) = 219 kips 
= 313 kips 

The beam is subject to axial and flexural forces. See Part 8 and Table 8-1 of this Manual for a 
discussion of collector beams, which also applies to beams within a braced frame. 

In flexure, the beam is considered continuously braced by the slab and lateral-torsional 
buckling does not apply. 

In compression, the beam is considered continuously braced by the slab; therefore, minor
axis flexural buckling about the y-y axis does not govern over major-axis flexural buckling 
about the x-x axis. For major-axis flexural buckling about the x-x axis, the beam is assumed 
unbraced. As explained in Part 8 for collectors, torsional buckling is considered because 
the torsional unbraced length is not equal to the minor-axis flexural buckling unbraced length. 
For torsional buckling, the beam is considered braced by the gravity beam and its connection 
at midspan. Because the top flange is constrained by the composite slab, the applicable 
torsional limit state is constrained-axis torsional buckling, as discussed in Part 8 of this 
Manual. 

Beam Size Selection 

Try a W24x84. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

A = 24.7 in.2

tf = 0.770 in. 
Ix = 2,370 in.4

ly = 94.4 in.4

Cw = 12,800 in.6 

d = 24.1 in. 
kdes = 1.27 in. 
Sx = 196 in.3
ry = l.95 in. 

Lateral Bracing Requirements 

fw = 0.470 in. 
hfl2ff = 5.86 
rx = 9.79 in. 
h0 = 23.3 in. 

hf = 9.02 in. 
hltw = 45.9 
Zx = 224 in.3

J = 3.70 in.4

Because this beam is not part of a V- or inverted-V-braced frame (there is no brace con
nection at the midspan of the beam), there are no lateral bracing requirements in the AISC 
Seismic Provisions, other than what may be required for strength. However, there is a gravity 
beam framing into the beam at midspan. The gravity beam at midspan and its connection 
will be considered to provide a torsional brace point for the limit state of constrained-axis 
torsional buckling. 
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Available Flexural Strength 

The composite slab can be considered to continuously brace the beam, and therefore the 
limit state of lateral-torsional buckling does not apply and the available flexural strength is 
based on the plastic moment. From AISC Manual Table 3-6, the available flexural strength 
of the beam is: 

LRFD ASD 

M <JlhM
P 

= 840 kip-ft _p_ = 559 kip-ft 
Qh 

Available Compressive Strength 

The unbraced lengths for flexural buckling were discussed previously. To summarize: 

Lx = 25 ft 
L

y 
= 0 ft (lateral movement is braced by the slab) 

Lz = 12.5 ft (torsion with top flange restrained by the slab) 

From AISC Manual Table 1-1 and Table 6-l a, it can be determined that the web is slender 
for compression. Therefore, the effective area of the cross section must be determined. 

Determine the critical buckling strength for flexural 

buckling about the x-x axis 

Lex 1.0(25 ft)(I2 in./ft) 

rx 9.79 in. 

=30.6 

n2(29,000 ksi) 

(30.6)2

= 306 ksi 

(from Spec. Eq. E3-4) 

The value of Fer before local buckling effects are considered is determined as follows: 

50 ksi 
Fe 306 ksi 

= 0.163 

Because 0.163 < 2.25, AISC Specification Equation E3-2 applies. 
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I F,.] Fer = 0.658Fe F
y

= (o.658°· 163 )(50 ksi) 

= 46.7 ksi 

Determine the critical buckling strength for 

constrained-axis torsional buckling 

5-165

(Spec. Eq. E3-2) 

For the limit state of constrained-axis torsional buckling, the unbraced length is 12.5 ft and 
the top flange of the beam is considered continuously braced by the slab as described in Part 
8 of this Manual. Using Equation 8-2: 

=0.9 

( ) 
(23.3 in.)2 

n:2 (29,000 ksi) 94.4 in.4 x 
+(24.1 in.)2 

- - - - - - - -�- - -�+(11,200 ksi)(3.70 in.4)
4[1.0(12.5 ft)(l2 in./ft)J

2 

1 
x------------------

2,370 in.4 +94.4 in.4 +0.25(24.7 in.2)(24. l in.)2 

= 56.3 ksi 

(8-2) 

The value of Fer before local buckling effects are considered is determined as follows: 

50 ksi 
Fe 56.3 ksi 

= 0.888 

Because 0.888 < 2.25, AISC Specification Equation E3-2 applies. 

Fc,+658:l 
= (o.658° 888 )(50 ksi) 

= 34.5 ksi 

(Spec. Eq. E3-2) 

Because Fer is lower for constrained-axis torsional buckling, this limit state governs over 
major-axis flexural buckling. 
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Determine the effective area, Ae, for slender elements 

To determine the effective area, Ae, use AISC Specification Section E7 .1 with the minimum 
Fer from the two preceding limit states. The actual web height, h, is determined from the 
tabulated value of hltw = 45.9 from AISC Manual Table 1-1: 

h = 45.9tw 

= 45.9(0.470 in.) 
= 21.6 in. 

Determine the effective web height, he, as follows: 

From AISC Manual Table 6-l a, Case 5, for Fy 
= 50 ksi, A,.

= 35.9. 

50 ksi 
'A,. = 35.9 

r 
34.5 ksi 

= 43.2 

Because A= 45.9 > 43.2, AISC Specification Equation E7-3 applies. From AISC Specifi
cation Table E7 .1, c1 = 0.18 and c2 = 1.31 for the beam web. 

[ A,. J
2 

Fe1 = c2--;;: Fy 

= [ 1.31 (!!::Jr ( 50 ksi)

= 52.5 ksi 

The effective web height is: 

he = h[I Ct {F;;.l ) {Fe; 
v�v� 

= ( 21.6 in.)( 1 

= 20.7 in. 

The effective area, Ae, is: 

Ae = A (h he)tw 

52.5 ksi 
34.5 ksi 

= 24.7 in.2 (21.6 in. 20.7 in.)(0.470 in.) 

= 24.3 in.2 

(Spec. Eq. E7-5) 

(from Spec. Eq. E7-3) 

Determine the available compressive strength for the governing limit state

of constrained-axis torsional buckling, accounting for slender elements 

Pn = FcrAe 
= (34.5 ksi)(24.3 in.2) 

= 838 kips 
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The available compressive strength is: 

LRFD ASD 

<IJ
c
P,, = 0.90(838 kips) P,, 838 kips 

-

QC 1.67 
= 754 kips = 502 kips 

Second-Order Effects 

Second-order effects can be accounted for using the approximate second-order analysis 
procedure given in AISC Specification Appendix 8. Because the seismic component of the 
required flexural strength of the beam comes from the mechanism analysis of AISC Seismic

Provisions Section F2.3 and is based on the expected strengths of the braces, P-!J. effects 
need not be considered and B2 from AISC Specification Appendix 8 need not be applied. 
P-!J. effects do not increase the forces corresponding to the expected brace strengths in com
pression and tension; instead, they may be thought of as contributing to the system reaching 
that state. P-8 effects do apply, however, and B i is determined as follows. 

Pei 

Cm >l
aP,./ Pei -

n2EI* 
---

(Lci)
2 

n2 (29,000 ksi) 

[ 1.0 ( 25 ft) (12 in./ft) ]
2 

= 7,540 kips 

(Spec. Eq. A-8-3) 

(Spec. Eq. A-8-5) 

Cm = 1.0 because there is transverse loading. 

Bi = 

LRFD 

I 
1.0 > I

[!.0(313 kips)/7,540 kips]-

1.04> I 

ASD 

B 
= 

l .O > 1
i 1-[1.6(219 kips)/7,540 kips]-

= 1.05 > 1 

The B i factor (P-8 effect) need only be applied to the first-order moment with the structure 
restrained against translation. The following load combinations were found to govern. The 
required flexural strength of Beam BM-1 according to the analysis requirements of AISC 
Seismic Provisions Section F2.3(b) and including second-order effects is determined as 
follows. 
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LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 load factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

Mu 
= B1 (1.2 + 0.2Svs )Mv + MEmh Ma

= Bi (!.0+0.14Svs)Mv 
+B,0.5ML +0.2Ms +0.7MEmh

= l .04[1.2+0.2(1.0)](120 kip-ft) = 1.05[1.0+0.14(1.0)](120 kip-ft)

+ 0 kip-ft+ 1.04( 0.5)(100 kip-ft) +0.7(0 kip-ft)

+0.2(0 kip-ft) = 144 kip-ft

= 227 kip-ft

Combined Loading 

LRFD ASD 

Pr 313 kips Pr 219 kips 
- -- -- -

P, 754 kips Pc 502 kips 
= 0.415 = 0.436 

Because P, .  / P,. ?:: 0.2, the beam-column design is controlled by the equation: 

(Spec. Eq. Hl-la) 

LRFD ASD 

0.415 + ![ 
227 kip-ft+ 0 J = 0.655

9 840 kip-ft 
0.436+![ 

144 kip-ft +o J = o.665
9 559 kip-ft 

0.655 < 1.0 o.k. 0.665 < 1.0 o.k.

Available Shear Strength 

From AISC Manual Table 6-2, the available shear strength is: 

LRFD ASD 

<l>vVn = 340 kips> 19.9 kips o.k.
Vn = 227 kips> 12.8 kips o.k.

Qv 

Width-to-Thickness Limitations 

According to AISC Seismic Provisions Section F2.5a, beams in SCBF must satisfy the 
width-to-thickness requirements for highly ductile members. From Table 1-3 of this Manual, 
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the W24x84 satisfies the limiting width-to-thickness ratios, and Pu and Pa are less than the 
maximum permitted. 

Example 5.3.6. SCBF Column Splice Design 

Given: 

Design a fully welded splice between the third and fourth levels for the SCBF column located 
on grid C in Figure 5-15. The upper and lower columns are W12 x 106 ASTM A913 Grade 
65. The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads.

The relevant seismic parameters were given in the SCBF Design Example Plan and Elevation 
section. 

The required axial strengths of the columns due to dead (including curtain wall), live and 
snow loads at the splice location are: 

Pv = 66.3 kips PL= JS.S kips Ps = 7.00 kips 

The seismic component of the required axial strength of the column due to code-specified 
seismic loads from the applicable building code is: 

PQE = 45.5 kips 

Assume that the ends of the column are pinned and braced against translation for both the 
x-x and y-y axes and the column moment produced by the gravity framing connections is
negligible.

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A913 Grade 65 
Fy = 65 ksi 
Fu = 80 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W12x106 
A = 31.2 in.2 
fw = 0.610 in. 

Required Strength 

d = 12.9 in. 
Zx = 164 in.3

bf = 12.2 in. tr= 0.990 in. 

AISC Seismic Provisions Section F2.6d requires that SCBF column splices comply with 
Section D2.5. Section D2.5b(l )  states that the required strength of column splices is the 
greater of (a) the required strength of the columns, including that determined from Chapters 
E, F, G and H, and Section D l.4a, or (b) the required strength determined using the over
strength seismic load. Also, for columns with net tension, three other specific conditions 
must be satisfied, as stipulated in Section D2.5b(2). 

The required axial strength of columns in SCBF frames is based on the expected strength 
of the braces, as defined in AISC Seismic Provisions Section F2.3. Example 5.3.2 provides 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-170 BRACED FRAMES 

a description of this analysis. For the splice location, only the braces at the top two stories 

need to be considered. For the column at the lowest story, Example 5.3.3 illustrates the 

determination of the column force. 

From Example 5.3.2, with brace forces shown in Figure 5-17(a) and Tables 5-1 and 5-2, the 

expected tensile strength of the HSS6.000x0.312 brace between level 4 and the roof is: 

P1 =312kips 

From Example 5.3.2, in Table 5-2, the expected compressive strength of the HSS6.000x 

0.312 brace between level 4 and the roof is given as: 

Pc= 228 kips 

The vertical components of these brace expected strengths are transferred to the column. 

At the fourth level, the brace forces at the beam midpoint connection are carried across in 

beam shear. The forces acting on the columns due to the expected strengths of the braces 

are as shown in Figure 5-23. 

� 
Roof 

� 
Fourth 
Level 

� 
Third 
Level 

� 
Second 
Level 

(0 
I 

N 
..-

(0 
I 

N 
..-

(0 
I 

N 
..-

I 

..-

B 

228 kips 

19.55 ki::: 

560 kips 

/ 

C 

/ 
312 kips 

:�:ss kipsj

449 kips 

Fig. 5-23. SCBF column forces for splice design.from Example 5.3.3. 
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The axial force in the column at the splice location due to seismic load effects (including 
the overstrength seismic load) is: 

PEmh = (312 kips )cos 45° + 9.55 kips 

= 230 kips (compression) 

PEmh = ( -228 kips) cos 45° + 9 .55 kips 

= -152 kips ( tension) 

For comparison, the seismic component of the required axial strength of the column due to 
code-specified seismic loads from the applicable building code is: 

PQE = 45.5 kips 

Using seismic load effect with overstrength, this becomes: 

PEmh = QoPQE 

= 2(45.5 kips) 

= 91.0 kips 

The seismic component of the required strength of the column using the analysis require
ments of AISC Seismic Provisions Section F2.3 (230 kips compression and 152 kips 
tension) is greater than that determined from the code-specified loads (91.0 kips tension or 
compression). Therefore, use the analysis requirements of AISC Seismic Provisions Section 
F2.3 for design of the splice. 

Using the load combinations in ASCE/SEI 7, including the overstrength seismic load, the 
following load combinations were found to govern. The required axial compressive strength 
of the column is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5, with the seismic load effects 
0.5 factor on L), with the seismic load including overstrength incorporated from 
effects including overstrength incorporated Section 12.4.3: 
from Section 12.4.3: 

Pu = (1.2 + 0.2SDs )PD+ PEmh + 0.5PL Pa = (1.0+ 0.14SDs )PD+ 0.7 PEmh

+0.2Ps = [1.o+0.14(1.0)](66.3 kips) 
= [ 1.2 + 0.2(1.0 )]( 66.3 kips) +o.7(230 kips)

+230 kips+0.5(18.8 kips) = 237 kips 
+0.2(7.00 kips)

= 334 kips 
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The required axial tensile strength of the column is: 

LRFD ASD 
Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6, with the seismic load effects Section 2.4.5, with the seismic load effects 
including overstrength incorporated from including overstrength incorporated from 
Section 12.4.3: Section 12.4.3: 

P
u

= (0.9 0.2SDS )PD+ PEmh Pa = (0.6 0.14SDS )PD+ 0.7 PEmh

=[0.9 0.2(1.0)](66.3 kips) = [o.6 -0.14(1.0)](66.3 kips) 

+(-152 kips) + 0.7(-152 kips)
= -106 kips = -75.9 kips 

As stated previously, this splice is to be a welded splice. AISC Seismic Provisions Section 
F2.6d requires that groove welds be complete-joint-penetration (CJP) groove welds. 

Use CJP groove welds to splice the column flanges and web. 

Required Flexural Strength 

AISC Seismic Provisions Section F2.6d requires that the column splice develop 50% of the 
lesser plastic flexural strength of the connected members divided by as, 

For the W12 x 106 column, determine the plastic flexural strength from AISC Specification 
Section F2: 

(Spec. Eq. F2-l) 

= 888 kip-ft 

LRFD ASD 

Mp 
-

888 kip-ft Mp 
-

888 kip-ft 
- -

as 1.0 as 1.5 
= 888 kip-ft = 592 kip-ft 

The required flexural strength of the splice is: 

LRFD ASD 

Mu = 0.5o( :: J Ma = 0.5o( :: J 
= 0.50(888 kip-ft) = 0.50(592 kip-ft) 
= 444 kip-ft = 296 kip-ft 
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The CJP groove welds at the flanges and web develop the full available flexural strength of 
the column. 

LRFD ASD 

<\lbMn = 0.90(888 kip-ft) Mn -
888 kip-ft 

-

Qb 1.67 
= 799 kip-ft> 444 kip-ft o.k. = 532 kip-ft> 296 kip-ft o.k.

Required Shear Strength 

AISC Seismic Provisions Section F2.6d defines the required shear strength of the splice as 
at least (I.M

p
la.1)/He, where I.Mp 

is the sum of the plastic flexural strengths of the columns 
above and below the splice, and He is the clear height of the column between beam connec
tions, including a structural slab when present. A CJP groove weld will be used. 

Assume that the 12.5-ft story height is from top of steel to top of steel. The beam at the story 
above the splice is a W21 x147, and the beam below the splice is a W24x84. Therefore, 
the approximate value for He is: 

He
= 12.5 ft 

= 10.6 ft 

22.1 in.+ 24.1 in. 
2 

I.Mp 
= F

y ( Zxbot + Zxtop ) 

= ( 65 ksi)( 164 in.3 + 164 in.3 )(1 ft/12 in.)

= 1,780 kip-ft 

The required shear strength of the splice is: 

LRFD 

I.M
P 1,780 kip-ft I.Mp--

as He 1.0(10.6 ft) asHe 

= 168 kips 

ASD 

1,780 kip-ft 
--

1.5 ( 10.6 ft) 
=112kips 

For the limit state of shear yielding according to AISC Specification Section G2, the available 
shear strength of the W12 x 106 column is: 

Vn = 0.6F
y
AwCv1 

= 0.6(65 ksi)(12.9 in.)(0.610 in.)(1.0) 
= 307 kips 
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LRFD ASD 

$vV,, = 1.00(307 kips) Vn - 307 kips 
-

Qv 1.50 
= 307 kips > 168 kips o.k. = 205 kips> 112 kips o.k.

For the limit state of shear rupture according to AISC Specification Section J4.2, use weld 
access hole Type D from Table 1-1 (as required in Table 1-3). The dimension of 1 ¾ in. 
along the web is dimension 3 plus dimension 4 from Table 1-1. The available shear strength 
of the W12 x 106 column is: 

V,1
= 0.60FuAnv 

= 0.60(80 ksi)[12.9 in.-2(1 ¼ in.+½ in.)](0.610 in.) 

= 275 kips 

LRFD 

QvV,, = Qv 0,60FuAnv Vn 0.6FuAnv --

= 0.75(275 kips) Qv Qv

= 206 kips > 168 kips o.k. - 275 kips
-

2.00

ASD 

= 138 kips> 112 kips 

(Spec. Eq. J4-4) 

o.k.

For shear in the weak axis of the column, the column flanges will easily be able to meet the 
required shear strength because the Mp values for the columns are smaller in this direction 
and the flange area is significantly larger than the web area in this case. 

Additional Requirements for Columns Subject to a 

Net Tensile Load Effect 

AISC Seismic Provisions Section D2.5b has additional requirements for welded column 
splices in which any portion of the column is subjected to a calculated net tensile load effect 
determined using the overstrength seismic load. As determined previously, the column is 
subjected to a net tensile load effect. These additional requirements are: 

(1) Section D2.5b(2)(a): The available strength of partial-joint-penetration (PJP) groove
welded joints, if used, must be at least equal to 200% of the required strength for SCBF.
This does not apply because PJP welds are not used.

(2) Section D2.5b(2)(b): The available strength for each flange splice must be at least equal
to 0.5R

yFyb
ft

f /as . With a CJP groove weld, the available strength of the smaller flange
can be developed, so this requirement will be satisfied.

(3) Where butt joints in column splices are made with CJP groove welds, when the tension
stress at any location in the smaller flange exceeds 0.30Fy / a.,, tapered transitions are
required between flanges of unequal thickness or width. The tapered transition should
be in accordance with A WS D 1.8, clause 4.2. This provision does not apply in this case
because the same column size is used above and below the splice.
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Check Splice Location 

The splice location satisfies the requirement in AISC Seismic Provisions Section D2.5a that 

the splice be located 4 ft or more away from the beam-to-column flange connection. 

The final connection design is shown in Figure 5-24. 

Example 5.3.7. SCBF Brace-to-Beam 
Connection Design 

Given: 

Refer to Joint JT-1 of Figures 5-15 and 5-16. Design the connection between the braces and 

beam. All braces are ASTM A500 Grade C round HSS, and the beam is an ASTM A992 

W21 x 147. For the connection, ASTM A572 Grade 50 plate material and 70-ksi electrodes 

are used. 

Solution: 

From AISC Manual Table 1-1 and 1-13, the geometric properties are: 

Brace (above the beam) 

HSS6.000x0.312 
A= 5.22 in.2 

D = 6.000 in. fdes = 0.291 in. r = 2.02 in. 

Brace (below the beam) 

HSS6.875 x 0.500 
A= 9.36 in.2 

D = 6.875 in. fdes = 0.465 in. r = 2.27 in. 

� Upper and lower 
column shaft 

Weld access hole 
per Table 1-1 and 
Table 1-3 

Note: Erection aids not shown for clarity. 

Fig. 5-24. SCBF column splice designed in Example 5.3.6. 
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Beam 
W21 x147 

d = 22.I in. tw = 0.720 in. ff= 1.15 in. kdes = 1.65 in. 

From AISC Manual Tables 2-4 and 2-5, the material properties are: 

ASTM A572 Grade 50 

Fy = 50 ksi 
Fu= 65 ksi 

ASTM A500 Grade C (round) 

Fy = 46 ksi 

F11 = 62 ksi 

ASTM A992 

Fy = 50 ksi 

Fu= 65 ksi 

The complete connection design is shown in Figure 5-25. 

HSS6.000x0.312 
brace, typ. 

W21x147 beam 

Brace-to-gusset detail 
typ. both top braces 

¼ <t_symmetry 

¼ I ' ,. '4
,.,_<b /. ,,

54" 

Brace-to-gusset detail 
typ. both bottom braces 

X) 

Fig. 5-25. Chevron gusset connection detail. 
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AISC Seismic Provisions Sections F2.3(a) and F2.3(b) define the two analyses that must be 

considered in determining the required strength of beams, columns and connections. AISC 

Seismic Provisions Section F2.6c. l specifies the required strength of the brace connection 

in tension, and Section F2.6c.2 specifies the required strength of the brace connection in 

compression. 

The required strength of the brace connection due to seismic loading is determined using 

capacity-limited seismic load effect, as stipulated in AISC Seismic Provisions Section F2.3, 

with Q0Qe = Emh. 

Determine the expected tensile strength of the braces

The brace connections are designed to develop the larger forces determined from the two 

analyses specified in AISC Seismic Provisions Section F2.3. Additionally, AISC Seismic

Provisions Section F2.6c says that the required tensile strength of the connection is the 

lesser of the expected strength of the brace, or the maximum load effect transferred to the 

brace by the system. In this example, the former condition will be assumed to control. 

From Table 5-1, the expected tensile strength of the HSS6.000x0.312 brace above the 

beam is: 

Pi
= 312 kips 

Therefore, for the braces above the beam, the required tensile strength of the brace connection 

when the brace is in tension is: 

LRFD ASD 

Ec1 
Pu

= -
Ec1 

Pa
= -

U.s U.s 

312 kips 312 kips 
- -
- -

1.0 1.5 

= 312 kips = 208 kips 

From Table 5-1, the expected tensile strength of the HSS6.875 x 0.500 brace below the 

beam is: 

Pi
= 560 kips 

Therefore, for the braces below the beam, the required tensile strength of the brace connection 

when the brace is in tension is: 

LRFD ASD 

Ec1 
Pu

= -
Ec1 

Pa
= -

U.s U.s 

560 kips 560 kips 
- -
- -

1.0 1.5 

= 560 kips = 373 kips 
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Determine the expected strength in compression of the braces 

From Table 5-2, the expected compressive strength of the HSS6.000x0.312 brace above 
the beam is: 

P c
= 228 kips

And the expected post-buckling strength is: 

0.3P c = 68.4 kips 

For the braces above the beam, the required strength of the brace connection when the brace 
is in compression is based on Ec1 equal to the lesser of R

y
F

y
A

g 
and (II0.877)FcreAg 

according 
to AISC Seismic Provisions Section F2.3; therefore, use Ec1 = 228 kips. 

The required strength is: 

LRFD ASD 

Ec1Pu=
-

Ec1Pc,=
-as a

s 

228 kips 228 kips 
- -- -

1.0 1.5 
= 228 kips = 152 kips 

For the braces above the beam, the required strength of the brace connection when the brace 
is in compression at its post-buckling strength is: 

LRFD ASD 

Ec1 p - Ec1Pu
=

-
u-

a
s 

as 

68.4 kips 68.4 kips 
- -- -

1.0 1.5 
= 68.4 kips = 45.6 kips 

From Table 5-2, the expected compressive strength of the HSS6.875x0.500 brace below 
the beam is: 

P c= 449 kips

And the expected post-buckling strength is: 

0.3P c = 135 kips 

For the braces below the beam, the required strength of the brace connection when the brace 
is in compression is based on Ec1 equal to the lesser of R

y
F

y
A

g 
and (II0.877)FcreAg 

according 
to AISC Seismic Provisions Section F2.3; therefore, use Ec1 = 449 kips. 
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LRFD ASD 

P. - Ec1 Ec1 
u-

Pa=
-<Xs <Xs 

449 kips 449 kips - -- -
1.0 1.5 

= 449 kips = 299 kips 

For the braces below the beam, the required strength of the brace connection when the brace 
is in compression at its post-buckling strength is: 

LRFD ASD 

Ec1Pu=
-

Ec1Pa=
-<Xs <Xs 

135 kips 135 kips - -- -
1.0 1.5 

= 135 kips = 90.0 kips 

The two sets of forces are shown in Figures 5-26 and 5-27. 

Brace Connection Force Distribution 

Brace forces are distributed in the connection as shown in Figure 5-28 [refer to Fortney and 
Thornton (2017)]. The equations used to calculate the forces shown in Figure 5-28 are discussed 
in the following. 

When the centroid of the gusset-to-beam interface (b-b) is not horizontally aligned with the 
work point (w.p.) (see Figure 5-28), the parameter Li can be calculated as: 

l 
.6. = -( L1 Li), where L1 > L2 

2 

For braces above the beam 

The forces and moments about the w.p. acting on the top gusset at Section a-a are: 

(Ha-a)
1 
= (H1 +H2)1

(½,-a)
1 

= (½+Vz)1

(Ma-a\ =(H1 + H2\eb +(V1 +V2)1 .6.

The forces and moment about Point B 1 acting on the top gusset at Section b-b (left half of 
gusset) are: 

l 
(Hb1\ =-;/H1 + H2\ (H1\ 

I 2(Ma-a) 
(Vb1 \ = 

2
(V1 + V2 )1 -

L
1 

-(Vi )1
g 

( ) Lg ( ) h1 ( ) (Ma-a\ ( ) ( ) ( ht JMh1 t =8 ½+V2 t 4 H1 + H2 t 2 + Vi t .6.+ Hi t eb +
2 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-180

228 kips 

(compression) 

� 

/ 
560 kips 
(tension) 

68.4 kips 
(compression) 

/ 
560 kips 

(tension) 

Buckling 

Post-Buckling 

312 kips 
(tension) 

/ 

� 
449 kips 

BRACED FRAMES 

(compression) 

312 kips 
(tension) 

/ 

� 
135 kips 
(compression) 

Fig. 5-26. Required strength r�f brace connections according to A/SC Seismic Provisions

Sections F2.3(a) and F2.3(b)-LRFD. 
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152 kips 
(compression) 

/ 
373 kips 
(tension) 

45.6 kips 

(compression) 

/ 
373 kips 
(tension) 

Buckling 

Post-Buckling 

208 kips 
(tension) 

/ 

"" 
299 kips 
(compression) 

208 kips 
(tension) 

/ 

"" 
90.0 kips 
(compression) 

5-18 I

Fig. 5-27. Required strength of brace connections according to A/SC Seismic Provisions

Sections F2.3(a) and F2.3(b)-ASD. 
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Left Half of Top Gusset 1
- --�- ---1 

W1l, 

(+) Sign Convention 
Brace and Gusset 

Forces, 
and Moments 

Ha-a), ofj 
w.p.

<i'._ gusset 
Top Gusset 

' / 

�- �x·P·-��Beam 

W1)b
L �(V2)t 

(H1)t (H2)b 
Beam 

<i'._ gusset 
/�(Ma-a)b 

(Va-a)t w_.�p_. ------
(Ha-a)b ofj 

BRACED FRAMES 

Left Half of Bottom Gusset Right Half of Bottom Gusset 

Fig. 5-28. Chevron gusset connection.force distribution. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-183

The forces and moment about Point B2 acting on the top gusset at Section b-b (right half 
of gusset) are: 

1 
(Hb2)

1 
=

2
(H1 +H2\-(H2)t 

1 2(Ma-a) 
(Vb2 )t = 

2
(V1 + V2 \ + 

L 
t (V2 t

g 

( ) 
Lg 

( ) ht ( ) 
(Ma-a )t ( ) ( ) ( 

ht JMb2 t =-8 Vi+V2 t-4 H1+H2 t- 2 
+ V2 t t,.+ H2 t eb+

2 

Note that the equations describing the forces and moment acting on the left half of the gusset 
on Section b-b give forces and moment equal and opposite in sign to those forces and 
moment acting on the right half of the gusset on Section b-b, but opposite in sign. 

For braces below the beam 

The forces and moment about the w.p. acting on the bottom gusset at Section a-a are: 

(Ha-a)b = -(H1 + H2)b

(Va-a )
b 

= (Vi + Vi )
b

(Ma-a )b = (Vi + Vi )b b. ( H1 + H2 )b eb

The forces and moment about Point B3 acting on the bottom gusset at Section b-b (left half 
of gusset) are: 

The forces and moment about Point B4 acting on the bottom gusset at Section b-b (right 
half of gusset) are: 

Note that the equations describing the forces and moment acting on the left half of the gusset 
on Section b-b give forces and moment equal and opposite in sign to those forces and 
moment acting on the right half of the gusset on Section b-b, but opposite in sign. 
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Brace Component Forces-Buckling Case

Braces Above Beam 

LRFD ASD 

( Pi )I = 228 kips (Pi\ = 152 kips

(v1\ = -(228 kips)cos45° ( Yj )I = -(152 kips)cos45° 

= 161 kips = 107 kips 

(H1\ = ( 228 kips) sin 45° (H 1\ = (152 kips)sin45° 

= 161 kips = 107 kips 

( P2 )1 = 312 kips (P2\ = 208 kips

(v2\ = (312 kips)cos45° (v2\ = (208 kips)cos45° 

= 221 kips = 147 kips 

(H2\ = (312 kips)sin45° (H2)1 
= ( 208 kips) sin 45° 

= 221 kips = 147 kips 

(Iv\= 161 kips+221 kips (Iv)1 
= 107 kips+ 147 kips

= 60.0 kips = 40.0 kips 

(IH)
1 
= 161 kips+221 kips (IH)1 

= 107 kips+ 147 kips

= 382 kips = 254 kips 

Braces Below Beam 

LRFD ASD 

( Pi )h 
= 560 kips ( Pi )h 

= 373 kips

(Vi )b 
= -(560 kips)cos45° (½ )b

- (373 kips)cos45° 

= -396 kips = -264 kips

(Hi)h = -( 560 kips) sin 45° (H1)h - (373 kips)sin45° 

= -396 kips = -264 kips

(P2\ = 449 kips (P2\ = 299 kips

(V2 )b 
= ( 449 kips) cos 45° (V2 )b 

= ( 299 kips) cos 45° 

= 317 kips = 211 kips 

(H2)h = -(449 kips)sin45° (H2)b 
- ( 299 kips )sin 45° 

= -317 kips = -211 kips
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Braces Below Beam ( continued) 

LRFD ASD 

(I v)
b 

= -396 kips+ 317 kips (I v)
b 

= -264 kips+ 211 kips

= -79.0 kips = -53.0 kips 
(l'.H)

b 
= -396 kips+(-317 kips) (l'.H)

b 
= -264 kips+(-211 kips)

= -713 kips = -475 kips 

The net vertical and horizontal brace component forces are: 

LRFD ASD 

(I v)
T 

= 60.0 kips+ (-79.0 kips) (I v)
T 

= 40.0 kips+ (-53.0 kips)
- 19.0 kips = 13.0kips 

(l'.H)
T 

= 382 kips+ (-713 kips) (l'.H)
T 

= 254 kips+ (-475 kips)

= -331 kips = -221 kips 

Brace Component Forces-Post-Buckling Case 

( Pi )t 

(v1\

(H1\

(P2 )1
(v2\

(H2 )1

(I v)
1

(1'.H)1 

LRFD 

= 68.4 kips 

= -( 68.4 kips) cos 45° 

= -48.4 kips 

= ( 68.4 kips) sin 45° 

= 48.4 kips 

= 312 kips 

= (312 kips)cos45° 

= 221 kips 

= (312 kips)sin45° 

= 221 kips 

= -48.4 kips+ 221 kips 

= 173 kips 

= 48.4 kips+ 22 I kips 

= 269 kips 

Braces Above Beam 

ASD 

(Pi\ = 45.6 kips 

(V1 )1 = -(45.6 kips)cos45° 

= -32.2 kips 
(H1)

1
= (45.6 kips)sin45° 

= 32.2 kips 

(P2 )1 = 208 kips 

(V2 )1 = ( 208 kips) cos 45 ° 

= 147 kips 
(H2)

1
= ( 208 kips )sin 45° 

= 147 kips 

(Iv)
1 

=-32.2 kips+l47 kips

= 115 kips 
(IH)1 

=32.2 kips+ l47 kips

= 179 kips 
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Braces Below Beam 

LRFD 

( F\ )b = 560 kips 

(Vi )b = ( 560 kips )cos45° 

= -396 kips 
(H1)b = -( 560 kips) sin 45° 

= -396 kips 

(P2 )b = 135 kips 

(v2)b = ( 135 kips) cos 45° 

= 95.5 kips 
(H2\ = -(135 kips)sin45° 

= -95.5 kips 

(I v)b 
= -396 kips+ 95.5 kips

= -301 kips 
(IH)b 

= -396 kips+(-95.5 kips)

= -492 kips 

ASD 

( F\ )b = 373 kips 

(vi )b = -(373 kips)cos45°

= -264 kips 
(H1)b = -(373 kips)sin45°

= -264 kips 

(P2 )b = 90.0 kips 

(V2 )b = (90.0 kips)cos45°

= 63.6 kips 
(H2\ = -(90.0 kips)sin45°

= -63.6 kips 

(Iv)b 
= -264 kips+ 63.6 kips

= -200 kips 
(IH)b 

= -264 kips+(-63.6 kips)

= -328 kips 

The net vertical and horizontal brace component forces are: 

LRFD 

(Iv)T 
= 173 kips+(-301 kips)

=-128 kips 

(IH)T 
= 269 kips+(-492 kips)

= -223 kips 

Determine Gusset Length Based on Shear 

ASD 

(Iv)T 
= 115 kips+(-200 kips)

= -85.0 kips 

(IH)T 
= 179  kips+ (-328 kips)
- 149 kips -

The gusset length, L
g
, will be determined in a way to ensure that the beam has sufficient 

available shear strength to resist the required beam shear calculated considering the so-called 
chevron effect. The term "chevron effect" refers to local shear and moment forces induced 
within the beam at the chevron gusset plate connection due to brace horizontal force compo
nents acting at the beam flange, eccentric to the beam centerline. See Fortney and Thornton 
(2015) and Section 5.6 for further discussion. For the brace force load cases required by 
Sections F2 .3(a) and F2 .3(b) for this application, the expected buckling load case [Section 
F2.3(a)] governs the shear analysis. 
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From the shear analysis given in Fortney and Thornton (2017), the gusset length can be 

determined. From Fortney and Thornton (2017), the maximum beam shear, Vmax, that 

includes the chevron effect occurs at mid-point along the length of the gusset and is given 

by the following equation. Note that equation references labeled "Fortney and Thornton" 

are from Fortney and Thornton (2017). 

(Fortney and Thornton, Eq. 33) 

(Fortney and Thornton, Eq. 22) 

Using these two equations and setting V max equal to the available beam shear strength, the 

following equation can be derived: 

L -
2MrL 

(LRFD) g,req - (Iv)T (0.5L b)+<iJV,,L 

2MrL 
L

g
,req = - - - - - - -��- (ASD) 

(I v)r (0.5L-b) + [t)L 

In these equations, Mr is the total moment acting on the gussets at Section a-a (top and 

bottom of beam), and (LV)r is the total net vertical components of the brace forces from 

the braces at the top and bottom of the beam. Note that when the work point is located at 

midspan of the beam, b is equal to 0.5L and the equations provided reduce to the following:

L 
_ 2Mr

g,req -
qi Vn 

2MrLg,req = [t) 

(LRFD) 

(ASD) 

Using the equations previously derived, determine the gusset length based on the shear 

using the buckling case and assuming the w.p. is located at the midspan of the beam. The 

eccentricity, eh, is:

eh=-
2 

22.1 in. 

2 

= 11.1 in. 
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From AISC Manual Table 6-2, the available shear strength is: 

LRFD 

<!JvVn = 477 kips Vn = 318 kips
Qv 

ASD 

Required Gusset Length Based on Shear-Buckling Case 
LRFD 

From Fortney and Thornton Equation 13: 

(Ma-a)
1 

=[(Hi\ +(H2)
1
]e1, 

+[(Vi\ +(Vi)J'.� 

= (161 kips+221 kips)(l 1.1 in.) 

+(-161 kips+221 kips)(o in.) 
= 4,240 kip-in. 

From Fortney and Thornton Equation 4: 

(Ma-a )
1, 

= [(Vi )
1, 
+ (V2 )

1, 
]6 

[(H1)
1, 

+(H2)
1,
]e1, 

(Iv)T

Lg,req 

= (-396 kips+317 kips)(o in.) 

-396 kips
-

( )
(11.l in.)

+ -317 kips 

= 7,910 kip-in. 

= 4,240 kips-in.+ 7,910 kip-in. 
= 12,200 kip-in. 

- 19.0kips

2MT - ---

<!JV,, 

2 (  2,200 kip-in.) 
--

477 kips 
= 51.2 in. 

ASD 

From Fortney and Thornton Equation 13: 

(Ma-a\ =[(H1)
1 
+(H2)

1
]e1,

+[(Vi\ +(V2\]6 

= (107 kips+ 147 kips)(I 1.1 in.) 

+(-107 kips+ 147 kips)(o in.) 
= 2,820 kip-in. 

From Fortney and Thornton Equation 4: 

(Ma-a)b = [(Vi)
b 

+(V2)
1,
]6

-[(H1)
b 

+(H2)
1,
]e1, 

(Iv)T

Lg,req 

= (-264 kips+ 211 kips )(o in.) 

-264 kips
-

( ) 
(11.1 in.)

+ -21 I kips 

= 5,270 kip-in. 

= 2,820 kip-in.+ 5,270 kip-in. 
= 8,090 kip-in. 

= 13.0 kips 

2MT--

l6) 
2(8,090 kip-in.) 

--

318 kips 
= 50.9 in. 
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Required Gusset Length Based on Shear-Post-Buckling Case 
LRFD 

From Fortney and Thornton Equation 13: 

(Ma-at =[(H1t+(H2t]eh 

+[(v1)
1 
+(V2)J:� 

= (48.4 kips+221 kips)(l l.l in.) 

+(-48.4 kips+221 kips)(o in.) 
= 2,990 kip-in. 

From Fortney and Thornton Equation 4: 

(Ma-a)b = [(v1)b +(Vi)
h
]I1

- [(H1)
h 

+(H2)
h
]eb 

(IY)
T 

Lg,req 

= ( -396 kips+ 95 .5 kips) ( 0 in.) 

-396 kips
-

( ) 
( 11. l in.)

+ -95.5 kips 

= 5,460 kip-in. 

= 2,990 kip-in.+ 5,460 kip-in. 
= 8,450 kip-in. 

- 128 kips -

2MT --

<pVn 

2(8,450 kip-in.) 
--

477 kips 
= 35.4 in. 

ASD 
From Fortney and Thornton Equation 13: 

(Ma-at =[(Hit+ (H2t ]eh 

+[(v1)
1 
+(V2)

1 ]i1 
= (32.2 kips+ 147 kips)( 11.1 in.) 

+(-32.2 kips+l47 kips)(o in.) 
= 1,990 kip-in. 

From Fortney and Thornton Equation 4: 

(Ma-a)h 
= [(Vi)h +(V2)b ]i1 

[(H1)
h 

+(H2)b]eb 

Lg,req 

= (-264 kips+63.6 kips)(o in.) 

-264 kips
-

( ) 
( I 1.1 in.)+ -63.6 kips 

= 3,640 kip-in. 

= 1,990 kip-in.+3,640 kip-in. 
= 5,630 kip-in. 

= -85.0 kips 

_ 2 (5,630 kip-in.)
318 kips 

= 35.4 in. 

To satisfy both the buckling case and the post-buckling case, a gusset length, Lg, equal to 
54 in. (> 51.2 in.) will be provided. 

Evaluate Chevron Effect Based on Moment 

Generally, shear will govern beam design when braces frame to both the top and bottom 
flanges of a beam when brace forces are either tension or compression. However, an equivalent 
net vertical force will be calculated to illustrate an evaluation of the chevron effect based on 
moment. Refer to Fortney and Thornton (2017) for a detailed discussion of the following 
calculations. 
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Note that the eccentricity, "1, is zero for this connection design; therefore, the simplified 
equation provided in Fortney and Thornton (2017) will be used. 

These calculations evaluate whether the local connection effects generate a required moment 
greater than or less than the moment calculated assuming the net vertical force is applied as 
a concentrated load at the work point. From AISC Manual Table 3-23, this moment is equal 
to Pab/L, where Pis equal to the net vertical force, (l:V)T, Lis equal to the beam span, and 
a and b are based on the location of the work point along the beam span. 

For this example, the local effects generate a required moment larger than what would be 
calculated from a Pab/L calculation for the buckling load case. For the post-buckling case, 
the equivalent net vertical force, (l:V)T.eq, is slightly smaller in magnitude than the actual 
net vertical force, (l:V)T, indicating that the moment including local effects is slightly less 
than the moment from a Pab/L calculation. 

These are useful calculations when the beam size is controlled by moment rather than shear, 
which would generally be the case when braces frame to only the top or only the bottom 
of a beam. This is not the case for this example. The maximum beam moment calculations 
will be shown to illustrate bending checks that include the local effects of the connection. 

The equivalent net vertical force can be determined using Fortney and Thornton (2017), 
Equation 53, where 

L
g 

= 54 in. 
L = (25 ft)(l2 in./ft) 

= 300 in. 

b = L for w.p. at midspan
2 
300 in. 

2 
= 150 in. 

b 150 in. 
L 300 in. 

= 0.500 

H 
150 in. 
300 in. 

= 0.707 

r1
r =[150 in.

r300 in. 
=0.250 
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Equivalent Net Vertical Force, (LV)T,eq-Buckling Case
LRFD

(r v)
T 

= 19.0 kips

From Fortney and Thornton Equation 25:

q = [(IH)
1 

(IH)
b
][�J 

L
g 

382 kips
( 11.1 in.)=

(-713 kips) 54 in. 

= 225 kip-in.fin.

From Fortney and Thornton Equation 53:

b 

ff-

(LV)
T,eq = q

L 

b 

(1f -

L 

= (225 kip-in.fin.)( 
0,500 
0.500 

0.707)
0.250 

= 1-186 kips I > 1-19 .0 kipsl

ASD

(rv)
T 

= 13.0 kips

From Fortney and Thornton Equation 25:

q = [(IH)
1 

(IH)
b
][�J 

L
g 

254 kips 1 11.1 in.
--

(-475 kips) , 54 in.
= 150 kip-in.fin.

From Fortney and Thornton Equation 53:

b 

ff 
(LV)

T,eq = 
q

L 

b 

(1f-

L 

= (150 k' _· r ) 
o.5oo 1p m. m. 
0.500 

0.707)
0.250 

= 1-124 kipsl > l-13.0 kipsl

Therefore, the chevron effect generates a larger beam moment than a Pab/L calculation as
confirmed in calculations to follow for the maximum beam moment. 

Equivalent Net Vertical Force, (LV)T,eq-Post-Buckling Case
LRFD ASD

(rv)
T 

- 128 kips (rv)
T

= -85.0 kips-

From Fortney and Thornton Equation 25: From Fortney and Thornton Equation 25:

q = [(IH\ -(IH)
b
][ �: J q = [(r H)

1 
-(r H)

b 
l[ �: J 

269 kips
( 11.1 in.)

179 kips rl 1.1 in.)- =
-(-328 kips)-( -492 kips) 54 in. 54 in. 

= 156 kip-in.fin. = 104 kip-in.fin.
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Equivalent Net Vertical Force, (�Vh;eq-Post-Buckling Case (continued)
LRFD

From Fortney and Thornton Equation 53:

b 
ff -

(Iv)T,eq = q
L 

b 
(1f -

L 

=(156 ki -in./in.)(0·500-0·707)p 
0.500 0.250 

= 1-129 kips! > 1-128 kips!

ASD
From Fortney and Thornton Equation 53:

1-t(Iv)T,eq = q

1 (1f 
= (104 ki -in.fin.) 0.500-0.707_)p 

0.500 0.250 
= l-86. 1 kips!> l-85.0 kips!

Therefore, the chevron effect generates a larger beam moment than a Pab/L calculation as
confirmed in the following calculations for the maximum beam moment.

The maximum beam moment can be determined using Fortney and Thornton (2017),
Equation 30, as follows.

From Fortney and Thornton (2017), Figure 4:

a'= a Cl 0.5L
g 

= 150 in. -0 in. -( 0.5)( 54 in.)
= 123 in.

Maximum Beam Moment-Buckling Case
LRFD ASD

From Fortney and Thornton Equation 20: From Fortney and Thornton Equation 20:

R1 
- (I v)T b 

R1 
- (Iv)T b 

- -

L L 

(-19.0 kips)(150 in.) ( -13 .0 kips) ( 150 in.)
- -- -

300 in. 300 in.
= 9.50 kips = 6.50 kips
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Maximum Beam Moment-Buckling Case (continued) 
LRFD ASD 

From Fortney and Thornton Equation 22: From Fortney and Thornton Equation 22: 

W[ = -[
4M

�
-a J [

4M
t

a J 
Lg t Lg h 

+(::l +(::t
[(4Ma-a \ +(4Ma-a )h ] 

L� 

[(rv)
1 
+(Iv\] 
Lg 

4MT (Iv)T
=-- -+ 

L� Lg 

4(12,200 kip-in.) 
2 

+ 

(54 in.) 
17 .1 kip/in. 

19.0 kips 
54 in. 

From Fortney and Thornton Equation 30: 

Mmax =R1a'+(R1+q)[
-R

�l 
q

J 

Pab 

[
-Ri -q

J

2 

+0.5Wt
Wt 

= (9.50 kips)(l23 in.) 

+ (9.50 kips+225 kip-in.fin.)

-9.50 225 "HJ""lll./ 

17 .1 kip/in. 

+ 0.5(-17.1 kip/in.)

x(-9.50 kips-225 kip-in./in.)
2 

-17 .1 kip/in.
= 2 ,780 kip-in. 

L 300 in. 
= 1,430 kip-in.< 2 ,780 kip-in. 

W[ = -[
4M

�
-a J [

4M
�
-a J

Lg t Lg h 

+(::l +(::t
[(4Ma-a \ +(4Ma-a )b ] 

L� 

[(rv)
1 
+(rv)

b] 
Lg 

4MT (Iv)T
=-- -+ 

L� Lg 

4(8,090 kip-in.) 
2 + (54 in.) 

11.3 kip/in. 

13.0 kips 
54 in. 

From Fortney and Thornton Equation 30: 

Mmax =R1a'+(R1+q)(
-

�l 
q

J

(-Ri -q
J

2 

+0.5w1 
Wt 

= (6.50 kips)(l23 in.) 

+ ( 6.50 kips+ 150 kip-in.fin.)

x(-6.50 kips 150 kip-in.fin.)
-11.3 kip/in.

+ (-11.3 kip/in.)

= 1,880 kip-in. 

Pab (-13.0 kips)(150 in.)(150 in.) 

L 300 in. 
= 975 kip-in.< 1,880 kip-in. 
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Therefore, as previously indicated, the chevron effect generates a larger beam moment than 
a Pab/L calculation. 

Maximum Beam Moment-Post-Buckling Case 
LRFD ASD 

From Fortney and Thornton Equation 20: From Fortney and Thornton Equation 20: 

(Iv)
T

b 
L 

(-128 kips) ( 150 in.) 

(Iv)
T

b 
L 

(-85.0 kips)(l50 in.) 
300 in. 300 in. 

= 64.0 kips = 42.5 kips 

From Fortney and Thornton Equation 22: From Fortney and Thornton Equation 22: 

+(:,�l +(::t 
[(4Ma-a\ +(4Ma-a)b ]

L
2 
g 

-------+----
(54 in.)

2 54 in. 

14.0 kip/in. 

+(::l +(::t 
[(4Ma-a\ +(4Ma-a)b ]

L
2 
g 

(54 inf 
= -9.30 kip/in. 

54 in. 
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Maximum Beam Moment-Post-Buckling Case (continued) 
LRFD ASD 

From Fortney and Thornton Equation 30: From Fortney and Thornton Equation 30: 

1 (-R1 -q) Mmax
=R1a +(R1+q) W[ 

1 [-R1-qJMmax=R1a +(R1 +q) W[ 

-R1-q 
l r+0.5w1 W[

-R1 -q 
l r+0.5w1 W/ 

= (64.0 kips)( l 23 in.) = (42.5 kips)(123 in.) 

+ ( 64.0 kips+ 156 kip-in.fin.) + ( 42.5 kips+ 104 kip-in.fin.) 

x(-64.0 kips 156 kip-in.fin. 

J -14.0 kip/in. 
x(-42.5 kips 104 kip-in.fin. 

J -9.30 kip/in. 

+ 0.5(-14.0 kip/in.) + 0.5(-9.30 kip/in.) 

x(-64.0 kips- l 56 kip-in./in-r 
14.0 kip/in. 

x(-42.5 kips 104 kip-in./in-r
-9.30 kip/in.

= 9,600 kip-in. = 6,380 kip-in.

Pab (-128 kips )(150 in.)(150 in.) Pab (-85.0 kips )(150 in.)(150 in.) 
- -

-- -- -- -

L 300 in. L 300 in. 
= 9,600 kip-in.= 9,600 kip-in. = 6,380 kip-in.= 6,380 kip-in. 

Therefore, as previously indicated, the chevron effect generates a beam moment larger than 
or equal to what is found using a Pab/L calculation. 

The post-buckling case controls the required flexural strength of the beam. 

Available Beam Flexural Strength 

From Example 5.3.4, the available flexural strength of the beam, not including beam
column analysis (axial load) or second-order effects is: 

LRFD ASD 

<j)Mn 
= (1,400 kip-ft)( 12 in./ft) Mn = (931 kip-ft)(I2 in./ft)-

= 16,800 kip-in. = 11,200 kip-in.
Mmax = 9,600 kip-in.< 16,800 kip-in. o.k. Mmax = 6,380 kip-in.< 11,200 kip-in. o.k.

Note that the available strengths are compared to the maximum moments calculated con
sidering the local effects of the connection (the chevron effect), not against the moments 
calculated from Pab/L. The Pab/L moments are calculated only to illustrate the difference 
in calculated moment if the chevron effect is not considered. 
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Note that, for the post-buckling case, the Pab/L moment is equal to the maximum moment 
calculated considering the chevron effect (Mmax = 9,600 kip-in.); this is coincidental. 
However, for the buckling case, the moment considering the chevron effect results in a 
larger beam moment than the Pab/L calculation. Thus, it is important to make sure that both 
load cases are checked for both beam shear and moment. The calculations, shown previously, 
of the equivalent total unbalanced load, (I:Vh_eq, and the equivalent gusset length, Lg

,eq, for 
the two load cases produce the same results. 

Available Beam Shear Strength 

The required shear occurs in the beam at the centroid of the gusset-to-beam interface. The 
equation used to calculate the maximum required shear is derived in Fortney and Thornton 
(2017). From Fortney and Thornton Equation 33: 

Available Beam Shear Strength-Buckling 
LRFD ASD 

Vmax = R1 +0.5w1Lg

Vmax = R1 + 0.5w1Lg 

= 6.50 kips = 9.50 kips 

+ 0.5(-17.1 kip/in.)(54 in.) + 0.5 (-11.3 kip/in.) ( 54 in.)

= -452 kips = -299 kips 

<j)vVn = 477 kips> 1-452 kips! o.k.

Qv 

= 318 kips > 1-299 kips I o.k.

Available Beam Shear Strength-Post-Buckling 
LRFD ASD 

Vmax = R1 + 0.5w1Lg

Vmax = R1 + 0.5w1Lg 

= 42.5 kips = 64.0 kips 

+o.5(-14.0 kip/in.)(54 in.) +o.5(-9.30 kip/in.)(54 in.)

= -314 kips = -209 kips 

<j)v V,, = 477 kips> l-314 kips! o.k.
Vn = 318 kips > 1-209 kips! o.k.-

Qv 

Beam Shear and Moment Diagrams 

The required beam shear and moment imparted from the expected brace strengths are 
presented here to illustrate the loading required to be considered in the connection design. 
To generate the loading diagrams, the terms w1, w,., q and H' need to be calculated. The 
value for H' is calculated as the net horizontal brace component force, (I:H)r, uniformly 
distributed along the gusset length, Lg

. The terms w1 and q have been calculated previously. 
Refer to Fortney and Thornton (2017). The value for Wr is determined from Fortney and 
Thornton Equation 23 as follows: 
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LRFD 

Wf = -17.1 kip/in. 
q = 225 kip-in.fin. 

H
' 
= 

(IH)T 

Lg

-331 kips
54 in. 

= -6.13 kip/in. 

Beam Loading-Buckling 
ASD 

W[ = - ] ] .3 kip/in. 
q = 150 kip-in.fin. 

H
' 
= 

(IH)T 

Lg 

-221 kips
54 in. 

= -4.09 kip/in. 
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From Fortney and Thornton Equation 23: From Fortney and Thornton Equation 23: 

W
r 

= 
[ 
4
:r

a 

l + 
[ 
4

:r
a 

t 

+[�:l +[�:t 
( 4Ma-a + ( 4Ma-a

Li 
(I v)

1 
+ (I v)

b
+ -�- -� 

Lg 

4MT (I =--+-� 
Li Lg 

= 16.4 kip/in. 

LRFD 

W1 = 14.0 kip/in.

q = 156 kip-in.fin. 

I (IH)T 

H = 

Lg

-223 kips
--

54 in.
= -4.13 kip/in. 

54 in. 

= 
[
4Ma-a 

J [
4Ma-a 

J Wr 
2 + 2 Lg t Lg b 

+[�:l +[�:t 
( 4Ma-a + ( 4Ma-a

L2 
g

(Iv\+ (I v)
b

+ -� --�

Lg

4MT (I = +--� 

Li Lg

4(8,090 kip-in.) 
=------+----

( 54 in. )2 54 in. 

= 10.9 kip/in. 

Beam Loading-Post-Buckling 
ASD 

Wf = -9.30 kip/in. 

q = 104 kip-in.fin. 

H
' = (IH)T

Lg 

-149 kips
--

54 in.
= -2.76 kip/in. 
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Beam Loading-Post-Buckling, (continued) 
LRFD 

From Fortney and Thornton Equation 23: 

= [ 4Ma-a J [ 
4Ma-a JWr 

2 + 2 Lg r Lg b

+[::l +[::t 

-
( 4Ma-a \ + ( 4Ma-a )b 

-

L2 g

+
(Iv\ +(I \

Lg 

4Mr (Iv)r =--+ Li Lg 
4(8,450 kip-in.) -128 kips= + ( 54 in.)2 54 in. 

= 9.22 kip/in. 

ASD 

From Fortney and Thornton Equation 23: 

= ( 4Ma-a J ( 
4Ma-a JWr 

2 + 2 Lg Lg 
I t J 

+[::l +[::t 

(4Ma-a)
1 

+(4Ma-a)b 
-

L2g

+
(Iv\ +(Iv)b

Lg 

4MT (Iv)T =--+ Li Lg 

4(5,630 kip-in.) -85.0 kips= + ( 54 in.)2 54 in. 
= 6.15 kip/in. 

Figures 5-29 and 5-30 show the resulting beam loading as a result of the brace forces and 
connection geometry for the LRFD and ASD methodologies, respectively. 

Beam shear and moment diagrams can be generated for both the buckling and post-buckling 
load case for both the LRFD and ASD methodologies. In the interest of brevity, only the 
buckling load case for shear and the post-buckling load case for moment are provided 
because these are the two load cases that control for beam shear and moment, respectively. 
Figures 5-31 and 5-32 show the beam shear and moment diagrams for the controlling beam 
shear and moment load cases, respectively. The diagrams include the Net Vertical Force 
(NVF) Method, considering only (�V)T for shear and Pab/L for moment, for comparison to 
the Interface Forces Method that addresses the chevron effect. 

Gusset Connection Force Distributions 

RefeJTing to Figure 5-28, determine forces at Sections a-a and b-b for the top and bottom 
gussets for both the buckling and post-buckling cases. 

Note that� equals zero; therefore, L 1 = L 2: 
I 

6=
2

(L 1 L2)

= _!_( 27 in. 27 in.) 
2 

= 0 in. 
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6.13 kip/in.-
� �, / 12s kip-in.fin. 

�i
f===;-=--H- -fo(· Effit E-H - -1 e========9 

17·1 kip/in. rrrrrnrri � 
/ t t t t t t tit t 16.4 kip/in. 

123" lt-- 27" I 27" 1------1 J 123" ..1-... 1-------+l ... ... -- l l Buckling 

� / �6 kip-in.fin. 

14.0 kip/in fTTilID1]
1 
)f

1 
_________

f / t 1 t t 1 __ it _ 9.22 kip/in. 

123" l t-- 27" I 27" 1------1 J 123"1-•1-------+1 .. ... � 11 ... 
Post-Buckling 

Fig. 5-29. Net gusset-beam inte,face forces-LRFD. 

4.09 kipfln_-

7 
"', �/4o kip-in./in. 

-¾
e===

� -�-tE -�E-E-ffi E H--H�--�¼
11.3 kip/in. UJJJt1JU � � 

/ ft t t t t tit t 10.9 kip/in.
123" 

t 
27" I 27" I 

+ 
t 123" 

----------cl-'I ____ , _____ ,..._. .. .. --- r---Buckling 

2.76 kip/in.- � / 1o4 kip-in.fin. 

9.30 kip/in.t t t t +{1 t t t � 
/ t t t t t t tit t 6.15 kip/in.

_____ . ________ 1 ___ 2 ... __ 3 ___ .. ___ "" t-- lZ"-1 _____ 27:___j_ ff J�J"' _

Post-Buckling 

Fig. 5-30. Net gusset-beam inte,face forces-ASD. 
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Using previously determined brace component forces, the forces and moments are deter
mined as follows: 

Connection Free-Body Diagrams-Buckling-Top Gusset 

LRFD ASD 

(Ha-a)
1

- (H1+H2)
1 

(Ha-a)
1 

= (Hi+H2)
1 

-

= -(161 kips+ 221 kips) - (107 kips+ 147 kips)-

= -382 kips = -254 kips

(Va-a\ - (½ + V2)
1

(Va-a\ = -(½ + V2)
1 

-

= -( -I 61 kips+ 221 kips) - (-107 kips+I47 kips)-

= -60.0 kips = -40.0 kips

(Ma-a\ =(Hi+ H2)
1 

eb +(Vi+ Vi)
J

1 (Ma-a)
1 
= (H1 +H2\ eb +(½ + V2)

1 
� 

=(161 kips+221 kips)(ll.l in.) = (107 kips+ 147 kips )(11.1 in.) 

+ ( -161 kips+ 22 I kips) ( 0 in.) + ( -107 kips+ 14 7 kips) ( 0 in.)

(/) 100 

= 4,240 kip-in. 

Beam Shear-Buckling 

LRFD 

Q. 50 9.50 
:s2 0 

1--=1---� 
':-' -50 

(U -100 

(]) -150 

..C -200 

(/) -250 

E 
-300 

-350 
(U 
(]) 
co 

Beam Length (in.) 

(/) 100 

= 2,820 kip-in. 

Beam Shear-Buckling 

ASD 
NVF 

Method 
Q. 50 6.50 g o>-----�
,._ -50 

Interface � -100 
Forces ..c ·150 

(/) -200 
299 

E -250 

Available ro -300 1--=31�8�-------�--, 
Strength 63 -350 

-400 � -- - - - - - - - -� omomomomomomomomomomo 
-M�©�rn�������N�����g 

Beam Length (in.) 

Fig. 5-31. Beam shear.for buckling load case-LRFD and ASD. 

NVF 

Method 

Interface 
Forces 

Available 
Strength 

C 

Beam Moment-Post-Buckling 

LRFD C 

Beam Moment-Post-Buckling 

ASD 
"6_ 20,000 �-·······---············-··-- -· - - -·--······--··························-- --··-····-� 
:.S2 18,000 -------------; 
- 16.000 16,800 
+-' 14,000 

C 12.000
(]) 
E 
0 
� 
E 

10,000 

s,ooo lnterface--c;. 
6,00° Forces 
4,000 

2,000 

0 

CU -2,000 
� -4,000 �- --- - - - - - -� 
LU omomomomomomomomomomo 

..-M�©�mONM�©rorn�N�m�roo 
..-..-..-..-..-.,-..-NNNNNNM 

Beam Length (in.) 

"6_ 12,000 r::::;:;:::;;;;;::::::::::::;;::::::::::::::::::::::::::::::::::::::::::::::::::::::::::::::i 
g 10.000 

11,200 

c s,ooo 
(]) 
E 
0 
� 
E 
(U 
(]) 
co 

2.000 

0 

Beam Length (in.) 

Fig. 5-32. Beam moment for post-buckling load case-LRFD and ASD. 
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Connection Free-Body Diagrams-Buckling-Top Gusset (continued)
LRFD

1(H1,i\ =
2

(H i +H2t (Hi\

= _!_(161 kips+221 kips)-161 kips
2 

= 30.0 kips

l ( ) 2(Ma-a 
=- V i+V2 2 t Lg

1 
2 

161 kips+221 kips)

54 in.
= 34.0 kips

(-161 kips)

(M1,1\ = L; (Vi+ V2 )1

h (Ma-a)
1 _!_(Hi +H2 )

4 1 2

+(Vi\ 6+(Hi)1 (e1, + �)

8 
161 kips+22l kips)

(23 in.) 
- -�(161 kips+221 kips)

4 
4,240 kip-in.

2 
+(-161 kips)(o in.)

+(161 kips)(ll.l in.+ 2\
in.

)

= -273 kip-in.

ASD 
1

(H1,i \ =
2

(H1 +H2\ (Hi\

= _!_ (107 kips+ 14 7 kips) 107 kips
2 

= 20.0 kips

l
( ) 

2(Ma-a 
=- ½ +V2 2 1 Lg

107 kips+ 147 kips)
2 

2 (2,820 kip-in.)
54 in.

= 22.6 kips

L� ( ) (M1,i \ =
8 Vi +V2 

1 

(-107 kips)

_!!!._ (Hi +H2 )
4 1 2

+(Vi)1 6+(Hi)1 (e1, + �)

( 54 in.) 
= ��(-107 kips+ 147 kips)

8 
( 23 in.) 
--( 107 kips+ 14 7 kips)

4 
2,820 kip-in.

2 
+(-107 kips)(o in.)

+ (107 kips)( 11.1  in.+ 2\
in.

)

= 182 kip-in.
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Connection Free-Body Diagrams-Buckling-Bottom Gusset 
LRFD ASD 

(Ha-a)h = (Hi +H2)b (Ha-a)h = (H1 +H2)b
- ( -396 kips 317 kips)
= 713 kips

(Va-a\ - (Vi+ Vi\, 

= -(-396 kips+317 kips) 

- (-264 kips 2ll kips)
= 475 kips

(Va-a\ - (Vi+ V2 )
b

= (-264 kips+ 211 kips) 
= 79.0 kips = 53.0 kips 

(Ma-a)b
= (Hi+H2)beb +(Vi+Vi)b 6. (Ma-a)b

= (Hi+H2)beb +(Vi+V2)b 6. 

_ 
-[

-396 kips )( . 
)- 11.1 m. 

-317 kips

+(-396 kips+317 kips)(o in.) 
= 7,910 kip-in. 

l 
(Hbi)b =

2
(Hi +H2)b (Hi)b

=2.(-396 kips 317 kips)
2 
-(-396 kips) 

= 39.5 kips 

l 
( ) 

2 (Ma-a\ 
=-Vj+V2 b2 lg

=2_(-396 kips+317 kips)
2 

2(7,910 kip-in.) 
- - - ---(-396 kips)

54 in. 
= 63.5 kips 

_ 
-[

-264 kips )( . 
)- 11.1 m. 

-211 kips

+ ( -264 kips+ 211 kips) ( 0 in.)
= 5,270 kip-in. 

I 
(Hbi)b 

=
2

(Hi +H2)b 
-(Hi\,

= 2.(-264 kips -211 kips)
2 

(-264 kips) 
= 26.5 kips 

l 
( ) 

2 (Ma-a)
b ( ) =-Vj+V2 - Vi b 2 b lg 

= 2.(-264 kips+ 211 kips)
2 

2(5,270 kip-in.) 
54 in. 

= 42.3 kips 

(-264 kips) 
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Connection Free-Body Diagrams-Buckling-Bottom Gusset (continued)
LRFD 

2
+(-396 kips)(o in.)

(-396 kips)(11.1 in.+ 3\
in.

)

= 539 kip-in.

ASD

Lg ( ) =8 ½+V2 b 

+ h: (Hi +H2)
b 

(Ma-a 

( ) ---+Vi/ti2 ) 

(Hi)h(eh + h; J 

(54 in.) 
= ��(-264 kips+21 l kips)

8 
(32 in.) 

+ --( -264 kips 211 kips)
4 

2
+ ( -264 kips) ( 0 in.)

(-264 kips)( l 1.1 in.+ 3\
in.

)

= 362 kip-in.

Connection Free-Body Diagrams-Post-Buckling-Top Gusset
LRFD ASD 

(Ha-a)
1 

= (Hi +H2)
1 

(Ha-a)
1 

= (Hi+H2\
- ( 48.4 kips+ 221 kips) = (32.2 kips+l47 kips)-

= -269 kips = -179 kips
(Va-a )

1 

- (½ + V2)
1 

(va-a1 - (½+Vi\- -

- (-48.4 kips+ 221 kips) = (-32.2 kips+l 47 kips)
- 173 kips = 115 kips

(Ma-a)
1 

= (Hi +H2)
1 
eb +(Vi+ Vi)

1 
ti (Ma-a)

1 
=(Hi+H2)

1
eb+(Vi+V2)

1
ti

= ( 48.4 kips+ 221 kips )(11.l in.) = (32.2 kips+ 147 kips )(11. l in.)

+(-48.4 kips+221 kips)(o in.) + (-32.2 kips+ 147 kips)( 0 in.)
= 2,990 kip-in. = 1,990 kip-in.
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Connection Free-Body Diagrams-Post-Buckling-Top Gusset (continued)
LRFD 

1
(Hbi\ = 2(Hi +H2)

t 
-(Hi\

= _!_(48.4 kips+221 kips)
2 

48.4 kips
= 86.3 kips

(Vbi)
t 

=½(Vi+V2)
t 

2(
: -

a)
t (½)t 

g 

= _!_(-48.4 kips+ 221 kips)
2 

2(2 ,990 kip-in.) 
- ( -48.4 kips)

54 in. 
= 24.0 kips

(Mb!\= L; (Vi+V2)
t 

ht (H +H ) 
_ (Ma-a\ 

4 I 2 
t 2

+(Vi)J�+(H1)
t [eb + �) 

( 54 in.) 
= (-48.4 kips+ 221 kips)

8 
(23 in.) 

( 48.4 kips+ 221 kips)
4 

2,990 kip-in.
2

+(-48.4 kips)(o in.)

+(48.4 kips)[l l . l in.+ 2\
in.

)

= -785 kip-in.

ASD
1

(Hbi\ =2(Hi+H2)
t 
-(Hi\

= _!_(32.2 kips+ 147 kips)
2 

32.2 kips
= 57.4 kips

(Vbi )
t 

= ½(½ + V2 t 
2(

:
-a )

t (½ \ 
g 

= _!_(-32.2 kips+ 147 kips)
2 

2 (1,990 kip-in.) 
- (-32.2 kips)

54 in. 
= 15.9 kips

(Mbt\ =L;(vi+V2\ 

ht ( ) 
(Ma-a)t -- Hi+H2 - --� 4 1 2

+(Vi)J:�+(Hi)
t [e1, + �) 

(54 in.) 
=��(-32.2 kips+l47 kips)

8 
( 23 in.) 

( )�� 32.2 kips+ 147 kips 
4 

1,990 kip-in.
2

+(-32.2 kips)(o in.)

(32 2 k. )( . 23 in.+ . 1ps 
l 
11.1 m. + 

2 
= -523 kip-in.

Connection Free-Body Diagrams-Post-Buckling-Bottom Gusset
LRFD ASD 

(Ha-a)b = (H1 +H2)
1, (Ha-a)

1, 
=-(Hi +H2)

1, 

= ( -396 kips -95 .5 kips) = -(-264 kips 63.6 kips)
= 492 kips = 328 kips
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Connection Free-Body Diagrams-Post-Buckling-Bottom Gusset (continued) 
LRFD 

(Va-a )
b 

= -(½ + V2 )
b 

= (-396 kips+95.5 kips) 
= 301 kips 

(Ma-a)
b 

= -(H1 +H2)
b

eb +(½ + V2)
b

.6. 

= -(-396 kips 95.5 kips)( 11.1 in.) 

+(-396 kips+95.5 kips)(o in.) 
= 5, 460 kip-in. 

1 
(Hb 1)

b 
=-;/Hi +H2)

b 
-(H1)

b 

= _!_ ( -396 kips 95 .5 kips)
2 

(-396 kips) 
= 150 kips 

1 ( ) 2(Ma-a)
b ( ) = - ½ + V2 h - - - V1 h 2 Lg 

= _!_(-396 kips+95.5 kips)
2 

2(5,460 kip-in.) 
( . )-�---� - -396 kips 

54 in. 
= 43.5 kips 

= L; (½ + V2}i,

+ hb (H +H) 
_ (Ma-a)

b 

4 l 2 b 2 

+(½)b
.6. (H1)

b
[eh+�J

( 54 in.) 
= --(-396 kips+ 95.5 kips)

8 
(32 in.) 

+--(-396 kips 95.5 kips)
4 

(-396 kips)( I 1.1 in.+ 3\in.

= 2,040 kip-in. 

ASD 

(va-a)
b 

= 
(½ + Vi)

b 

= -(-264 kips+ 63.6 kips) 
= 200 kips 

(Ma-a)
b

= (H1+H2)
b

eb+(V1+V2)
b

.6. 

= -(-264 kips -63.6 kips)(! !.I in.) 

+(-264 kips+63.6 kips)(o in.) 
= 3,640 kip-in. 

1 
(Hb 1)

b 
=

2
(H1 +H2)

b 
-(Hi)

b 

= _!_(-264 kips 63.6 kips)
2 

(-264 kips) 
= 100 kips 

1 ( ) 2(Ma-a)
b ( )=

2
V1+V2

b
-

L 
V1

b 

g 

= _!_(-264 kips+ 63.6 kips)
2 

2(3,640 kip-in.) 
( . )-�---�- -264 kips 

54 in. 
= 29.0 kips 

= Lg (Vi+ V2)
b 8 

+ 
hb (H +H ) 

_ (Ma-a)
b 

4 l 2 h 2 

+(½)
b

.6. (H1)
b

[eb+ � J 

( 54 in.) 
= -�(-264 kips+ 63.6 kips)

8 
(32 in.) 

+ --(-264 kips 63.6 kips)
4 

(-264 kips)(11.1 in.+ 3\in. 

= 1,360 kip-in. 
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Figures 5-33 through 5-36 show the free-body diagrams for the two different cases in LRFD 

and ASD, respectively. 

Left Half of Top Gusset 

396 

13½" 396t 

1--1 293t t396 �I 
39.5t � ____3 
357

w.p. I 

;// b+t� p:-1 
, 39.5 

b' 539 '-- --___,,. 

Left Half of Bottom Gusset 

Right Half of Top Gusset 

b 

� b �1 a ' 

I 38
� 60.0 w.p.

4,240'-'C/ �I Top Gusset 

- - � .w_.J)._ - - <j:_ Beam 

�I 

�

a 

. �1 
b, ,��"' �I 

__ : _
7

� : -L. __ ::::_
317

1�i" 
;.-L 

317 
t

I 293 
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;: _,3__1_Z_ t39.5 
I w.p. _257

�LL 39.5 If 

b

539\.. 63.5 ': b.,_,,_ _ ___/ 
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Fig. 5-33. Force distribution for buckling case- LRFD. 
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Design of Gusset above the Beam 

Check available strength of the gusset plate above the beam on Section a-a 

The available shear strength of the gusset plate on Section a-a is: 

5-207

Vn = 0.60F
y
A

gv (Spec. Eq. 14-3) 

= 0.60(50 ksi)(½ in.)(54 in.) 

= 810 kips 

Left Half of Top Gusset 5411 

27'' 27"
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I 2�� 
I � )"'T;3s 

�r- w.p
. t 

f 86.5 

....:1 221 t111 
I. 113w
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1-1202t 
1396 �I 
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.
p
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// b:t�� + 150 
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27" 
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Fig. 5-34. Force distribution.for post-buckling case-LRFD. 
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LRFD ASD 

cpV,, =1.00(810 kips) Vn 
-

810 kips 
-

Q 1.50 
= 810 kips> 382 kips o.k. =540 kips > 254 kips o.k.

The normal force involves both N and M. It is convenient to introduce an equivalent normal 
force as: 

Neq =INl+l
4

�1

Ob
6

)
82 �1 

20.0 

127�__127 _I 20.of I w.p. -------sr 
104 t t107 ::I 

1--1 1 3½" 

Left Half of Top Gusset 

107 
t 

1w 

Left Half of Bottom Gusset 

Right Half of Top Gusset 
2711 27" 

�': /�L___j 
2s� I 

4��,w.p. 
;.-I 2,820'-'../ ;: 

Top Gusset 

,.W,JL... � Beam 

27" 
I

54" 
27" 

Bottom Gusset 

�I 

13½" 

1-1

�J .......... ]1\
1 

t tt ;:: 
I w.p. 238 

. I 
b �.( �-5if 

362 42.3 ' b ..,,_ _ ___/ 

Right Half of Bottom Gusset 

Fig. 5-35. Force distribution for buckling case-ASD. 
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N 2M N 2M 

Over half the gusset, the normal force is 
2 

+ L, and over the other half it is 2 L 
. 

2M 
For simplicity in calculations, one of the moment forces, L, is reversed so that a uniform

equivalent normal force exists over the entire gusset Section a-a. This is also convenient 

for use in the beam web local yielding and web local crippling equations of the AISC Speci

fication that assume a uniform compression over the contact area. 

Left Half of Bottom Gusset 

54" 
2T' 2711 

�L�?�f51.:i•� 
I 15.9 �
I r 

�,---------- -24L / t ft;
. w.

p
. t I ;::: 

147 '73.7 

1--f1}l".2:'. 

Right Half of Top Gusset 

17
� I 

1�t,w.p�-----�t...,.·I 1,99Q�Y. . : 
Top Gusset 

.w.,fl., ..... 

27" 
I

54" 
27" 

Bottom Gusset 

<t_Beam 

�I 

Right Half of Bottom Gusset 

Fig. 5-36. Force distribution for post-buckling case-ASD. 
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For the buckling case, the equivalent normal force is:

LRFD ASD 

Nu,eq = 160.0 kipsl+
4(4,240 kip-in,)

Na,eq = 1 40,0 kipsl +
4(2,820 kip-in.)

54 in, 54 in,
= 374 kips = 249 kips

For the post-buckling case, the equivalent normal force is:

LRFD ASD 

Nu,eq = 1173 kipsl +
4(2,990 kip-in.)

Na,eq = 1115  kipsl +
4(1,990 kip-in.)

54 in. 54 in.
= 394 kips = 262 kips

The available strength of the gusset plate to resist this force is determined for the limit state
of tensile yielding: 

N
11 

=F
y
A

g 

= (so ksi)(½ in.)(54 in.)
= 1,350 kips

LRFD 

<j)N,, 
= 0.90(1,350 kips)
= 1,220 kips> 394 kips

Nn

o.k.

(Spec. Eq. J4-l)

ASD 

1,350 kips
1.67

= 808 kips > 262 kips o.k.

The gusset shear and normal forces and strengths calculated previously do not consider inter
action. Interaction seldom controls at this location because the gusset thickness is usually
controlled by the limit states associated with the brace-to-gusset connection. If interaction
is to be considered here, AISC Manual Equation 9-1 should be applied: 

LRFD

Mu Nu Vu Ir J r r r r <j)M11 

+ 
<j)N,, 

+ 
<j)V,1 � 

ASD

( QMa )+( QNa r +( QVa r � l
M,, N,, V,, 

For the present problem, the required strengths have been calculated in the preceding text,
as have the available strengths in shear and tension. The available flexural strength of the
gusset plate is calculated using the plastic section modulus of the gusset plate at Section a-a:
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M11 = FyZx :S: l .6FySx (Spec. Eq. F l l -1) 

( .)(½ in.)(54 inf 
( 

.)(½ in.)(54 inf 
= 50 ks1 � -��-�<1.6 50ks1 - - - - - -

4 
-

6 

= 18,200 kip-in.< 19,400 kip-in. 
= 18,200 kip-in. 

LRFD ASD 

$Mn= 0.90 (18,200 kip-in.) 
Mn _ 18,200 kip-m 

1.67 
= 16,400 kip-in. = 10,900 kip-in. 

Therefore, for the buckling case, from AISC Manual Equation 9-1: 

LRFD ASD 

4,240 ki In ( 60.0 kips r 2,820 kin-in + (40.0 kips r
16,400 kip-in. 

+ 
1,220 kips 10,900 kip-in . 808 kips 

. 

+( 382 kips r 
810 kips 

+( 254 kips r 
540 kips 

= 0.310< 1.0 o.k. = 0.310 < 1.0 o.k.

For the post-buckling case, from AISC Manual Equation 9-1: 

LRFD 

2,990 ki In ( 173 kips r
16,400 kip-in . 

+ 
1,220 kips 

. 

+( 269 kips r 
810 kips 

= 0.215 < 1.0 o.k.

ASD 

( 1,990 kip-in. J ( 115 kips r
10,900 kip-in. 

+ 
808 kips 

+( 179 kips r 
540 kips 

= 0.215 < 1.0 o.k.

Design the weld at the gusset-to-beam flange interface for the 

gusset above the beam 

The use of a plastic distribution for the moment is convenient for calculation as mentioned 
previously, but it requires sufficient ductility. The gusset and the beam can be assumed to 
be sufficiently ductile, but the fillet welds or PJP groove welds generally used to connect 
the gusset to the beam are well known to have less ductility when loaded at angles signifi
cantly different from the longitudinal axis, which often is the case with the moment forces. 
Therefore, it is prudent to use the weld ductility factor originally derived from Richard 
(1986) as a value of 1 .4 and modified by Hewitt and Thornton (2004) to a 90% confidence 
limit and the value of 1.25. This value, which is explained in AISC Manual Part 13, is used 
in these calculations. The original 1 .4 factor is from Richard's work on corner gussets. 
Nevertheless, it is reasonable to use some "ductility factor" here because the weld is assumed 
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to be uniformly loaded over each half width, even though the actual distribution can vary. 
The use of a CJP groove weld avoids this issue, but likely at greater cost. 

The resultant force on the weld is: 

LRFD ASD 

Ru = )NJ,eq + Vu2 Ra = ) Nl,eq + Va 2 

= �(374 kips)2 +(382 kips)2 = � ( 249 kips )2 + ( 254 kips )2 

= 535 kips = 356 kips 

The angle of the resultant force can be calculated and used in the directional strength in
crease for fillet welds as follows: 

LRFD ASD 

0 = tan-I [ N�
eq J 0 = tan-I [ N�

eq J

-I [ 
374 kips

) 
_1 [ 249 kips

) = tan = tan 
382 kips 254 kips 

= 44.4° = 44.4° 

AISC Specification Section J2.4 allows an increase in the available strength of fillet welds 
when the angle of loading is not along the weld longitudinal axis. The directional strength 
increase is determined from the following portion of AISC Specification Equation J2-5: 

LRFD ASD 

µ = 1.0 + 0.50sinl.5 0 µ = 1.0+0.50sinl.5 0 
= 1.0 + 0.50sinl.5 44.4° = 1.0 + 0.50sinl.5 44.4°

= 1.29 =l.29 

Using AISC Manual Equations 8-2a and 8-2b, the number of sixteenths of fillet weld re
quired is: 

LRFD 

<!lRn = (1.392 kip/in.)Dl 

D _ 1.25Ru
req'd 

-

2(1.392 kip/in.)µl

-
1.25 ( 535 kips) 

-

2(1.392 kip/in.)(1.29)(54 in.) 
= 3.45 sixteenths 

ASD 

Rn = (0.928 kip/in.)Dl

D _ l .25Ra 
req'd 

-

2(0.928 kip/in.)µl 

1.25 ( 356 kips) 
--

2(0.928 kip/in.)(1.29)(54 in.) 
= 3.44 sixteenths 
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Based on the thickness of the thinner connected part, the minimum fillet weld size required 
by AISC Specification Table 12.4 is ½6 in. 

Use double-sided ¼-in. fillet welds to connect the top gusset plate to the beam. 

Check gusset tension yielding at upper brace connection 

Tension yielding is checked on a section of the gusset plate commonly referred to as the 
Whitmore section. This section is explained in AISC Manual Part 9 (Figure 9-1). The 
Whitmore width is (see Figure 5-25): 

w 
P 

= D + 2! tan 0

= 6.000 in.+ 2 (15 in.)tan23°

= 18.7 in. 

The available tensile yielding strength of the gusset is determined from AISC Specification

Section 14 as follows: 

Rn = FyAg 

= (so ksi)(½ in.)(18.7 in.) 

= 467 kips 

LRFD 

<j)Rn = 0.90 ( 467 kips) 

= 420 kips> 312 kips o.k.

ASD 

Rn 467 kips 
-

1.67 
= 280 kips > 208 kips 

Check gusset compressive strength at upper brace connection 

(Spec. Eq. 14-1) 

o.k.

The gusset plate compressive strength is determined from AISC Specification Section 14.4

as follows: 

r 

Because Lclr > 25, the provisions of AISC Specification Chapter E apply. Using AISC 
Manual Table 4-14 to determine the critical stress, the available compressive strength of 
the gusset is: 

LRFD ASD 

<j)F,;T = 34.6 ksi 
= 23.0 ksi 

<j)Pc = <pF,;TAg 
Q 

= (34.6 ksi)(½ in.)(18.7 in.) Pr.: - FcrAg 
-

Q Q 
= 324 kips > 228 kips o.k.

= (23.0 ksi)(½ in.)(18.7 in.) 

= 215 kips> 152 kips o.k.
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Check beam web local yielding 

For a force applied at a distance from the beam end that is greater than the depth of the 
member: 

Rn 
= Fywlw ( 5k +lb) 

= (50 ksi)(0.720 in.)[5(1.65 in.)+54 in.] 

= 2,240 kips 

LRFD 

<l>Rn = 1.00(2,240 kips) Rn 
-

Q 

(Spec. Eq. Jl0-2) 

ASD 

2,240 kips 
-
-

1.50 
= 2,240 kips > 394 kips o.k. = 1,490 kips > 262 kips o.k.

Check beam web local crippling 

For a force applied greater than a distance of d/2 from the beam end: 

2 lb lw 

l ) [ )1.5R11 = 0.80tw I+ 3 d 1/ 

X 

= 2,920 kips 

LRFD 

<!>Rn
= 0.75(2,920 kips) 

0.720 in. 
l . 15 in .

. o)

Rn 
-

Q 

ASD 

2,920 kips 
-
-

2.00 

(Spec. Eq. JI0-4) 

= 2,190 kips> 394 kips o.k. = I, 460 kips > 262 kips o.k.

This completes the design of the top gusset for the forces on Section a-a. 

Check gusset available strength on Section b-b 

The available shear strength of the gusset plate on Section b-b is: 

V,1 
= 0.60F

y
A

g
v

= 0.60(50 ksi)(½ in.)(23 in.) 
= 345 kips 
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LRFD ASD 

cpV,, = 1.00(345 kips) Vn 
-

345 kips 
-

1.5 
= 345 kips > 34.0 kips o.k. = 230 kips> 22.6 kips o.k.

The normal force involves both N and M. It is convenient to introduce an equivalent normal 
force, as before, using the governing condition where N and the component of Mare additive. 
This can be written as: 

For the buckling case, the equivalent normal force is: 

LRFD ASD 

Nu,eq =130.0 kipsl+ 
4(-273 kip-in.) 

Na,eq = 120.0 kipsl + 
4(-182 kip-in.) 

23 in. 23 in. 

= 77.5 kips = 51.7 kips 

For the post-buckling case, the equivalent normal force is: 

LRFD ASD 

= 223 kips = 148 kips 

The equivalent normal force is governed by the post-buckling case. 

The available strength of the gusset plate to resist this force is determined for the limit state 
of tensile yielding: 

Nn = F
y
A

g 

= (50 ksi)(½ in.)(23 in.) 

= 575 kips 

LRFD 

<l>Nn = 0.90(575 kips) 

= 518 kips> 223 kips o.k.

ASD 

Nn 575 kips 
-

-

Q 1.67 
= 344 kips> 148 kips 
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Design of Gusset below the Beam 

Check available strength of the gusset below the beam on Section a-a 
The available shear strength of the gusset plate on Section a-a is: 

Vn = 0.60F
y
A

gv 

= 0.60(50 ksi)(¾ in.)(54 in.) 

= 1,220 kips 

LRFD 

<j)Vn = 1 .00(1,220 kips) 

= 1,220 kips> 713 kips o.k.

v,, 

Q 

(Spec. Eq. J4-3) 

ASD 

1,220 kips 
-

-

1.50 
= 813 kips> 475 kips o.k.

The normal force involves both Nu or Na and Mu or Ma. It is convenient to introduce an 
equivalent normal force, as before. 

For the buckling case, the equivalent normal force is: 

LRFD ASD 

Nu,eq = 179.0 kipsl +
4(7,910 kip-in.) 

Na,eq = 153.0 kipsl +
4(5,270 kip-in.) 

54 in. 54 in. 

= 665 kips = 443 kips 

For the post-buckling case, the equivalent normal force is: 

LRFD ASD 

Nu,eq = 1301 kipsl +
4( 5,460 kip-in.) 

Na,eq = 1200 kipsl +
4(3,640 kip-in.) 

54 in. 54 in. 

= 705 kips = 470 kips 

The equivalent normal force is controlled by the post-buckling case. 

The available strength of the gusset plate to resist this force is determined for the limit state 
of tensile yielding: 

Nn = F
y
A

g 

= (so ksi)(¾ in.)(54 in.) 

= 2,030 kips 
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LRFD ASD 

¢>Nn = 0.90(2,030 kips) Nn - 2,030 kips 
-

1.67 
= 1,830 kips> 705 kips o.k. = 1,220 kips> 470 kips o.k.

Interaction as calculated for the top gusset above the beam is not repeated here. 

Design the weld at the gusset-to-beam flange interface for the 

gusset below the beam 

As discussed for the gusset above the beam , the 1.25 ductility factor is used here. 

The resultant force on the weld is : 

LRFD ASD 

Ru 
= ) Na,eq + V,} Ra = )N;,eq + V}

= )(665 kips)
2 +(713 kips)2 = )( 443 kips )2 + ( 475 kips )2 

= 975 kips = 650 kips 

5-217

The angle of the resultant force can be calculated and used in the directional strength in
crease for fillet welds as follows: 

0 = tan -
l l

Nu,eq 
) 

v,, 

LRFD 

_
1 

l
665 kips

) = tan 
713 kips 

= 43.0° 

ASD 

0 = tan-
1 [ N�eq

)

= tan _1 

l 
443 kips

)475 kips 
= 43.0° 

AISC Specification Section 12.4 allows an increase in the available strength of fillet welds 
when the angle of loading is not along the weld longitudinal axis . The directional strength 
increase is determined from the following portion of AISC Specification Equation 12-5: 

LRFD ASD 

µ = 1.0 + 0.50sin l .5 0 µ = 1.0 + 0.50sin l .5 0 

= 1.0 + 0.50sin l .5 43.0° = 1.0 + 0.50sin l .5 43.0° 

= 1.28 = 1.28 

Using AISC Manual Equations 8-2a and 8-2b, the number of sixteenths of fillet weld 
required is: 
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LRFD 

<!>Rn = (1.392 kip/in.)Dl 

D _ 1.25Ru 
req'cl- 2(1.392 kip/in.)µl 

ASD 

Rn = ( 0.928 kip/in.)Dl-

Q 

Dre •d = l .25Ra 
q 2(0.928 kip/in.)µl 

-
1.25(975 kips) 1.25 ( 650 kips) -

2(1.392 kip/in.)(1.28)(54 in.) --

2(0.928 kip/in.)(1.28)(54 in.) 
= 6.33 sixteenths = 6.33 sixteenths 

Use double-sided 1/16-in. fillet welds to connect the bottom gusset plate to the beam. 

Check gusset tensile yielding at lower brace connection 

Similar to previous calculations at the upper brace, the Whitmore width is: 
wP = D+2ltan0 

=6.875 in.+2(26 in.) tan l3° 

= 18.9 in. 

Rn = F
y
A

g

= (50 ksi)(¾ in.)(18.9 in.) 
= 709 kips 

LRFD 

cpR11 = 0.90(709 kips) 
= 638 kips> 560 kips o.k.

ASD 

Rn 709 kips 
-- -

Q 1.67 
= 425 kips > 373 kips 

Check gusset compressive strength at lower brace connection 

(Spec. Eq. J4-l) 

o.k.

The gusset plate compressive strength is determined from AISC Specification Section J4.4 
as follows: 

Le 0.65(13.8 in.)v'12 
r ¾ in. 

= 41.4 

Because Lclr > 25, the provisions of AISC Specification Chapter E apply. Using AISC 
Manual Table 4- 14 to determine the critical stress, the available compressive strength of 
the gusset is: 
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<\lFcr = 39.7 ksi 
<\JPc = <\JFcrAg 

LRFD 

= (39.7 ksi)(¾ in.)(18.9 in.) 

Fer 
= 26.4 ksi 

Q 

Pc -
Fc,-Ag-

Q Q 

ASD 

= 563 kips > 449 kips o.k.
= (26.4 ksi)(¾ in.)(18.9 in.) 

= 374 kips> 299 kips o.k.

Check beam web local yielding 

From previous calculations at the upper brace connection: 

Check beam web local crippling 

From previous calculations at the upper brace connection: 

LRFD ASD 

<\JRn = 2,190 kips> 705 kips o.k. Rn = 1,460 kips> 470 kips o.k.
Q 

This completes the design of the bottom gusset for the forces on Section a-a. 

Check gusset available strength on Section b-b

The available shear strength of the gusset plate on Section b-b is: 

5-219

Vn = 0.60F
y
A

g
v (Spec. Eq. J4-3) 

= 0.60(50 ksi)(¾ in.)(32 in.) 

= 720 kips 

LRFD 

<\JVn = 1.00(720 kips) 
= 720 kips> 63.5 kips o.k.

ASD 

v,, 720 kips 
-

Q 1.50 
= 480 kips > 42.3 kips 
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The normal force involves both N and M. It is convenient to introduce an equivalent normal 
force, as before, as: 

For the buckling case, the equivalent normal force is: 

LRFD ASD 

Nu,eq = 139.5 kipsl+ 
4(539 kip-in.) 

Na,eq = 126.5 kipsl + 
4(362 kip-in.) 

32 in. 32 in. 

= 107 kips = 71.8 kips 

For the post-buckling case, the equivalent normal force is: 

LRFD ASD 

Nu,eq = 1150 kipsl + 
4(2,040 kip-in.) 

N a,eq = 1100 kipsl + 
4(1,360 kip-in.) 

32 in. 32 in. 

= 405 kips = 270 kips 

The equivalent normal force is governed by the post-buckling case. 

The available strength of the gusset plate to resist this force is determined for the limit state 
of tensile yielding: 

N
11 

=FvA
g 

= (50 ksi)(¾ in.)(32 in.) 

= 1,200 kips 

LRFD 

<j)N
11 

= 0.90(1,200 kips) 

= 1,080 kips > 405 kips o.k.

Top Brace-to-Gusset Connection 

(Spec. Eq. J4-1) 

ASD 

Nn 1,200 kips 
--

1 .67 
= 719 kips> 270 kips o.k.

The required tensile strength of the connection is based upon R
y
FvA

g 
of the braces as stipu

lated in AISC Seismic Provisions Section F2.6c.1. All limit states applicable to tension or 
compression in the brace must be checked. 
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Determine the minimum length, I, required for the brace-gusset lap 

The limit state of shear rupture in the brace wall is used to determine the minimum brace
gusset lap length. Note that the expected brace rupture strength, R1Fu, may be used in the 
determination of the available strength according to AISC Seismic Provisions Section A3.2. 

Using AISC Specification Section 14.2, including R1 from AISC Seismic Provisions Table 
A3.l: 

R, = 1.2 
Rn

= 0.60R1FuAnv (from Spec. Eq. 14-4) 

In this equation, A11v is taken as the cross-sectional area of the four walls of the brace, 
Anv = 4ltdes · Therefore: 

R
11 

= 0.60R1Fu ( 4ltdes ) 
= 0.60(1.2)(62 ksi)(4)(0.291 in.)l 

= ( 52.0 kip/in.) l 

Setting the available shear rupture strength equal to the larger required tensile strength 
between the two braces (P2) and solving for the minimum lap length, l: 

LRFD ASD 

l> u l> 0.Pa 

- cp(0.60)R1Fu ( ) - 0.60RrFu ( 4fttes )

> 312 kips
> 

2.00(208 kips)
- 0.75(52.0 kip/in.) - 0.60 ( 52.0 kip/in.)
2: 8.00 in. 2: 8.00 in.

Note that this length is the minimum required for the limit state of shear rupture in the 
brace wall. A longer length may be used when designing the fillet welds between the brace 
and the gusset plate, if desired, to allow a smaller fillet weld size as is implemented in the 
following example. 

Size the weld between the brace and the gusset plate 

The strength of fillet welds defined in AISC Specification Section 12 can be simplified, as 
explained in AISC Manual Part 8, to AISC Manual Equations 8-2a and 8-2b: 

LRFD 

<!>Rn
= (1.392 kip/in.)Dl 

ASD 

Rn = (0.928 kip/in.)Dl
Q 
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Based on the thickness of the thinner connected part, the minimum fillet weld size required 
by AISC Specification Table J2.4 is ½6 in. 

Try ¼-in. fillet welds for the four lines of weld, which can be made in a single pass: 

LRFD ASD 

l> 
Pu 

l> 
Pa 

- 4(1.392 kip/in.)D - 4(0.928 kip/in.)D

> 
312 kips 

> 
208 kips 

- 4(1.392 kip/in.)( 4 sixteenths) - 4(0.928 kip/in.)(4 sixteenths)
� 14.0 in. � 14.0 in.

Use four 15-in.-long I ¼-in. fillet welds to connect the braces above the beam to the gusset 
plate. 

Check block shear rupture of the gusset plate 

The nominal strength for the limit state of block shear rupture relative to the axial load on 
the gusset plate is: 

Rn = 0.60FuAnv + U1,sF'i,Ant '.S: 0.60FyA
gv + U bsFuAnt 

where 
A

g
v = (2 planes)lt

p

= (2 planes)(15 in.)(½ in.) 

= 15.0 in.2

Ant = Dt
p

= (6.000 in.)(1/2 in.) 

= 3.00 in.2

Anv = (2 planes)lt
p

= ( 2 planes) ( 15 in.) ( 1/2 in.) 

= 15.0 in.2 
U1,s = 1.0 

and 
Rn = 0.60( 65 ksi )( 15.0 in.2) + 1.0( 65 ksi )( 3.00 in.2)

:s; 0.60( 50 ksi )( 15.0 in.2) + 1.0( 65 ksi)( 3.00 in.2)
= 780 kips > 645 kips 

Therefore: 

Rn = 645 kips 
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The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD ASD 

$Rn = 0.75( 645 kips) Rn 645 kips 
2.00 

= 484 kips> 312 kips o.k. = 323 kips > 208 kips o.k. 

Check upper brace effective net area 

From AISC Seismic Provisions Section F2.5b(c), the brace effective net area, Ae, must not 
be less than the brace gross area, A

g
: 

This calculation is conservatively assumed to accommodate up to a ¾-in.-thick plate. Using 
a gap of 1/16 in. on each side of the brace slot to allow clearance for erection: 

A
n

= 5.22 in.2 2[¾ in.+2(½6 in.)](0.291 in.) 

= 4.71 in.2

From AISC Specification Table D3. l ,  Case 5, because l > 1.3D, U = 1.0, and the effective 
net area is: 

Ae 
= 1.0( 4.71 in.2)

= 4.71 in.2

Because Ae < A
g
, brace reinforcement is required. The approximate required reinforcement 

area, Am, is the area removed, but the position of the reinforcement will reduce U to less 
than 1.0. The required area of reinforcement can be obtained from: 

Assuming a value of U = 0.80: 

Arn
= 

0.80 
A

n 

5.22 in.2

0.80 
= 1.82 in.2

4.71 in.2
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Try two I-in. x I-in. flat bars, with a total area of Apn = 2.00 in.2 AISC Seismic Provisions

Section F2.5b( c )( 1) requires that the specified minimum yield strength of the reinforcement 

be at least that of the brace; therefore, use ASTM A572 Grade 50 material for the flat bar. 

The cross-sectional geometry is shown in Figure 5-37. 

r1=--=::.. 
2 

6.000 in. 0.291 in. 

2 

= 2.85 in. 

D+tpr
r2 = 

2 

6.000 in.+ I in. 

2 

= 3.50 in. 

The distance to the centroid of a partial circle is given by: 

_ r1sin0
X=---

where the total arc of the partial circle is 20, and 0 is measured in radians. Although the 

brace is slightly less than a full half-circle because of the slot as shown in Figure 5-37, use 

an angle, 0, of n/2 for simplicity. This is slightly unconservative for calculating the value of 

the shear lag factor, U. A more precise calculation could be performed using the exact angle. 

�I 

Fig. 5-37. Cross section of brace above beam at net section. 
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- .. -(2 85 . )rsin(rc/2) rad1 Xbrace - · ln. 
(rc/2) rad 

= l.81 in. 

Xre = r2 

= 3.50 in. 

Determine x for the composite cross section. 

Part 

Half of brace 
One flat bar 

I: 

_ I:xA 
X=--

I;A 

7.77 in.3

3.36 in.2

= 2.31 in. 

x A 

m. in.2

l.81 2.36 
3.50 l.00

- 3.36 

xA 

in.3

4.27 
3.50 
7.77 

5-225

From AISC Specification Table D3. l ,  Case 2, which applies to round HSS with reinforce
ment added: 

X U=l-
l 

=l 2.31 in.
15 in. 

= 0.846 

An = An(brace) + Apn 

= 4.71 in.2 
+ 2(1 in.)(l in.)

= 6.71 in.2

Ae = UAn 

=0.846(6.71 in.2)

= 5.68 in.2 > 5.22 in.2 o.k.

Design welds connecting flat bars to brace 

According to AISC Seismic Provisions Section F2.5b(c)(2), the flat bar must be connected 
to the pipe brace to develop the expected strength of the flat bar on each side of the reduced 
section (the expected yield strength, R

y
F

y
, is used here). The reduced section is the length 
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of the HSS from the extent of the slot ( dimension x in Figure 5-25) to the start of the HSS
to-gusset weld. The required strength of the weld is based on the expected flat bar yield 
strength, using Ry from AISC Seismic Provisions Table A3. l for ASTM A572 Grade 50 
bars. The expected strength of the flat bar reinforcement is: 

LRFD ASD 

RyFyAfb 
l .  I ( 50 ksi)( 1.00 in.2) RyFyAfo 

1.1( 50 ksi )( 1.00 in.2) 
- -- -

a,,· 1.0 <Xs 1.5 
= 55.0 kips = 36.7 kips 

There is a small gap of approximately 0.047 in. between the face of the pipe brace and the 
edge of the flat bar, as indicated in Figure 5-37. Because this is less than 1/16 in., it can be neg
lected according to AWS Dl. l ,  clause 5.21.l .  A single-pass 3/!6-in. fillet weld can be used. 

With two welds, the length of 5/iG-in. fillet welds connecting the flat bar to the brace is deter
mined from AISC Manual Equations 8-2a and 8-2b as follows: 

LRFD 

l > 55.0 kips 
w - 2(1.392 kip/in.)(5 sixteenths) 

2': 3.95 in. 

ASD 

l > 36.7 kips 
w - 2 ( 0.928 kip/in.) ( 5 sixteenths) 

2': 3.95 in. 

Use a 1-in. x 1-in. flat bar with 4-in.-long 3/!6-in. fillet welds; the detail extends past both 
sides of the reduced section of the brace by 5 in. 

The flat bar fillet weld develops the expected strength of the bar on each side of the end of 
the brace slot. The brace slot may be longer than the slot length by a maximum erection 
clearance of x in. (see Figure 5-25), as determined by the fabricator. The length of the flat 
bar will be 5 in. + 5 in. + x in. = l O in. + x in. 

Bottom Brace-to-Gusset Plate Connection 

Determine the minimum length, I, required for the brace-gusset lap 

Similar to previous calculations for the upper brace, the nominal shear rupture strength of 
the lower brace is: 

R
11 

= 0.60R1Fu ( 4ltdes ) 

= 0.60(1.2)(62 ksi)(4)(0.465 in.)! 

= (83.0 kip/in.)! 

The minimum lap length, l, is based on the larger required tensile strength between the two 
braces: 
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LRFD ASD 

l>
Pu 

l>
Q.Pa

- <p(0.60)R1Fu ( 4tdes) - 0.60R1Fu ( 4tdes)

> 
560 kips 2.00(373 kips)

- 0.75(83.0 kip/in.)
> 

83.0 kip/in. 
2: 9.00 in. 2: 8.99 in. 

Note that this length is the minimum required for the limit state of shear rupture in the brace 
wall. A longer length may be used when designing the fillet welds between the brace and the 
gusset plate, if desired, to allow for a smaller fillet weld as shown in the following example. 

Size the weld between the brace and the gusset plate 

Based on the thickness of the thinner connected part, the minimum fillet weld size required 
by AISC Specification Table J2.4 is 3/!6 in. 

Try ¼-in. fillet welds for the four lines of weld, which can be made in a single pass: 

LRFD 

l > 
Pu

- 4(1.392 kip/in.)D

ASD 

l >
Pa

- 4(0.928 kip/in.)D

> 
373 kips 

- 4(0.928 kip/in.)(4 sixteenths)

2: 25.1 in. 2: 25.1 in.

Use four 26-in.-long ¼-in. fillet welds to connect the braces below the beam to the gusset 
plate. 

Check block shear rupture of the gusset plate 

Similar to previous calculations for the upper brace, the nominal strength for the limit state 
of block shear rupture relative to the axial load on the gusset plate for the lower brace is: 

Rn = 0.60FuAnv + UbsFuAm '.::'. 0.60FyAgv + U bsFuAm 

where 
Agv = ( 2 planes) lt

p

= (2 planes)(26 in.)(¾ in.) 

= 39.0 in.2

Ant = Dt
p

= (6.875 in.)(¾ in.) 

=5.16 in.2
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Anv = ( 2 planes) lt
p 

= (2 planes)(26 in.)(¾ in.) 

= 39.0 in.2

Ubs = 1.0 

and 

Rn = 0.60( 65 ksi )( 39.0 in.2) + 1.0( 65 ksi)( 5.16 in.2)

:::; 0.60( 50 ksi )( 39.0 in.2) + 1.0( 65 ksi )( 5.16 in.2)

= 1,860 kips > 1,510 kips 

Therefore: 

Rn
= 1,510 kips 

LRFD 

<!>Rn =0.75(1,510 kips) Rn 1,510 kips 
2.00 

ASD 

= 1,130 kips> 560 kips o.k. = 755 kips> 373 kips 

Check lower brace effective net area 

Similar to previous calculations for the upper brace, the net area is: 

An =A
g 

2[t
p

+2(gap)jtdes 

BRACED FRAMES 

o.k.

This calculation is conservatively assumed to accommodate up to a 1 ¼-in.-thick plate. 
Using a gap of ½6 in. on each side of the brace slot to allow clearance for erection: 

An = 9.36 in.2 2[ 1 ¼ in.+ 2( 1/16 in.)]( 0.465 in.) 

= 8.08 in.2

From AISC Specification Table D3.1, Case 5, because l > 1.3D, U = 1.0, and the effective 
net area is: 

Ae = 1.0(8.08 in.2)

= 8.08 in.2

Because Ae < A
g
, brace reinforcement is required. The approximate required reinforcement 

area, Arn , is the area removed, but the position of the reinforcement will reduce U to less 
than 1.0. The required area of reinforcement can be obtained from: 

(An +Arn)U = A
g 

A
g Arn An 

u 
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Assuming a value of U = 0.80: 

Ag Arn
= - --An

0.80 

9.36 in.2

0.80 

= 3.62 in.2

8.08 in.2

5-229

Try two 1 ¼-in. x I ¼-in. flat bars, with a total area of Apn = 3.13 in.2 AISC Seismic Pro

visions Section F2.5b(c)(l) requires that the specified minimum yield strength of the rein

forcement be at least that of the brace; therefore, use ASTM A572 Grade 50 material for the 

flat bar. The cross-sectional geometry is shown in Figure 5-38. 

D-tdes 

ri =- - -
2 

6.875 in. -0.465 in. 

2 

= 3.21 in. 

r2 = 

D+ 

2 

6.875 in.+ I¼ in. 

2 

= 4.06 in. 

Fig. 5-38. Cross section of the brace below the beam at the net section. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-230

The distance to the centroid of a partial circle is given by: 

sine 
x=---

BRACED FRAMES 

where the total arc of the partial circle is 20, and 0 is measured in radians. Although the 
brace is slightly less than a full half-circle because of the slot as shown in Figure 5-38, use 
an angle, 0, of n/2 for simplicity. This is slightly unconservative for calculating the value of 
the shear lag factor, U. A more precise calculation could be performed using the exact angle. 

_ . sin(n/2) rad 
Xbrace = (3.21 m.) ( / ) n 2 rad

= 2.04 in. 

= 4.06 in. 

Determine x for the composite cross section. 

Part 

Half of brace 

One flat bar 

I: 

_ I:xA 
X= 

I:A 
14.6 in.3

5.60 in.2

= 2.61 in. 

x 

m. 

2.04 

4.06 

A xA 

in.2 in.3

4.04 8.24 

1.56 6.33 

5.60 14.6 

From AISC Specification Table D3. l ,  Case 2, which applies to round HSS with reinforce
ment added: 

U=l 
x 

l 

= 1_ 2.61 in.
26 in. 

= 0.900 

An = An(brace) + Apn 

= 8.08 in.2 +2(1 1/4 in.)(l ¼ in.) 

= 11.2 in.2
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Ae = UAn 
= 0.900(11.2 in.2) 

= 10.1 in.2 > 9.36 in.2 o.k.

Design welds connecting flat bars to brace 

5-231

According to AISC Seismic Provisions Section F2.5b(c)(2), the flat bar must be connected 
to the pipe brace to develop the expected strength of the flat bar on each side of the reduced 
section (the expected yield strength, RyFy, is used here). The reduced section is the length 
of the HSS from the extent of the slot ( dimension x in Figure 5-25) to the start of the HSS
to-gusset weld. The required strength of the weld is based on the expected flat bar yield 
strength, using Ry from AISC Seismic Provisions Table A3.l for ASTM A572 Grade 50 
bars. The expected strength of the flat bar reinforcement is: 

LRFD ASD 

RyFyAJb 
-

1.1 (50 ksi)(!.56 in.2) RyFyA
f
b 

-
1.1 ( 50 ksi)( 1.56 in.2)

- -

a, 1.0 a., 1.5 
= 85.8 kips = 57.2 kips 

There is a small gap of approximately 0.063 in. between the face of the pipe brace and the edge 
of the flat bar, as indicated in Figure 5-38. Because this is less than 1/i6 in., it can be neglected 
according to A WS D 1.1, clause 5.2 l. l .  A single-pass 5/i6-in. fillet weld can be used. 

With two welds, the length of 5/i6-in. fillet welds connecting the flat bar to the brace is deter
mined from AISC Manual Equations 8-2a and 8-2b as follows: 

LRFD 

l > 85.8 kips 
w - 2(1.392 kip/in.)(5 sixteenths)

2': 6. l 6 in.

ASD 

l > 
57.2 kips 

w - 2(0.928 kip/in.)(5 sixteenths)
2': 6. l 6 in. 

Use a 1 ¼-in. x I ¼-in. flat bar with 7-in.-long 51i6-in. fillet welds; the detail extends past both 
sides of the reduced section of the brace by 8 in. 

The flat bar fillet weld develops the expected strength of the bar on each side of the end of 
the brace slot. The brace slot may be longer than the slot length by a maximum erection 
clearance of x in. (see Figure 5-25), as determined by the fabricator. The length of the flat 
bar will be 8 in. + 8 in. + x in. = 16 in. + x in. 
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Example 5.3.8. SCBF Brace-to-Beam Connection Design 

Given: 

Refer to Joint JT-1 in Figure 5-15. Design the connection between the braces and the beam. 

Use an ASTM A572 Grade 50 welded gusset plate concentric to the braces and 70-ksi 

electrodes to connect the braces to the beam. Use ASTM A572 Grade 50 material for brace 

reinforcement. All braces are ASTM A500 Grade C round HSS, and the beam is an ASTM 

A992 W21 x 147. The applicable building code specifies the use of ASCE/SEI 7 for calcula

tion of loads. Relevant seismic design parameters were given in the SCBF Design Example 

Plan and Elevation section. 

The connection shown in Figure 5-39 is an alternate method compared to Example 5.3.7, 

which uses one single gusset plate to connect both braces. In this example, individual 

See Figure 5-25 for brace-to-gusset 
and brace reinforcement details 

typ. all braces 

� symmetry 

Left side brace 
and connection 

not shown 
for clarity 

¼ 

Left side brace 
and connection 

not shown 
for clarity 

, 1
, 1 

/"-----, 
HSS6.000x0.312 
brace 

HSS6.875x0.500 

Fig. 5-39. Final connection design.for Example 5.3.8. 
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shaped flat bar gusset plates are used to connect each brace to the beam. There are many 
possible configurations for the flat bar gusset geometry. For this example, the gusset plate
to-beam interfaces are arranged such that the top interfaces align horizontally with the 
bottom interfaces. This is not a requirement but is done here to simplify the beam loading 
diagrams for the analysis of the beam for the chevron effect. 

The centroids of the interfaces coincide with the points where the lines of action of the 
braces cross the interfaces. This avoids interface moments and is economical with respect 
to plate analysis and weld size. The clips on the acute sides of the plates are provided to 
minimize high-stress locations as recommended in the AISC Manual. 

Solution: 

From AISC Manual Tables 1-1 and 1-13, the geometric properties are as follows: 

Brace (above the beam) 
HSS6.000x0.312 
A= 5.22 in.2 D = 6.000 in. 

Brace (below the beam) 
HSS6.875 x 0.500 
A= 9.36 in.2

Beam 
W21 x147 
d = 22.1 in. 

D = 6.875 in. 

fw = 0.720 in. 

fdes = 0.291 in. r = 2.02 in. 

fdes = 0.465 in. r = 2.27 in. 

ff = 1.15 in. kdes = I.65 in. 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTM A572 Grade 50 
F

y 
= 50 ksi 

Fu = 65 ksi 

ASTM A500 Grade C (round) 
F

y 
= 46 ksi 

Fu = 62 ksi 

ASTM A992 
F

y 
= 50 ksi 

Fu = 65 ksi 

The complete connection design is shown in Figure 5-39. AISC Seismic Provisions Sections 
F2.3(a) and F2.3(b) define the two mechanism analyses that must be considered in determin
ing the required strength of beams, columns and connections. 

The requirements of AISC Seismic Provisions Sections B2 and F2.3 will be used for both 
LRFD and ASD. 

The required strength of the brace connections due to seismic loading is based on the capacity
limited seismic load effect, Ec1, as discussed in AISC Seismic Provisions Section F2.3. 
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Determine the expected tensile strength of the braces 

The expected tensile strengths of the braces were determined in Example 5.3. 7 and are sum

marized here. 

Top Braces 

LRFD ASD 

P,, = 312 kips Pa
= 208 kips 

Bottom Braces 

LRFD ASD 

Pu
= 560 kips Pa

= 373 kips 

Determine the expected strength in compression of the braces 

The expected buckling and post-buckling strengths of the braces were determined in Ex

ample 5.3.7 and are summarized here. 

Top Braces-Buckling 

LRFD ASD 

P,, = 228 kips Pa
= 152 kips 

Top Braces-Post-Buckling 

LRFD ASD 

Pu
= 68.4 kips Pa = 45.6 kips 

Bottom Braces-Buckling 

LRFD ASD 

Pu
= 449 kips Pa

= 229 kips 

Bottom Braces-Post-Buckling 

LRFD ASD 

P,, = 135 kips Pa = 90.0 kips 

The two sets of forces are shown in Figures 5-40 and 5-41. 
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228 kips 
(compression) 

/ 
560 kips 
(tension) 

68.4 kips 
(compression) 

� 

/ 
560 kips 
(tension) 

Buckling 

Post-Buckling 

312 kips 
(tension) 

/ 

� 
449 kips 
(compression) 

312 kips 
(tension) 

/ 

� 
135 kips 
(compression) 

Fig. 5-40. Required strength of brace connections according to 

AISC Seismic Provisions Sections F2.3(a) and F2.3(b)-LRFD. 
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152 kips 

(compression) 

/ 
373 kips 

(tension) 

45.6 kips 

(compression) 

/ 
373 kips 

(tension) 

Buckling 

Post-Buckling 

208 kips 

(tension) 

/ 

BRACED FRAMES 

299 kips 

(compression) 

208 kips 

(tension) 

/ 

90.0 kips 

(compression) 

Fig. 5-41. Required strength of brace connections according to AISC Seismic Provisions

Sections F2.3(a) and F2.3(b)-ASD. 
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Brace Component Forces 

The brace component forces were determined in Example 5.3.7 and are summarized here. 

Top Braces-Buckling 

LRFD ASD 

( P1)1 = 228 kips (P1)1 = 152 kips

( H1 \ = 161 kips (H1\ = 107 kips

(v i\ = 161 kips (v1\ - 107 kips

(P2)1 = 312 kips (P2)1 = 208 kips

(H2 )1 = 221 kips (H2 )1 
=147 kips

(v2 )1 = 221 kips (v2 )1 = 147 kips

Top Braces-Post-Buckling 

LRFD ASD 

(Pi)1 
= 68.4 kips (P1)1 = 45.6 kips

(Hi\ = 48.4 kips (Hi\ = 32.2 kips

(Vi\ = -48.4 kips (Vi\ = -32.2 kips

(P2)1 = 312 kips (P2)1 = 208 kips

(H2\ = 221 kips (H2\ = 147 kips

(V2 )1 = 221 kips (v2\ = 147 kips

Bottom Braces-Buckling 

LRFD ASD 

(Pi)h 
= 560 kips (P1)h 

= 373 kips

(H1)h 
= -396 kips (H1)h 

= -264 kips

(Vi)h = -396 kips (Vi)h = -264 kips

(P2)h 
= 449 kips (P2)b 

= 299 kips

(H2)h 
= -317 kips (H2)h 

=-2ll kips

(v2)b 
= 317 kips (V2 )h = 211 kips
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Bottom Braces-Post-Buckling 

LRFD 

( F\ )b = 560 kips

(H1)b = -396 kips

(V1 )b = -396 kips

(P2 )b = 135 kips

(H2)b = -95.5 kips

(V2 )b = 95.5 kips

where 

b = bottom of beam 

t = top of beam 

1 = braces to the left of work point 

2 = braces to the right of work point 

Interface Force Distributions 

ASD 

( F\ )b = 373 kips

(H1)b = -264 kips

(V1}i) = -264 kips

(P2)b = 90.0 kips

(H2)b = -63.6 kips

(V2 )b = 63.6 kips

BRACED FRAMES 

As discussed previously, the gusset plate geometry is arranged such that there are no 

moments at the interfaces. The horizontal (V;) and vertical (H;) forces are located at the 

interface where the lines of actions of the braces cross the gusset-beam interfaces and are 

distributed uniformly over the interfaces. For a statically equivalent load model used to 

evaluate the beam shear and moment, the horizontal interface forces are treated as uniformly 

distributed moments acting at the gravity axis of the beam. The equations for the uniformly 

distributed normal forces, shear forces, and moments are calculated using a form of the 

equations presented in Fortney and Thornton (2017) and using the sign convention pre

sented in that paper. Those generic equations are: 

(w-) = (½\
' t L 

g
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where 

T = total forces acting at top and bottom of beam

Normal Forces-Buckling 

LRFD 

161 kips 
20 in. 

= -8.05 kip/in. 

(w1)
b

=
(
�

)
b

g 

_ -396 kips 
20 in. 

= -19.8 kip/in.

( WJ )T = (Wt\+ ( Wt )b 

= -8.05 kip/in. -19.8 kip/in.
= -27.9 kip/in. 

(w2\ = 
(7

)1 

g 

_ 221 kips 
20 in. 

= 11.1 kip/in. 

( W2 )b = (V
2 )b

Lg 

_ 317 kips 
20 in. 

= 15.9 kip/in. 

( W2 )T = ( W2 )1 + ( W2 )b 

= 11. l kip/in.+ 15.9 kip/in. 
= 27.0 kip/in. 

ASD 

_ -107 kips 
20 in. 

= -5.35 kip/in. 

(w1)
b 

= 
(
�

)h
g 

_ -264 kips 
20 in. 

= -13.2 kip/in.

(w1)T = (w1\ +(w1)
b 

= -5.35 kip/in. -13.2 kip/in.
= 18.6 kip/in. 

(w2\ = (7\ 
g 

_ 147 kips 
20 in. 

= 7.35 kip/in. 

(w2)h = 

(
7

)
b

g 

_ 211 kips 
20 in. 

= 10.6 kip/in. 

( W2 )T = ( W2 \ + ( W2) b

= 7 .35 kip/in.+ 10.6 kip/in. 
= 18.0 kip/in. 
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Normal Forces-Post-Buckling 

-48.4
20 in.

LRFD 

= -2.42 kip/in.

(w1)h = 

(
�

)h

g 

-396 kips
20 in. 

= 19.8 kip/in. 

(wi)
T 

= (w1\ +(wi)
h 

= -2.42 kip/in. 19.8 kip/in. 
= -22.2 kip/in. 

(w2\ = 

(
7

)
1 

g 

221 kips 
20 in. 

= 1 1. 1 kip/in. 

( ) _ (V2
W2 -

b Lg 

95.5 kips 
20 in. 

= 4.78 kip/in. 

(w2)T = (w2\ +(w2)
b

= 11.1 kip/in.+ 4.78 kip/in. 
= 15.9 kip/in. 

-32.2
20 in.

ASD 

= -1.61 kip/in.

(w) =

(
½

)
b

1 b L 
g 

-264 kips
20 in. 

= 13.2 kip/in. 

( Wj )T = ( WJ \ + ( Wj )b 

= 1.61 kip/in. 13.2 kip/in. 
= -14.8 kip/in.

(w2\ = 

(v2\ 

Lg 

147 kips 
20 in. 

= 7.35 kip/in. 

( ) _ (V2
W2 -

b Lg 

63.6 kips 
20 in. 

= 3.18 kip/in. 

(w2)T = (w2\ +(w2)h 

= 7.35 kip/in.+ 3.18 kip/in. 
= l 0.5 kip/in. 
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Horizontal Forces and Moment-Buckling 
LRFD 

(H1 h
i

= -�--�L
g 

161 
20 in. 

= -11.8 kip/in.

h2 = 

(H2\ +(H2)
b 

L
g 

221 kips 317 kips 
20 in. 

= -4.80 kip/in. 

[(H1\-(H1)
b
]eb 

qi
= 

L
g 

[161 kips (-396 kips)](ll.1 in.) 
20 in. 

= 309 kip-in.fin. 

[(H2\ (H2\]eb 

q2 =
-- - - -

-
L

g 

kips-(-317 
20 in. 

= 299 kip-in.fin. 

1. 1 in.) 

20 in. 
= -7.85 kip/in. 

ASD 

h2 = 

(H2)
t +(H2)

b 

L
g 

147 kips 211 kips 
20 in. 

= -3.20 kip/in. 

[(Hi)
1 
-(H1\]eb 

qi
= 

L
g 

[ 107 kips (-264 kips)] ( 11.1 in.) 
20 in. 

= 206 kip-in.fin. 

[(H2\ (H2\]eb 

q2 =
-- - - -



L
g 

kips-(-211 
20 in. 

= 199 kip-in.fin. 

( 11.1 in.) 
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Horizontal Forces and Moments-Post-Buckling 
LRFD 

(H1 h
i

= -�--�L
g 

48.4 
20 in. 

= -17.4 kip/in.

h2 = 

(H2\ +(H2)b 

L
g 

221 kips 95.5 kips 
20 in. 

= 6.28 kip/in. 

[(H1\-(H1)b
]eb 

qi
= 

L
g 

[48.4kips (-396kips)](11.lin.) 
20 in. 

= 247 kip-in.fin. 

[(H2\ (H2\]eb 

q2 =
-- - - -


L

g 

kips-(-95.5 
20 in. 

= 176 kip-in.fin. 

(11. 1 in.) 

20 in. 
= -11.6 kip/in.

ASD 

h2 = 

(H2)t +(H2)b 

L
g 

147 kips 63.6 kips 
20 in. 

= 4.17 kip/in. 

[(H1\ (H1\]eb 

qi
= 

L
g 

[32.2 kips-(-264 kips)](l 1.1 in.) 
20 in. 

= 164 kip-in.fin. 

[(H2\ (H2\]eb 

q2 =
-- - - -

-
L

g 

kips -(-63.6 1. 1 in.)
20 in. 

= 117 kip-in.fin. 

Figures 5-42 and 5-43 show the force distribution for the two load cases in LRFD and ASD 
loads, respectively. 
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Evaluate Beam Shear and Moment 

The beam is evaluated for shear and moment using the loading diagrams shown in Figures 

5-42 and 5-43. As was done in Example 5.3.7, the beam is considered to be simply sup

ported. The resulting beam shear and moment diagrams are shown in Figures 5-44 through

5-47. The diagrams include the Net Vertical Force (NVF) Method, considering only (LV)T 
for shear and Pab/L for moment, for comparison to the Interface Forces Method that

addresses the chevron effect.

2¼"

,__ _ _  1 _28_½___,.s" -1--- -� � -2 _0 _" �f-4--2_0_"�,� ----,.: 11283/s"
I I 

27.9 kip/in. t t J t J t 

t t t tA t 27.0 kip/in.

309 kip-in.fin. 299 kip-in.fin. 

11.s kip/i
(- (-GE((· (-fu-o kipll ·_+--���

/ Buckling 

2¼"'4 

1283/s" 
...._ _ _  � 

20" 20" I 

I I 
I 

22.2 kip/in. t I I I I t 

t t f tJ t 15.9 kip/in.

..-

247 kip-in.fin. . . 176 kip-in.fin . 

. 17.4 kip/if (-Et(( ( ( (6.28 kip/·+------�� 
..--

/ Post-Buckling / 

Fig. 5-42. Gusset-beam inte,face forces/beam loading-LRFD. 
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As shown in Figures 5-46 and 5-47, the beam has sufficient available flexural strength for 

both load cases. However, referring to Figure 5-44, the beam has insufficient available shear 

strength for the buckling load case. Upon review of Example 5.3.7, the beam has sufficient 

available shear and flexural strength for both load cases. The beam is sized during the frame 

design assuming that a single gusset is used at the top and bottom interfaces. It is important 

to recognize that choosing to use individual shaped flat bar gusset plates tends to be more 

demanding in regard to beam shear due to the relatively short gusset-beam interface lengths. 

This type of gusset connection should only be used when it is considered during frame 

design. However, this example is useful to demonstrate the analysis and design of such 

connections and will also illustrate the procedure for detailing beam web reinforcement. 

2¼" 
1283/s" I ,___�

1

�_2 _0· _· �,-Y _ _  2 _0· _· �,-�-----; 11283/s"

18.6 kip/in. t J J J J t

t�t t �tJ t 18.0 kip/in.

/ Buckling 

2¼" 
,� _ _  12_8 _3/s_,.r <----� � -2 _0'_' ��y�_ 2_ 0_"�,�-----> .,._112_8_1/'i_s" _ __,

14.8 kip/in.t t t t t t 
t·�t f �tJ t 1 0.5 kip/in.

1 64 kip-in.fin. 117 kip-in.fin. 
--·---·---*- 11.6 k1p/i{; t Gf(( ( ( �:17 kip/i . 

--:=�· 

..--

/ Post-Buckling / 

Fig. 5-43. Gusset-beam interface forces/beam loading-ASD. 
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Brace-to-Gusset Connections and Brace Net Section Reinforcement 

Although the type of gusset used for this example is different than the gusset used in 

Example 5.3.7, the brace-to-gusset connection and brace net section designs are not 

affected. The brace-to-gusset connection and brace reinforcement designs are presented in 

Example 5.3.7 and will not be repeated here. See Figure 5-25 for details regarding the brace

to-gusset connection and brace net section reinforcement. 

Beam Shear-Buckling 

LRFD 

Beam Length (in.) 

U) 100 

Beam Shear-Buckling 

ASD 

Cl. 50 6.50 
g. 0 1------� 

Beam Length (in.) 

Fig. 5-44. Beam shear for buckling case. 

NVF 

Method 

Interface 
Forces 

Available 

Strength 

Beam Shear-Post-Buckling 

LRFD 

Beam Shear-Post-Buckling 

ASD 

-

C: 

"6_ 20,000 

:.52 
18,000 

- 16,000 

..... 14,000 

C: 12,000 

(I) 10,000 

E 8,000 

0 6,000 

� 4,000 

2,000 

E 0 
(1l -2,000 
(I) -4,000 
a::i 

Beam Length (in.) 

100 
50 
0 42.5 

-50 
-100 

-150 
-200 254 
-250 

-300 318 
-350 
-400 '---------------------------------------------------------------------------------' 

omomomomomomomomomomo 
.-(')V©�rnoN(")m©rorn.-N7m�roo 

.- ..- ..- ..- ..- ..- .-N N N N N N (") 

Beam Length (in.) 

NVF 

Method 

Interface 
Forces 

Available 

Strength 

Fig. 5-45. Beam shear for post-buckling case. 

Beam Moment-Buckling 
-

Beam Moment-Buckling 

LRFD C: ASD 
·, 12,000 
Cl. 

g. 10,000 11,200 
16,800 

Interface 
..... 

8,000 
C: Interface 
(I) 

6,000 
E 
0 4,000 
� 

2,000 

E 0 
(1l 
(I) 

-2,000 
omomomomomomomomomomo a::i omomomomomomomomomomo 

.-M�©�rnONMm©rorn.-N�m�roo 
.-.-.-.-.-.-.-NNNNNNM 

.-M�©�rnONMm©rorn.-N�m�roo 
.-.-.-.-.-.-.-NNNNNNM 

Beam Length (in.) Beam Length (in.) 

Fig. 5-46. Beam moment for buckling case. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-246 BRACED FRAMES 

Top Brace-to-Beam Connection 

The required tensile strength of the connection is based upon R
y
F

y
A

g 
of the braces as stipu

lated in AISC Seismic Provisions Section F2.6c. l .  All limit states applicable to tension or 
compression in the brace must be checked. 

Check the gusset plate for buckling on the Whitmore section 

From Figure 5-39, the buckling length, lb, which is taken along the brace centerline 
(Dowswell, 2006), is 9 1/s in. The symmetrical Whitmore width, based on a 15-in. brace-to
gusset connection length as shown in Figure 5-25, is: 

wd = D+ 2ltan0 
= 6.000 in.+2(15 in.)tan9° 

= 10.8 in. 

Recommended values for the effective length factor, K, are given in Dowswell (2006). 
However, that paper does not address the case of a single gusset plate with the 2t clearance 
to accommodate brace buckling [called an "extended" gusset plate in Dowswell (2006)]. 
Therefore, in this case, use K = 1.2 from AISC Specification Commentary Table C-A-7.1, 
assuming that the gusset plate is fixed at one end and free to translate but not rotate at the 
other. With lb = L:

Le 1.2(9Vs in.)'112 
r ¾ in. 

=50.6 

From AISC Specification Section J4.4, when Lcf r > 25, AISC Specification Chapter E 
provisions apply. The available compressive strength is determined as follows, using AISC 
Manual Table 4-14 to determine the available critical stress: 

C 

Beam Moment-Post-Buckling 

LRFD 
"6.. 20,000 
:.52 18,000 

- 16,000 

......., 14,000 

C 12,000 
(]) 10,000 

E a,ooo 
0 6,000 

� 4,000 

E 
2,00� 

16,800 

C'il -2,000 
� -4,000 � -- - - - - - - - -� 
� o�o�o�o�o�o�o�o�o�o�o 

�M�©�m�������N�����g 

Beam Length (in.) 

C 

Beam Moment-Post-Buckling 

ASD 
"6.. 12,000 :===:;::;::::::::=================::::

g 10,000 
11,200 

c s.ooo 
(]) 

6,000 
E 
0 
� 
E 
C'il 
(]) 

4,000 

2,000 

Available Strength 
Interface 

Method 

Beam Length (in.) 

Fig. 5-47. Beam moment for post-buckling case. 
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LRFD ASD 

<\lcFcr = 37.3 ksi Fer 
= 24.8 ksi -

<\JcPn = <\lc.Fc-r A
g 

QC 

= (37.3 ksi)(¾ in.)(10.8 in.) P,, 
-

Fc,A
g 

-

-

= 302 kips> 228 kips o.k.
QC QC 

= (24.8 ksi)(¾ in.)(10.8 in.) 

= 201 kips> 152 kips o.k.

Check the gusset plate tor tension yielding on the Whitmore section 

The available tensile yield strength is determined from AISC Specification Section J4. l (a) 
as follows: 

Rn
= F

y
A

g 

= (50 ksi)(¾ in.)(10.8 in.) 

= 405 kips 

LRFD 

<\JRn = 0.90 ( 405 kips) 

= 365 kips> 312 kips o.k.

ASD 

Rn 405 kips 
-

-

1.67 
= 243 kips > 208 kips 

Check the gusset at the gusset-to-beam flange interface 

(Spec. Eq. J4-l )  

o.k.

The controlling forces due to compression in the brace (from the buckling case) are: 

LRFD ASD 

Vu - 161 kips Va 
- 107 kips-

Nu = 161 kips Na = 107 kips

Mu = 0 kip-in. Ma = 0 kip-in.

Because the moment on the interface is zero, the resultant force on the interface is simply 
the expected brace forces acting at an angle along the line of actions of the braces (45° in 
this case). 

The available shear strength in the gusset plate at the interface is determined from AISC 
Specification Section J4.2(a) as follows: 

Vn = 0.60F
y

A
g
v 

= 0.60(50 ksi)(¾ in.)(20 in.) 

= 450 kips 
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LRFD ASD 

<j>V,, = 1.00(450 kips) Vn -
450 kips 

-

Q 1.50 
= 450 kips> 1-161 kips I o.k. = 300 kips > 1-107 kipsl o.k.

The available tensile yield strength on the gusset plate at the interface is determined from 
AISC Specification Section 14.1 (a) as follows: 

R
11 

= F
y
A

g 

= (50 ksi)(¾ in.)(20 in.) 

= 750 kips 

LRFD 

<!>Rn = 0.90(750 kips) 

= 675 kips> 161 kips 

Size gusset-to-beam weld 

Rn

Q 

o.k.

(Spec. Eq. 14-1) 

ASD 

750 kips 
-

1.67 
= 449 kips > l 07 kips o.k.

As discussed, because there is no moment on the interface, the resultant load is the expected 
brace force acting along the line of action of the brace. The angle (45° in this case) is used 
in the directional strength increase of fillet welds according to AISC Specification Equation 
12-5 as follows:

µ = 1.0 + 0.50sinl.5 0

= 1.0 + 0.50sinl.5 45° 

= 1.30 

AISC Specification Section 12.4 allows an increase in the available strength of fillet welds 
when the angle of loading is not along the weld longitudinal axis, which is used in the fol
lowing calculation. 

The weld ductility factor, equal to 1.25, which is explained in AISC Manual Part 13, is 
applied here. Using AISC Manual Equations 8-2a and 8-2b, the number of sixteenths of 
fillet weld required is: 

LRFD 

<!>Rn = (1.392 kip/in.)Dl 

D . _ I.25Ru
req'd - 2(1.392 kip/in.)µ!

1.25(312 kips) 
--

2(1.392 kip/in.)(1.30)(20 in.) 

= 5.39 sixteenths 

ASD 

Rn = (0.928 kip/in.)Dl-

Q 

D _ l .25Ra 
req'd - ( 

) 2 0.928 kip/in. µl 

1.25 ( 208 kips) 
--

2(0.928 kip/in.)(1.30)(20 in.) 

= 5.39 sixteenths 
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Use double-sided ¾-in. fillet welds to connect the top gusset plates to the beam. 

Check beam web local yielding 

For a force applied at a distance from the end that is greater than the depth of the member , 
the available strength due to web local yielding is determined from AISC Specification

Section Jl0.2 as follows: 

Rn = Fywtw ( 5k +lb) 

= (50 ksi)(0.720 in.)[5(1.65 in.)+20 in.] 

= 1,020 kips 

LRFD 

<j)Rn = 1.00(1,020 kips) Rn -

= 1,020 kips > 221 kips o.k.

(Spec. Eq. Jl0-2) 

ASD 

1,020 kips 
-

1.50 
= 680 kips> 147 kips o.k.

Web local yielding applies to both tension and compression loads. Web local crippling 
applies only to the compression loads. 

Check beam web local crippling 

For a force applied greater than a distance of d/2 from the beam end, the available strength 
due to web local crippling is determined from AISC Specification Section Jl0.3 as follows: 

=0.80(0.720 in.)21+3( 20 in. j(0.?20 in.)15 

l22.1 in.Jl 1.15 in. ) 

(29,000 ksi)(50 ksi)(l.15 in.) 
( )X - - -�- -��- - J.0 

0.720 in. 
= 1,480 kips 

LRFD 

<j)Rn = 0.75(1,480 kips) Rn 1,480 kips 
-- -

2 

ASD 

= 1,110 kips> 161 kips o.k. = 740 kips> 107 kips 

(Spec. Eq. JI0-4) 

o.k.

This completes the design of the top brace to the beam. Figure 5-39 shows the configuration. 
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Bottom Brace-to-Beam Connection 

Check the gusset plate for buckling on the Whitmore section 

From Figure 5-39, the buckling length, h, which is taken along the brace centerline 
(Dowswell, 2006), is I0 1/i6 in. The symmetrical Whitmore width, based on a 26-in. brace
to-gusset connection length as shown in Figure 5-25, is: 

wd = D+ 2ltan0 

= 6.875 in.+ 2 (  26 in.)tan5° 

= 11.4 in. 

Recommended values for the effective length factor, K, are given in Dowswell (2006). 
However, that paper does not address the case of a single gusset plate with the 2t clear
ance to accommodate brace buckling [called an "extended" gusset in Dowswell (2006)]. 
Therefore, in this case, use K = 1.2 from AISC Specification Commentary Table C-A-7.1, 
assuming that the gusset plate is fixed at one end and free to translate but not rotate at the 
other. With h = L: 

r I¼ in. 
=33.5 

From AISC Specification Section J4, when LJr > 25, AISC Specification Chapter E pro
visions apply. The available compressive strength is determined as follows, using AISC 
Manual Table 4-14 to determine the available critical stress: 

<IJcFc-r = 41.5 ksi 

<IJcPn = <!JcFcrAg 

LRFD 

= (41.5 ksi)(l 1.4 in.)(l¼ in.) 

= 591 kips> 449 kips o.k.

Fc-r 

QC 

P
n 

QC 

ASD 

= 27.6 ksi 

-

FcrAg 
-

QC 

= ( 27.6 ksi)(l 1 .4 in.)(!¼ in.) 

= 393 kips> 299 kips o.k.

Check the gusset plate for tension yielding on the Whitmore section 

The available tensile yield strength is determined from AISC Specification Section J4. l(a) 
as follows: 

R
n

= FyAg 

= ( 50 ksi) ( 1 ¼ in.) ( 11.4 in.) 

= 713 kips 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(Spec. Eq. J4- l )  



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-251

LRFD ASD 

<!>Rn 
=0.90(713 kips) Rn -

713 kips 
-

Q 1.67 
= 642 kips > 560 kips o.k. = 427 kips> 373 kips o.k.

Check the gusset at the gusset-to-beam flange interface 

The controlling forces due to compression in the brace (from the buckling case) are: 

LRFD ASD 

Vu = -396 kips Va = -264 kips 

Nu = -396 kips Na = -264 kips 

Mu = 0 kip-in. Ma = 0 kip-in. 

Because the moment on the interface is zero, the resultant force on the interface is simply 
the expected brace forces acting at an angle along the line of actions of the braces (45° in 
this case). 

The available shear strength in the gusset plate at the interface is determined from AISC 
Specification Section 14.2(a) as follows: 

V,, = 0.60F
y
Agv 

= 0.60(50 ksi)( 1 ¼ in.)(20 in.) 

= 750 kips 

LRFD 

<l>Vn 
= 1.00(750 kips) 

= 750 kips> l-396 kips I o.k.

v,, 

(Spec. Eq. 14-3) 

ASD 

750 kips 
-

1.50 
= 500 kips > 1-264 kipsl o.k.

The available tensile yield strength on the gusset plate at the interface is determined from 
AISC Specification Section 14. l (a) as follows: 

R11 = F
y
Ag 

= (50 ksi)(l ¼ in.)(20 in.) 

= 1,250 kips 

LRFD 

<j>R11 = 0.90 (1,250 kips) 

= 1,130 kips> l-396 kipsl 

Rn 

Q 

o.k.

(Spec. Eq. 14-1) 

ASD 

1,250 kips 
-
-

1.67 
= 749 kips> 1-264 kipsl o.k.
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Size gusset-to-beam weld 

As discussed, because there is no moment on the interface, the resultant load is the expected 
brace force acting along the line of action of the brace. The angle (45° in this case) is used 
in the directional strength increase of fillet welds according to AISC Specification Equation 
J2-5 as follows: 

µ = 1.0 + 0.50sinl.5 0 
= 1.0 + 0.50sin l .5 45° 

=1.30 

AISC Specification Section J2.4 allows an increase in the available strength of fillet welds 
when the angle of loading is not along the weld longitudinal axis, which is used in the fol
lowing calculation. 

The weld ductility factor, equal to 1.25, which is explained in AISC Manual Part 13, is ap
plied here. Using AISC Manual Equations 8-2a and 8-2b, the number of sixteenths of fillet 
weld required is: 

LRFD 

cj)Rn = (1.392 kip/in.)Dl 

D _ l .25Ru 
req'd 

-

2(1.392 kip/in.)µ!
1.25 ( 560 kips) 

--

ASD 

Rn = (0.928 kip/in.)Dl-
Q 

Dre 'd = 1.25Ra 
q 2(0.928 kip/in.)µ! 

-
1.25(373 kips) 

-2(1.392 kip/in.)(1.30)(20 in.) 2(0.928 kip/in.)(1.30)(20 in.) 
= 9.67 sixteenths = 9.66 sixteenths 

Use double-sided 1/8-in. fillet welds to connect the bottom gusset plates to the beam. 

Check beam web local yielding 

For a force applied at a distance from the end that is greater than the depth of the member, 
the available strength due to web local yielding is determined from AISC Specification

Section J l0.2 as follows: 

Rn = Fywfw ( 5k +lb) 

= ( 50 ksi)( 0.720 in.)[ 5(1.65 in.)+ 20 in.] 

= 1,020 kips 

LRFD 

cj)Rn = 1.00(1,020 kips) Rn

Q 

= 1,020 kips > 1-396 kips! o.k.

(Spec. Eq. J l0-2) 

ASD 

1,020 kips 
--

1.50 
= 680 kips> 1-264 kips! o.k.
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Web local yielding applies to both tension and compression loads. Web local crippling ap
plies only to the compression loads. 

Check beam web local crippling 

For a force applied greater than a distance of d/2 from the beam end: 

Rn = 0.80t; 1 + 3( � )[ :; r
-5 

X 

= 1, 480 kips 

LRFD 

<j)Rn = 0.75(1,480 kips) 
= 1,110 kips > 317 kips o.k.

0.720 in. 
1 .  15  in .

. o)

Rn 

ASD 

1,480 kips 
2 

= 740 kips> 211 kips 

(Spec. Eq. JI0-4) 

o.k.

This completes the design of the bottom brace to the beam. Figure 5-39 shows the final 
configuration. 

Beam Web Available Shear Strength 

As shown in Figure 5-44, the beam has insufficient beam shear strength for the buckling 
load case; therefore, web reinforcement (a web doubler plate) is required. Referring to 
Figure 5-44, the maximum beam shear occurs at the edges of the gusset plates centering 
on the work point. To find the extent over the portion of the beam for which beam shear is 
exceeded, equations will be written to describe the beam shear distribution along the length 
of the beam. These equations will be set equal to the available beam strength to determine 
the values of xi and x2 (as defined in the following). 

Referring to Figure 5-48, an equation to describe the beam shear distribution over the left 
gusset interface is: 

v(x1) = R1 + W]X]

X] 
V(x1)-R1 

WJ 

where x1 varies from O to L
g
. In this case, x1 varies from O in. to 20 in. 

Available beam shear is exceeded to the left of the work point at a location of x1 equal to 
(refer to Figures 5-42, 5-43 and 5-44): 
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LRFD ASD 

v(xi) Ri v(xi) Ri
X] = XJ = 

WJ W] 

-477 kips 9.50 kips -318 kips -6.50 kips
- -- -

-27.9 kip/in. 18.6 kip/in. 
= 17.4 in. = 17.4 in. 

From the left end of the beam, this value is: From the left end of the beam, this value is: 

X1 = 1281/s in.+ 17.4 in. X1 = 1281/s in.+ 17.4 in. 
= 146 in. = 146 in. 

Referring to Figure 5-49, an equation to describe the beam shear distribution over the right 
gusset interface is: 

v(x2) 

Xz 

= Ri + Wt Lg+ W2X2

V(x2)-R1 -w1Lg
W2 

where x2 varies from O to Lg. In this case, x2 varies from O in. to 20 in. 

Available beam shear strength is exceeded to the right of the work point at a location of x2 
equal to: 

12sw· �I 
,_________,. �· II For clarity, only 

transverse loads W1 rTT•
are shown � 

/ 

t======/:;::l 

/ 
Fig. 5-48. Free-body diagram of beam loading over X1 region. 
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LRFD ASD 

v(x2) R1 w1 Lg v(x2) R1 w1Lg
X2 = X2 = 

W2 W2
-477 kips 9.50 kips 1 -318 kips 6.50 kips 1 

- -- -

-(-27.9 kip/in.)(20 in.) 27.0 kip/in. -(-18.6 kip/in.)(20 in.) 18.0 kip/in. 

= 2.65 in. = 2.64 in. 

From the left end of the beam, this value is: From the left end of the beam, this value is: 

X2 = 128½ in.+ 20 in.+ 2¼ in.+ 2.65 in. X2 = 128½ in.+ 20 in.+ 2¼ in.+ 2.64 in. 
= 154 in. = 154 in. 

Note that, because the top and bottom interfaces were chosen to be the same length and 
horizontally aligned, the equations derived to describe the beam shear distribution are 
relatively simple. When these interfaces are not aligned, care must be taken when writing 
these equations. 

Provide beam web reinforcement (web doubler plate) over a region of the beam that is 4 in. 
to the left and right of the work point. To simplify the placement, a l 0-in.-square web doubler 
plate will be provided. 

"' 

For clarity, only 

transverse loads 

are shown 

-

. 

/ 

/ 

; 

/ / 

T: 
"""""""""" ... 

/ ' 
' 

Fig. 5-49. Free-body diagram of beam loading over X2 region. 
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Based on shear yielding and AISC Specification Section 14.2, the plate thickness required 
is determined as follows: 

Vn = 0.60FyAgv 

= 0.60(50 ksi)( td )(10 in.) 

= 300(1 kips 

LRFD 

<j)Vn = I.00(300td kips) 

= 300td kips 

The required doubler plate shear strength is: 

Vu = 548 kips - 477 kips 
= 71.0 kips 

Setting the available strength equal to the 
required strength and solving for td: 

71.0 kips 
td = 

300 kip/in. 
= 0.237 in. 

(Spec. Eq. 14-3) 

ASD 

Vn 300td kips 
--

1.50 
= 200td kips 

The required doubler plate shear strength is: 

Va
= 365 kips 318 kips 
= 47.0 kips 

Setting the available strength equal to the 
required strength and solving for td: 

47.0 kips 
td = 

200 kip/in. 
= 0.235 in. 

Use a PL % in. x 10 in. x 10 in. for the doubler plate. 

Using the instantaneous center of rotation method of AISC Manual Part 8, use Table 8-8 
with Angle = 0° to determine the size of the doubler plate-to-beam weld. For a channel
shaped weld on half of the doubler plate, the geometric variables are: 

l =lOin. 
kl = 5 in. 

k = (5 in.)/(10 in.) 

= 0.500 

xl = 0.125(10 in.) 

= 1.25 in. 
ex = al 

= 5 in. 1.25 in. 
= 3.75 in. 

a = (3.75 in.)/(10 in.) 

= 0.375 

By interpolation, AISC Manual Table 8-8 with Angle = 0° gives: 

C = 3.35 
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From AISC Manual Table 8-3, C i = 1.00. The fillet weld size required is: 

D . _ _Ji_ nun -
<pCCil 

--

LRFD 

71.0 kips 
0.75(3.35)(1.00)(10 in.) 

= 2.83 sixteenths 

D . - QVa
nun - CC1l 

ASD 

2.00(47.0 kips) 
--

3.35(1.00)(10 in.) 
= 2.81 sixteenths 
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The minimum weld size required from Table J2.4 based on the thinner part joined is 3/16 in. 

Use a PL% in. x 10 in. x 10 in., with ¼-in. fillet welds. 

The complete connection design is shown in Figure 5-39. 

Comment: 

The length used to determine the expected compressive strength of the braces framing into 
Joint JT-1 in Example 5.3.2 was 12 ft. This length should be verified once the connection 
design is complete, taking into account the pull-off dimensions. For the braces framing into 
Joint JT-1, the work point-to-work point brace length with a 12.5-ft story height and a 25-ft 
bay as shown in Figure 5-15 is: 

L = �(12.5 ft )2 + (25 ft/2 )2

= 17.7 ft 

From Figure 5-39, the pull-off dimension at the bottom of the top braces is 2411/16 in. For 
the top of the top braces, assuming a similar configuration to Figure 5-50, the pull-off dimen
sion is 33½ in. Thus, the actual unbraced length of the brace is: 

L = 17.7 ft (33½ in.+241½6 in.)(1 ft/12 in.) 
= 12.9 ft 

From Figure 5-39, the pull-off dimension at the top of the bottom braces is 25¾ in. From 
Figure 5-50, the pull-off dimension at the bottom of the bottom braces is 321/s in. Thus, the 
actual unbraced length of the brace is: 

L = 17.7 ft (25¾ in.+321/s in.)(1 ft/12 in.) 
=12.9 ft 

Therefore, the length of 12 ft used for the determination of the expected compressive 
strength of the brace is adequate because it does not exceed the actual length from brace 
end-to-brace end as required by AISC Seismic Provisions Section F2.3. 

Note that this example provides one procedure for designing this type of bracing connec
tion. Any method that satisfies equilibrium and the applicable limit states is an acceptable 
method. 
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column 

Note: Group A, thread condition X 
bolts are to be pretensioned 
with slip-critical faying surfaces. 

BRACED FRAMES 

Flat Bar 1 ¼x 1 ¼" 
(A572 Gr. 50) 
(1-NS, 1-FS) 

W24x84 
beam 

--3/a" dia. Group A, 
thread condition X 
bolts in std. holes 

· �- Flat Bar 1 ½x 1 
(A572 Gr. 50) 
(1-NS, 1-FS) 

HSS7.500x0.500 

Fig. 5-50. Geometry and completed design for Example 5.3.9. 
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Example 5.3.9. SCBF Brace-to-Beam/Column 

Connection Design 

Given: 

5-259

Refer to Joint JT-2 at Level 3 in Figure 5-15. Design the connection between braces, beam 
and column using splices in the beam away from the gusset plates. The brace is designed 
to buckle out-of-plane. Use ASTM A572 Grade 50 welded gusset plates concentric to the 
braces and 70-ksi electrodes to connect the braces to the gusset plates and the gusset plates 
to the beam and column. As designed in previous examples, the braces are ASTM A500 
Grade C round HSS sections, the column is an ASTM A913 Grade 65 W12x106, and the 
beam is an ASTM A992 W24x84. The brace reinforcing bars are ASTM A572 Grade 50 
material. As noted in Example 5.3.5, this connection uses ASTM A572 Grade 50 splices in 
the beam away from the connection. ASTM A992 W24 x 146 beam stubs are used at the 
beam ends to meet the high shear demand from the braces over the connection. Use Group 
A bolts with threads excluded from the shear plane (thread condition X) and 70-ksi weld 
electrodes. The applicable building code specifies the use of ASCE/SEI 7 for calculation of 
loads. The shears and moments on the beam due to gravity are: 

VD = 11.2 kips VL = 8.50 kips MD = 120 kip-ft ML =100 kip-ft 

The relevant seismic parameters are given in the SCBF Design Example Plan and Elevation 
section. 

Solution: 

This connection design uses splices in the beam to provide a simple beam-to-column con
nection satisfying AISC Seismic Provisions Section F2.6b(a). 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTM A572 Grade 50 
F

y 
= 50 ksi 

Fu = 65 ksi 

ASTM A500 Grade C (round) 
F

y 
= 46 ksi 

Fu = 62 ksi 

ASTM A913 Grade 65 
F

y 
= 65 ksi 

Fu = 80 ksi 

ASTM A992 
F

y 
= 50 ksi 

Fu = 65 ksi 

From AISC Manual Tables 1-1 and 1-13, the geometric properties are as follows: 

Brace (above the beam) 
HSS6.875 x 0.500 
A= 9.36 in.2 D = 6.875 in. fdes = 0.465 in. r = 2.27 in. 
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Brace (below the beam) 
HSS7.500x0.500 
A= 10.3 in.2 

Beam 
W24x84 

D = 7.500 in. 

d = 24.l in. tw = 0.470 in. 

Beam stub 
W24x146 
A = 43.0 in.2 d = 24.7 in. 
kdes = 1.59 in. T = 20 in. 

Column 
W12x106 
d = 12.9 in. lw = 0.610 in. 

!Jes = 0.465 in. r = 2.49 in. 

ff= 0.770 in. kdes = 1.27 in. 

lw = 0.650 in. ff= 1.09 in. 
ry = 3.01 in. 

ff= 0.990 in. kdes = 1.59 in. 

The complete connection design is shown in Figure 5-50. The connection geometry and 
member forces are as shown in Figures 5-51 and 5-52. These were determined in Examples 
5.3.2 and 5.3.5. 

See the discussion under "Solution" in Example 5.3.8 for a discussion of the analysis forces 
required by the AISC Seismic Provisions and of the LRFD and ASD approaches. 

In Example 5.3.8, there were two braces above the beam and two braces below, so the direc
tion of loading did not affect the connection design. In this corner connection, because the 
braces above and below the beam are not the same size, the direction of loading affects the 
amount of force that must be considered in the connection design. Two design cases will 
be considered. 

(a) LRFD

560 kips 
(tension) 

/ 

524 kips 
(compression) 

31.1 kills 

373 kips 
(tension) 

/ 

Va
= 12.8 kips 

-" ·lf----H-+ ... ! 48.1 kips

(b) ASD

349 kips 
(compression) 

Fig. 5-51. Required strength of brace connections according to 

AISC Seismic Provisions Section F2.3( a) for Design Case I.
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AISC Seismic Provisions Sections F2.3(a) and F2.3(b) define the two mechanism analyses 

that must be considered in determining the required strength of beams, columns and con

nections. AISC Seismic Provisions Section F2.6c specifies the required strength of brace 

connections. 

For this SCBF connection example, the requirements of AISC Seismic Provisions Section 

F2.3 will be used for both LRFD and ASD.

Determine the expected tensile strength of the HSS6.875 x0.500 

brace above the beam 

From Example 5.3.2, the required strength of the brace connection when the brace is in ten

sion, based on the expected strength, is: 

LRFD ASD 

Pu
= 

560 kips 
Pc, = 

560 kips

as as 

-

560 kips 
-

560 kips 
-

-

1.0 1.5 

= 560 kips = 373 kips 

Determine the expected compressive strength of the HSS6.875 x0.500 

brace above the beam 

From Example 5.3.2, the required strength of the brace connection when the brace is in 

compression, based on the expected strength, is: 

27.6 kips 

(a) LRFD

560 kips 
(tension) 

/ 

157 kips 
(compression) 

18.8 kips 

(b) ASD

373 kips 
(tension) 

/ 

Va = 12.8 kips 

! 
219kips 

105 kips 
(compression) 

Fig. 5-52. Required strength of brace connections according to 

A/SC Seismic Provisions Section F2.3(b)for Design Case I. 
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LRFD 

Pu= 
449 kips

Pa
=

449 kips 

a,,· a, 

-

449 kips 
-

449 kips 
-

-

1.0 1.5 
= 449 kips = 299 kips 

Determine the post-buckling compressive strength of the 

HSS6.875 x0.500 brace above the beam 

BRACED FRAMES 

ASD 

From Example 5.3.2, the required strength of the brace connection when the brace is in 
compression, based on post-buckling strength, is: 

LRFD 

Pu= 
135 kips

a, 

135 kips 
-

-

1.0 
= 135 kips 

Pa
= 

135 kips 

a, 

135 kips 
-

-

1.5 
= 90.0 kips 

ASD 

Determine the expected tensile strength of the HSS7.500 x0.500 

brace below the beam 

From Example 5.3.2, the required strength of the brace connection when the brace is in ten
sion, based on the expected strength, is: 

LRFD ASD 

Pu= 
616 kips

Pa
= 

616 kips 

a, as

616 kips 
-

616 kips 
-

-
-

1.0 1.5 
= 616 kips =411 kips 

Determine the expected compressive strength of the HSS7.500 x0.500 

brace below the beam 

From Example 5.3.2, the required strength of the brace connection when the brace is in 
compress10n 1s: 
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LRFD 

Pu
= 

524 kips 
Pa =

524 kips 
Cls Cls 

524 kips 524 kips 
-

-

1.0 1.5 
524 kips = 349 kips 

Determine the post-buckling compressive strength of the 

HSS7.500 x0.500 brace below the beam 
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ASD 

From Example 5.3. 2 ,  the required strength of the brace connection when the brace is in 
compression, based on post-buckling strength, is: 

LRFD 

Pu 

157 kips 
Cl s  

157 kips 
-

-

1.0 
157 kips 

Pa = 
157 kips 

a, 

157 kips 
-

-

1.5 
= 105 kips 

ASD 

Determine the required axial strength of the beam based on 

A/SC Seismic Provisions Section F2.3(a) 

From AISC Seismic Provisions Section F2.3(a), the required axial strength of the beam is 
based on the braces at their expected strengths in tension and compression. To determine 
the required axial force on the beam, the horizontal component of the difference between 
the sum of the expected strengths of the braces below the beam and the sum of the expected 
strengths of the braces above the beam can be thought of as a "story force." The story force 
for the analysis in AISC Seismic Provisions Section F2.3(a), with tension and compression 
braces at their expected strengths, is: 

LRFD ASD 

Px =
I ( Forces below beam) 

sin45° 

Px =

I(Forces below beam) 
sin45° 

-I ( Forces above beam) -I ( Forces above beam)

(524 kips+616 kips) 
sin45° 

( 349 kips+ 411 kips)
sin 45° 

- -

- -

-(560 kips+449 kips) -(373 kips+299 kips)

= 9 2.6 kips = 6 2. 2  kips 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-264 BRACED FRAMES 

LRFD ASD 

Because the braced frame is in the middle Because the braced frame is in the middle 
bay of a three-bay building, half of this bay of a three-bay building, half of this 
story force enters the braced bay from story force enters the braced bay from 
each side. each side. 

P,, = (92.6 kips )/2 Pa = (62.2 kips)/2 

= 46.3 kips = 31. l kips 

Determine the required axial strength of the beam based on 

A/SC Seismic Provisions Section F2.3(b)

From AISC Seismic Provisions Section F2.3(b), the required axial strength of the beam is 
based on the braces at their expected strengths in tension and post-buckling strengths in 
compression. To determine the required axial force on the beam, the horizontal component 
of the difference between the sum of the expected strengths of the braces below the beam 
and the sum of the expected strengths of the braces above the beam can be thought of as a 
"story force." The story force for the analysis in AISC Seismic Provisions Section F2.3(b), 
with tension braces at their expected strengths and compression braces at their post-buckling 
strengths, is: 

LRFD 

I.(Forces below beam) . 
0 Px = sm45 

-I, ( Forces above beam)

(157 kips+616 kips) 
sin45° 

-( 560 kips+ 135 kips) 

= 55.2 kips 

Because the braced frame is in the middle 
bay of a three-bay building, half of this 
story force enters the braced bay from 
each side. 

Pu = (55.2 kips)/2 

= 27.6 kips 

ASD 

I.(Forces below beam) 
Px =

sin45° 

-I, ( Forces above beam)

(105 kips+41 l kips) 
sin 45° 

-(373 kips+90.0 kips) 

= 37.5 kips 

Because the braced frame is in the middle 
bay of a three-bay building, half of this 
story force enters the braced bay from 
each side. 

Pa = (37.5 kips)/2 

= 18.8 kips 

From Example 5.3.5, the required axial strength of the beam is: 

LRFD ASD 

Determine the required shear strength of the beam 

There is no shear in the beam due to seismic loads. From Example 5.3.5, the required shear 
strength of the beam due to gravity loads is: 
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I V" � 19.9 bps 
LRFD ASD 

Design Case I 

Design Case I, shown in Figure 5-51, consists of brace strengths that correspond to lateral 

forces applied in the positive x-direction. The braces forces above and below the beam 

must be considered simultaneously, including the expected strength in tension, the expected 

strength in compression, and the post-buckling compressive strength. 

The two sets of forces to be considered in Design Case I are shown in Figures 5-51 and 5-52. 

Design Case II 

Design Case II shows brace strengths corresponding to lateral forces applied in the negative 

x-direction. The brace above the beam is at its expected strength (or post-buckling strength)

in compression, and the brace below the beam is at its expected strength in tension. These

forces must be considered simultaneously.

The two sets of forces to be considered in Design Case II are shown in Figures 5-53 and 

5-54 (also see Figures 5-21 and 5-22 of Example 5.3.5).

Main Member Design Considerations 

Considering Design Cases I and II, the total maximum vertical shear is the sum of the verti

cal components of the expected strength of the braces above and below the beam. 

46.3 kips 

449 kips 
(compression) 

/ 

Vu
= 19.9 kips 

1�__.�-1! 71.8 kips

(a) LRFD

616 kips 
(tension) 

31.1 kips 

299 kips 
(compression) 

/ 

Va
= 12.8 kips 

1,._-..a;al..l-l! 
48.1 kips

411 kips 
(tension) 

(b) ASD

Fig. 5-53. Required strength of brace connections according to 

AISC Seismic Provisions Section F2.3(a)for Design Case II.
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For Design Case I, this shear is: 

LRFD ASD 

Vu
= (56 0 kips+524 kips)cos45° Va

= (373 kips+349 kips)cos45° 

= 767 kips = 511 kips 

For Design Case II, this shear is: 

LRFD ASD 

Vu =[-449kips+(- 6 16 kips)]cos45° Va =[-2 99kips+(-411 kips)]cos45° 

= -753 kips = - 502 kips 

Design Case I controls. In the usual computer or manual analysis of this design problem, 
where all members intersect at a common gravity axis work point, the beam does not par
ticipate in the carrying of this shear and is designed for gravity loads and the axial load due 
to the mechanism analysis required by AISC Seismic Provisions Section F2.3 . In reality, 
however, the beam participates with the gusset plates as the principal carrier of the shear 
due to the brace force vertical components. The total vertical shear in this case is 767 kips 
(LRFD) and 511 kips (ASD). As a "rule of thumb," the beam should be able to carry one
half or more of this shear, plus the specified shear due to gravity, to avoid the need for 
doubler plates. The chosen W24x84 beam, with an available shear strength of 340 kips 
(LRFD) and 227 kips (ASD) from AISC Manual Table 6-2, will require doubler plates. 

27.6 kips 

135 kips 
(compression) 

/ 

Vu = 19.9 kips 

1,,___.,�! 
313 kips

(a) LRFD

616 kips 
(tension) 

18.8 kips 

90.0 kips 
(compression) 

/ 

Va
= 12.8 kips 

1,,_--=,=-1! 
219 kips

411 kips 
(tension) 

(b) ASD

Fig. 5-54. Required strength of brace connections according to 

AISC Seismic Provisions Section F2.3(b)for Design Case II.
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To avoid the use of doubler plates, use a W24 x 146. This is an increase in weight of 
(146 lb/ft 84 lb/ft)(25 ft)= 1,550 lb. 

Alternatively, the beam stubs shown in Figure 5-50 can use the heavier W24 x 146 section, 
and the original W24 x 84 can be used between the splices. As yet another possibility, a con
tinuous plate can be used in lieu of the W24 x 146 stub, and the W24 x 84 can be connected 
to this plate. This option is shown in Figure 5-60 as an illustration, without calculations. The 
option using the W24 x 146 and the W24 x 84 infill piece will be used here. 

Gusset Plate Design 

The design approach used here will follow that of Example 5.3.7, with single-pass, ¼-in. 
field welds between the brace and the gusset. According to AISC Specification Table J2.4, 
the minimum required weld size is 1/16 in. based on the 0.465-in. thickness of the brace. 

The weld length required is determined using AISC Manual Equations 8-2a and 8-2b. For 
the top gusset, the maximum force is 560 kips (LRFD) and 373 kips (ASD), thus: 

LRFD ASD 

<\JRn = (1.392 kip/in.)Dl Rn = (0.928 kip/in.)Dl 
Q 

l - Pu 
Pa -

4(1.392 kip/in.)D l -
-

4(0.928 kip/in.)D 
-

560 kips 373 kips -

4 ( 1.392 kip/in.) ( 4 sixteenths) 
-

4(0.928 kip/in.)(4 sixteenths) 
= 25.1 in. = 25.1 in. 

Use four 26-in.-long ¼-in. fillet welds to connect the brace above the beam to the gusset 
plate. 

For the bottom gusset, the maximum force is 616 kips (LRFD) and 411 kips (ASD) and the 
required weld length is: 

LRFD ASD 

l= 
Pu 

l= 
Pa 

4 (1.392 kip/in.) D 4(0.928 kip/in.)D 

-
l-616 kipsl

-
1-411 kipsl

- -

4(1.392 kip/in.)( 4 sixteenths) 4(0.928 kip/in.)(4 sixteenths) 
= 27.7 in. = 27.7 in. 

Use four 28-in.-long ¼-in. fillet welds to connect the brace below the beam to the gusset 
plate. 
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Determine the minimum length, I, required for the 
brace-to-gusset lap 

BRACED FRAMES 

The limit state of shear rupture in the brace wall is used to determine the minimum brace
to-gusset lap length. Note that the expected brace rupture strength, R1Fu, may be used in 
the determination of the available strength according to the User Note in AISC Seismic 
Provisions Section A3.2. 

Using AISC Specification Section 14.2, including R1 from AISC Seismic Provisions Table 
A3. l :  

R1
= 1.2

Rn = 0.60RrFuAnv (Spec. Eq. 14-4) 

In this equation, A11v is taken as the cross-sectional area of the four walls of the brace, 
Anv = 4ltdes· Therefore: 

R
11 

= 0.60R1Fu ( 4ltdes) 

= 0.60(1.2)(62 ksi)(4)(0.465 in.) l 

= (83.0 kip/in.) l 

Solving for the minimum lap length, l, for the brace above the beam: 

LRFD ASD 

l = 
P,, l = 

Q.Pa

$(0.60)R1Fu ( 4tdes) 0.60R1Fu ( 4tdes) 

-
560 kips 2.00(373 kips) 

- -

0.75(83.0 kip/in.) 
-

83.0 kip/in. 
= 9.00 in. = 8.99 in. 

The 26-in. length required for the ¼-in. fillet welds controls. 

Solving for the minimum lap length, l, for the brace below the beam: 

LRFD ASD 

l = 
Pu l = 

Q.Pa

$(0.60)R1Fu ( 4tdes) 0.60R1Fu ( 4tdes) 

-
l-616 kipsl 2.00l-411 kipsl 

- -

0.75(83.0 kip/in.) 83.0 kip/in. 

= 9.90 in. = 9.90 in. 

The 28-in. length required for the ¼-in. fillet welds controls. 
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Check that the brace connection can accommodate brace buckling 

according to A/SC Seismic Provisions Section F2.6c.3 

5-269

The requirements of AISC Seismic Provisions Section F2.6c.3 are met through the use 

of option (b)-rotation capacity. As explained in the User Note of that section and in the 

Commentary Figure C-F2.19, accommodation of inelastic rotation is accomplished with the 

brace terminating before the line of restraint. Figure 5-55 shows the 2t clearance beyond 

the end of the brace. 

The choice of a relatively small Whitmore section results in a tapered gusset, which is bene

ficial because it allows the brace to be located closer to the beam while still accommodating 

brace rotation by providing a 2t clearance according to AISC Seismic Provisions Section 

F2.6c.3 and Commentary. 

Determine gusset plate thickness for the limit state of tensile yielding 

on the Whitmore section 

To keep the gussets compact, choose an angle qi as shown in Figure 5-55, of 20°. Example 

5.3.8 used smaller angles, but in this example, a smaller angle will result in shorter gusset 

interfaces and larger welds and may result in concentrated forces that cause yielding or crip

pling in the beam and column. 

Ct. column 

B 

Face of 
column flange 

zone 

<i_ brace 

Face of beam flange 

�beam 

Note: Maximum cp for determining 
Whitmore section is 30° . 

Fig. 5-55. Geometry of gusset to accommodate bending zone. 
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With qi = 20°, the gusset thickness can be estimated. 

For the top brace, the width of the gusset at the Whitmore section is: 

w 
P 

= D + 2l tan 0 

= 6.875 in.+ 2( 26 in.)tan 20° 

= 25.8 in. 

BRACED FRAMES 

The available strength of the gusset plate based on the limit state of tensile yielding is: 

Rn = F
y
Ag 

= (so ksi)(¾ in.)(25.8 in.) 

= 968 kips 

LRFD 

<\JRn = 0.90 ( 968 kips) 

= 871 kips> 560 kips o.k.

Rn 

(Spec. Eq. J4-l) 

ASD 

968 kips 
-

1.67 
= 580 kips > 373 kips o.k.

For the brace below the beam, the width of the gusset on the Whitmore section is: 

w 
P 

= D + 2! tan 0 

= 7.500 in.+ 2( 28 in.) tan 20° 

= 27.9 in. 

The available strength of the gusset plate based on the limit state of tensile yielding is: 

Rn = FyAg 

= (so ksi)(¾ in.)(27.9 in.) 

= 1,050 kips 

LRFD 

<\JRn = 0.90(1,050 kips) 

= 945 kips> l-616 kips! 

Rn

o.k.

Check block shear rupture of the gusset plate 

(Spec. Eq. J4-l) 

ASD 

1,050 kips 
-
-

1.67 
= 629 kips> 1-411 kips! o.k.

The nominal strength for the limit state of block shear rupture relative to the axial load on 
the gusset plate above the beam is: 

(Spec. Eq. J4-5) 
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where 
Agv = ( 2 planes )lt

p 

= (2 planes)(26 in.)(¾ in.) 

= 39.0 in.2

Ant = Dt
p 

= (6.875 in.)(¾ in.) 

=5.16 in.2

Anv = ( 2 planes )lt P 
= (2 planes)(26 in.)(¾ in.) 

= 39.0 in.2

Ubs = l .O 

and 
R,, = 0.60(65 ksi)(39.0 in.2)+1.0(65 ksi)(5.16 in.2)

:s; 0.60(50 ksi)(39.0 in.2)+1.0(65 ksi)(5.I6 in.2)

= 1 ,860 kips> 1 ,510 kips 

Therefore: 
Rn

= 1,510 kips 

LRFD 

<!>Rn
= 0.75(1,510 kips) Rn 1,510 kips 

2.00 

ASD 

= 1,130 kips> 560 kips o.k. = 755 kips> 373 kips 

5-271

o.k.

The nominal strength for the limit state of block shear rupture relative to the axial load on 
the gusset plate below the beam is: 

Rn = 0.60FuAnv + UbsFuAnt :5:: 0.60FyAgv + UbsFuAnt 

where 
Agv = ( 2 planes )lt 

P 

= (2 planes)(28 in.)(¾ in.) 

= 42.0 in.2 

Ant = Dt
P 

= (7.500 in.)(¾ in.) 

= 5.63 in.2 

Anv = (2 planes)lt
p 

= (2 planes)(28 in.)(¾ in.) 

= 42.0 in.2

Ubs = 1.0 
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and

Rn = 0.60( 65 ksi)( 42.0 in.2) + 1.0( 65 ksi)( 5.63 in.2)

:S: 0.60( 50 ksi )( 42.0 in.2) + 1 .0( 65 ksi)( 5.63 in.2)
= 2,000 kips > 1 ,630 kips

Therefore:

Rn
= 1,630 kips

LRFD 

<j)R11 
= 0.75(1,630 kips) Rn 1,630 kips

2.00

BRACED FRAMES 

ASD 

= 1,220 kips> l-616 kips! o.k. = 815 kips> l-4ll kips! o.k.

Determine gusset geometry 
From Figure 5-55, the gusset geometry can be determined as follows:

l +atane
cose 
d 

a = -+ (z
w 

+ 2t) tan <j)
2 

a LA = - -+eh tane-ec cose 

ls = (l+lw +2t)cose+ d sine-eh
2 

-[(l + lw + 2t )sine-� cose-ec ]tan(90° e <j))

For the gusset above the beam:
The width of the gusset edge, d, is 2 in. wider than the brace diameter to allow clearance
between the HSS and the gusset corner, i.e., l in. on each side of the HSS. 

d = 6.875 in.+ 2 in.
= 8.88 in.

24.7 in.eh = 

2 
= 12.4 in.

12.9 in.
2

= 6.45 in.
e =45° 

<j) = 20° 
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AISC Seismic Provisions Section F2.6c.3 requires that the brace connection accommodate
the flexural forces or rotation imposed by brace buckling. This can be achieved either by
option (a), designing the connection to have an available flexural strength of the expected
brace flexural strength, R

y
M

p
, multiplied by 1 .  1/a,, or option (b ), providing rotation capacity

to accommodate the required rotation. This brace configuration satisfies option (b) as it
provides rotation capacity by providing the minimum 2t offset distance recommended in
AISC Seismic Provisions Commentary Section F2.6c.3. Using a ¾-in.-thick gusset plate,
2t = 2(¾ in.)= 1 .50 in. , but use 2.50 in. to allow for a possible gusset thickness increase as
the calculations proceed and also to account for field tolerances. With lw = 26 in.: 

d
a =-+(zw+2t)tan<J)

2 
8.88 in. (26 . . ) 200=---+ m.+2.50 m. tan 

2 
= 14.8 in.

L =�+atan0
cos0 

=12.4 in. (14 8.) 450- --+ . m. tan 
cos45° 

= 32.3 in. Use L = 2 ft 83/s in.
a LA = - -+eh tan0-ec cos0 

= -14-·8_in_. + (12.4 in.)tan 45° 

cos45° 

= 26.9 in. Use LA = 2 ft 3 in.

6.45 in.

Ls = ( L + lw + 2t) cos 0 + d sin 0 eh
2 

[(L+lw +2t)sin0 � cos0 ec ]tan(90° 0 <Jl)

= (32.3 in.+26 in.+2.50 in.)cos45° +(
8·8� in.

)sin45°-12.4 in.

- (32.3 in.+ 26 in.+ 2.50 in.)sin45° -( 
8·8� in. 

)cos45° - 6.45 in.

X tan(90°-45° -20°)
= 18.2 in. Use Ls = I ft 6 1/4 in.

lb = a tan 0 + 2t
= ( 14.8 in.) tan 45° + 2.50 in.
= 17.3 in.
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For the bottom gusset: 
d = 7.500 in.+ 2 in. 

= 9.50 in. 
lw= 28 in. 
2t= 2.50 in. 

d 
a = -+(l

w 
+2t)tan<j>

2 

= 
9·50 in. +(28 in.+2.50 in.)tan 20° 

2 

= 15.9 in. 

L = eh +atan0
cos0 
12.4 in. (15 9 . ) 450 = ---+ . m. tan 
cos45° 

= 33.4 in. Use L = 2 ft 9½ in. 
a LA

= +eb tan0 ec cos0 

= 
15·9 in. +(12.4 in.)tan45°-6.45 in.
cos45° 

= 28.4 in. Use LA = 2 ft 4 ½  in. 

Ls = ( L + lw + 2t) cos 0 + d sin 0 -e1, 
2 

-[(L+l
w 

+2t)sin0-� cos0-ec]tan(90°-0-<J>)

BRACED FRAMES 

= (33.4 in.+ 28 in.+ 2.50 in.)cos45° + ( 
9·5� in. 

)sin45° 12.4 in. 

[( 33.4 in.+28 in.+2.50 in.)sin45° 

(
9·5� in.

)cos45° 6.45 in.] 

X tan(90° 45° 20°) 
= 19.6 in. Use Ls

= 1 ft 7¾ in. 
lb = a tan 0 + 2t 

= (15.9 in.)tan45° + 2.50 in. 
= 1 8.4 in. 

This completes the gusset geometry, and the basic gusset geometry of Figure 5-50 can be 
generated. 
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Top Brace-to-Gusset Connection 

The design of the bottom brace-to-gusset connection in Example 5.3.7 is very similar. The 
gusset plate is ¾ in. thick both in that example and in this example. For the limit state of 
tensile rupture of the brace, the check in Example 5.3. 7 is adequate and need not be repeated 
here. 

Check the top gusset plate for buckling on the Whitmore section 

Because the gusset geometry is different from the gusset in Example 5.3.7, gusset plate 
buckling must be investigated. Determine the available compressive strength using an effec
tive length factor, K = 0.6, for the extended corner gusset, from Dowswell (2006). 

r ¾ in. 
=47.9 

Because Lclr > 25, in accordance with AISC Specification Section J4.4, the provisions of 
AISC Specification Chapter E apply. The available critical stress is determined from AISC 
Manual Table 4-14, with Lclr = 47.9: 

LRFD 

<pcFcr = 38.0 ksi = 25.3 ksi 
Q C 

ASD 

From AISC Specification Equation E3- l ,  using the width at the Whitmore section, the avail
able compressive strength of the top gusset plate is: 

LRFD 

<pcPn = <j)cFc,-Ag

= <pcFcrtpWp

= (38.0 ksi)(¾ in.)(25.8 in.) 

= 735 kips > 449 kips o.k.

Bottom Brace-to-Gusset Connection 

Check the brace effective net area 

Pn 

Q C 

ASD 

- �rAg

Q C 

-
Fc,-t

pWp
-

Q C 

= (25.3 ksi)(¾ in.)(25.8 in.) 

= 490 kips > 299 kips o.k.

From AISC Seismic Provisions Section F2.5b(c), the brace effective net area, Ae, must not 
be less than the brace gross area, Ag

. The net area is: 
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Using a gap of 1/16 in. on each side of the brace slot to allow clearance for erection: 

An
= 10.3 in.2 -2[¾ in.+2(1/16 in.)](0.465 in.) 

= 9.49 in.2 

From AISC Specification Table D3. l ,  Case 5, because l > 1.3D, U = 1.0, and the effective 
net area is: 

Ae =UAn 

= 1.0(9.49 in.2) 

= 9.49 in.2

Because A e < A
g
, reinforcement is required. The approximate area of reinforcement re

quired, A rn, is the area removed, but the position of the reinforcement will reduce U to less 
than 1.0. The required area of reinforcement can be obtained from: 

(An +Arn)U = A
8

A
g 

= --An 

u 

Try U = 0.80, then: 
A

g Arn = 0.80 
-An 

10.3 in.2 
-9 49. 2 . Ill. 

0.80 
= 3.39 in.2

Try two flat bars of ASTM A572 Grade 50 steel l ½ in. x l ½ in., with a total area of 
A rn = 4.50 in.2 With F

y 
= 50 ksi, ASTM A572 Grade 50 material satisfies the requirement 

in AISC Seismic Provisions Section F2.5b( c )( l ), that the yield strength of the reinforcement 
be at least the specified minimum yield strength of the member. 

The arrangement is shown in Figure 5-56. 

From Figure 5-56: 

r1 =--::.::::.. 2 
7.500 in. 0.465 in. 

2 
= 3.52 in. 

D+t
pr

r2=- - -
2 

7.500 in.+ l ½ in. 
2 

= 4.50 in. 
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The distance to the centroid of a partial circle is given by: 

- ri sine 
x= ---

5-277

where the total arc of the partial circle is 20, and 0 is measured in radians. Although the 
brace is slightly less than a full half-circle because of the slot as shown in Figure 5-56, use 
an angle, 0, of n/2 for simplicity. 

sin ( n/2) rad 
(n/2) rad Xbrace = (3.52 in.) 

= 2.24 in. 

= 4.50 in. 

Determine x for the composite cross section. 

Part 

Half of brace 
One flat bar 

I: 

I:xA 
x=--

I:A 

20.7 in.3

7.00 in.2
= 2.96 in. 

x A xA 

Ill. in.2 in.3

2.24 4.75 10.6 

4.50 2.25 10.1 

7.00 '){) 7 

A2 
0.037" gap 

i--���/� A1 

¾" gusset plate 

Fig. 5-56. Cross section of brace below the beam at net section. 
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From AISC Specification Table D3. l ,  Case 2, which applies to HSS with reinforcement added: 

U=l-x 
l 

= 1_ 2.96 in.
28 in. 

=0.894 

An = An( brace) + Arn 

= 9.49 in.2 
+ 4.50 in.2

= 14.0 in.2

Ae = UA11 

= 0.894(14.0 in.2) 

= 12.5 in.2 > 10.3 in.2 o.k. 

Design welds connecting flat bars to brace 

According to AISC Seismic Provisions Section F2.5b( c )(2), the flat bar is connected to 
the HSS brace to develop the expected strength of the flat bar on each side of the reduced 
section (the expected yield strength, R

y
F

y
, is used here). The reduced section is the length 

of the HSS from the extent of the slot (dimension x of Figure 5-50) to the start of the HSS
to-gusset weld. The required strength of the weld is based on the expected flat bar yield 
strength using R

y 
from AISC Seismic Provisions Table A3. l for ASTM A572 Grade 50 

bars. The expected strength of the flat bar reinforcement is: 

LRFD ASD 

1.0 1.5 
= 124 kips = 82.5 kips 

Using two single-pass ¼-in. fillet welds, from AISC Manual Equations 8-2a and 8-2b, the 
weld length required is: 

LRFD 

l -
P,, 

w 

-

(1.392 kip/in.)D 
124 kips 

-

-

2 ( 1.392 kip/in.) ( 4 sixteenths) 
=11. l in. 

ASD 

l -
Pc, 

w 

-

(0.928 kip/in.)D 
82.5 kips 

-

-

2 ( 0.928 kip/in.)( 4 sixteenths) 
= 11.1 in. 

Use two 11 ½-in.-long ¼-in. fillet welds on each side of the reduced section of the brace. 
According to AISC Specification Table J2.4, the minimum required weld size is ½6 in. based 
on the 0.465-in. thickness of the brace; therefore, the ¼-in. weld size is adequate. 
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Because the gap between the edge of the 1 ½-in. x 1 ½-in. flat bar and the brace is 0.037 in., 
as shown in Figure 5-56, and is less than ½6 in. (see AWS DI.I, clause 5.21.1), the ¼-in. 
fillet welds are adequate. Note that the flat bar reinforcement needs to extend 11 ½ in. on 
each side of the end of the actual slot, which includes the dimension x that may be required 
for erection. 

Check the bottom gusset plate for buckling on the 

Whitmore section 

Determine the available compressive strength using an effective length factor, K = 0.6, for 
the extended corner gusset, from Dowswell (2006). 

Le 0.6(18.4 in.) 
r (¾ in.)/M 

= 51.0 

Because Lcf r > 25, in accordance with AISC Specification Section J4.4(b ), the provisions of 
AISC Specification Chapter E apply. The available critical stress is determined from AISC 
Manual Table 4-14: 

LRFD 

<J>cFcr = 37.2 ksi Fer 
= 24.8 ksi 

Q C 

ASD 

From AISC Specification Equation E3-1, using the width at the Whitmore section deter
mined previously, the available compressive strength of the bottom gusset plate is: 

LRFD ASD 

<j>,.Pn = <J>cFcrAg 

Pn -
Fc,Ag 

= <J>cFcrtpWp 

Q C Q C 

= (37.2 ksi)(¾ in.)(27.9 in.) - er p 'p -

QC 
= 778 kips > 524 kips o.k.

= (24.8 ksi)(¾ in.)(27.9 in.) 

= 519 kips> 349 kips o.k.

Connection Interface Forces 

The Uniform Force Method (UFM) requires that a constraint on the locations of the 
interface centroids be satisfied in order to eliminate moments on the gusset-to-beam and 
gusset-to-column interfaces, Mb and Mc, respectively. When this constraint is not satisfied, 
moments will be introduced on the connection interfaces. This is discussed in AISC Manual

Part J 3, and the terminology used there is repeated here. Let a and p represent the distance 
from the column flange to the actual centroids of the gusset-to-beam and guss�-to-column 
connections, respectively. When the calculated a> a or the calculated p > p, the addi
tional shear induced in the beam or column due to the moment may add to the shear, Vb, in 
the beam and He in the column. Thus, for the beam: 
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When a>a: 

Total beam shear= max(IVb I+ _Mb. ,lvbl)+ Rb 2 a-clip

When a<a: 

Total beam shear=max(IVbl- _Mb. ,IVbl)+Rb2 a-clip 

where 
Rb = beam end reaction, kips 

BRACED FRAMES 

clip = clip size in the gusset where the top flange of the beam connects to the column 
flange, in. 

For the column: 

When P> �: 

Total column shear=max(IHc l+ Mc. ,IHc l} 2 p clip 

When P< P:

Total column shear= max(I �
c I Mc I 1) - ,He 

P-clip 

In nonseismic and low-seismic design, this is not an issue because the brace forces are more 
closely matched to the beam and column sizes and calculated loads are used. In some struc
tures detailed for seismic resistance, the connections are not designed for calculated loads 
but rather must be designed for the expected tensile strength of the brace, R

y
FyA

g
· This is 

normally larger than the actual design load from the applicable building code. For instance, 
the HSS6.875x0.500 brace would normally be designed for point-to-point buckling with 
a length of 17. 7 ft. The available compressive strength of this brace is 215 kips (LRFD) and 
143 kips (ASD) from AISC Manual Table 4-5, and the actual brace load will be less than 
this. But, we are designing the connections of this member for 616 kips (LRFD) and 411 
kips (ASD), which is at least 616 kips/215 kips= 2.9 times the maximum possible required 
strength. This puts a great demand on the gusset, beam and column, which must be accom
modated. So, it is important to distribute this high demand in the most optimal manner. 

Top Gusset-Design Case I 

From the geometry shown in Figure 5-50 and the Uniform Force Method variables in AISC 
Manual Part 13: 

_ 27 in. -1 in. 1 .a=-- ---+ m. 
2 

= 14.0 in. 

i:i" = 18¼ in. 1 in. l . I-' -----+ Ill.
2 

= 9.63 in. 
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Choosing P = P = 9.63 in. ,  the constraint between a and p given by AISC Manual Equa
tion 13-1, a Ptan 0 = eh tan 0 ec , gives: 

a= Ptan 0+eb tan 0 ec 

= (9.63 in.)tan 45° + (12.4 in.)tan 45° -6.45 in.
= 15.6 in.

Because a> a ,  the moment M1, = Vi, ( a -a) may add to the beam shear. Choose a=
a= 14.0 in., then: 

a p tan 0 = e1, tan 0 ec 

a-e1, tan 0 + ec 

tan 0
14.0 in.-(12.4 in.)tan 45°+6.45 in.

tan 45° 

= 8.05 in.< p = 9.63 in.

(Manual Eq. 13-1)

The column shear will not be increased by the moment, Mc = He (� -p), because p :S �.
Therefore, use a= a= 14.0 in. and p = 8.05 in. Then: 

r =)(a+ ec )
2 + (P+ eh )2 

(Manual Eq. 13-6)

= ) ( 14.0 in.+ 6.45 in.)2 + ( 8.05 in.+ 12.4 in.)2 

= 28.9 in.

The controlling brace forces for the top gusset interface forces are:

LRFD
From AISC Manual Equation 13-3:

ec Hue = -Pu 
r 

6.45 in. (560 kips)--

28.9 in.
= 125 kips

From AISC Manual Equation 13-5:
a 

Hub = -Pu 
r 

= (
14·0 '.n. )(560 kips)
28.9m. 

= 271 kips

ASD
From AISC Manual Equation 13-3:

ec Hae
= -Pc,

r 

= ( 6.45 '.n. )(373 kips)
28.9 Ill. 

= 83.2 kips

From AISC Manual Equation 13-5:
a 

Hab = -Pa
r 

'14.0 in. (373kips)--

,28.9 in. 
= 181 kips
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LRFD 
From AISC Manual Equation 13-2: 

p 
½,c =-Pu 

r 

= [ 8·05 '.n. J ( 560 kips)
28.9 m. 

=156 kips 

From AISC Manual Equation 13-4: 
eh 

Vuh 
= 

-P,,
r 

= [ 12.4 '.n. )( 560 kips)
28.9 m. 

= 240 kips 

From AISC Manual Equation 13-19: 

Muc =Hue(� -P)
= (125 kips)(9.63 in.-8.05 in.)

=198 kip-in. 

BRACED FRAMES 

ASD 

From AISC Manual Equation 13-2: 
p 

Vac =-Pa 

r 

= [ 8·05 '.n. J ( 373 kips)
28.9 m. 

=104 kips 

From AISC Manual Equation 13-4: 
eh 

Vah =-Pa 

= [ 12.4 '.n. )(373 kips)
28.9 m. 

=160 kips 

From AISC Manual Equation 13-19: 

Mac = H ac (� -P) 
= (83.2 kips)(9.63 in. 8.05 in.)

=131 kip-in. 

Note that the sum of the horizontal gusset forces must equal the brace horizontal component. 
The sum of the vertical gusset forces must equal the brace vertical component. 

Bottom Gusset-Design Case I 

From the geometry shown in Figure 5-50: 

_ 28½ in.-1 in. 1 .a=- - - - -+ m.
2 

=14.8 in. 

A = 19¾ in. 1 in. 1 . P - - - - -+. m.
2 

= 10.4 in.

Choose a= a= 14.8 in., then:

P=-a--'-----'-tane 
14.8 in. -( 12.4 in.) tan 45° 

+ 6.45 in. 
tan 45° 

=8.85 in. < p =10.4 in. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(Manual Eq. 13-1) 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-283

Use a= ii= 14.8 in. and p = 8.85 in.

r = � (a+ ec )
2 + (P + eh )

2
(Manual Eq. 13-6)

= �(14.8 in.+ 6.45 in.)
2 + (8.85 in.+ 12.4 inf

= 30.1 in.

LRFD
From AISC Manual Equation 13-3:

Cc Hue =-Pur 

= ( 6.45 '.n.) ( 524 kips)30. l m. 
= 112 kips

From AISC Manual Equation 13-5:
a 

Hub= -P,,
r 

= (14·8 '.n·)(524 kips)30.1 m. 
= 258 kips

From AISC Manual Equation 13-2:

p Vue= -Pu
r 

= (8·85 '.n·)(524 kips)30.1 m. 
= 154 kips

From AISC Manual Equation 13-4:
eh Vub =-Pu
r 

= ( 12.4 '.n. )( 524 kips)l30.I m. 
= 216 kips

From AISC Manual Equation 13-19:

M uc = H uc (� p)
(112 kips)(I0.4 in.-8.85 in.)

= 174 kip-in . 

ASD
From AISC Manual Equation 13-3:

Cc Hae =-Par 

= ( 6.45 '.n.) ( 349 kips)30.I m. 
= 74.8 kips

From AISC Manual Equation 13-5:
a 

Hab = -P,,
r 

= (14·8 '.n·)(349 kips)30.1 m. 
= 172 kips

From AISC Manual Equation 13-2:

p Vac =-Pa
r 

= (8·85 '.n·)(349 kips)l30.1 m. 
= 103 kips

From AISC Manual Equation 13-4:
eb Vab =-Pa
r 

'12.4 in. 
= (349 kips)

,30.1 in. 
= 144 kips

From AISC Manual Equation 13-19:

Mac =Hae(� -P)
= (74.8 kips)(l0.4 in.-8.85 in.)
= 116 kip-in.

Figures 5-57a and 5-57b show the force distribution for Design Case I. The total column
shear when P < P is discussed in the previous Connection Interface Forces section. 
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In this example, the column shear He, is greater than the combined shear, l�c I
Therefore, Figures 5-57a and 5-57b show only the He forces. 

Top Gusset-Design Case II 

The geometry is the same as Design Case I, only the loads have changed in magnitude and 
direction as shown in Figures 5-53 and 5-54. 

LRFD ASD 
From AISC Manual Equation 13-3: From AISC Manual Equation 13-3: 

ec Hue =-Pu 
ec Hae =-Pc, 

46 

r r 

6.45 in. 
(-449 kips) 

6.45 in. 
(-299kips) - -- -

28.9 in. 28.9 in. 
= -100 kips = -66.7 kips 

.3 kips 

I 

I 

I 

I 

� 

I 

I 

I 

I 

198 kip-in. 
r56 �;ps 

)kips 

14.0" 

198 kip-in. I� 

(
125 �ps 

1�-----+-�---��1---�I §15�_ v, 

----t-271 kips 

t 240 kips 
240 kips . 240 kips+ t --�-19.9k1ps 240kips --+--271 kips

125 kips 125 kips I 
- l 46.3 kips 46.3 kips _ t 19.9 kips _ _  _ 71.8 kips � 

112 kips 112 kips I -�1t 
19.9 kips � t 

216 kips 216 kips l==
-.-

===
2
=
5
=
8
=
k

=
ip
=
s=I

174 kip-in. 

F4k;p, ) kips 

1216 kips 

216 kips I 
174 kip-in. .:__t__ 258 kips 

(
112 kips_ I 

1�

14.8" 

�LJ 6.45"

Fig. 5-57a. Design Case I gusset interfacefor ces-LRFD. 
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LRFD ASD 
From AISC Manual Equation 13-5: From AISC Manual Equation 13-5: 

a 

Hub =-Pu 
r 

= 
( 
14·0 '.n. 

j(-449 kips)
28.9m. 

= -218 kips

a 

Hab =-Pa 
r 

= 
( 
14·0 '.n. 

j(-299 kips)
28.9 m. 

= 145 kips

From AISC Manual Equation 13-2: From AISC Manual Equation 13-2: 
p 

Vue =-Pu 
p 

Vac =-Pa 
r r 

= 
( 
8·05 '.n. 

)(-449 kips)
28.9 m. 

= 
( 
8·05 '.n. 

)(-299 kips)
28.9 m. 

= 125 kips

I 

I 

I 

= -83.3 kips

14.0" 

1 
104 

83. 

131 kip-in. I� 

( s�:f ::J --+- --+- -�I � 
---t-181 kips 

t 160 kips 

31 kip-in. 
�s \

I 83-:-2 kips) 

160 ki ps 160 kips+ 
-12.8 kips 160 kips -.+--181 kips
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I t 
31 .1 kips 

� 

>-' 

I t 144 

83.2 kips 83.2 kips I 
31.1 kips 31.1 kips t 12.8 kips 
74.8 kips 

kips 

· -- ·-- ·

l=========i 

48.1 kips 
�) 

12.8 kips -
� 

I 1 

I 
103 

I 

74. 

16 kip-in. 
�s \

1-74.8 kips)

-.-172 kips 
1144 kips 

144 kips I 
116 kip-in. � 172 kips 

( 74.8 kips .. !
103 kips 

14.8" 

_LJ 6.45"

Fig 5-57b. Design Case I gusset interface forces-ASD. 
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LRFD 
From AISC Manual Equation 13-4: 

eb ½,b = -P,,
r 

= ( 12.4 '.n. 
j(-449 kips) 

28.9 Ill. 

= -193 kips 

From AISC Manual Equation 13-19: 

Mue = Hue (J3- P)
= (-100 kips )(9.63 in. -8.05 in.) 
= 158 kip-in. 

Bottom Gusset-Design Case II 

LRFD 
From AISC Manual Equation 13-3: 

ee Hue 
= -Pu 

r 

= (6.45 '.n·)(616 kips)
30.1 Ill. 

= 132 kips 

From AISC Manual Equation 13-5: 
a 

Hub = -Pu r 

= ( 14·8 '.n·)( 616 kips)
30.1 Ill. 

= 303 kips 

From AISC Manual Equation 13-2: 

p Vue = -P,, 
r 

= (
8·85 '.n·)(616 kips)
30.1 Ill. 

= 181 kips 

BRACED FRAMES 

ASD 
From AISC Manual Equation 13-4: 

eb Vab = -Pa 
r 

= ( 12.4 '.n. 
j(-299 kips)

28.9 Ill. 

= -128 kips 

From AISC Manual Equation 13-19: 

Mae
= Hae(J3-P) 
= (-66.7 kips )(9.63 in. -8.05 in.) 
= 105 kip-in. 

ASD 
From AISC Manual Equation 13-3: 

ee Hae 
= -Pa 

r 

= (6.45 '.n·)(41 l kips)
30.1 Ill. 

= 88.1 kips 

From AISC Manual Equation 13-5: 
a 

Hab = -Pa r 

= (14·8 '.n·)(411 kips)
30.1 Ill. 

= 202 kips 

From AISC Manual Equation 13-2: 

p Vae = -P,,
r 

=(8·85 '.n·)(411 kips)
30.1 Ill. 

= 121 kips 
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LRFD 
From AISC Manual Equation 13-4: 

eb ½,b = -P,,

= ( 
12.4 '.n. )( 616 kips)
30.1 m. 

= 254 kips 

From AISC Manual Equation 13-19: 
Muc = Hue (J3- �) 

= (132 kips)(I0.4 in.-8.85 in.) 
= 205 kip-in. 

ASD 
From AISC Manual Equation 13-4: 

eb Vab = -Pa
r 

= ( 
12.4 '.n.) ( 411 kips) 
30.1 m. 

= 169 kips 

From AISC Manual Equation 13-19: 
Mac = Hac(J3-�) 

= (88.1 kips )(10.4 in. -8.85 in.) 
= 137 kip-in. 

5-287

Figures 5-58a a� 5-58b show the force distribution for Design Case II. The total column 

shear when � < � is discussed in the previous Connection Interface Forces section. 

46.3 kips 

j 100 kips
) 

125 kips 
( 

125 kips
!100 kips 

158 kip-in. 158kip-in. 
t 193 kips 

218 kips 

193 kips 

t
19.9 kips ___t.:_3 kips

193 kips 218 kips 
100 kips 

� 46.3 kips 
132 kips 

t 254 kips 

100 kips t
46.3 kips f-9.9 kips 

__.:c -------

132 kips 
t 

254 kips 
� 

303 kips 
254 kips 

+ 254 kips
--l-303kips 

71.8kips;I 

19.9 kips ; I 

I 13�kips
) 

�ps 
( 

181
. 
kips 1....-------

l � 
132 kips 

205 kip-in. 205 kip-in. 

14.8" 

�U 6.45"

Fig. 5-58a. Design Case II gusset interface forces-LRFD. 
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In this example, the column shear, He, is greater than the combined shear, I :c I 
Therefore, Figures 5-58a and 5-58b show only the He forces. 

p clip· 

Each of the Design Cases I and II has a subsidiary case in which the compression brace 

post-buckling strength is considered. This affects the design of the main members but not, 

in this case, the gusset connection. 

Ductility Requirements 

AISC Seismic Provisions Section F2.6b and Commentary require that connections that 

involve a beam, a column and a brace satisfy option (a) or (b) in that section. This example 

will use option (a)-a simple beam-to-column connection. 

To satisfy option (a), a splice can be provided in the beam just outside of the connection 

region as is done in this example. If the beam splice were a perfect pin, then ( l .  lR
y
Mp)splice 

= 0. As long as the splice can accommodate 0.025 rad of rotation without binding (i.e., no 

fouling of parts), AISC Seismic Provisions Section F2.6b(a) will be satisfied. The simple 

connections presented in AISC Manual Parts 9 and 10 are deemed to comply with Section 

F2.6b(a). 

31.1 kips 

I 

I 

I 

I 

66.H;ps
) 

83.3 kips ( 833 ';"=1 66.7 kips 

105 kip-in. 105 kip-in. 
128 kips t 

145 kips 

128 kips 

i
12.8 kips 18 kips

145 kips 
66.7 kips 
31.1 kips 
88.1 kips 

i169kips 

31.1 kips 
-------

88.1 kips 
t 

169 kips 
� 

202 kips 
169 kips 

+ 169 kips
--L 202kips 

('I') 
(!) 

0) 

48.1 kips�) 

12.8 kips �l 

I 88.� kips
) 

�ps 
( 

121
.
k;ps

l
�� l� 

88.1 kips 

137 kip-in. 137 kip-in. 

14.8" 

�U 6.45"

Fig. 5-58b. Design Case II gusset interface forces-ASD. 
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Design of Splice 

Because the beam splice is in a main member, the design of the member needs to be considered. 

In normal design practice, the beam will be considered to be continuous from column

to-column. In this example, a splice is inserted 2 ft 6½ in. from the face of the column. 

This splice must carry the loads that would exist at this point in the continuous beam. 

Therefore, the splice must carry the beam shear, beam axial force, and a moment equal to 

the beam shear times 2 ft 6½ in. This moment is the moment that would exist in the beam 

as designed without the splice. 

The extended shear plate presented in AISC Manual Part 10 will be used for the splice 

design. The splice must be designed before it can be checked for ductility. 

From Example 5.3.5, the required strength of the beam, and therefore the splice connection, 

is as follows. These forces are also shown in Figures 5-52 and 5-54. 

LRFD ASD 

Shear: Shear: 

Vu = 19.9 kips (gravity) Va = 12.8 kips (gravity) 

Axial: Axial: 

Pu = 313 kips ( compression) Pa = 219 kips (compression) 

Figure 5-59 shows the beam splice (one plate on the near side and one on the far side). In 

order to prevent binding at a 0.025-rad story drift, the clearance between the beam and the 

beam stub at the splice must be at least (12.4 in.)(0.025 rad) = 0.3 JO in., where 12.4 in. 

is half of the W24 x 146 beam stub depth. Use a ]-in. clearance as shown in Figure 5-50. 

End of 
W24x146 stub 

19.9 kips (LRFD) 
12.8 kips (ASD) 

313 �ips (LRFD 
219 kips (ASD) 

Gravity 
only 
19.9 kips (LRFD) 
12.8 kips (ASD) 

14.4" 

Gravity N 
plus 
seismic 

�splice 

4" 4" 

Fig. 5-59. Beam splice. 

Fill plate 1/is" 
each side 

3/s" dia. Group A, 
thread condition X 
bolts in std. holes 

- --�beam

PL3/ax15x1'-7" 
(A572 Gr. 50) 
(1-NS, 1FS) 

End of 
W24x84 beam 
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The splice is on the beam centerline. Use 3/s-in.-diameter Group A bolts with threads
excluded from the shear plane (thread condition X).

For gravity load alone-the connection to the W24 x 84 is designed in the following.

The shear force due to gravity needs to be delivered from the centroid of the W24 x 84 bolt
group to the face of the column. Therefore:

ex
= 30 1/2 in.+ (1/2 in.+ 2 in.+ 1 ½ in.)
= 34.5 in.

Interpolating from AISC Manual Table 7-7 for Angle= 0° withs= 3 in., ex
= 34.5 in.,

and n = 6:

C = 1.56

Using AISC Manual Table 7-1 for ¾-in.-diameter Group A bolts with threads excluded
from the shear plane (thread condition X) in double shear, the available shear strength is:

LRFD ASD

<j>r,, = 61.3 kips/bolt rn = 40.9 kips/bolt
Q 

<j>R11 
= C<j>r11 � =C(�)
= ( 1.56 bolts) ( 61.3 kips/bolt)

= (1.56 bolts)(40.9 kips/bolt)
= 95.6 kips> 19.9 kips o.k.

= 63.8 kips> 12.8 kips o.k.

For gravity load alone-the connection to the W24 x 146 is designed in the following.

The shear force due to gravity needs to be delivered from the centroid of the W24 x 146 bolt
group to the face of the column. Therefore:

ex = 30½ in. - 4 in.
= 26.5 in.

Interpolating from AISC Manual Table 7-7 for Angle= 0° withs= 3 in., ex
= 26.5 in.,

and n = 6:

C= 2.02

The available shear strength of the W24 x 146 bolts is:

LRFD ASD

<j>R11 = C<j>r11 � =C(�)
= (2.02 bolts)(61.3 kips/bolt)

= (2.02 bolts)(40.9 kips/bolt)
= 124 kips> 19.9 kips o.k.

= 82.6 kips> 12.8 kips o.k.
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For gravity plus seismic forces: 

The majority of the horizontal seismic force is resolved into the gussets and does not reach 
the column face. The average gusset-to-beam connection length, from the geometry of 
Figure 5-50 and subtracting 1 in. for the clip, is: 

(26 in. + 27½ in.)/2 = 26.8 in. 

Assume for calculation purposes a point 26.8 in./2 + 1 in.= 14.4 in. from the column face, 
as shown in Figure 5-59, can be used as a reference point to check the splice under gravity 
plus seismic loading. 

The resultant of the beam shear and axial forces and the load angle from the horizontal axis 
of the beam, y, are found as follows: 

LRFD ASD 

Ru= JP,} +V,} Ra =JPa2 +V}

= �(313 kips)2 +(19.9 kips)2 = �(219 kips)2 +(12.8 kips)2

= 314 kips = 219 kips 

y = tan-I [Vu J
P,, 

y =tan-1(�:) 
_1 ( 19.9 kips

)
_1 ( 12.8 kips

) = tan = tan 
313 kips 219 kips 

= 3.64° = 3.34° 

The distance from the gravity plus seismic resultant force to the centroid of the W24 x 146 
bolts is: 

e
x 

= 30½ in. -14.4 in. -4  in. 
= 12.1 in. 

Use AISC Manual Table 7-7 with the angle from the vertical equal to 90° - 3.64° = 86.4°

(LRFD) and 90° - 3.34° = 86.7° (ASD). Interpolating from AISC Manual Table 7-7 for 
Angle= 75° withs= 3 in., ex

= 12.1 in., and n = 6: 

C = 8.17 

LRFD ASD 

<!>Rn
= C<pr

n � =C(�)
= ( 8.17 bolts) ( 61.3 kips/bolt) 

= (8.17 bolts)(40.9 kips/bolt) 
= 501 kips> 314 kips o.k.

= 334 kips> 219 kips o.k.
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For the W24x84 bolts: 
e

x
= 34½ in. 14.4 in. 
= 20.1 in. 

BRACED FRAMES 

Interpolating from AISC Manual Table 7-7 for Angle= 75° withs= in., ex
= 20.1 m., 

and n = 6: 

C = 6.61 

LRFD ASD 

<j)R11 
= C<j)r11 

Q 
=C(�) 

= ( 6.61 bolts) ( 61.3 kips/bolt) 
= (6.61 bolts)(40.9 kips/bolt) 

= 405 kips> 314 kips o.k.
= 270 kips> 219 kips o.k.

Check bolt bearing and tearout on the W24x146 and W24x84 
Because the force is eccentric and the AISC Manual eccentrically loaded bolt group tables 
are used, the lowest available bearing and tearout strengths of the individual bolts will be 
used; in this case, the edge bolt controls. 

The Exception in AISC Seismic Provisions Section D2.2(a) permits the use of the bearing 
and tearout equations in AISC Specification Section JI O where deformation is not a design 
consideration, when the required strength is based upon the expected strength of a member. 
Therefore, for seismic loading, the bearing and tearout strengths are checked at the end bolt 
with the 2-in. edge distance using AISC Specification Equations J3-6b and J3-6d. For grav
ity loading, deformation at the bolt hole is a design consideration and AISC Specification

Equations J3-6a and J3-6c are applied. The available bearing and tearout strengths for the 
W24 x 146 web are: 

LRFD ASD 
Bearing: Gravity Bearing: Gravity 

<j)r
11 
= <j)2.4dtFu 

rn -
2.4dtFu 

-

= 0.75(2.4)(3/s in.)(0.650 in.) 
Q Q 

2.4(¾ in.)(0.650 in.)(65 ksi) 
x(65 ksi) 

-
-

2.00 
= 66.5 kips/bolt = 44.4 kips/bolt 

$Rn
= C<j)r

11 

6 
=C(�)

( 2.02 bolts) ( 66.5 kips/bolt) 
= ( 2.02 bolts) ( 44.4 kips/bolt) 

- 134 kips> 19.9 kips o.k. -

= 89.7 kips> 12.8 kips o.k.
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LRFD
Bearing: Gravity plus seismic

<!>Rn = C<!>rn 

= (8.17 bolts)(66.5 kips/bolt)
= 543 kips> 314 kips o.k.

Tearout: Gravity

<!>rn = q>l.2lctFu 

= 0.75(1.2)[2 in. 1/2(15/i6 in.)]

x(0.650 in.)(65 ksi)
= 58.2 kips/bolt

<!>Rn
= C<!>rn 

= (2.02 bolts)(58.2 kips/bolt)
= 118 kips> 19.9 kips o.k.

Tearout: Gravity plus seismic

<l>rn = ( 58.2 kips/bolt)(�)
l1.2 

= 72.8 kips/bolt

<!>Rn = C<!>rn 

= (8.17 bolts)(72.8 kips/bolt)
= 595 kips> 314 kips o.k.

For the W24x84:

LRFD
Bearing: Gravity

<i>r,, = cp2.4dtF,,
= 0.75(2.4)(¾ in.)(0.470 in.)

X ( 65 ksi)
= 48. l kips/bolt

ASD
Bearing: Gravity plus seismic

� =C(�) 
= (8.17 bolts)(44.4 kips/bolt)
= 363 kips> 219 kips o.k.

Tearout: Gravity

rn = 1.2lctFu 

Q Q 

= 1.2[2 in. - ½(i5/16 in.)]

x(0.650 in.)(65 ksi)/2.00
= 38.8 kips/bolt

� =C(�) 
= (2.02 bolts)(38.8 kips/bolt)
= 78.4 kips> 12.8 kips o.k.

Tearout: Gravity plus seismic

rn = (38.8 kips/bolt)(�)
Q 1.2 

= 48.5 kips/bolt

� =C(�) 
= ( 8.17 bolts) ( 48.5 kips/bolt)
= 396 kips> 219 kips o.k.

ASD
Bearing: Gravity

2.4dtFu -
-

Q Q 

2.4( '1/s in.)( 0.470 in.) ( 65 ksi)
-
-

2.00
= 32.1 kips/bolt 
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LRFD ASD 

<PRn 
= Ccpr11 6 =C[�J 
= (1.56 bolts)(48.1 kips/bolt) 

= ( 1.56 bolts) ( 32.1 kips/bolt) 
= 75.0 kips> 19.9 kips o.k.

= 50.1 kips> 12.8 kips o.k.

Bearing: Gravity plus seismic Bearing: Gravity plus seismic 

cpRn = Ccprn 6 =C[�J 
= ( 6.61 bolts)( 48.1 kips/bolt) 

= ( 6.6 l bolts) ( 32. l kips/bolt) 
= 318 kips > 314 kips o.k.

= 212 kips< 219 kips n.g.

A web doubler can be used to increase the W24x84 web thickness, or a less approximate 
analysis of the bolt group can be used. Entering AISC Manual Table 7-7 at Angle= 75°, 
when the true angle is 86.4° (LRFD) and 86.5° (ASD), is very conservative. A computer pro
gram based on the instantaneous center of rotation method of AISC Manual Part 7 yields a 
C value equal to 9.76. This value of C, rather than the value of 6.61 from AISC Manual

Table 7-7 at 75°, will be used in subsequent calculations. Thus, the available bearing and 
tearout strengths are: 

LRFD 
Bearing: Gravity plus seismic 

<PRn 
= Ccprn 

= (9.76 bolts)(48.1 kips/bolt) 
= 469 kips > 314 kips o.k.

Tearout: Gravity 

cprn = qi 1.2lctFu 
= 0.75(1.2) 

x [2 in. - ½(0'i6 in.)] 

x(0.470 in.)(65 ksi) 
= 42.1 kips/bolt 

cpRn = CcpR11 

= ( 1.56 bolts)( 42.1 kips/bolt) 
= 65.7 kips> 19.9 kips o.k.

ASD 
Bearing: Gravity plus seismic 

6 =C[�J 

= (9.76 bolts)(32.1 kips/bolt) 
= 313 kips> 219 kips o.k.

Tearout: Gravity 

Q Q 

= 1.2[2 in. ½( 15/16 in.)] 

x(0.470 in.)(65 ksi)/2.00 
= 28.1 kips/bolt 

6 =C[�J 

= ( 1.56 bolts) ( 28.1 kips/bolt) 
= 43.8 kips> 12.8 kips o.k.
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LRFD ASD
Tearout: Gravity plus seismic Tearout: Gravity plus seismic

<\Jrn = ( 42.1 kips/bolt) ( _!_2)
1.2 

rn = ( 28.1 kips/bolt)( _!_2)
Q 1.2 

= 52.6 kips/bolt = 35.1 kips/bolt
<j)R

11 
= C<\Jrn � =C(�)
= (9.76 bolts)( 52.6 kips/bolt)
= 513 kips> 314 kips o.k. = (9.76 bolts)(35. l kips/bolt)

= 343 kips> 219 kips o.k.

Size splice plates 

Choose plates of ASTM A572 Grade 50 steel and a total thickness that exceeds the web
thickness of the lighter beam. Try two 1/s-in.-thick plates. The length, l, is the horizontal
distance between the last bolt on the W24 x 84 beam and the first bolt on the W24 x 146
beam stub, which is 5 in. 

Check axial compression of splice plates 

Because the axial force in the beam due to seismic loads is always in compression, net ten
sion is not a limit state. With K = 1.2 from AISC Specification Commentary Table C-A-7. l :

Le 1.2(5 in.)
r (Vs in.)/ Ju

=55.4

Because Lclr > 25, from AISC Specification Section J4.4, the provisions of AISC Specifi

cation Chapter E apply. From AISC Manual Table 4-14 for F
y 

= 50 ksi, the available critical
stress is: 

<\lcFc-r = 36.0 ksi

LRFD

The design compressive strength of the two
plates is: 

<\JcRn = <\JcFcrAg 

= (36.0 ksi)(Vs in.)(19 in.)(2)

= 513 kips> 313 kips o.k.

Fer = 23.9 ksi
QC 

ASD

The allowable compressive strength of the
two plates is: 

Rn FcrAg 

QC Q,. 

= (23.9 ksi)(Vs in.)(19 in.)(2)

= 341 kips> 219 kips o.k.
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Check splice gross section for shear and flexural 

yielding for gravity-only forces 

The required shear strength due to gravity load only is: 

BRACED FRAMES 

,__ _____ L _R _F _D ______ �a-!
-
,,
-
�
-
,
-
. 
__ A _S_D _____ --; 

V,, = 19.9 kips 
' 

Moment at critical section: 

The critical section is at the first line of bolts in the W24 x 84 side of the splice; 33 in. from 
the column face. The required moment is: 

LRFD ASD 

Mu splice = (19.9 kips)(33 in.) Ma splice = (12.8 kips)(33 in.) 
= 657 kip-in. = 422 kip-in. 

From AISC Specification Equation J4-3, the available shear strength of both splice plates is: 

LRFD ASD 

<!lRn = cp0.60F
y
A

gv

Rn -
0.60F

y
A

gv 
-

Q Q 

= 1.00(0.60)(50 ksi)(¾ in.) 0.60(50 ksi)(¾ in.)(19 in.)(2) 
-

x(I9 in.)(2) 1.50 
= 428 kips> 19.9 kips o.k. = 285 kips> 12.8 kips o.k.

From AISC Specification Section J4.5 and Section F l  1, the available flexural strength is 
based on the following ratio: 

Lhd (15 in.)(19 in.) 
t

2 
(¾ in.)2 

= 2,030 

Because 2,030 > 0.08E!F
y 

= 46.4, the limit state of flexural yielding does not control. AISC 
Specification Section F l  l .2(c) applies because 2,030 > l.9E!F

y 
= 1,100. 
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LRFD 

<PhMn = <PhFc,-Sx

= <Ph 
1.9ECb bd2 

Lbd 6
-

t2 

=0.90 
1.9(29,000 ksi)(I.O) 

2,030 

x(2) 
(¾ in.)(19 in.)2 

6 
= 1,100 kip-in. > 657 kip-in. 

Mn

Qb

o.k.

--

--

-

ASD 

Fc,.Sx- -

Qb

1.9ECb bd2 

-

Lbd 6
-

t2 

Qb

L9( 29,000ksi)(l.O) 
2,030 

x(2)
(¾ in.)(19 in.)2 

6 
1.67 

= 733 kip-in.> 422 kip-in. 

Check splice net section for shear and flexural rupture 

for gravity-only forces 

From AISC Specification Equation J4-4, the available shear strength is: 

LRFD ASD 

cpR11 = cp0.60FuAnv 
Rn - 0.60FuAnv-

= 0.75(0.60)(65 ksi) 
Q Q 

= 0.60(65 ksi) 

5-297

o.k.

x[19 in. 6 ( 15/16 in.+ 1/16 in.)] x[19 in.-6(15116 in.+ 1/16in.)] 
x(¾ in.)(2) x(¾ in.)(2)/2.00 

= 285 kips> 19.9 kips o.k. = 190 kips > 12.8 kips o.k.

From AISC Manual Equation 9-4, the available flexural strength is determined as follows: 

(2 plates)(¾ in.)(19 in.)2 

Znet = ---�-----4 
( 2 plates) ( ¾ in.) ( 15/i6 in.+ 1/i6 in.) ( 1.50 in.+ 4.50 in. + 7 .50 in.) ( 2 bolt holes) 

= 47.4 in.3

LRFD ASD 

<PhMn = <PbFuZnet Mn - FuZnet 
-

= 0.75( 65 ksi)( 47.4 in.3)
Qb 2.00 

( 65 ksi)( 47.4 in.3) 
= 2,310 kip-in.> 657 kip-in. o.k.

--

2.00 
= 1,540 kip-in.> 422 kip-in. o.k.

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-298 BRACED FRAMES 

Check splice for shear and flexural yielding for 

gravity and seismic forces 

There is no shear in the splice due to seismic loads. From previous calculations, for gravity 
loading, the available shear strength is as follows: 

LRFD ASD 

<llRn 
= 428 kips> 19.9 kips o.k. Rn 

= 285 kips > 12.8 kips o.k.

Moment at critical section: 

The critical section is at the first line of bolts in the W24 x 84 side of the splice; 18.6 in. 
from the gravity plus seismic resultant force. The required moment at the critical section is: 

LRFD ASD 

Mu splice = (19.9 kips)(18.6 in.) Ma splice = (12.8 kips)(18.6 in.) 
= 370 kip-in. = 238 kip-in. 

From previous calculations, the available flexural strength is: 

LRFD ASD 

cpM n = 1,100 kip-in. > 370 kip-in. o.k. Mn = 733 kip-in.> 238 kip-in. 

Check splice net section for shear and flexural rupture for 

gravity and seismic forces 

LRFD ASD 

cpR11 
= 285 kips> 19.9 kips o.k. Rn = 190 kips> 12.8 kips 

Q 
o.k.

cpMn 
= 2,310 kip-in.> 370 kip-in. o.k.

Mn = 1,540 kip-in.> 238 kip-in. 
Q 

The splice is satisfactory for the required strengths. 

Check the ductility of the splice 

o.k.

o.k.

The procedure used for the extended single-plate connection in AISC Manual Part 10 can be 
used to check the ductility of the splice. From AISC Manual Part 10, the maximum splice 
plate thickness permitted is: 

(from Manual Eq. 10-3) 
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where 

Fv ( ') Mmax =--
Abe 

0.90 
(Manual Eq. 10-4) 

For the splice plate and bolts, the nominal shear stress of Group A bolts with threads ex
cluded from the shear plane (thread condition X) from AISC Specification Table J3.2 is: 

Fnv = Fv = 68 ksi 

The area of a 3/s-in.-diameter bolt, from AISC Manual Table 7-1, is: 

Ab = 0.601 in.2

From AISC Manual Table 7-7 for Angle= 0° withs= 3 in. and n = 6: 

e' = 54.2 in. 

The nominal flexural strength of the bolt group is: 
Fv ( ') Mmax =--

Abe 
0.90 

= [68 ksiJ(o.601 in.2 )(54.2 in.) 0.90 
= 2,460 kip-in. 

(Manual Eq. 10-4) 

6Mmax 

Fyd2 
(from Manual Eq. 10-3) 

6(2,460 kip-in.) 

(50 ksi)(l9 in.)2 

=0.818 in. 

Because 2t = 2(3/s in.)= 0.750 in. < tmax = 0.818 in., the splice satisfies the ductility re
quirement. 

Beam-to-Column Interface-Design Case I 

The forces at the beam-to-column interface, shown in Figures 5-57a and 5-57b, are: 

LRFD ASD 
Normal: Normal: 
Nu

= lll 2 kips 46.3 kips-l 25 kipsl Na = 174.8 kips 31.l kips-83.2 kipsl 

= 59.3 kips (compression) = 39 .5 kips (compression) 

Shear: Shear: 

V
u

= 240 kips+216 kips 19.9 kips V
a

= 160 kips+l 44 kips 12.8 kips 
= 436 kips = 291 kips 
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Check beam stub gross section for shear and tension yielding 

From AISC Manual Table 6-2, the available shear strength of the W24x 146 beam stub is: 

LRFD ASD 

<Pv V,, = 482 kips > 436 kips o.k. Vn = 321 kips> 291 kips o.k.

Qv 

Check the available compressive strength of the beam stub. Treating the beam stub as a con
necting element, determine whether the available compressive strength can be determined 
using AISC Specification Section J4.4: 

Le 
1.0(30 in.) 

r 3.01 in. 
= 9.97 < 25; therefore, AISC Specification Section J4.4 is applicable 

Pn = F
y
A

g 

= (so ksi)(43.0 in.2)
= 2,150 kips 

The available compressive strength is: 

LRFD 

<PPn = 0.90(2,150 kips) 
= 1,940 kips> 59.3 kips o.k.

Pn 

Design of beam stub web-to-column weld 

The resultant force to be resisted by the weld is: 

LRFD 

ASD 

2,150 kips 
1.67 

= 1,290 kips> 39.5 kips 

ASD 

Ru
= Jvu2 +Nu2 Ra 

= JV}+N} 

(Spec. Eq. J4-6) 

o.k.

= )(436 kips)2 +(59.3 kips)2 = )( 291 kips )2 + (39.5 kips )2 

= 440 kips = 294 kips 

The angle of the resultant force can be calculated and used in the directional strength 
increase of fillet welds according to AISC Specification Equation J2-5. The angle of the 
resultant with respect to the vertical along the column is: 
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LRFD 

0 = tan-I (Nu) 
½1 

= tan 
_

1
l 
59.3 kips 

J436 kips 

= 7.75° 

ASD 

0 = tan- 1 ( �:)

= tan 
_

1
l 
39.5 kips 

J291 kips 

= 7.73° 

The directional strength increase is calculated as follows: 

LRFD ASD 

µ = 1.0 + 0.50sin l.5 7.75° µ = 1.0 + 0.50sin l .5 7.73° 

=l.02 =l.02 

5-301

The required weld size is calculated as follows from AISC Manual Equations 8-2a and 8-2b: 

LRFD 

D , _ 440 kips 
req'd - 2(1.392 kip/in.)(20 in.)(1.02) 

= 7.75 sixteenths 

ASD 

D _ 294 kips 
req'd - 2(0.928 kip/in.)(20 in.)(1.02) 

= 7,76 sixteenths 

The minimum fillet weld required by AISC Specification Table J2,4 is ¼ in. Use double
sided ½-in. fillet welds as required for Design Case I on the beam T-distance of 20 in. 

The normal force of 59,3 kips (LRFD) or 39,5 kips (ASD) on the column indicates that web 
local yielding and web local crippling checks should be made on the column as follows, 

Check column web local yielding 

From AISC Manual Equations 4-2a and 4-2b in conjunction with AISC Manual Table 4- l b, 
the available web local yielding strength of the column is: 

LRFD ASD 

<!>Rn = Pwo + Pw;lb Rn - = Pwo + Pw;lb
= 315 kips+ (39,7 kip/in.)( 20 in.) 

Q 

= 210 kips+(26.4 kip/in.)(20 in.) 
= 1,110 kips> 59.3 kips o.k. = 738 kips> 39.5 kips o.k.

Check column web local crippling 

From AISC Specification Equation Jl 0-4, because the load is applied greater than d/2 from 
the end of the column, the available web local crippling strength of the column is: 
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2 lb tw 

( ) ( Jl
.5 Rn = 0.80tw 1 + 3 d 

r; 

= 0.80(0.610 in.)21+3
( 

20 in. 
)(

0.6 10 in.
)

l

.512.9 in. 0.990 in. 

X 

= 1,690 kips 

LRFD 

<!>Rn = 0.75(1, 690 kips) Rn = [
1,690 kips

) n 2.00 

ASD 

= 1,270 kips> 59.3 kips o.k. = 850 kips> 39.5 kips 

BRACED FRAMES 

(Spec. Eq. Jl0-4) 

o.k.

The limit state of column web compression buckling is not checked here because only the 
beam stub web is attached to the column flange. Therefore, pinching of the column web 
would not occur as it would if the beam stub flanges were also connected. 

Beam-to-Column Interface-Design Case II 

The forces at the beam-to-column interface, shown in Figures 5-58a and 5-58b, are: 

LRFD ASD 
Normal: Normal: 

Nu= 1100 kips 132 kips 46.3 kipsl Na = 1 66.7 kips 31. l kips 88.1 kipsl 

= 78.3 kips (compression) = 52.5 kips (compression) 

Shear: Shear: 

v;, = 193 kips+ 254 kips+ 19.9 kips Va = 128 kips+ 169 kips+ 12.8 kips 
= 467 kips = 310 kips 

Check beam stub for shear and tension yielding 

The available shear yielding strength determined previously for Design Case I is: 

LRFD ASD 

<l>v V,, = 482 kips > 467 kips o.k. V,, = 321 kips> 310 kips o.k.

nv 
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The available compressive strength determined previously for Design Case I is: 

LRFD ASD 

<j)P,1 = 1,940 kips > 78.3 kips o.k. Pn = 1,290 kips > 52.5 kips o.k.

Design of beam stub web-to-column weld 

The resultant force at the beam-to-column interface is: 

LRFD 

Ru
= 

= ) ( 467 kips )2 + ( 78.3 kips )2 

= 474 kips 

ASD 

Ra = 

= )(310 kips)2 +(52.5 kips)2 

= 314 kips 

5-303

The beam stub web-to-column weld size is determined from AISC Manual Equations 8-2a 
and 8-2b, including the directional strength increase of AISC Specification Equation J2-5, 
as follows: 

LRFD 
Load angle: 

0 = tan - 1 [ �: ) 
-I [ 78.3 kips

) = tan 
467 kips 

= 9.52° 

Directional strength increase: 

1.0+0.50sin15 9.52° = 1.03 

Required weld size: 

D , = 474 kips 
req'd 2(1.392 kip/in.)(20 in.)(1.03)

= 8.26 sixteenths 

ASD 
Load angle: 

0 = tan- 1 [ �:)
-I [ 52.5 kips

) = tan 
310 kips 

= 9.61 ° 

Directional strength increase: 

l.0+0.50sin l.5 9.61 ° = 1.03

Required weld size: 

D _ 314 kips 
req'd - 2(0.928 kip/in.)(20 in.)(1.03) 

= 8.21 sixteenths 

Therefore, double-sided o/16-in. fillet welds are required for Design Case II on the beam 
T-distance of 20 in.

The column must also be checked for web local crippling and web local yielding. These 
limit states will not control for Design Case IL The calculations were shown for Design 
Case L 
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Top Gusset-to-Beam Interface-Design Case I 

The forces at the top gusset-to-beam interface, shown in Figures 5-57a and 5-57b, are:

LRFD
Normal: Normal:
N,, = 240 kips Na = 160 kips

Shear: Shear:
Vu

= 271 kips Va = 181 kips

Moment: Moment:
M,, = 0 kip-in. Ma = 0 kip-in.

Check top gusset for shear yielding and tension yielding 

along the beam flange 

ASD

The available shear yielding strength of the gusset plate is determined from AISC Specifi

cation Equation J4-3, and the available tensile yielding strength is determined from AISC
Specification Equation J4- l, as follows: 

V,, = 0.60FyAgv
= 0.60(50 ksi)(¾ in.)(27 in.)
= 608 kips

Pn = FyAg
= (50 ksi)(¾ in.)(27 in.)

= 1,010 kips

LRFD

<J>V,, = 1.00(608 kips)
= 608 kips> 271 kips

<J>Pn = 0.90(1,010 kips)
= 909 kips > 240 kips

o.k.

o.k.

Vn = [ 608 kips)
Q 1.50 

ASD

= 405 kips> 181 kips
P,, = [1,010 kips)
Q 1.67 

= 605 kips > 160 kips

(Spec. Eq. J4-3)

(Spec. Eq. J4-1)

o.k.

o.k.

Although it seldom controls, interaction can be checked here using the interaction formula
of Example 5.3.8. 
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Design of top gusset-to-beam flange weld 

The top gusset plate-to-beam flange weld is determined as follows using both the provi
sion and the Exception noted in AISC Seismic Provisions Section F2.6c.4. 

AISC Seismic Provisions Section F2.6c.4 states that these welds should have an available 
shear strength equal to 0.6R

y
F

y
t
p
las times the joint length. For a two-sided fillet weld: 

LRFD ASD 

2(1.392 kip/in.)Dl 2: (0.6R
y
F

y
t
p

/as )z 2(0.928 kip/in.)Dl 2: (0.6R
y
F

y
t
p

/as )z 

as
= 1.0 as

= 1.5 

D> 
0.6R

y
F

y
f
p

D> 
0.6R

y
Fvt

p

- 2(1.392 kip/in.)a, - 2(0.928 kip/in.)a,

0.6(1.1)(50 ksi)(¾ in.) 0.6(1.1)(50 ksi)(¾ in.)
> > 
- 2(1.392 kip/in.)(1.0) - 2(0.928 kip/in.)(1.5)

2: 8.89 sixteenths 2: 8.89 sixteenths

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces corresponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016): 

l = 27 in. - 1 in.
= 26.0 in. 

Assume a fillet weld size, w = 31s in., to conservatively calculate minor-axis flexural forces 
on the weld. 

p' 

v' 

LRFD 

0.9R
y
F

y
lt

p 

240 kips 
0.9(1.1)(50 ksi) 

x(26.0 in.)(¾ in.) 

= 0.249 kip 

0.6R
y
F

y
lt

p 

271 
.1)(50 ksi) 

x(26.0 in.)(¾ 

= 0.421 kip 

P' 

v' 

ASD 

R
y
F

y
lt

p 

1.67 (160 kips) 
1.1 ( 50 ksi) 

x(26.0 in.)(¾ in.) 

= 0.249 kip 
l.5Va

0.6R
y
F

y
lt

p

1.5 ( 181 kips) 
0.6(1.1 )( 50 ksi) 

x(26.0 in.)(¾ in.) 

= 0.422 kip 
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M' 
X 

LRFD 

- 4Mux
----=--

0.9RyFyl2tp 

= 0 kip-in.
0.9RyFylt� 

Muy max = -��� 4 

x[(1-P'2 -V'4t
7 

0.9(1.1)(50 ksi) 

x(26.0 in.)(¾ in.)2 

4 

1 ( 0.249 kip) 2 1.7 

X -(0.421 kip)4 

(0 k. . )l.7- 1p-m. 

= 164 kip-in. 

Resultant weld forces per in.: 

fuv -

v,, 
-

-

2l 
271 kips 

-

-

2(26.0 in.) 
= 5.21 kip/in. 

J�p 
-

Pu 
-

2l 
240 kips 

-

-

2(26.0 in.) 
= 4.62 kip/in. 

2Muxfum.x = 

-z
2-

= 0 kip/in. 

]

0.59 
M�l.7 

0.59

BRACED FRAMES 

ASD 

M' 
_ 4(1.67)Max

X RyFyl\, 
= 0 kip-in. 

RyFylt� 
May max = 

4(1.67)

X [ ( 1 P
12 l 7 

]

0.59
14

) 
· ll.7 V Mx 

I. 1 ( 50 ksi)

x(26.0 in.)(¾ in.)2 

4( 1)

1 ( 0.249 kip) 2 l.7

X (0.422 kip )4 

(0 k. . )1.71p-m. 

= 109 kip-in. 

Resultant weld forces per in.: 

fav -

Va 
-

-

2l 
181 kips 

-

-

2(26.0 in.) 
= 3.48 kip/in. 

fap 
-

Pa
-

-

2l 
160 kips 

-

-

2(26.0 in.) 
= 3.08 kip/in. 

2M,u 
fam,x =-z

2-
= 0 kip/in. 

0.59 
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LRFD 

. 
M

uy max 
fum,y = 

(tp +0.5w)l 
164 kip-in. 

-![¾ in.+0.5(1/s in.)]
]

X ( 26.0 in.) 

= 6.73 kip/in. 

fu = J J,,; +(!up+ fum,x + fum,y )
2

(5.21 kip/in.)2 

= 
1 + [

4.62 kip/in. 
. )

2 

+ 0 kip/in.+ 6.73 kip/in.
= 12.5 kip/in. 

Load angle: 

0 =tan-!, fup + furn x + fum,y
fu v 

= tan 
[
4.62 kip/in.+ 0 kip/in.

) 
_ 1 + 6. 73 kip/in.

5.21 kip/in. 

= 65.3°

Minimum weld size: 

fuDmin = 
(1.392 kip/in.) 

x ( 1.0 + 0.50sin l .5 0)

_ 12.5 kip/in. 
( 1.392 kip/in.) 

x ( 1.0 + 0.50sin 
1
.5 65.3°)

= 6.27 sixteenths 

Use double-sided 1/16-in. fillet welds. 

ASD 
M

ay max 
!am,y =

(tp +0.5w)l 
109 kip-in. 

- -- - -�-� 

-[[¾ in.+0.5(1/s in.)]
)

x(26.0 in.) 

= 4.47 kip/in. 

fa = f}v + (fap + f�m,x + f;,m,y )
2

(3.48 kip/in.)2 

= 
j [

3.08 kip/in. 
)
2 

+ 
+ 0 kip/in.+ 4.47 kip/in. 

= 8.31 kip/in. 

Load angle: 

0 -l [Jap + fc,m,x + fam,y J= tan 
fav 

= tan 
[
3.08 kip/in.+ 0 kip/in.

) 
_ 1 + 4.4 7 kip/in.

3.48 kip/in.

= 65.3° 

Minimum weld size: 

Dmin = 
( ) 0.928 kip/in. 

j� 

x (1.0 + 0.50sinl .5 0)

8.31 kip/in. 
( 0. 928 kip/in.) 

x (1.0 + 0.50sin l .5 65.3°)

= 6.25 sixteenths 
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Beam Stub Strength 

Check web local yielding 

BRACED FRAMES 

From AISC Specification Equation JI0-3, because the load is applied less than or equal 
to the beam stub depth, d, from the end of the beam stub, the available web local yielding 
strength of the beam stub is: 

2.5kdes + lb = 2.5 ( 1.59 in.)+ 26.0 in. 

= 30.0 in.= 30-in.-long beam stub o.k.

Rn = Fy
tw ( 2.5kdes +lb ) (Spec. Eq. Jl0-3) 

= (50 ksi)(0.650 in.)(30.0 in.) 

= 975 kips 

LRFD ASD 

<j)Rn = 1.00(975 kips) Rn 975 kips 
1.50 

= 975 kips> 240 kips o.k. = 650 kips > 1 60 kips o.k.

Check web local crippling 

Because the compressive force is applied at the centroid of the gusset-to-beam stub inter
face, which is a distance from the beam stub end that is greater than d/2, the nominal web 
local crippling strength is: 

EF
ywtf 

Q 
t 

f 
w 

0.650 in. ·5

l.09 in.

(29,000 ksi)(50 ksi)(l.09 in.) 
( ) X -'------'-'-----'-'---'-- 1.0 

0.650 in. 
= 1,290 kips 

The available web local crippling strength is: 

LRFD 

<j)R11 = 0.75(1,290 kips) 

= 968 kips > 240 kips o.k.

Rn = (
1,290 kips)

Q 2.00

ASD 

= 645 kips > 160 kips 
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Top Gusset-to-Beam Interface-Design Case II
The forces at the top gusset-to-beam interface, shown in Figures 5-58a and 5-58b, are: 

LRFD ASD 

Normal: Normal: 
N,, = 193 kips Na = 128 kips 

Shear: Shear: 
Vu

= 218 kips Va = 145 kips 

Moment: Moment: 
M,, = 0 kip-in. Ma = 0 kip-in. 

Check top gusset gross section for shear and tension yielding

From Design Case I: 

LRFD ASD 

<l>Vn = 608 kips> 218 kips o.k. V,, = 405 kips > 145 kips 
Q 

<l>Pn = 909 kips > 193 kips o.k.
Q 

= 605 kips> 128 kips 

Design of top gusset-to-beam flange weld 

o.k.

o.k.

The top gusset plate-to-beam flange weld is determined as follows using both the Provision 
and the Exception noted in AISC Seismic Provisions Section F2.6c.4. 

AISC Seismic Provisions Section F2.6c.4 states that these welds should have an available 
shear strength equal to 0.6R

y
F

y
t
p
fas times the joint length. From Design Case 1: 

LRFD ASD 

D 2 8.89 sixteenths D 2 8.89 sixteenths 

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces corresponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016). 

Assume a fillet weld size, w = % in., to conservatively calculate minor-axis flexural forces 
on the weld. 
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p' 

v' 

M' 
X 

LRFD 

Pu --

0.9RyFyltp 

193 kips 
--

0.9 ( 1.1) ( 50 ksi) 

x(26.0 in.)(¾ in.) 

= 0.200 kip 
Vu 

= -- -

0.6RyFylt
p 

_ 218 kips 
- � --�-----c;-

0.6( 1.1) ( 50 ksi) 

x(26.0 in.)(¾ in.) 

= 0.339 kip 

- 4Mux
-

0.9RyFyl2t P
= 0 kip-in. 

0.9 RyFyltJ, 
Muy max= 

4

r 

I 7 
]
0.59 

x (1 - P'2 - v'4) · - M�i.7

0. 9 ( 1.1) ( 50 ksi)

x(26.0 in.)(¾ inf
4 

I -( 0.200 kip) 2
l.7 0.59 

X -( 0.339 kip )4

( 0  k. . )1.71p-m. 

= 171 kip-in. 

p' 

v' 

M' 
X 

BRACED FRAMES 

ASD 

RyFyltp 

_ 1.67(128 kips) 
-

1.1 ( 50 ksi) 

x(26.0 in.)(¾ in.) 

=0.199kip 
l.5Va 

0.6R
y
Fylt

p 

_ 1.5( kips) 
-�--'---�--cc 

0.6(1.1)(50 ksi) 

x(26.0 in.)(¾ in.) 

= 0.338 kip 
_ 4(1.67)McLX 

R
y
F

y
l2 t

P 

= 0 kip-in. 
RyFyltJ, 

M ay max - 4(1.67)

r I 7 
]
0.59 x[(l-P'2 -V'4)

. 
-M�1.7 

1.1(50 ksi) 

x(26.0 in.)(¾ inf 
4(1.67) 

1-( 0.199 kip) 2
l.7 0.59

X -( 0.338 kip )4

( k. . )
l
.
7- 0 1p-m. 

= 114 kip-in. 
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LRFD 
Resultant weld forces per in.: 

fuv 

fup 

2l 

218 kips 
2(26.0 in.) 

= 4.19 kip/in. 

2l 

193 kips 
2(26.0 in.) 

= 3.71 kip/in. 
2Mux fum.x =

-z2-

= 0 kip/in. 
Muymax

fum,y = 
( ) t

P 
+0.5w l

fu 

171 kip-in.

[
[¾in.+ 0.5(3/s in.)]

] 
X (26.0 in.) 

= 7.02 kip/in. 

( 4.19 kip/in.)2

(
3.71 kip/in. 

)
2 

+ 
+ 0 kip/in.+ 7 .02 kip/in. 

= 11.5 kip/in. 

Load angle: 

0 = tan-! [fup + f�m,x + f�m,y J
fuv 

= tan 
(
3. 71 kip/in.+ 0 kip/in.

)
_1 + 7.02 kip/in.

4.19 kip/in. 

= 68.7°

ASD 
Resultant weld forces per in.: 

fav Va 

2! 

145 kips 
2(26.0 in.) 

= 2. 79 kip/in. 

fap 
2l 

128 kips 
2(26.0 in.) 

= 2.46 kip/in. 
2Max 

lam,x =

-z2-

= 0 kip/in. 

fam y = 
( 

May max 
) • 

fp +0.5w l

fa

114 kip-in. 

[
[ ¾ in.+ 0.5 (Ys in.) JJ 

X (26.0 in.) 

= 4.68 kip/in. 

( 2. 79 kip/in. )2

(
2.46 kip/in. 

)
2 

+ 
+ 0 kip/in.+ 4.68 kip/in. 

= 7.67 kip/in. 

Load angle: 

0 = tan-! [Jap + fam,x + fam,y J
fav 

(
2.46 kip/in.+ 0 kip/in.

) = tan-! + 4.68 kip/in.
2.79 kip/in. 

= 68.7°
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LRFD 
Minimum weld size: 

Dmin =
fu 

( 1.392 kip/in. ) 

x ( 1.0 + 0.50sin l .5 0) 
11.5 

x ( 1.0 + 0.50sin l .5

= 5.70 sixteenths 

ASD 
Minimum weld size: 

Dmin =
fa 

(0.928 kip/in.) 

BRACED FRAMES 

x ( l.O + 0.50sin l .5 0) 

7 .67 
(0.928 kip/in.) 

x ( 1.0 + 0.50sin l .5 68.7°) 

= 5.70 sixteenths 

This requires double-sided ¾-in . fillet welds. Note that Design Case I controls, however, 
requiring a 1/i6-in. fillet weld. Design using the Exception in AISC Seismic Provisions

Section F2.6c.4 results in this reduced weld size as compared to the o/J5-in. fillet weld 
required without this Exception as previously calculated. 

Beam Stub Strength 

Check beam stub web local yielding 

From Design Case I calculation: 

LRFD 

<j)Rn = 975 kips> 193 kips o.k.

Check beam stub web local crippling 

From Design Case I calculation: 

LRFD 

<j)Rn = 968 kips > 193 kips o.k.

ASD 

Rn = 650 kips > 128 kips 
Q 

ASD 

Rn = 645 kips> 128 kips 
Q 

Top Gusset-to-Column Interface-Design Case I 

o.k.

o.k.

The forces at the top gusset-to-column interface, shown in Figures 5-57a and 5-57b, are: 

LRFD ASD 
Normal: Normal: 
Nu

= 125 kips Na = 83.2 kips 

Shear: Shear: 
Vu

= 156 kips Va = 104 kips 

Moment: Moment: 
Mu = 198 kip-in. Ma = 131 kip-in. 
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Combine the axial force and the moment by converting the moment into an equivalent axial 
force derived from the _EJ-Oment equation for a simply supported member with a concen
trated load at midspan (� is the distance to the centroid of the column-to-gusset connection, 
determined previously): 

LRFD 

4MucNu eq =Nu+ 
C ) 2 �-clip 

2(198 kip-in.) 
= 125 kips+ 

9.63 in. 1 in. 
= 171 kips 

ASD 

4MacNa eq = Na + 
2 (P clip) 

2(131 kip-in.) 
= 83.2 kips+ 

9.63 in. 1 in.
= 114 kips 

This is not a real load but results in the same demand on the gusset and weld as working 
with N and Mc separately, and allows the direct use of AISC Specification Section Jl 0.3. 

Design of top gusset-to-column flange weld 

The top gusset plate-to-column flange weld is determined as follows using both the provi
sion and Exception noted in AISC Seismic Provisions Section F2.6c.4. 

AISC Seismic Provisions Section F2.6c.4 states that these welds should have an available 
shear strength equal to 0.6RyFytplas times the joint length. For a two-sided fillet weld: 

LRFD ASD 

2(1.392 kip/in.)Dl 2': ( 0.6RyFyf 
P 

/ as )z 2 ( 0.928 kip/in.) DZ 2': ( 0.6RyFyt p /as ) l 

as = 1.0 as = 1.5 

D>
0.6RyFytp D>

0.6RyFytp 

- 2(1.392 kip/in.)as - 2(0.928 kip/in.)as 

0.6(1.1)(50 ksi)(¾ in.) 0.6(1.1)(50 ksi)(¾ in.)
> > 

- 2 ( 1.392 kip/in.) ( 1.0 ) - 2(0.928 kip/in.)(1.5)
2': 8.89 sixteenths 2': 8.89 sixteenths

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces corresponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016): 

l = 18¼in. - 1 in.
= 17.3 in. 

Assume a fillet weld size, w = 3/s in., to conservatively calculate minor-axis flexural forces 
on the weld. 
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p' 

v' 

M' 
X 

= 

u 

LRFD

0.9RyFyltp 

125 kips
- 0.9(1.1)(50 ksi)

x(l7.3 in.)(¾ in.)

= 0.195 kip
Vu 

- -- -

0.6RyFylt
p 

156 kips
- 0.6(1.1)(50 ksi)

x(17.3 in.)(¾ in.)

= 0.364 kip
4Mux 

= ------:--

0.9RyFyl2t
P 

4(198 kip-in.)
- 0.9(1.1)(50 ksi)

x(l7.3 in.)2 (¾ in.)

= 0.0713 kip-in.
0.9RyFyltiMuy max = 4 

10. (1.1)( 50 ksi)

x(l7.3 in.)(¾ in.)2 

4

1
-

(0.195 kip)2 l.7

X ( 0.364 kip )4 

( 0.0713 kip-inf 7

= 113 kip-in.

0.59 

BRACED FRAMES 

p' 

v' 

M� 

ASD
1.67 Pc,

= 

R
y
Fyltp 

= 
1.67(83.2 kips)

1.1( 50 ksi) 

x(l7.3 in.)(¾ in.)

=0.195kip
l.5Va

0.6RyFylt
p 

1.5 ( 04 kips)
- 0.6(1.1)(50 ksi)

x(l7.3 in.)(¾ in.)
= 0.364 kip

4(1.67)Mw,
= 

-

RyFyl
2t

P 

4(1.67)(131 kip-in.)
1.1(50 ksi)

x(l7.3 in.)2(¾ in.)
= 0.0709 kip-in.

RyFy
lti

May max = 

4(1.67)

x[(1 p'2 v'4)
1°7 

1.1(50 ksi)

x(l7.3 in.)(¾ in.)2

4(1.67)

1 (0.195kip) 2 1.7 
X

-
(0.364 kip)4 

1
0.59 M}·7 

0.59 

( k. . )1.7 
- 0.0709 1p-m. 

= 75.1 kip-in.
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LRFD 

Resultant weld forces per in.: 

fup 

Vu 

21 

156 kips 
2(17.3 in.) 

= 4.51 kip/in. 

21 

125 kips 
2(17.3 in.) 

= 3.61 kip/in. 
2M,a 

!um.x = -12-

= 1.32 kip/in. 
Muy max

fum,y 
= (tr +0.5w)I 

113 kip-in. ![¾ in.+0.5(3/s in.)]
)

x(17.3 in.) 

= 6.97 kip/in. 

fu .h� + (.h,p + .h,m,x + fum,y )
2 

( 4.51 kip/inf 

(
3.61 kip/in. 

)
2 

+ 
+ 1.32 kip/in.+ 6.97 kip/in. 

= 12.7 kip/in. 

ASD 

Resultant weld forces per in.: 

fap 

Va 

2! 
104 kips 

2(17.3 in.) 
= 3.01 kip/in. 

Pa 

2! 
83.2 kips 

2(17.3 in.) 
= 2.40 kip/in. 

2Max !am,x=

-12-

= 0.875 kip/in. 
May max 

fam,y = 
( 0 5 ) I tp+ . w . 

75.1 kip-in. ![¾ in.+0.5(3/s in.)]
)

x(17.3 in.) 

= 4.63 kip/in. 

fa = � f}v + (fap + fam,x + fam,y )
2 

(3.01 kip/inf 

(
2.40 kip/in. 

)
2 

+ 
+ 0.875 kip/in.+ 4.63 kip/in. 

= 8.46 kip/in. 
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LRFD 
Load angle: 

e = tan - l [ !up + fum,x + fum,y 

J fuv 

= tan-1
(
3,61 kip/in,+ 1.32 kip/in,

) 
+ 6,97 kip/in,

4.51 kip/in. 

= 69.2° 

Minimum weld size: 
j� 

Dmin = ( .392 kip/in.) 

x(1.o+0.50sin l .5 ; 

12. 7 kip/in.--

( 1.392 kip/in.) 

x ( 1.0 + 0.50sin l .5 69.2°)

= 6.28 sixteenths 

BRACED FRAMES 

ASD 
Load angle: 

e = tan-1 [lap + lam,x + lam,y
Jfav 

= tan-1
(
2.40 kip/in,+0,875 kip/in,

) 
+ 4.63 kip/in.

3.01 kip/in. 

= 69.2° 

Minimum weld size: 

Dmin = fa 
(0.928 kip/in.) 

x(l .0+0.50sin t .5 e) 
8.46 kip/in. --

(0.928 kip/in.) 

x (1 .0 + 0.50sin 1.5 69.2°)

= 6.28 sixteenths 

Use a double-sided 1/16-in. fillet weld. Design using the Exception in AISC Seismic

Provisions Section F2.6c.4 results in this reduced weld size as compared to the '1/i6-in. fillet 
weld required without this Exception as previously calculated. 

Check top gusset for shear yielding and tension 

yielding along the column flange 

The available shear yielding strength of the gusset plate at the column flange interface 
is determined from AISC Specification Equation J4-3, and the available tensile yielding 
strength at the column flange interface is determined from AISC Specification Equation 
J4- l as follows: 

Vn = 0.60Fy
Agv 

= 0.60(50 ksi)(¾ in.)(17.3 in.) 
= 389 kips 

P
n 

= FyAg 

= (50 ksi)(¾ in.)(17.3 in.) 
= 649 kips 
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LRFD ASD 

<j>V,, = 1.00(389 kips) Vn - 389 kips 
-

Q 1.50

= 389 kips> 156 kips o.k. = 259 kips > 104 kips o.k.

<l>Pn = 0.90( 649 kips) Pn = 649 kips
= 584 kips> 171 kips o.k. Q 1.67 

= 389 kips> 114 kips o.k.

Check column web local yielding 

From AISC Manual Equations 4-2a and 4-2b in conjunction with AISC Manual Table 4- lb ,  
the available web local yielding strength of the column is: 

LRFD ASD 

<!>Rn = Pwo + Pw;h Q 
= Pwo +Pw;lb 

= 315 kips+ (39.7 kip/in.)(17.3 in.) = 210 kips+(26.4 kip/in.)(17.3 in.) 
= 1,000 kips> 171 kips o.k. = 667 kips> 114 kips o.k.

Check column web local crippling 

Because the load is applied greater than d/2 from the end of the column, the available web 
local crippling strength of the column is determined from AISC Specification Equation 
JI 0-4 as follows: 

Rn =0.80t� 1+3(�)[�; r
s 

�E;:
t

f Qf

= 0.80( 0.610 inf 1 + 3( 17.3 in.
)( 0.610 in.

)
1 .5 

l 12.9 in. 0.990 in. 

(29,000 ksi)(65 ksi)(0.990 in.) 
( ) X 1�- - -�-�� --� J.0 

0.610 in. 
= 1, 530 kips 

LRFD 

<!>Rn = 0.75(1,530 kips) 
= 1,150 kips> 171 kips o.k.

Rn= [
1, 530 kips

)
Q 2.00

ASD 

= 765 kips> 114 kips 
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Check column web shear strength 

From AISC Specification Equation 02-1, for a W12 x 106, the available shear strength is: 

Vn 
= 0.6FvAwCv1 

= 0.6(65 ksi)(0.610 in.)(12.9 in.)(1.0) 

= 307 kips 

LRFD 

<ll
i
, V,1 = 1.00 ( 307 kips) 

= 307 kips> 125 kips o.k.

ASD 

Vn 307 kips 

Qv 1.50 
= 205 kips> 83.2 kips 

Top Gusset-to-Column Interface-Design Case II 

(Spec. Eq. 02-1) 

o.k.

The forces at the top gusset-to-column interface, shown in Figures 5-58a and 5-58b, are: 

LRFD ASD 

Normal: Normal: 
Nu

= 100 kips Na
= 66.7 kips 

Shear: Shear: 
Vu

= 125 kips Va = 83.3 kips 

Moment: Moment: 
Mu = 158 kip-in. Ma = 105 kip-in. 

Comparing these loads with those of Design Case I, it can be seen that Design Case I 
controls. 

This completes the top gusset design. 

Bottom Gusset-to-Beam Interface-Design Case I 

The forces at the bottom gusset-to-beam interface, shown in Figures 5-57a and 5-57b, are: 

LRFD ASD 

Normal: Normal: 
Nu

= 216 kips Na
= 144 kips 

Shear: Shear: 
Vu

= 258 kips Va
= 172 kips 

Moment: Moment: 
Mu

= 0 kip-in. Ma = 0 kip-in. 
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Check bottom gusset for shear and tension yielding 

along the beam flange 

5-319

The available shear yielding strength of the gusset plate is determined from AISC Specifi

cation Equation 14-3, and the available tensile yielding strength is determined from AISC

Specification Equation 14- l, as follows: 

Vn = 0.60FyAgv
= 0.60(50 ksi)(¾ in.)(28½ in.) 
= 641 kips 

Pn = FyAg 
= (50 ksi)(¾ in.)(28½ in.) 

= 1,070 kips 

LRFD 

<j)Vn = 1.00(641 kips) 
= 641 kips> 258 kips o.k.

<j)Pn = 0.90(1,070 kips) 

= 963 kips> 216 kips o.k.

ASD 

v,, 641 kips 
--

Q 1.50 
= 427 kips > 172 kips 

Pn 1,070 kips 
--

Q 1.67 
= 641 kips> 144 kips 

Design of bottom gusset-to-beam flange weld 

(Spec. Eq. 14-3) 

(Spec. Eq. 14-1) 

o.k.

o.k.

The bottom gusset plate-to-beam flange weld is determined as follows using both the provi
sion and Exception noted in AISC Seismic Provisions Section F2.6c.4. 

AISC Seismic Provisions Section F2.6c.4 states that these welds should have an available 
shear strength equal to 0.6R

y
Fytp las times the joint length. For a two-sided fillet weld: 

LRFD ASD 

2(1.392 kip/in.)Dl 2: ( 0.6RyFyf p 
/ as )z 2 ( 0.928 kip/in.) DZ 2: ( 0.6RyFyt P 

/as) l

as
= 1.0 as

= 1.5 

D> 0.6RyFyf
p D> 0.6RyFyf

p 

- 2 ( 1.392 kip/in.) a., - 2(0.928 kip/in.)as

0.6(1.1)(50 ksi)(¾ in.) 0.6(1.1)(50 ksi)(¾ in.)
> > 
- 2(1.392 kip/in.)(1.0) - 2(0.928 kip/in.)(1.5)
2: 8.89 sixteenths 2: 8.89 sixteenths

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces corresponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
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in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016): 

l = 28½ in. - 1 in. 
= 27.5 in. 

Assume a fillet weld size, w = % in., to conservatively calculate minor-axis flexural forces 
on the weld. 

p' 

v' 

M' 
X 

LRFD 

Pu --

0.9R
y
F

y
lt

p 

216 kips 
--

0.9(1.1)(50 ksi) 

x(27.5 in.)(¾ in.) 

= 0.212 kip 

=--u __ 

0.6R
y
F

y
lt

P

258 kips 
=�-----�

0.6(1.1)(50 ksi) 

x(27.5 in.)(¾ in.) 

= 0.379 kip 
_ 4Mux 
-

0.9R
y
F

y
l2t

p 

= 0 kip-in. 

0.9(1.1 )( 50 ksi) 

x(27.5 in.)(¾ inf 

4 

]0
.59

M'l.7 
X 

1 (0.212kip) 2 1.7 0.59 
X (0.379 kip )4

(0 k. . )1.7 1p-m. 

= 179 kip-in. 

p' 

v' 

M' X 

ASD 
1 

--

R
y
F

y
lt

P

1.67 ( 144 kips) 
--

1.1(50 ksi) 

x(27.5 in.)(¾ in.) 

= 0.212 kip 
1.5V

a 

=- - --

0.6R
y
F

y
lt

p 

1.5 ( 172 kips) 
=� -� --��

0.6(1.1)(50 ksi) 

x(27.5 in.)(¾ in.) 

= 0.379 kip 
_ 4(1.67)Max 

R
y
F

y
z2 t

p 

= 0 kip-in. 
R

y
F

y
lti 

M ay max 
-

4(1.67) 

1.1(50 ksi) 

x(27.5 in.)(¾ inf 

4(1.67) 

]0.59 
M'l.7 X 

l ( 0.212 kip) 2 1.7 
0.59

X -(0.379 kip)4 

(0 k. . )1.7 - 1p-m. 

= 119 kip-in. 
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LRFD 
Resultant weld forces per in.: 

fuv - v,,- -

2l 
258 kips --

2(27.5 in.) 
= 4.69 kip/in.

fup - Pu - -

2l 
216 kips --

2(27.5 in.) 
= 3.93 kip/in. 

fum.x = 2;ux

= 0 kip/in.
. Muy max 

fum ,y = 
(tr +0.5w)l 

_ 179 kip-in. 
-�- - - - -�! [¾ in.+0.5(3/s in.)]

] 
x(27.5 in.) 

= 6.94 kip/in.

fu = � fu� + (!up + fum ,x + fum,y )
2

(4.69 kip/in.)2

= \ 
+ 

( 3.93 kip/in.
)
2 

l + 0 kip/in.+ 6.94 kip/in. 
= 11.8 kip/in.

Load angle: 

e = tan-1 (!up + fum ,x + fum,y)
l fuv 

= tan 

( 3.93 kip/in.+ 0 kip/in.
) 

_ 1 l + 6. 94 kip/in. 
4.69 kip/in. 

= 66.7° 

ASD 
Resultant weld forces per in.: 

fav - Va- -

2l 
172 kips --

2(27.5 in.) 
= 3.13 kip/in.

Pa fap = 21 
_ 144 kips 
-

2(27.5 in.) 
= 2.62 kip/in. 

fam,x = 2;ax 

= 0 kip/in.

f�m Y = 
( 

May max

) '· t
P 

+0.5w l

_ 119 kip-in.
-�- - - - -�![¾in.+ 0.5(3/s in.)]

] 
x(27.5 in.) 

= 4.62 kip/in.

fa = � f}v + (lap + fam,x + fam,y )
2 

(3.13 kip/inf 
= \ ( 2.62 kip/in.

)
2 

+ 
l + 0 kip/in.+ 4.62 kip/in. 

= 7.89 kip/in.

Load angle: 

e = tan-1 (lap + lam,x + lam,y J
l fav 

= tan 

( 2.62 kip/in.+ 0 kip/in.
) 

_ 1 l + 4.62 kip/in. 
3.13 kip/in. 

= 66.6° 
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LRFD 
Minimum weld size: 

Dmin =
fu 

( 1. 392 kip/in.) 

x ( 1.0 + 0.50sin l .5 0) 

11.8 

x ( 1.0 + 0.50sin l .5

= 5 .89 sixteenths 

ASD 
Minimum weld size: 

Dmin =
fa 

(0.928 kip/in.) 

BRACED FRAMES 

x ( l.O + 0.50sin l .5 0) 

7 .89 
(0.928 kip/in.) 

x ( 1.0 + 0.50sin l .5 66.6 °) 

= 5 .91 sixteenths 

Use a double-sided ¾-in. fillet weld. Design Case II must also be investigated. 

Beam Stub Strength 

Check beam stub web local yielding 

Because the normal force acts at the centroid of the bottom gusset-to-beam interface, which 
is less than the depth of the beam stub, d, the available web local yielding strength of the 
beam stub is determined from AISC Specification Equation Jl0-3 as follows: 

2.5kdes + l1, = 2.5 ( 1.59 in.)+ 27 .5 in. 
= 31.5 in.> 30-in.-long beam stub, use 30 in. 

Rn = F
y
tw ( 2.5kdes + l1, ) 

= (50 ksi)(0.650 in.)(30 in.) 
= 975 kips 

LRFD 

<IJRn = 1.00(975 kips) 
= 975 kips> 216 kips o.k.

Check beam stub web local crippling 

ASD 

975 kips 
--

1 .50 
= 650 kips> 144 kips 

(Spec. Eq. Jl0-3) 

o.k.

The normal force acts at the centroid of the bottom gusset-to-beam interface, which is 
greater than d/2 from the end of the beam. The available web local crippling strength of the 
beam stub is determined from AISC Specification Equation Jl0-4: 
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Rn =0.80t� 1+3[�)[�; r
s 

�
E

;:
t

f Qf

= 0.80(0.650 inf 1 + 3[
27.5 in.

)[
0.650 in.

)
1 .s 

24.7 in. 1.09 in. 

(29,000 ksi)(50 ksi)(I.09 in.) 
( ) X -'-----'-'----'--'-----'- 1.0 

0.650 in. 
= 1,340 kips 

LRFD 

<j)R,, = 0.75(1,340 kips) 1,340 kips -

Q 2.00 

ASD 

= 1,010 kips> 216 kips o.k. = 670 kips > 144 kips 

Bottom Gusset-to-Beam Interface-Design Case II 

5-323

(Spec. Eq. Jl0-4) 

o.k.

The forces at the bottom gusset-to-beam interface, shown in Figures 5-58a and 5-58b, are: 

LRFD 
Normal: Normal: 
Nu

= 254 kips Na
= 169 kips 

Shear: Shear: 
Vu

= 303 kips Va
= 202 kips 

Moment: Moment: 
Mu = 0 kip-in. Ma = 0 kip-in. 

Check bottom gusset for shear and tension yielding 

along the beam flange 

From previous calculations for Design Case I: 

LRFD 

ASD 

ASD 

<j) Vn = 641 kips > 303 kips o.k. Vn = 427 kips > 202 kips 
Q 

<IJPn = 963 kips > 254 kips o.k.
Pn = 641 kips> 169 kips
Q 

Design of bottom gusset-to-beam flange weld 

o.k.

o.k.

The bottom gusset plate-to-beam flange weld is determined as follows using both the provi
sion and the Exception noted in AISC Seismic Provisions Section F2.6c.4. 
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AISC Seismic Provisions Section F2.6c.4 states that these welds must have available shear 
strength equal to 0.6R

y
F

y
t
p
las times the joint length. From Design Case 1: 

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces corresponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016). 

Assume a fillet weld size, w = ¾ in., to conservatively calculate minor-axis flexural forces 
on the weld. 

LRFD ASD 

P' -
Pu 

p' -
1.67Pa 

- -

0.9R
y
F

y
lt

p
R

y
F

y
lt

p

-
254 kips 1.67 ( 169 kips) 

- -

0.9(1.1)( 50 ksi) 
-

1.1 ( 50 ksi) 

x(27.5 in.)(¾ in.) x(27.5 in.)(¾ in.) 

= 0.249 kip = 0.249 kip 

v' - Vu 

v' 
1.5½,- -

0.6R
y
F

y
lt

p

-

0.6R
y
F

y
lt

p

-
303 kips 1.5( kips) -

0.6(1.1)(50 ksi) 
--

0.6(1.1)(50 ksi) 
x(27.5 in.)(¾ in.) x(27.5 in.)(¾ in.) 

= 0.445 kip = 0.445 kip 

M' - 4M
ux 4(1.67)MaxX 

-

0.9R
y
F

y
l2t 

P
M' -

X 
-

R
y
F

y
l2t

P 

= 0 kip-in. 
= 0 kip-in. 
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LRFD 

0.9(1.1)( 50 ksi) 

x(27.5 in.)(¾ inf 
4 

1
0

.
59 M'!.7 

X 

ASD 

.1 ( 50 ksi) 

x(27.5 in.)(¾ inf 
( .67) 

5-325 

]0.59M'!.7 
X 

2 1.7 0.59 
1 ( 0.249 kip) 2 1.7 0.59 

1 ( 0.249 kip) 
X ( 0.445 kip )4 

(0 k. . )1.7 - 1p-m. 

= 172 kip-in. 

Resultant weld forces per in.: 

fuv - Vu
- -

21 

303 kips 
--

2(27.5 in.) 
= 5.51 kip/in. 

fup - P,,
- -

21 

254 kips 
--

2(27.5 in.) 
= 4.62 kip/in. 

f 
2Mux um,x 

=-12-
= 0 kip/in. 

. Muy max 
fum,y = 

(tp +0.5w)I 

_ 172 kip-in. 
-

!
[¾ in.+0.5(3/s in.)]

] 
x(27.5 in.) 

= 6.67 kip/in. 

X -( 0.445 kip )4 

(0 k. . )l.7 1p-m. 

= 114 kip-in. 

Resultant weld forces per in.: 

fav - Va
- -

21 

202 kips 
--

2(27.5 in.) 
= 3.67 kip/in. 

fap - Pa
- -

21 

169 kips 
--

2(27.5 in.) 
= 3.07 kip/in. 

2Max fam,x = -12-
= 0 kip/in. 

f, _ May max
· am,y - ( 0 5 )1 tp+ . w 

_ 114 kip-in. 
-�- - - - -�

l
[¾ in.+0.5(3/s in.)]

) 
x(27.5 in.) 

= 4.42 kip/in. 
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fu 

LRFD 
= �fu

2
v + ( fup + fum,x + fum,y )2

= 
' 

(5.51 kip/in.)2 

[ 4.62 kip/in. 
r+ + 0 kip/in.+ 6.67 kip/in. 

= 12.6 kip/in. 
Load angle: 
e = tan - l [ !up + fum,x + fum,y 

J fi,v 

= tan-1 [ 4.62 kip/in. + 0 kip/in.) + 6.67 kip/in.
5.51 kip/in. 

= 64.0° 

Minimum weld size: 
Dm;n = fu ( 1.392 kip/in.) 

X ( 1.0 + 0.50sin l .S 0) 
12.6 kip/in. 

-- ( 1.392 kip/in.) 
x ( 1.0 + 0.50sin l.5 64.0°) 

= 6.35 sixteenths 

fa

BRACED FRAMES 

ASD 
= � f ;v + ( fap + fam,x + fam,y )2

= 
' 

(3.67 kip/in.)2 

[3.07kip/in.
r+ + 0 kip/in.+ 4.42 kip/in. 

= 8.34 kip/in. 
Load angle: 
e = tan-1 [lap + !am,x + !am,y 

J fav 

= tan-1 [3.07 kip/in.+0 kip/in.) + 4.42 kip/in.
3.67 kip/in.

= 63.9° 

Minimum weld size: 
Dmin = fa(0.928 kip/in.) 

X ( J.0 + 0.50sin l .S 0) 
8.34 kip/in. 

-- ( 0.928 kip/in.) 
x ( 1.0 + 0.50sin l .5 63.9°) 

= 6.30 sixteenths 
Use a double-sided 1/16-in. fillet weld. Design Case II controls. Design using the Exception in AISC Seismic Provisions Section F2.6c.4 results in this reduced weld size as compared to the o/i6-in. fillet weld required without this Exception as previously calculated. 
Check beam stub web local yielding 

The available web local yielding strength of the beam is (from previous calculations): 
LRFD ASD 

<llRn = 975 kips> 254 kips o.k. Rn = 650 kips> 169 kips o.k.

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-327

Check beam stub web local crippling 

The available web local crippling strength of the beam is (from previous calculations): 

LRFD ASD 

<llRn = 1,010 kips> 254 kips o.k.
Rn 

= 670 kips> 169 kips o.k.

Bottom Gusset-to-Column Interface-Design Case I 

The forces at the bottom gusset-to-column interface, shown in Figures 5-57a and 5-57b, are: 

LRFD ASD 
Normal: Normal: 
Nu

= 112 kips Na = 74.8 kips 

Shear: Shear: 
Vu

= 154kips Va
= 103 kips 

Moment: Moment: 
Mu

= 174 kip-in. Ma = 116 kip-in. 

Combine the axial force and the moment by converting the moment into an equivalent axial 
force derived from the moment equation for a simply supported member with a concen
trated load at midspan (� is the distance to the centroid of the column-to-gusset connection, 
determined previously): 

LRFD ASD 

4Mu 4Ma Nu eq = Nu + 
( ) 

Na eq = Na + 
2(� clip) 2 � -clip 

2(174 kip-in.) 2(116 kip-in.) 
= 112 kips+ = 74.8 kips+ 

10.4 in. 1 in. l 0.4 in. l in. 
= 149 kips = 99.5 kips 

Design of bottom gusset-to-column flange weld 

The bottom gusset plate-to-column flange weld is determined as follows using both the 
provision and the Exception noted in AISC Seismic Provisions Section F2.6c.4. 

AISC Seismic Provisions Section F2.6c.4 states that these welds must have available shear 
strength equal to 0.6R

y
F

y
tpias times the joint length. For a two-sided fillet weld: 

LRFD ASD 

2(1.392 kip/in.)Dl � ( 0.6R
y
F

y
t 
p 

/ as )z 2(0.928 kip/in.)Dl � (0.6R
y
F

y
t

p
/as )z 

as
= 1.0 as = 1.5 
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LRFD ASD 

D>
0.6RyFyfp D>

0.6RyFyfp
- 2(1.392 kip/in.)a, - 2(0.928 kip/in.)a,

0.6(1.1)(50 ksi)(¾ in.) 0.6( 1.1) ( 50 ksi )( ¾ in.)
> > 

- 2(1.392 kip/in.)(1.0) - 2(0.928 kip/in.)(1.5)
2: 8.89 sixteenths 2: 8.89 sixteenths

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces corresponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016): 

l = 19¾ in. - l in. 
= 18.8 in. 

Assume a fillet weld size, w = 3/s in., to conservatively calculate minor-axis flexural forces 
on the weld. 

p' 

v' 

M' 
X 

LRFD 

0.9RyFyltp 
112 kips 

0.9(1.1)(50 ksi) 

x(18.8 in.)(¾ in.) 

=0.160kip 
Vu 

0.6RyFyltp 
154 kips 

0.6(1.1)(50 ksi) 

x( l8.8 in.)(¾ in.) 

= 0.331 kip 
4Mux 

0.9RyFyl2t 
P

4(174 kip-in.) 
0.9(1.1)(50 ksi) 

x(18.8 inf(¾ in.) 

= 0.0530 kip-in. 

p' 

v' 

M' 
X 

1.67Pa

RyFyltp 

ASD 

1.67(74.8 kips) 
1.1 ( 50 ksi) 

x(18.8 in.)(¾ in.) 

=0.161kip 
l.5Va 

0.6R
y
F

y
ltp 

1.5 03 
0.6(1.1)(50 ksi) 

x (18.8 in.)(¾ in.) 

= 0.332 kip 
4(1.67)Max 

R
y
F

y
l2 t

P 

x (18.8 in.)2 (¾ in.) 
= 0.0531 kip-in. 
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Muymax =

LRFD 

0.9RyFylt� 
4 

x[(1-P'2-v,4)
1
"1

0.9(1.1)(50 ksi) 

x(18.8 in.)(¾ inf 
4 

1 (0.160kip) 2
1.7 

X ( 0.331 kip )4

]

0.59 
M'l.7 

X 

0.59 

( 0.0530 kip-in. )'-7

= 125 kip-in. 

Resultant weld forces per in.: 

fuv - Vu- -

21 
154 kips --

2(18.8 in.) 
= 4.10 kip/in. 

P,, fup =
-21 

112 kips -

2( 8.8 .) 
= 2.98 kip/in. 

!um,x =
12 

_ 2(174 kip-in.)
-

(18.8 inf 
= 0.985 kip/in. 

J, 
Muy max 

um,y -(tp +0.5w)I 

_ 125 kip-in. 
-� -- - - -� 

!
[¾ in.+0.5(% in.)]

) 
x(18.8 in.) 

= 7.09 kip/in. 

ASD 

l 

l 7 

]

0.59 
x(l-P12 -V ' 4). -M'/7 

1.1 ( 50 ksi) 

x(I8.8 in.)(¾ inf 
--

4(1.67) 

1 (0.161 kip) 2 1.7

X -( 0.332 kip )4 

-( 0.0531 kip-in. )'-7 

= 83.4 kip-in. 

Resultant weld forces per in.: 

Va fav = 21 

_ 103 kips 
-

2(18.8 in.) 
= 2.74 kip/in. 

fap = 
21 

_ 74.8 kips 
-

2(18.8 in.) 
= 1.99 kip/in. 

2Max!am,x =
-12-

-2(116 kip-in.)
-

(18.8 inf 
= 0.656 kip/in. 

May max 
fam,y = (t 

P 
+ 0.5w) 

_ 83.4 kip-in. - -- -�- --

!
[¾ in.+0.5(1/s in.)]

) 
x( l8.8 in.) 

= 4.73 kip/in. 

0.59 
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fu 
--

-

\ 

LRFD 

f,}v + (!up + fum,x + fum,y )
2 

( 4, 10 kip/inf 

[ 
2.98 kip/in. 

r+ 
+ 0.985 kip/in.+ 7.09 kip/in. 

= 11.8 kip/in. 

Load angle: 

e = tan-1 [
!up + fum,x + fum,y

) fuv 

= tan-1 
[
2.98 kip/in.+0.985 kip/in.

) + 7.09 kip/in.
4.10 kip/in. 

= 69.7° 

Minimum weld size: 

Dmin = fu 

( 1.392 kip/in.) 

X ( 1.0 + 0.50sin LS 0)
11.8 kip/in. --

( 1.392 kip/in.) 

x ( 1.0 + 0.50sin l .5 69.7°

)
= 5.83 sixteenths 

fa

BRACED FRAMES 

ASD 

= J f iv + (lap + fam,x + fam,y )
2 

-

1 

(2.74 kip/inf 

[
1.99 kip/in. 

r+ 
+ 0.656 kip/in.+ 4.73 kip/in. 

= 7.87 kip/in. 

Load angle: 

e = tan-1 [
lap + lam,x + lam,y

) fav 

= tan-1 
[ 
1.99 kip/in.+ 0.656 kip/in.

) + 4.73 kip/in.
2.74 kip/in, 

= 69.6° 

Minimum weld size: 

Dmin = fa 

(0.928 kip/in.) 

X (! .0 + 0.50sin LS 0)
7.87 kip/in. --

(0,928 kip/in.) 

x (1 .0 + 0.50sin l .5 69.6°

)
= 5.83 sixteenths 

Use a double-sided 3/s-in. fillet weld. Design Case II must also be investigated. 

Check bottom gusset plate for shear and tensile 

yielding along the column flange 

The available shear yielding of the gusset plate at the column flange interface is determined 
from AISC Specification Equation J4-3, and the available tensile yielding strength at the 
column flange interface is determined from AISC Specification Equation J4-l as follows: 

Vn = 0.60FyAgv 

= 0.60( 50 ksi )( ¾ in.)( 19¾ in.) 
= 444 kips 
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Pn = FyAg 
= (50 ksi)(¾ in.)(19¾ in.) 
= 741 kips 

LRFD 

<j)V,1 = 1.00(444 kips) 
= 444 kips> 154 kips o.k.

$Pn = 0.90(741 kips) 
= 667 kips > 149 kips o.k.

Check column web local yielding 

ASD 

444 kips 
-
-

Q 1.50 
= 296 kips > 103 kips 

P,, 741 kips 
--

Q 1.67 
= 444 kips> 99.5 kips 

5-331

(Spec. Eq. J4-1) 

o.k.

o.k.

Because the normal force is applied at a distance from the column end that is greater than or 
equal to the column depth, d, the available web local yielding strength of the column from 
AISC Manual Equations 4-2a and 4-2b is: 

LRFD ASD 

$Rn = Pwo + P.v;lb Rn - = Pwo + Pw;lb
Q 

= 315 kips+(39.7 kip/in.)(18.8 in.) = 210 kips+(26.4 kip/in.)(18.8 in.)
= 1,060 kips > 149 kips o.k. = 706 kips> 99.5 kips o.k.

Check column web local crippling 

Because the normal force is applied at a distance from the column end that is greater 
than or equal to d/2, the available web local crippling strength of the column from AISC 
Specification Equation Jl0-4 is: 

2 lb fw 

( ) [ )1.5 
Rn = 0.80t

w 
1 + 3 d -;; 

= 0.80(0.610 inf 1 + 3 18.8 in. 0.610 in.
12.9 in. 0.990 in. 

(29,000 ksi)(65 ksi)(0.990 in.) 
( ) X -------�--- 1.0 

0.610 in. 
= 1,620 kips 

LRFD 

$Rn
= 0.75(1,620 kips) Rn 

= 1,220 kips > 149 kips o.k.

ASD 

1,620 kips 
-
-

2.00 
= 810 kips> 99.5 kips 
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Check column web shear strength 

From previous calculations, the available shear strength of the W12 x 106 column is: 

LRFD ASD 

<PvVn = 307 kips> 112 kips o.k. V,, = 205 kips> 74.8 kips o.k.

Qv 

Bottom Gusset-to-Column Interface-Design Case II 

The forces at the bottom gusset-to-column interface, shown in Figures 5-58a and 5-58b, are: 

LRFD ASD 
Normal: Normal: 
Nu

= 132 kips Na
= 88.1 kips 

Shear: Shear: 
Vu

= 181 kips Va
= 121 kips 

Moment: Moment: 
Mu

= 205 kip in. Ma = 137 kip-in. 

Similar to the previous calculations, the axial force and moment are combined by converting 
the moment into an equivalent axial force: 

LRFD ASD 

4Muc 4Mac Nueq = Nu+ 
C 

) Na eq = Na+ 
C 

) 
2 � -clip 2 � -clip 

2(205 kip-in.) 2( 137 kip-in.) 
= 132 kips+ = 88.1 kips+ 10.4 in. 1 in. 10.4 in. 1 in.
= 176 kips = 117 kips 

Design of bottom gusset-to-column flange weld 

The bottom gusset-to-column flange weld is determined as follows using both the provision 
and Exception noted in the AISC Seismic Provisions Section F2.6c.4. 

AISC Seismic Provisions Section F2.6c.4 states that these welds must have available shear 
strength equal to 0.6R

y
F

y
t
p
las times the joint length. From Design Case I: 

LRFD ASD 

D 2': 8.89 sixteenths D 2': 8.89 sixteenths 

The Exception noted in AISC Seismic Provisions Section F2.6c.4 states that these welds 
may be designed to have available strength to resist gusset-plate edge forces con-esponding 
to the brace force combined with the gusset plate minor-axis flexural strength determined 
in the presence of those forces. A two-sided weld is designed as follows per Carter et al. 
(2016). 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-333

Assume a fillet weld size , w = ¾ in., to cons e rvatively calculat e minor- axis flex u r al force s
on the weld. 

p' 

v' 

M' 
X 

LRFD 

- Pu -
0.9RyFyltp

_ 132kips
-

0.9(1.1)(50 ksi)

x(l8.8 in.)(¾ in.)

= 0.189 kip
Vu

=---

0.6RyFyltp
_ 18 l kips
-

0.6(1.1)(50 ksi)

x(18.8 in.)(¾ in.)

= 0.389 kip
4Mux - -- --

0.9 RyFyl
2t P 

4(205 kip-in.)
-� --'-----'---� 

0.9(1.1)(50 ksi)

x (18.8 inf(¾ in.)

= 0.0625 kip-in.
0.9RyFylt�

Muymax =- -�4 

x[(1 p'2 v'4 )
1

-7

0.9(1.1)(50 ksi)

x(l8.8 in.)(¾ inf
4

1-(0.189 kip) 2 l.7

X ( 0.389 kip )4

]

0.59 
M�t.7 

0.59 

-(0.0625 kip-in.t7 

= 122 kip-in.

p' 

v' 

ASD 

_ 1.67Pa

RyFyltp
_ 1.67(88.1 kips)
-

I. 1 ( 50 ksi)

x (18.8 in.)(¾ in.)

= 0.190 kip
I.5Va-

0.6RyFyltp
_ 1.5 ( 121 kips)
-�-�---'-�

0.6(1.1)(50 ksi)

x(18.8 in.)(¾ in.)

= 0.390 kip

_ 4(1.67)M,i,
RyFyz2tP 

_ 4(1.67)(137 kip-in.)
-

1.1 ( 50 ksi)

x(l8.8 inf(¾ in.)

= 0.0628 kip-in.
RyFylt�

M ay max -
4(1.67)

l 

l 7 
]

0.59 
x ( 1-P'2 - v'4) · - M?7

1.1(50 ksi)

_ x (18.8 in.)(¾ inf
-

4(1.67)

2 l.7 1 ( 0.190 kip)
0.59 

X - ( 0.390 kip )4

( 0.0628 kip-in.t7 

= 81.4 kip-in.
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LRFD 
Resultant weld forces per in.: 

fuv --
2l 
181 kips --

2 ( 18.8 in.) 

= 4.81 kip/in. 

fup 
- P,, - -

2l 
132 kips --

2(18.8 in.) 
= 3.51 kip/in. 

2Mux fum,x = -
z2-

- 2(205 kip-in.)

(18.8 inf
= 1.16 kip/in.

Muv max
fum,y = 

(tp +·0.5w)l

_ 122 kip-in.
-

!
[¾ in.+0.5(3/s in.)]

) 
x(l8.8 in.) 

= 6.92 kip/in. 

fu = f}v + (!up + fum,x + fum,y )
2 

( 4.81 kip/inf 

-
1 +(

3.51 kip/in. 
J
2 

+ 1.16 kip/in.+ 6.92 kip/in.
= 12.5 kip/in. 

Load angle: 

0 = tan-1 [fup + fum,x + fum,y J
fuv 

= tan 
(
3.51 kip/in.+ 1.16 kip/in.

J 
_ 1 + 6.92 kip/in.

4.81 kip/in. 

= 67.5°

BRACED FRAMES 

ASD 
Resultant weld forces per in.: 

fav = 
2l 

_ 121 kips
-

2(18.8 in.)

= 3.22 kip/in. 
Pa fap =
2[ 

_ 88.1 kips
-

2(18.8 in.)
= 2.34 kip/in.

2Max fam,x = -[2-

- 2(137 kip-in.)

(18.8 inf
= 0.775 kip/in.

May max 
fam,y = 

( 0 5 )l tp + . w 

_ 81.4kip-in.
-

!
[¾ in.+0.5(3/s in.)J

J 
X (18.8 in.) 

= 4.62 kip/in. 

fa = ) f}v + (fap + fam,x + fam,y )
2 

(3.22 kip/inf 

- i 
+(

2.34 kip/in. 
J
2 

+ 0.775 kip/in.+ 4.62 kip/in.
= 8.38 kip/in. 

Load angle: 

0 = tan-1 [fap + fam,x + fam,y J
fav 

(
2.34 kip/in.+ 0.775 kip/in.

J 
= tan_1 +4.62 kip/in.

3.22 kip/in. 

= 67.4° 
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LRFD 
Minimum weld size: 

Dmin = fu 
( 1.392 kip/in.) 

x ( 1.0 + 0.50sin l .5 0) 
12.5 

x ( 1.0 + 0.50sin l .5

= 6.22 sixteenths 

ASD 
Minimum weld size: 

Dmin = fa 
(0.928 kip/in.) 

x(1.o+0.5sin l .5 0) 
8.38 

( 0.928 kip/in.) 

x (1 .0 + 0.50sin l .5 67.4°) 
= 6.26 sixteenths 

5-335

Use a double-sided 1/16-in. fillet weld. Design using the Exception in AISC Seismic Provi

sions Section F2.6c.4 results in this reduced weld size as compared to the '½6-in. fillet weld 
required without this Exception as previously calculated. 

Check bottom gusset shear and tensile yielding 

along the column flange 

From previous calculations for Design Case I, the available shear yielding and available 
tensile yielding strengths of the bottom gusset are: 

LRFD ASD 

cpVn = 444 kips> 181 kips o.k. V,, = 296 kips> 121 kips o.k. 
Q 

cpPn = 667 kips> 176 kips o.k. = 444 kips> 117 kips o.k.
Q 

Check column web local yielding 

From previous calculations for Design Case I, the available column web local yielding 
strength is: 

LRFD ASD 

<!lRn = 1,060 kips > 176 kips o.k. Rn = 706 kips> 117 kips o.k.
Q 

Check column web local crippling 

From previous calculations for Design Case I, the available column web local crippling 
strength of the column is: 

LRFD ASD 

<!lRn = 1,220 kips > 176 kips o.k. Rn = 810 kips> 117 kips o.k.
Q 
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Check column web shear strength 

From previous calculations for Design Case I, the available shear strength of the W12 x 106 
column is: 

ASD LRFD 

<l>
v V,, = 307 kips > 132 kips o.k. V,, = 205 kips > 88.1 kips o.k.

Qv 

The complete design is shown in Figure 5-50. 

W12x106 
column 

� 

I 

Tttc::���===="�==f 

W.P. 

Note: Not all dimensions are 
shown. See Figure 5-50 for 
additional connection details. 

J½" 

HSS 6.875x0.500 
brace 

PL¾x4x2'-4" (typ.) 
(A572 Gr. 50) 
(1-NS, 1-FS) 

W24x84 
beam 

Fills as required 

PL¾" (A572 Gr. 50) 

HSS7.500x0.500 

Fig. 5-60. Alternate design using continuous gusset plate. 
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Alternate Detail Using a Continuous Gusset Plate

An alternate detail using a continuous gusset plate instead of a beam stub is shown in Figure 

5-60. This alternate uses a ¾-in.-thick gusset plate with plate reinforcement in lieu of the

W24 x 146 beam stub and eliminates many welds. Note that the horizontal dimension 2a is

used to set the gusset horizontal dimension.

Example 5.3.10. SCBF Brace-to-Beam/Column Connection 
Design with Elliptical Clearance and 
Fixed Beam-to-Column Connection 

Given: 

Refer to Joint JT-1 at the third level in Figure 5-61 (the plan is given in Figure 5-14). 

Design the connection between brace, beam and column. Use an ASTM A572 Grade 50 

welded gusset plate concentric to the braces and 70-ksi electrodes to connect the brace to 

the gusset plate and the gusset plate to the beam and column. Use ASTM A572 Grade 50 

B C 

25'-0" 

Fourth 

� 

Third 

I 

� 

Second 

I 

� 

�Base 

Fig. 5-61. Frame elevation. 
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continuity plates. The brace is an ASTM A500 Grade C round HSS, the beam is an ASTM 

A992 W24 x 84, and the column is an ASTM A992 W12 x 96. The applicable building code 

specifies the use of ASCE/SEI 7 for calculation of loads. The shear forces due to gravity at 

the end of the beam are: 

VD = 4.50 kips 

VL = 3.00 kips 

This example illustrates an alternative method for gusset plate design to that provided in the 

AISC Seismic Provisions Commentary Figure C-F2. 19, proposed by Lehman et al. (2008), 

to accommodate brace buckling as required by AISC Seismic Provisions Section F2.6c.3. 

In lieu of the 2t
p 

linear brace offset, an 8t
p 

elliptical offset may be used. In particular, 

for rectangular gusset plates, the 8t
p 

elliptical offset offers a more compact gusset plate 

with equivalent deformation capacity to accommodate the out-of-plane brace movement. 

However, for gusset plates that have significant taper, as is the case in Example 5.3.9, the 

8t
p 

elliptical offset and the 2t
p 

linear offset offer similar results. This example, as shown in 

Figure 5-62, illustrates a connection design using the elliptical offset method applied to a 

rectangular gusset plate. 

In addition to illustrating the application of the elliptical clearance methodology, this 

example uses a fixed beam-to-column connection to satisfy the requirements of item (b) of 

1 ½"x 1 ½" clip in 
gusset plate 

PL½x4½" (A572 Gr. 50) 
Both sides of web at beam 
flanges 

Continuity plate) :Jls G-... 3/sv 

Notes: 

./ 

Welds of web and doubler/shear plate to column flange are demand critical. 

Fig. 5-62. Rectangular gusset plate with 8t
p 

elliptical brace offset 

addressed in Example 5.3. JO. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-339

AISC Seismic Provisions Section F2.6b. In the design, the beam web and flanges are welded 
to the column flange with CJP groove welds. The flange weld requires a substantial corner 
clip in the gusset plate for access. This clip is detailed as 1 ½ in. In this example, the clip is 
considered for rupture limit states, but it is ignored for yielding limit states. 

Some features of this example, including the elliptical clearance, the fixed beam-to-column 
connection, and the sizing of welds at the gusset plate interfaces are provided as an alter
native to Example 5.3.9. The brace-to-gusset calculations are not shown in this example 
because they are similar to Examples 5.3.7 and 5.3.9. 

Solution: 

From AISC Manual Tables 2-4 and 2-5 and AISC Seismic Provisions Table A3.1, the mate
rial properties are as follows: 

ASTM A500 Grade C (round) 

Fv = 46 ksi 
Fu = 62 ksi 
Ry

= 1.3 
Ri = 1.2 

ASTM A572 Grade 50 
Fy = 50 ksi 
Fu = 65 ksi 

ASTM A992 
Fv = 50 ksi 
Fu = 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Brace (above the beam) 
HSS6.875 x 0.500 
fctes = 0.465 in. D = 6.875 in. 

Brace (below the beam) 
HSS7.500x0.500 

fdes = 0.465 in. 

Beam 
W24x84 

d = 24.I in. 
kdes = 1.27 in. 

Column 
W12x96 
d = 12.7 in. 
kdes = 1.50 in. 

Required Strength 

D = 7.500 in. 

tw = 0.470 in. 

fw = 0.550 in. 

A= 9.36 in.2 r = 2.27 in. 

A= 10.3 in.2 r = 2.49 in. 

bt = 9.02 in. ff= 0.770 in. 

b1= 12.2 in. tr= 0.900 in. 

For the HSS6.875x0.500 brace above the beam, according to AISC Seismic Provisions 

Section F2.3(a), the seismic load effect with overstrength is determined from the expected 
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strengths of the brace in compression and in tension. The expected strengths of the brace 

are determined as follows. 

From AISC Seismic Provisions Section F2.3, Table A3. l ,  and previous examples: 

The required tensile strength due to seismic loading is: 

IP" 560 kips 
LRFD

1 
P" 373 kips 

ASD 

The required compressive strength due to seismic loading is: 

The required compressive strength based on post-buckling strength is: 

IP"� 135 kips
LRFD I P0 � 90.0 kips 

ASD 

For the HSS7.500x0.500 brace below the beam, the connection of the brace below 

the beam is not designed as part of this example for Joint JT- I, but the brace member 

size is important when considering the analysis provisions of AISC Seismic Provisions 

Section F2.3. 

The required tensile strength due to seismic loading is: 

The required compressive strength due to seismic loading is: 

I P" � 524 kips 

LRFD I P" � 349 kips 
ASD 

The required compressive strength based on post-buckling strength is: 

LRFD ASD 

The brace-to-gusset connection and brace reinforcement will not be addressed in this 

example. As in Example 5.3.9, the upper brace-to-gusset weld is ¼-in. fillet welds that are 

26 in. long. Note that according to AISC Specification Table J2.4, the minimum required 

weld size is ½6 in. based on the 0.465-in. thickness of the brace. 

For reference, the final design using these methodologies is shown in Figure 5-62. The 

symbols used are shown in Figure 5-63. 
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Gusset Plate Design 

The geometry of the gusset plate and location of the end of the brace are established using 
the approach described in Lehman et al. (2008). The calculations for the brace connection 
are shown in the following. The horizontal gusset dimension, a, has been chosen as 40 in. 
and the vertical dimension is calculated. These values result in an economical gusset plate 
thickness and weld sizes. The value of a is based on iterations using the method outlined in 
Lehman et al. and allows for a brace-to-gusset weld length of 26 in. 

From the geometry in Figure 5-63 and based on the choice of a = 40 in., the gusset length 
along the column flange is: 

b = (a+ ec) tan y eh 

= [40 in.+ (12.7 in.)/2]tan 45° -(24.1 in.)/2 

= 34.3 in. 

where b is the vertical gusset dimension (rounded up to 34 1/2 in.); y = 45° is the angle 
between the brace and the horizontal, as shown in Figure 5-63 and determined from the 
elevation geometry in Figure 5-61; and ec and eh are the eccentricities of the gusset edges 
from the column and beam centerlines, respectively (i.e., half the member depth). 

I 

I 

I� 
I 

I 

M'-d-;.+--.-

---

--

x' 

-Theoretical gusset corner

Actual gusset edge 

Fig. 5-63. Illustration of symbols used for lengths and angles. 
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Half of the lengths of the major and minor axis of the ellipse are then calculated using a 
gusset plate thickness of 5/s in. based on yielding on the Whitmore section. 

Check required gusset plate thickness based on the 

limit state of tensile yielding 

Tension yielding is checked on a section of the gusset plate commonly referred to as the 
Whitmore section. This section is explained in AISC Manual Part 9 (Figure 9-1) and in 
Thornton and Lini (2011). The width of the Whitmore section is determined based on a 30° 

spread. 

Wp = 2lwtan30° + D

= 2(26 in.) tan30° +6.875 in. 

= 36.9 in. 

From AISC Specification Equation J4-l ,  the available tensile yielding strength is: 

LRFD ASD 

<j)Rn = <pF
y
A

g 

Rn -
F

y
A

g
-

Q Q 

Setting this equal to the required tensile Setting this equal to the required tensile 
strength of the brace connection, and with strength of the brace connection, and with 
A

8 
= t

p
w

p
, the gusset plate thickness is: A

8 
= t

p
w

p
, the gusset plate thickness is: 

t - Pu QPa

p- f
p

= --
<j)F

y
w

p 
F

y
w

p 

560 kips 1.67 ( 373 kips) 
-- -

0.90(50 ksi)(36.9 in.) (50 ksi)(36.9 in.) 

= 0.337 in. = 0.338 in. 

Try a V2-in.-thick gusset plate. 

This calculation does not include any reduction considering that the Whitmore width extends 
into the web of the column or beam. If the Whitmore width enters into a beam or column 
web that is substantially thinner than the gusset, there is a potential for web local yielding. 

In the configuration selected, the Whitmore width does not intrude into the beam or column 
web. This can be demonstrated by a geometric evaluation. 

Determine geometry of the gusset plate 

The determination of the location of the end of the brace, as determined in the follow
ing, is based on the methodology described in Lehman et al. (2008); the equations in the 
following are updated from the reference. The location may also be determined from 
Kotulka (2007). Note that the determination of the final dimensions of the gusset plate based 
on either method is iterative. 
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b1 = b 8tp 
= 34½ in.-8(½ in.)
= 30.5 in.

a'=a 8tp 
= 40 in.-8(½ in.)
= 36.0 in. 

The aspect ratio of the ellipse is: 
a' p = b' 

36.0 in. 
30.5 in. 

= 1.18

5-343

The dimension y' defines they-coordinate of the intersection of the brace axis with the ellipse: 

y'= 

1 = (36.0 in.)
2 cot2 45° +(1.18) 

= 23.3 in.

The x-coordinate of the ellipse is then found from: 

= (36.0 in.) 1 

= 23.2 in.

( 23.3 in. }
2 

30.5 in. 

To ensure that the entire brace cross section remains clear of the elliptical zone, the brace 
is shifted from the x' and y' coordinates using the correction factor, Corr, calculated in the 
following: 

� = tan-1 (y�;
2 

J 

= tan-I __ 2_3_.2_in_ . __ , 
(23.3 in.)(1.18)2 

= 35.6° 
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D Corr= -tan (90° p y) 
2 

= 0.569 in. 

In the preceding equation, D/2 is expressed as c in Lehman et al. (2008) and is defined as 
the distance from the brace centroidal axis to the extreme fiber of the brace. 

The maximum distance from the theoretical gusset comer to the end of the brace isl': 

l' = �(x')
2 + (/)2 Corr

= �( 23.2 in.)2 + ( 23.3 in.)2 -0.569 in. 

= 32.3 in. 

The brace length overlapping the gusset plate must then be checked to ensure that there is 
adequate length for the required weld: 

l� = 11 ( � + s Jcoty 

_ 32 3. -(6.875 in. I. J 450- . m. - - --+ m. cot 

= 27.9 in. 

wheres is the "shoulder" of the gusset at the brace as shown in Figures 5-62 and 5-63. 

This is greater than the 26 in. required for the ¼-in. fillet welds (determined in Example 
5.3.7). Therefore, the geometry of the gusset plate is now set. If l'w were less than 26 in., 
then the gusset plate height and width would have to be increased. 

The thickness of the gusset plate was tentatively assumed to be ½ in. for the limit state 
of tensile yielding on the Whitmore section and needs to be verified for the limit states of 
compression buckling and block shear rupture. 

Check compression buckling on the Whitmore section 

The limit state of compression buckling is checked using AISC Specification Section 14.4.
First determine Lclr as follows. 

The length of the brace centerline from the theoretical gusset corner to the intersection with 
the beam flange is calculated as: 

L=-b
siny
34½ in. 
sin 45° 

= 48.8 in. 
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The centerline length of buckling, l1 , is:
l1 = L l'

= 48.8 in. - 32.3 in.
= 16.5 in.

5-345 

The elliptical clearance provided in this example results in an extended corner gusset plate;
therefore, from Dowswell (2006), use K = 0.6. 

le 0.6(16.5 in.)
r (½ in.)/m 

=68.6

Because lclr > 25, AISC Specification Section J4.4 stipulates that the available compres
sive strength is determined from AISC Specification Chapter E provisions. From AISC
Manual Table 4-14, with Fy 

= 50 ksi, the available critical stress is: 

LRFD

<pcFcr = 31.9 ksi Fer = 21.2 ksi
QC 

ASD

From AISC Specification Equation E3-1, the available compressive strength at the Whit
more section, based on flexural buckling, is: 

LRFD

<pcP,, = <pcFcrAg

Pn = (Fer )Ag
QC QC 

ASD

= (31.9 ksi)(½ in.)(36.9 in.) = (21.2 ksi)(½ in.)(36.9 in.)
= 589 kips> 449 kips o.k. = 391 kips > 299 kips o.k.

Therefore, the ½-in.-thick gusset plate is acceptable.

Check block shear rupture of the gusset plate 

The nominal strength for the limit state of block shear rupture relative to the axial load on
the gusset plate is: 

Rn = 0.60FuAnv + UhsFuAnt S 0.60FyAgv + UbsFuAnt

where
Ag

v = ( 2 planes )lt
P 

= (2 planes)(26 in.)(½ in.)

= 26.0 in.2 

Ant =Dt
p 

= (6.875 in.)(½ in.)

= 3.44 in.2
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Anv = (2 planes)ltp 

= (2 planes)(26 in.)(½ in.) 

= 26.0 in.2

Ubs = 1.0 

and 
Rn = 0.60( 65 ksi )( 26.0 in.2) + 1.0 ( 65 ksi )( 3.44 in.2)

� 0.60( 50 ksi)( 26.0 in.2) + 1.0 ( 65 ksi )( 3.44 in.2) 
= 1,240 kips > 1,000 kips 

Therefore: 

Rn = 1, 000 kips 

BRACED FRAMES 

The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD 

<J>Rn = 0.75(1, 000 kips) 

= 750 kips> 560 kips o.k.

Use a ½-in.-thick gusset plate. 

Gusset Analysis 

Rn 
= (1, 000 kips)

Q 2.00

ASD 

= 500 kips > 373 kips o.k.

In order to perform the gusset plate checks at vertical and horizontal sections at the inter
faces with the beam and column and to perform checks of local limit states within the beam 
and column, it is necessary to obtain design forces by performing an analysis of the gusset. 

For the design method illustrated in this example, the checks of the gusset plate at these 
vertical and horizontal sections will necessarily be satisfied as a consequence of satisfying 
the check of yielding of the Whitmore section and of designing the fillet welds at the gusset
beam and gusset-column interfaces to be stronger than the gusset plate. Nevertheless, it is 
necessary to derive the forces on these interfaces in order to obtain forces for the web local 
yielding and web local crippling checks on the beam and column. 

In this example, the Parallel Force Method (also known as the Ricker method) will be used 
for simplicity (Thornton, 1991). 

Note: Alternatively, the Uniform Force Method is also applicable to this connection. 
Because of the proportioning of the gusset plate in this example, the Uniform Force Method 
will result in moments being assigned to the vertical and horizontal interfaces. The forces 
used to evaluate the limit states of web local yielding and web local crippling would then be 
adjusted to include these moments as illustrated in Example 5.3.9. 

The Parallel Force Method has a disadvantage relative to the Uniform Force Method in that 
minor moments result at the column face. However, the use of a rigid beam-to-column con-
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nection is generally sufficient to resist such moments, and they may be disregarded under 
these conditions. 

In the Parallel Force Method, eccentricities are calculated from the brace centerline to the 
centroids of the gusset plate welds at the beam and column faces. The gusset-to-beam con
nection is designed for the required shear force, Hb, and the required normal force, Vi1• The 
gusset-to-column connection is designed for the required shear force, Ve, and the required 
normal force, He. As shown in Figure 5-64, a line perpendicular to the brace axis that passes 
through the centroid of the gusset-to-column flange interface may be used to find the eccen
tricity. (This is also done for the gusset-to-beam flange interface.) As discussed previously, 
total gusset lengths are used for evaluating yielding limit states; local effects due to the 
corner clip are considered only for rupture limit states. 

At the column flange, the gusset-to-column flange centroid is located at this point, relative 
to the working point: 

12.7 in. 24.1 in.+ 34½ in.
2 2 

= (6.35 in., 29.3 in.) 

I 

I 

I 

I� 
'.Q 

I 

w . .l. 

J 
I 

I 

2 

7 
/ 

Fig. 5-64. Geometric method of establishing eccentricity from brace centerline. 
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The point on the brace centerline that is the intersection of a line through this point perpen
dicular to the brace centerline is given by these equations (as shown in Figure 5-64), with 
the working point taken as the origin: 

Ye tany+xc Xee = tan2 y+l 
( 29.3 in.)tan45°+6.35 in. 

tan2 45°+ 1 
= 17.8 in. 

Yee = Xee tan y 
= (17.8 in.)tan45° 

=17.8in. 

The eccentricity between the centroid of the gusset-to-column interface and the brace center
line is therefore: 

ec = �(Xec -xc)2 +(Yee -ye)2 

= �(17.8 in.-6.35 in/ +(17.8 in.-29.3 in/ 

= 16. 2 in. 

At the beam flange, the gusset-to-beam flange centroid is located at this point, relative to the 
working point: 

= ( 26.4 in. , 12.1 in.) 

The point on the brace centerline that is the intersection of a line through this point perpen
dicular to the brace centerline is given by these equations (see Figure 5-64), relative to the 
working point: 

Xeb=-----tan2 y+l 
(12.1 in.)tan45°+26.4 in. 

tan2 45° + 1 
= 19.3 in. 

Yeb = Xeb tan y 
= (19.3 in.)tan45° 

=19.3in. 
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The eccentricity between the centroid of the gusset-to-beam interface and the centerline of 
the brace is therefore: 

eh = J(xeb -xb )
2 

+ (Yeh -Yb )
2 

= J( l9.3 in.-26.4 inf +(19.3 in.-12.1 inf 

=10. l in. 

Taking moments about point (xb, Yb), the diagonal force, parallel to the brace force, at the 
column flange corresponding to the expected strength of the brace in tension is: 

P, - Pueh 
uc -

(ec +eb)

LRFD 

(560 kips)(10 . l  in.) 
--

(16.2 in.+ 10.1 in.) 
= 215 kips 

P - Paeb
ac -

(ec +eb) 

ASD 

(373 kips)(10 . l  in.) 
--

(16.2 in.+10.1 in.) 
= 143 kips 

Note that summing moments as described will result in a Pc force in the opposite direction 
to the column flange force as shown in Figure 5-64. Because Figure 5-64 is not actually a 
free-body diagram of the gusset, forces Pc and Ph are shown as they act on the beam and 
column. When resolving these forces into components, forces denoted H act in the horizon
tal direction and forces V act in the vertical direction. Depending on whether the interface is 
a beam or a column, Hor V might be either a shear or a normal force. 

The corresponding shear on the column face is: 

LRFD ASD 

Vue = Puc sin y Vac = Pac sin Y 
= (215 kips)sin45° = (143 kips)sin45° 

= 152 kips = 101 kips 

The corresponding normal force on the column face is: 

LRFD ASD 

Hue = Puc cosy Hae = Pac cosy 
= (215 kips)cos45 ° = (143 kips)cos45 ° 

= 152 kips = 101 kips 

Taking moments about point (xc, Ye), the diagonal force at the beam flange corresponding to 
the expected strength of the brace in tension is: 
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P, 
-

Puec 
ub -

( ) ec +eb 

LRFD 

( 560 kips)( 16.2 in.) 
-

-

(16.2 in.+10 . 1  in.) 

= 345 kips 

The corresponding shear on the beam face is: 

LRFD 

Hub = Pub cosy 
= (345 kips)cos45° 

= 244 kips 

BRACED FRAMES 

ASD 

p - Paec 
ab -

( ec + eb) 
(373 kips)(l6 .2 in.) 

-

-

(16.2 in.+10.1 in.) 

= 230 kips 

ASD 

Hab = Pab cosy 
= (230 kips)cos45° 

= 163 kips 

The corresponding normal force on the beam face is: 

LRFD ASD 

Vub = Pub sin Y Vah = Pab sin Y 
= (345 kips)sin45° 

= (230 kips)sin45° 

= 244 kips = 163 kips 

The beam-to-column connection is designed for a moment based on the normal and shear 
forces at the gusset-to-beam interface. Taking moments about the work point, the resulting 
moment at the beam-to-column connection due to the brace force is: 

LRFD 

Mu
= Huh(d; )-V,,1,(%) 

(244 kips)(
24·� 

in.
)

-

-

( 244 kips) (
40

2
in. 

) 

= I, 940 kip-in. 

Ma
= 

-

-

ASD 

Hab ( d; )- Vah ( % ) 
(163 kips)( 

24·� 
in.

)

( 163 kips)( 
40

2
in.

)

= 1,300 kip-in. 

The horizontal force at the connection of the beam to the column is affected by both the 
force entering the frame ( defined by the mechanism analysis provisions of AISC Seismic

Provisions Section F2.3) and the horizontal force transferred from the gusset to the column 
(Hue or Hae). The total force entering the frame can be computed based on the difference 
between the total expected frame shear strength above and below the beam, as explained in 
Example 5.3 .5. These shear strengths are calculated based on the horizontal components of 
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the brace expected strengths. The total force entering the frame is the difference between the 
expected strengths of the braces above the third level and the braces below the third level: 

L (Brace expected strengths below beam) cosy 
Px =

- L ( Brace expected strengths above beam) cosy

LRFD ASD 

Px =
( 616 kips+ 524 kips) 

cos45° 
Px =

( 411 kips+ 349 kips) 
cos45° 

(560 kips+449 kips) (373 kips+299 kips) 

= 92.6 kips = 62.2 kips 

Similar to what was illustrated in Example 5.3 .5, the mechanism analysis with the compres
sion braces at their post-buckling strengths will not result in a higher force entering the 
frame in this case. 

Because the braced frame is in the middle bay of a three-bay building, the collector force 
(half of this story force) can be considered to enter the braced frame from each side. These 
forces are shown in Figures 5-65a and 5-65b. 

46.3 kips 

T 
I 

I 

--+-
//I', 

/ I '--

T 

/ '-. 

I 569-f<ips : 44�ps I 

? / I "" ? 
46.3 kips : / 442 kips : 364 kips'-_ : 

----- -----

: /:"'- : I 
I "" I 

I .,. I ,-. . I 

I 61§,KIPS 52,.-l�!PS I 

I / I

I '-- I 
/ '-. 

I / I 
, I 

L/ + 'J
I / I , I 

I // 
I 

', I 

I / I 
, I 

I / 
I '-- I 

/ '-. 

Fig. 5-65a. Collector and frame forces for the third level-LRFD. 
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LRFD ASD 

Hu,collector = (92.6 kips )/2 Ha,collector = ( 62.2 kips )/2 
= 46.3 kips = 31. l kips 

The force at the beam-to-column connection within the frame must also include Hue (LRFD)

and Hae (ASD):

LRFD ASD 

Hu,conn = Hu,collector + Hue H a,conn = H a,collector + H ac

= 46.3 kips+ 152 kips = 31. l kips+ 101 kips 
= 198 kips = 132 kips 

This force may be resisted in the beam flange-to-column welds, the beam web-to-column 
weld, or shared between the two. In this example, the available strength of the flanges will 
be calculated, and any excess demand will be assigned to the web. For this comparison, the 
required strength of each beam flange is taken as: 

31.1 kips 

T 
/ " 

T 
/

/ ', I 
I / I " I 
r/ ----- /+, ----- '

-1 
I / I " I 
I // I ', I 
I 37,9'1'<ips : 299'¾!ps I 

?/ I "'? 
31.1 kips : / 295 kips : 243 kips'- : ----- -----

: /:' : 
I I "' I 
: 41 J,Aips I 349'�ps : 
I / I " I 
I /

/ I ', I 
I / I ' I 
--------+--------1 / I ' I 

I /
/ I ', I 

I / I , I 
I / I '- I

/ " 

Fig. 5-65b. Collector and frame forces for the third level-ASD. 
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LRFD 

Ru = � + Hu.conn

d tf 2 

1,940 kip-in. -

24.1 in. -0.770 in. 
= 182 kips 

+ 198 kips
2 

Ra 

ASD 

Ma Ha conn =--+ , 
d tr 2 

1,300 kip-in. --

24.1 in. -0.770 in. 
= 122 kips 

5-353

+ 132 kips
2 

The available strength of each beam flange for the limit state of tensile yielding is calculated 
as: 

Rn = FyAg

= Fybr tr
= (so ksi)(9.02 in.)(0.770 in.) 

= 347 kips 

LRFD 

<!>Rn =0.90(347kips) 

= 312 kips> 182 kips o.k.

Rn

Q 

(Spec. Eq. J4-l) 

ASD 

347 kips --

1.67 
= 208 kips > 122 kips o.k.

Thus, the entire force can be assigned to the beam flanges, and none need be assigned to the 
beam web in this case. 

Gusset Plate at Column Flange 

The combined effects of shear and tension on the gusset at the column flange are calculated 
using AISC Manual Equation 9-1, and the available compressive and shear strengths are 
determined from AISC Specification Section J4: 

LRFD 

Mr P,. Vr l O l r l r +- +- <. 
Mc P,.. Ve -

Mr = 0 kip-in. 

Pr = Hue 

= 152 kips 

Pc = q>FyAg

= 0.90(50 ksi)(½ in.)(34½ in.) 

= 776 kips 

ASD 

Mr Pr Vr < l O l r l r +- +- . 
Mc P,.. Ve -

Mr = 0 kip-in. 

Pr
= Hae 

= 101 kips 

P,.. 
F

yA
g --

Q 

(so ksi)(½ in.)(34 1/2 in.) 
--

1.67 
= 516 kips 
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LRFD 

Vr = Vue 

= 152 kips 

Ve = q>0.60F
y
A

gv 

= 1.00(0.60)(50 ksi)(½ in.)(34½ in.) 

= 518 kips 

l152 kips r + l152 kips r = 0.0458 
776 kips 518kips 

0.0458 < 1.0 o.k.

BRACED FRAMES 

ASD 

Vr =Vac 
= 101 kips 

Ve 
-

0.60F
y
A

gv 
-

n 

0.60(50 ksi)(½ in.)(34½ in.) 
--

1.50 
= 345 kips 

l101 kips r + l101 kips r = 0.0457 
516 kips 345 kips 

0.0457 < 1.0 o.k.

A similar check can be made for rupture on this plane but is not shown because the interac
tion ratio from the preceding calculation is negligible. 

Gusset Plate at Beam Flange 

Similar to the gusset at the column face, the combined effects of shear and tension on the 
gusset at the beam flange are calculated using AISC Manual Equation 9-1, and the available 
compressive and shear strengths are determined from AISC Specification Section J4: 

LRFD 

Mr P,. Vr < I 0r r r r -+- +- . 

Mc ?,,. Ve -

Mr = 0 kip-in. 

P,. = Vub 
= 244 kips 

= q>F
y
A

g 

= 0.90(50 ksi)(½ in.)( 40 in.) 

= 900 kips 

Vr =Hub 
= 244 kips 

Ve = q>0.60F
y
A

gv 

= 1.00(0.60)(50 ksi)(½ in.)(40 in.) 

= 600 kips 

ASD 

Mr Pr V,. < I 0r r r r -+- +- . 

Mc ?,,. Ve -

Mr = 0 kip-in. 

Pr = Vab 
= 163 kips 

Pc
-

F
y
A

g 
-

n 

( 50 ksi) ( ½ in.) ( 40 in.) 
--

1.67 
= 599 kips 

Vr =Hab 
= 163 kips 

Ve 
-

0.60F
y
A

gv
-

n 

0.60(50 ksi)(½ in.)(40 in.) 
--

1.50 
= 400 kips 
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LRFD 

[ 244 kips r + [ 244 kips r = 0.101
900 kips 600 kips 

0.101 < 1.0 o.k.

ASD 

[163 kipsr +[163 kipsr =0.102
599 kips 400 kips 

0.102 < 1.0 o.k.

5-355

A similar check can be made for rupture on this plane but is not shown because the interac
tion ratio from the preceding calculation is negligible. 

Column Web at Gusset-to-Column Interface 

At the gusset-to-column interface and gusset-to-beam interface, the column and beam webs, 
respectively, must be checked for the limit states of web local yielding and web local crip
pling. For the gusset-to-column interface, the length of bearing, lb, is taken as the height of 
the gusset plate, b.

Check column web local yielding 

For a force applied at a distance greater than the depth of the member from the member end, 
the available web local yielding strength is determined using AISC Manual Equations 4-2a 
or 4-2b, and Table 4-l a, as follows: 

LRFD ASD 

<!JRn = Pwo + Pw)b 
Rn - = Pwo + Pwih
Q 

= 206 kips+ (27.5 kip/in.)(34½ in.) = 138 kips+(l8.3 kip/in.)(34½ in.)
= 1,150 kips> 152 kips o.k. = 769 kips> 101 kips 

Check column web local crippling 

For a force applied greater than a distance of d/2 from the member end: 

Rn =0.80t; 1+3(�)[:; r
-5 

= 0.80(0.550 inf 1 + 3(34½ in.)(0.550 in.)
1 .s

12.7 in. 0.900 in. 

(29,000 ksi)(50 ksi)(0.900 in.) 
( ) X ----------- 1.0 

0.550 in. 
= 1,820 kips 

o.k.

(Spec. Eq. Jl0-4) 

This value is not compared to the value of Hue or Hae calculated previously, which is based 
on tension in the brace, because crippling is a compression limit state. Because the Hue and 
Hae forces calculated previously are directly proportional to the brace force, they can be 
scaled down based on the ratio of the brace force in compression to the brace force in ten
sion. The maximum compression force at the gusset-to-column is: 
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LRFD ASD 

H . [ 
449 kips 

J = (152 ki s )( 
449 kips 

Juc 560 kips 
p 

560 kips 
H

ae ( 
299 k'.ps 

J = (l Ol kips)( 
299 k'.ps

J 373 kips 373 kips 
= 122 kips = 81.0 kips 

Therefore: 

LRFD ASD 

<!>Rn = 0.75(1,820 kips) Rn -
1,820 kips 

- -

Q 2.00 
= 1,370 kips> 122 kips o.k. = 910 kips> 81.0 kips o.k.

Beam Web at Gusset-to-Beam Interface 

Check beam web local yielding 

Consider that the interface force , Vb, acts at the centroid of the gusset-to-beam interface, a 
distance of a/2 = 40 in./2 = 20.0 in. from the face of the column. 

For a force applied at a distance less than the depth of the member from the member end, 
the available strength is determined as follows: 

Rn = Fywfw ( L5kdes +lb) 

= (50 ksi)(0.470 in.)[L5(1.27 in.)+40 in.] 

= 1,010 kips 

LRFD 

<!>Rn = 1.00(1 ,010 kips) Rn -

Q 

= 1,010 kips > 244 kips o.k.

Check beam web local crippling 

(Spec. Eq. JI0-3) 

ASD 

1 ,010 kips 
--

1.50 
= 673 kips> 163 kips o.k.

The resultant force at the centroid of the gusset-to-beam interface is greater than d/2 from 
the member end. Thus , AISC Specification Equation JI 0-4 is applicable. 

=0.80(0.470 in.)21+3( 40 in. 
J(

0.470 in.
)

1 .s 
l24.l in. 0.770 in. 

(29,000 ksi)(50 ksi)(0.770 in.) 
( ) X ----------- 1.0 

0.470 in. 
= 919 kips 
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This value is not compared to the value of V,,,b or Vab calculated previously, which is based on 
tension in the brace, because crippling is a compression limit state. Compression in the beam 
web occurs when the brace is in compression, so new Vub and V,,,b forces need to be deter
mined. Because the Vub and Vab forces calculated previously are directly proportional to the 
brace force, they can be scaled down based on the ratio of the brace force in compression to 
the brace force in tension. The maximum compression force at the gusset-beam interface is: 

LRFD 

Vu
b ( 449 kips

)= 244 kips( 449 kips
) 560 kips 560 kips 

= 196 kips 

Therefore: 

LRFD 

<!JRn = 0.75(919 kips) 
= 689 kips > 196 kips o.k. 

Interface Welds 

ASD 

Vab ( 
299 kips

)= 163 kips( 
299 kips

) 373 kips 373 kips 
= 131 kips 

ASD 

Rn 919 kips 
Q 2.00 

= 460 kips> 131 kips o.k. 

Based on experiments and simulations, Roeder et al.(2011) recommend designing the welds 
at the gusset-to-beam and gusset-to-column interfaces for the expected tensile strength of 
the gusset plate in order to increase the deformation and ductility capacity of the system and 
limit the weld damage. The recommended expression for the size of a pair of fillet welds, 
where w is the weld size and the l .5 represents the directional strength increase for trans
versely loaded fillet welds, is: 

2(1.5)P(0.60)FEXX (0.707)w 2'. R
y
F

y
t
p 

where P = 0.75. In order to comply with the AISC Specification, use <j) = 0.75 instead of 
p = 0.75. 

This expression, which is based on AISC Specification Equation 12-5, may be rearranged 
to solve for the fillet weld size, w, for the given material strengths (the required strength for 
ASD is taken to be R

y
F

y
las). From AISC Seismic Provisions Table A3. l ,  for ASTM A572 

Grade 50 steel, R
y 

= 1. I. 

LRFD ASD 

W= 

R
y
F

y t
p 

w= 

QR
y
F

y t
p 2(1.5)<iJ(0.60)FExx (0.707) 2(1.5)(1.5)(0.60)FExx (0.707) 

j L1(50 ks;) 1 
-

2.00(1.1)(50 ksi) 
t
p = 

2(1.5)(0.75)(0.60) 
t
p 2(1.5)(1.5)(0.60)(70 ksi)(0.707) 

x(70 ksi)(0.707) = 0.823t
p 

= 0.823t
p 
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For the ½-in.-thick gusset plate, the weld size required is: 

w = 0.823(½ in.) 

= 0.412 in. 

BRACED FRAMES 

Use a double-sided 1/16-in. fillet weld to connect the gusset plate to the beam and column. 

Beam-to-Column Connection 

The beam-to-column connection must comply with the requirements of AISC Seismic

Provisions Section F2.6b. For this example, the moment-resisting beam end connection 
option, described in Section F2.6b(b), is employed. This example utilizes a moment connec
tion with CJP groove welds of the beam flanges and web to the column flange, which will be 
adequate to resist a moment corresponding to the expected beam flexural strength multiplied 
by l .Ilas, thereby satisfying AISC Seismic Provisions Section F2.6b(b)(l ). An alternative 
method of providing a moment connection at the beam-to-column connection and satisfy
ing AISC Seismic Provisions Section F2.6b(b), which explicitly considers frame rotational 
forces, is presented in Example 5.3.11. A connection with a simple beam-to-column connec
tion satisfying AISC Seismic Provisions Section F2.6b(a) was presented in Example 5.3.9. 
Any of these approaches is satisfactory. 

Use CJP groove welds at the beam flanges-to-column and beam web-to-column connections. 

To determine whether continuity plates are required, check whether the limit states of web 
local yielding, web local crippling, and flange local bending of the column are adequate for 
the required strength. The required strength must be determined. AISC Seismic Provisions

Section F2.6b(b) requires that the connection be designed to resist a moment equal to the 
expected beam flexural strength multiplied by 1. llas. In this case, the beam web has a 
CJP groove weld to the column flange and therefore can develop the full expected flexural 
strength of the beam web. Therefore, for the local column limit states of web local yield
ing and web local crippling, the demand at the column face will be taken as the expected, 
strain-hardened strength of the beam flange using a strain-hardening factor of 1.1 as follows. 

LRFD ASD 

1.1 I.I
Ru fig = -RyFyAJzg Raflg = -RyFyAflg 

as (X s 

= l..!._(1.1 )( 50 ksi)
1.0 

= !l(l.1)(50 ksi) 
1.5 

x(9.02 in.)(0.770 in.) x (9.02 in.)( 0.770 in.) 

= 420 kips = 280 kips 

Check web local yielding of the column 

For a force applied at a distance greater than the depth of the member from the member end, 
the available web local yielding strength of the column is determined from AISC Manual

Equations 4-2a or 4-2b, and Table 4-1 b, where the length of bearing, lb, is taken as the beam 
flange thickness. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-359

LRFD ASD 

<!JRn = Pwo + Pwilb Rn- = Pwo + Pw;lb
Q 

= 206 kips+ ( 27.5 kip/in.)( 0.770 in.) = 138 kips+(18.3 kip/in.)(0.770 in.) 
= 227 kips< 420 kips n.g. = 152 kips< 280 kips n.g.

Check web local crippling of the column 

For a force applied greater than a distance of d/2 from the member end, the available web 
local crippling strength of the column is determined as follows, where the length of bearing, 
lb, is taken as the beam flange thickness: 

Rn =0.80ta 1+3(�)[�;
rs �E;:

tf 
Qf

= 0.80(0.550 in.)2 I+ 3( 0.770 in. )(
0.550 in. (5

l 12.7 in. J 0.900 in. J 

(29,000 ksi)(50 ksi)(0.900 in.) 
( ) X - - - - - - - - - -- 1.0 

0.550 in. 
= 405 kips 

LRFD 

$Rn= 0.75(405 kips) Rn 405 kips -
- -

Q 2.00 

ASD 

= 304 kips < 420 kips n.g. = 203 kips < 280 kips 

Check flange local bending of the column 

(Spec. Eq. JJ0-4) 

n.g.

The available strength of the column due to flange local bending is determined as follows: 

Rn = 6.25FyJ
t/ 

= 6.25(50 ksi)(0.900 in.)2

= 253 kips 

LRFD 

$Rn =0.90(253 kips) 
= 228 kips< 420 kips n.g.

ASD 

Rn 253 kips -
- -

Q 1.67 
= 151 kips< 280 kips 
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Based on the checks of web local yielding, web local crippling, and flange local bending, 
the column requires continuity plates. The continuity plates must be designed to resist the 
difference between the flange force, Ru fig or Raflg, and the lesser of the column web local 
yielding, web local crippling, and flange local bending strengths: 

LRFD ASD 

Ru = Rujlg cpR,, Ra = Raflg R,, /Q

= 420 kips- 227 kips = 280 kips-151 kips 
= 193 kips = 129 kips 

Using a continuity plate width that closely matches the beam flange width: 

9.02 in. -0.550 in. 
2 

= 4.24 in. 

Select 4½ in. as the plate width. Make sure that this plate width fits within the column 
flange: 

twc 12.2 in. 0.550 in.�--
2 2 

= 5.83 in. > 4½ in. o.k. 

The required thickness for the two continuity plates, based on the limit state of tensile yield
ing from AISC Specification Equation J4-l ,  is: 

LRFD ASD 

cp2Fybt r > Ru 2Fybtr /Q > Ra 

tp 
Ru tp

QRa 
> -- > --

cp2Fyb 2Fyb 

- 193 kips 1.67 ( 129 kips)
- -

0.90(2)(50 ksi)(4½ in.) 
-

2(50 ksi)( 41/2 in.) 
= 0.477 in. = 0.479 in. 

Therefore ½-in.-thick continuity plates will be used. 

Design the welds between the continuity plates and column 

There are several design considerations that could be used to determine the required weld 
size. For the welds between the continuity plates and column, the welds will be designed 
to be at least as strong as the available strength of the contact area of the continuity plate 
with the flange. Using the expression for the required weld size to develop a plate in tension 
discussed previously for the gusset plate, the fillet welds at the continuity plate to column 
flange are sized as follows: 
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LRFD ASD 

W= <PvFy f
p 

flwFy 
2(1.5)<Pw ( 0.60 )FEXX ( 0.707) W= 

2(1.5)Qv (0.60)FExx (0.707) 
f
p 

-
0.90 ( 50 ksi) 

f
p 

-

2 ( 1.5)( 0.75)( 0.60) 2.00(50 ksi) 
- f

p 
-

2( 1.5)( 1.67)( 0.60) X (70 ksi )( 0.707) 

= 0.673t
p

x(70 ksi)(0.707) 

For the ½-in.-thick continuity plate, the required weld size is: 

LRFD ASD 

w = 0.673t w=0.672t 
= 0.673(½ in.) = 0.672(½ in.) 
= 0.337 in. = 0.336 in. 

Use 1/s-in. fillet welds between the continuity plate and the column flange (both sides of the 
plate). 

For the welds between the continuity plate and the column web, a weld size will be chosen 
that is stronger than the available shear strength of the continuity plate contact area with 
the web. 

Deriving the weld size as was done previously for the gusset plate in tension: 

LRFD ASD 

W= <Pv0.60Fy t
p

W= 
flw 0.60F

y t
p2cpw0.60FEXX (0.707) 2Q

v 0.60Fexx ( 0.707) 

1.00(0.60)(50 ksi) 
f
p 

2.00(0.60)(50 ksi) 
- -- -

2(0.75)(0.60)(70 ksi)(0.707) 2(1.50)(0.60)(70 ksi)(0.707) 

= 0.673t
p 

= 0.673t
p 

For the ½-in.-thick continuity plate, the weld size required is: 

w = 0.673(½ in.) 
= 0.337 in. 

t
p 

Use 1/s-in. fillet welds between the continuity plate and the column web (both sides of the 
plate). 

Check beam web-to-column connection 

The beam web is subject to gravity forces from beam shear in addition to forces from the 
brace. The following load combinations were found to govern. 
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The required shear strength of the beam for the case of tension in the brace is calculated as 
follows, with VEmh = Vuh and 0.7VEmh = Vab· The shears from the beam due to gravity act in 
the opposite direction as the brace force, with SDS = 1.0: 

LRFD ASD 

Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6, with the seismic load effects Section 2.4.5, with the seismic load effects 
including overstrength incorporated from including overstrength incorporated from 
Section 12.4.3: Section 12.4.3: 

Vu = ( 0.9-0.2SDs) VD+ VEmh Va
= (0.6-0.14SDs )VD +0.7VEmh 

= [o.9 -0.2(1.0) ](-4.50 kips) = [o.6-0.14(1.0 )](-4.50 kips)

+244 kips + 163 kips
= 241 kips = 161 kips 

The required shear strength of the beam for the case of compression in the brace is based 
on a brace expected strength of 449 kips (for LRFD) and 299 kips (for ASD). As calculated 
previously, the Vub (for LRFD) and Vab (for ASD) forces are scaled down based on the ratio 
of the brace force in compression to the brace force in tension: 

LRFD 

Vub l 449 k�ps
) = ( 241 kips) l 449 k�ps

) 560 kips 560 kips 
= 193 kips 

LRFD 
Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L), with the seismic load 
effects including overstrength incorporated 
from Section 12.4.3: 

Vu
= ( 1.2+0.2SDs)VD + VEmh +0.5VL 

= [ 1.2 + 0.2(1.0 )]( 4.50 kips)

+193 kips+0.5(3.00 kips)
= 201 kips 

ASD 

Vab l 299 k�ps
) = ( l 6 l  kips )l 299 k�ps

)373 kips 373 kips 
= 129 kips 

ASD 
Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5, with the seismic load effects 
including overstrength incorporated from 
Section 12.4.3: 

Va
= (1.0+0.14SDs )VD +0.7VEmh

= [1.o+0.14(1.0)](4.50 kips)

+ 129 kips
= 134 kips 

The required shear strength of the beam is controlled by the case of the brace in tension. The 
available strength of the beam in shear, from AISC Manual Table 6-2, is: 

LRFD ASD 

<l>vV,, 340 kips > 241 kips o.k. V,, = 227 kips > 161 kips o.k.

Qv 
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At the column face, the available shear strength is reduced by the material removed for the 
weld access holes. From Table 1-1 and Table 1-3, weld access hole type D applies to the 
W24x84 and the 3 and 4 dimensions are 1 ¼in. and½ in., respectively. The available shear 
strength is determined from AISC Specification Section J4.2. 

Vn = 0.60F,,Anv 

= 0.60(65 ksi)[24. l in.-2(0.770 in.+ 1 ¼in.+½ in.)](0.470 in.) 

= 349 kips 

LRFD ASD 

<\lvVn =0.75(349 kips) Vn -
349 kips 

-

Qv 2.00 
= 262 kips > 241 kips o.k. =175 kips> 161 kips 

The final design is shown in Figure 5-62. 

(Spec. Eq. J4-4) 

o.k.

Example 5.3.11. SCBF Brace-to-Beam/Column Connection 
Design-In-Plane Brace Buckling 

Given: 

Refer to Figure 5-66. Design the brace-to-beam connection at Joint JT-1 shown schemati
cally in Figure 5-66. The brace orientation, connection type, transfer force, and beam shear 
due to gravity loads are shown in Figure 5-67. The connection configuration shown in 
Figure 5-68, which makes use of a "hinge plate," allows large inelastic rotations for in-plane 
brace buckling with small flexural demand on the connection and supporting members. In 
this configuration, large inelastic rotations are accommodated with the advantage of having 
a compact connection (Thornton and Fortney, 2012). This is different from the approach 

Transfer force = 46.3 kips (LRFJ?)
Transfer force = 31.1 kips (ASD) 

Fig. 5-66. Beam-column joint for Example 5.3.11. 
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shown in Examples 5.3.9 and 5.3.10, where the brace is expected to buckle out of the plane 
of the frame. The round HSS brace is ASTM A500 Grade C, and the beam and column are 
ASTM A992. Use ASTM A572 Grade 50 plate material. The bolts are Group B bolts with 
threads excluded from the shear plane (thread condition X). 

The completed design shown in Figure 5-68 will be verified in this example. 

The required strength of the connection from ASCE/SEI 7, Section 2.3.6, Load Combination 
6 (for LRFD) and Section 2.4.5, Load Combination 8 (for ASD), is based on the horizon
tal seismic effect including the overstrength factor, Emh = Q0QE. In this case, Emh is the 
expected strength given previously for the brace as stipulated in AISC Seismic Provisions

Section F2.3. From previous examples, the required strength of the connection when the 
brace is in tension is: 

IP" 560 kips 

LRFD

W12x96 column --------

W.P:

Transfer force = 46.3 kips 
(LRFD) 

Transfer force = 31.1 kips 
(ASD) 

Gusset plate 

1 
P" 373 kips

ASD 

• • 

IF'=�=====r===l Vu = 19.9 kips (LRFD) 
Va = 12.8 kips (ASD) 

W24x84 
beam 

Hinge region 

Hinge plate HSS6.875x0.500 

Section A-A 

Fig. 5-67. Brace connection to be designed for Example 5.3.1 I. 
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The required strength of the brace connection when the brace is in compression is: 

IP" 449 kips 

LRFD
I 

P" 299 kips

ASD 

The required strength of the brace connection when the brace is in compression at its post
buckling strength is: 

W12x96 
column 

S
t 

� 

cc;, 
II 

N 

PL 1 ½x7½x2'-3" 

(A572 Gr. 50) 

HSS6.875x0.500 

brace 

Hinge PL 1 ¼x11 x4'-6" 
(A572 Gr. 50) slotted onto gusset 

Bolt for brace erection 

PL 1 ¼" (A572 Gr. 50) 

�1 - �'-'ls---+-1---�--+j 1==�==?'===;======*=====1
("')+--+1---+--tt+,4' 

PL¼" (A572 Gr. 50) doubler 
plate, one side of web 

PL 1 x7½x1'-9" (A572 Gr. 50) 

W24x84 
beam 

Note: All bolts are 1" dia. Group B, thread condition X bolts, in 
std. holes and pretensioned with slip-critical faying surfaces. 

Fig. 5-68. Completed connection design for Example 5.3.11. 
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Solution: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTM A500 Grade C (round) 
Fy = 46 ksi 
Fu = 62 ksi 

ASTM A572 Grade 50 
Fy = 50 ksi 
Fu = 65 ksi 

ASTM A992 
Fy = 50 ksi 
Fu = 65 ksi 

From AISC Manual Tables 1-1 and 1-13, the geometric properties are as follows: 

Brace 
HSS6.875 x 0.500 
D = 6.875 in. 

Beam 
W24x84 

A= 24.7 in.2

tJ = 0.770 in. 

Column 
W12x96 

d = 12.7 in. 
kdes = 1.50 in. 

tJes = 0.465 in. 

d = 24.1 in. 
kdes = 1.27 in. 

tw = 0.550 in. 
kdet = 1 1½6 in. 

A= 9.36 in.2

tw = 0.470 in. 
Zx = 224 in.3

ht = 12.2 in. 
Zx = 147 in.3

r = 2.27 in. 

tJ = 0.900 in. 

AISC Seismic Provisions Sections F2.3(a) and F2.3(b) define the two mechanism analyses 
that must be considered in determining the required strength of beams, columns and con
nections. AISC Seismic Provisions Section F2.6c specifies the required strength of brace 
connections. 

For these SCBF connection examples, the requirements of AISC Seismic Provisions Section 
F2.3 will be used for both LRFD and ASD. 

Brace-to-Hinge Plate Connection Design 

Example 5.3.7 showed the full brace-to-gusset connection design for the same size brace as 
used in this example. The calculations for the brace side of the brace-to-gusset connection 
are not repeated here. 

Hinge Plate 

Assume the width of the hinge plate is limited by the column flange width of 12.2 in. This 
limit is an architectural consideration to ensure that the connection does not affect the fac;ade 
or internal partition width. It is not an engineering requirement. 
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Choose a hinge plate width, h
p
, of 11 in. This protrudes beyond the beam flange width but 

is less than the column flange width and is sufficient to accommodate the 6.875-in.-diameter 
HSS brace. 

To size the hinge plate for the limit state of tension yielding, where t
p 

is the thickness of 
the hinge plate: 

Rn
= F

y
A

g

= Fyt
µ
b

p 

(Spec. Eq. J4-l) 

The 11-in.-wide hinge plate is well within the maximum allowable Whitmore section 
according to AISC Manual Part 9, and therefore the entire hinge plate width can be consid
ered effective in this limit state. 

LRFD ASD 

<j)R11 = <j)F
y
t
µ
b

p 
?: Pu 

Rn F
y
t
µ
b

p - >Pa 
-

Q Q 

t
p 

> u 

- <j)F
y
b

p 

t
p 

> 
- F

y
b

p 

> 560 kips 1.67 ( 373 kips) 
- 0.90(50 ksi)(! I in.) > 

- (so ksi)(l l in.)
?: 1.13 in. ?: 1.13 in.

Use a 1 ¼-in.-thick hinge plate. 

Check hinge plate net section for tensile rupture strength 

Assume the gusset plate thickness, t
p
, is 1 ¼ in., and verify this assumption later. The hinge 

plate is slotted over the gusset plate with an additional 1/16-in. increase in slot width on either 
side of the gusset plate. For the hinge plate: 

An =[l l in. l¼in. 2(11i6 in.)](1¼in.) 

= 12.0 in.2

According to AISC Specification Table D3. l ,  Case 1, U = 1.0 because the tension load is 
transmitted directly to the cross-section element. From AISC Specification Equation J4-2 
with Ae = An: 

LRFD ASD 

<j)Rn = <j)FuAe 

Rn -
FuAe 

-- -

= 0.75(65 ksi)(12.o in.2)
Q Q 

( 65 ksi)( 12.0 in.2)
-= 585 kips> 560 kips o.k.
-

2.00 
= 390 kips > 373 kips o.k.
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Hinge Plate-to-HSS Brace Connection Design 

The limit state of shear rupture in the brace wall was used in Example 5.3.7 to determine 
the length of the brace-to-gusset plate connection. Because the brace size in this example is 
the same as that used in Example 5.3.7, determination of the weld size and length between 
the brace and the hinge plate are not repeated here. Similarly, the flat bar reinforcement on 
the brace is kept the same as Example 5.3. 7. For the limit state of block shear rupture on the 
hinge plate, the hinge plate in this example is thicker (1 1/4 in.) than the gusset plate (¾ in.) 
in Examples 5.3.7 and 5.3.9. Therefore, from Examples 5.3.7 and 5.3.9, block shear on the 
hinge plate will be adequate and need not be checked. 

Check hinge plate for compression buckling 

The minimum recommended hinge length for this connection configuration, measured 
between the end of the brace and the gusset, is 3t

p
. Refer to Thornton and Fortney (2012) 

for discussion on the recommended 3t
p 

hinge length: 

3t
P 

=3(1¼ in.) 

= 3.75 in. 

Use 4 in. for the hinge length. 

Modeling the hinge plate as fixed at one end and free to translate at the other end, the effec
tive length factor from AISC Specification Commentary Table C-A-7.1 is 1.2. The hinge 
plate slenderness is: 

KL 

r r 

1.2( 4 in.) 

( l ¼  in.)/m 

=13.3 

Because KL/r < 25, AISC Specification Section J4.4(a) applies. 

Pn = FyAg 

= (so ksi)(l ¼ in.)(! I in.) 

= 688 kips 

The available compressive strength for the limit state of yielding is: 

LRFD ASD 

<j)Pn = 0.90( 688 kips) Pn 688 kips 
1.67 

= 619 kips> 449 kips o.k. = 412 kips> 299 kips 

(Spec. Eq. J4-6) 

o.k.

The limit state of flexural buckling must also be checked on the hinge plate according to 
AISC Seismic Provisions Section F2.6c.2. From AISC Manual Table 4-14, the available 
critical stress is: 
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<PcFcr = 44.4 ksi 

LRFD 

Fer = 29.6 ksi
QC 

5-369

ASD 

From AISC Specification Chapter E, the available compressive strength of the hinge plate is: 

LRFD ASD 

<PcI'cr = <PcFcrAg 
I'cr - FcrAg -

QC QC 
= ( 44.4 ksi)(l ¼ in.)(11 in.) 

= (29.6 ksi)(l ¼ in.)(l l in.) 
= 611 kips> 449 kips o.k.

= 407 kips > 299 kips o.k.

AISC Seismic Provisions Section F2.6c.3 requires that the brace connection accommodate the 
flexural forces or rotation imposed by brace buckling. This can be achieved either by option 
(a), designing the connection to have an available flexural strength of the expected brace 
flexural strength, RyMp , multiplied by I.I/as, or option (b), providing rotation capacity to 
accommodate the required rotation. Examples 5.3.7 through 5.3.10 used option (b) to satisfy 
this requirement. This brace configuration also satisfies option (b) because the 3t

p 
length 

of the hinge plate provides the necessary rotation capacity (Thornton and Fortney, 2012). 

The hinge plate allows the brace to buckle in the plane of the gusset plate by means of intro
ducing a perpendicular hinge plate. The connection thus accommodates brace rotation accord
ing to AISC Seismic Provisions Section F2.6c.3(b); the requirement to withstand flexural 
forces imposed by brace buckling according to Section F2.6c.3(a) is not applicable. Note that 
the Commentary to this section implies that buckling in the plane of the gusset is fixed-end 
buckling [thus requiring application of Section F2.6c.3(a)]; in the context of this connection, 
the hinge plate takes the place of the gusset for purposes of determining end fixity. 

To ensure that rotation of the hinge plate can occur without damage to other parts of the assem
bly, in this example, the expected flexural strength of the hinge plate is used to determine 
maximum forces on the hinge-plate welds. This ensures that the hinge plate-to-gusset welds 
are sufficient to allow the hinge plate to achieve its expected flexural strength multiplied 
by I.I. 

Determine the expected flexural strength of the hinge plate (multiplied by 1.1 ): 

Mhinge = l .  IRyFyZh 

where 
Ry = 1.1, from AISC Seismic Provisions Table A3.l 

Zh = plastic section modulus of the hinge plate about the weak axis 

h
p
t/
4 

4 
= 4.30 in.3
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Mhinge = 1.1(1.1)(50 ksi)(4.30 in.3) 
= 260 kip-in. 

This moment can be replaced by two equal and opposite forces, F, acting on the welds 
between the hinge plate and the brace. 

F = Mhinge

t
p 

260 kip-in. 
l ¼ in. 

= 208 kips 

The weld required to carry the force, F, from AISC Manual Equations 8-2a and 8-2b is: 

LRFD ASD 

D= 
F/as 

D= 
F/as 

2(1.392 kip/in.)l 2(0.928 kip/in.)! 

(208 kips)/1.0 (208 kips)/1.5 
- -- -

2 ( 1.392 kip/in.) ( 25 in.) 2(0.928 kip/in.)(25 in.) 
= 2.99 sixteenths< 4 sixteenths o.k. = 2.99 sixteenths< 4 sixteenths o.k.

Hinge Plate-to-Gusset Connection Design 

As shown in Figure 5-67, the hinge plate is slotted over the gusset plate. The hinge plate
to-gusset contact length is the same as the hinge plate-to-brace contact length (25 in.); 
therefore, the ¼-in. fillet welds would be appropriate. However, according to AISC Specifi

cation Table J2.4, the minimum required weld size is 3/J6 in. based on the l ¼ in. thickness 
of the hinge plate and gusset plate. 

Use four 25-in.-long, 5/i6-in. fillet welds at the hinge plate-to-gusset connection. 

Check tensile yielding of the gusset plate on the Whitmore section

Tension yielding is checked on a section of the gusset plate commonly referred to as the 
"Whitmore section." This section is explained in AISC Manual Part 9 (Figure 9-1) and in 
Thornton and Lini (2011). 

The width of the maximum Whitmore section on the gusset plate at 30° is: 

lw = 2 ( 25 in.) tan 30° 
+ 1 ¼ in. 

= 30.1 in. 

Part of this Whitmore section lies outside of the gusset plate. Approximately 12 in. of this 
width remains in the gusset at the gusset-to-column interface. In order to avoid accounting 
for Whitmore width within the bolted joint, use a symmetrical width of 12 in. on the column 
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and beam sides. On the beam side, approximately 5 in. are in the gusset and 7 in. are in the 
beam web (the 7 in. within the beam web is included in the Whitmore section area). The 
Whitmore area is: 

Aw = (12 in.+ 5 in.)(l ¼ in.)+ (7 in.)(0.470 in.) 

= 24.5 in.2

From AISC Specification Equation J4-1 , the available tensile strength is: 

LRFD ASD 

<\JP,, = <\JF
y
Aw

P,, -
F

y
Aw

-

Q Q 

= 0.90(50 ksi)(24.5 in.2)
-

(50 ksi)(24.5 in.2)
= 1,100 kips > 560 kips o.k.

-

1.67 
= 734 kips> 373 kips 

Check shear yielding on the gusset plate 

o.k.

From AISC Specification Equation J4-3 , the available shear strength due to yielding on the 
gusset plate is: 

Rn
= 2(0.60)F

y
A

g

= 2(0.60)(50 ksi)(I ¼ in.)(25 in.) 
= 1,880 kips 

LRFD 

<\JRn 
= 1.00(1,880 kips) 
= 1,880 kips> 560 kips o.k.

Rn 

Therefore, a 1 ¼-in.-thick gusset plate is adequate. 

Check buckling of the gusset plate 

ASD 

1,880 kips 
-

1.50 
= 1,250 kips> 373 kips o.k.

The gusset buckling length is 5 in., and by inspection , buckling will not control. 

Gusset Interface Forces 

Use the Uniform Force Method presented in AISC Manual Part 13. From the geometry of 
Figure 5-68: 

de 
ec =-2 

12.7 in. 
2 

= 6.35 in. 
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db e1, = -
2 
24.1 in.

2 
= 12.1 in. 

A _ 3. 24 in.
I-' -- m.+ 

2
= 15.0 in. 

0 =45° 

BRACED FRAMES 

For the force distribution to remain free of moments on the connection interfaces, choose a 
value of a to satisfy the following expression. 

a-� tan 0 = e1, tan 0-ec 

a = (�+e1,)tan 0-ec 

(Manual Eq. 13-1) 

= (15.0 in.+ 12.1 in.)tan 45° -6.35 in. 
= 20.8 in. 

The required axial and shear forces on the connection due to the tensile load on the brace
are determined from AISC Manual Equations 13-2 through 13-5, where: 

r= (Manual Eq. 13-6) 

= 
�(20.8 in.+6.35 in.)2 +(15.0 in.+12.1 in.)2 

= 38.4 in. 

LRFD 
From AISC Manual Equation 13-3: 

ec Hue = -Pu 
r 

= ( 6·35 '.n. J ( 560 kips)
38.4 m. 

= 92.6 kips 

From AISC Manual Equation 13-5: 
a 

Hub = -P,,
r 

= ( 20·8 '.n. J ( 560 kips)
38.4 m. 

= 303 kips 

ASD 
From AISC Manual Equation 13-3: 

ec Hae = -Pa 
r 

= ( 6·35 '.n. )(373 kips)
38.4 m. 

= 61.7 kips 

From AISC Manual Equation 13-5: 
a 

Hab = -Pa 
r 

= ( 20·8 '.n. )(373 kips)
38.4 m. 

= 202 kips 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 

LRFD ASD
From AISC Manual Equation 13-2: From AISC Manual Equation 13-2:

� 
Vuc = -Pu 

r 

= ( 15·0 '.n. )( 560 kips)
38.4 Ill. 

= 219 kips

� 
Vac = -Pc,

r

= (15·0 '.n. )(373 kips)
38.4 Ill. 

= 146 kips

From AISC Manual Equation 13-4: From AISC Manual Equation 13-4:
eh 

Vuh = -P,, 
r 

= ( 12· 1 '.n.) ( 560 kips)
38.4 Ill. 

= 176 kips

e1, 
Vab =-Pa 

r 

= ( 12· 1 '.n. ) ( 373 kips)
38.4 Ill. 

= 118 kips

These forces are shown in Figures 5-69a and 5-69b.

�j 
:t===::lt==i=-lt 

s:I" 
C\I 
II 

C') 

@) 

tD 

co +-- ---+l---e--l+ 

� 46.3 kips 

219 kips 

92.6 kips! �r 219 kips

176 kips 

/ 

0_1 _ 46.3 kips 92.6 kips 
!

176 kips 

396 kips 

•• 
•• 
•• 
• • 
•• 
•• 

03 kips
! 

176 kips 
20.8" 

t 
176 kips 

303 kips 

T• • 
•• 
• • 
•• '> 

�-�- -

•• 396 kip •• 
• • 

s 46.3 kips 

Fig. 5-69a. Gusset interface forces due to brace expected strength-LRFD. 
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Beam-to-Column Connection 

The beam-to-column connection will be designed to satisfy the requirements of AISC 

Seismic Provisions Section F2.6b(b). The following exemplifies the determination of the 

required moment and forces on the connection. 

In this example, the required flexural strength is resisted through the entire connection, 

including the gusset plate. The moment resistance is not confined to the beam-to-column 

portion of the connection. Alternatively, as shown in Example 5.3.10, AISC Seismic 

Provisions Section F2.6b(b) could also be satisfied by providing a fixed beam-to-column 

connection. 

The required flexural strength is based on the lesser of the expected flexural strengths of 

the column and beam multiplied by 1. 1/as as required by AISC Seismic Provisions Section 

F2.6b(b): 

II 

� 
@) 

�I 
co 

-!-- ---!I---�-!+ 

';;' 31.1 kips 
� 
@) W.P. 
co +=====11=+=11-

264 kips 

146 kips 

0 

� 

118 kips 

2¾" 

• •  
• • 

61.7kipsl 
• •  
• •  
• •  
• •  

146 kips • •  
• •  / 
• •  

264 kips 

/ 

/ 

�3k;ps 

. 264 kips 

r
02 kips

! / 118 kips 
20.8" I 

1
118 kips 

202 kips 

;L ,1.1 ,;,. ,1., ,;,,
I 

118 kips 

• •  
• • 
• •  
• •  
• •  
• •  

,,_, 
264 kip s 31.1 kips 

• • 

Fig. 5-69b. Gusset interface forces due to brace expected strength-ASD. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-375

LRFD ASD 

Meo/ = l _!J_ Jr RyFyZx M,ol = l .!J. JLRyFyZx
<Xs a.,· 

= ( J..:..l._ )( 2 )(1 .1 )( 50 ksi)(l 47 in.3)
1
.
0 

= ( .!J. )(2 )(1.1)( 50 ksi )( 147 in.3)
1
.
5 

= 17,800 kip-in. = 11,900 kip-in.

l 1.
1
) l 1.

1
) Mbm = - RyFyZx Mhm = 

<Xs 
RyFyZx

a.,· 

= ( J..:..l._ J ( 1 .1) ( 50 ksi) ( 224 in. 3 )
1.0 

= ( .!J. J(l .1 )( 50 ksi )( 224 in.3)
1.5 

= 13,600 kip-in. = 9,030 kip-in.

The lesser of these expected flexural strengths is MR= Mbeam = 13,600 kip-in. (for LRFD) 
and 9,030 kip-in. (for ASD). The subscript R is used to denote "rotational" forces and 
moments because this moment is due to frame action. Refer to Thornton and Muir (2009) 
for more discussion. 

From Figures 5-70a and 5-70b: 

�l 

II 

@) 

<O 
ro � W.P. 

JI 

@) 

��

2¾"

01

-
, 

of_( _ H_R_--t: 

••••• • ••••••••••• •
•• � •• •• � 
. .  -·-·-·-·-· •••• •• 

Fig. 5-70a. Rotational forces due to frame action, MR. 
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LRFD ASD 

HR=�13+ eh 
HR=�13+eb 

13,600 kip-in. 9,030 kip-in. 
- -

- -

15.0 in.+ 12.1 in. 15.0 in.+ 12.1 in. 
= 502 kips = 333 kips

V
R -

HRl3 
V
R -

HRl3 
- -

a a 

(502 kips)(15.0 in.) (333 kips)(l5.0 in.) 
- -

- -

20.8 in. 20.8 in.
= 362 kips = 240 kips

These rotational forces due to frame action are shown in Figures 5-71 a and 5-71 b. Appli
cation of moment in the figure is consistent with the angle between the beam and column 
closing as the brace goes into tension. In addition to the admissible force distribution due 
to the brace expected strength shown in Figures 5-69a and 5-69b and the admissible force 
distribution due to frame action shown in Figures 5-7l a  and 5-7Ib, an admissible gravity 
force distribution must also be determined. 

Note that the gravity forces always exist and, therefore, must be added to the brace expected 
strength shown in Figures 5-69a and 5-69b and the rotational forces shown in Figures 5-71 a 
and 5-7Ib. 

Face of column�- --------------··;;:··------------
J

!
R 

VR

Fig. 5-70b. Gusset plate free-body diagram due to rotational forces. 
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�j 

II 

(0 

co 

JI 

S:::� 

�,800 kip-in.

�h�' 

2¾" 

362 kips 

502 kips 

� 

1

502 kips 

i �, 362 kips 

502 kips 

•• 

;=
=---

==:---
--'

t 
502 kips 

362 kips 
20.8" 

362 kips I 
T 502 kips 

::: . .

'---.___/ 
6,800 kip-in. ; 50::::

ips

t � � 

-) 3,600 kip-;,, 

W.P. 

• •
• • 

Fig. 5-7la. Rotational.force distribution due to.frame action-LRFD. 

�,520 kip-in.

-1 ._._ 
1 
__ t:L35"

t 
I 

240 kips 

333 kips 

333 kips 

240 kips 

333 kips 

j 

�r240 kips 

•• 
•• 
• • 
•• 
•• 
•• 
•• 
•• 
• • 

333 kips 
l 240 kips 

�ZQJl''-1 

240 kips ! 333 kips 

'---.___/ 
4,520 kip-in. 

�1 240 kips : : 9,030 kip-in. 

�-333 kips 1 � � --------- �T) 
'•. 

Fig. 5-71 b. Rotational force distribution due to frame action-ASD. 
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AISC Seismic Provisions Section F2.6b requires that the rotational forces calculated from 
the lesser of the column moment strength or the beam moment strength be "considered 
in combination with the required strength of the brace connection and beam connection, 
including amplified diaphragm collector forces." 

Figures 5-72a and 5-72b show the combined brace, rotational and gravity interface forces 
as required by AISC Seismic Provisions Section F2.6b. 

Gusset-to-Column Single-Plate Connection Design 

Figures 5-72a and 5-72b show the interface forces for this connection. Note that shear 
forces from the brace expected strength are additive with shears from the rotational forces, 
but normal forces from the brace expected strength are counteracted by rotational forces. 
This figure also shows the total axial load on the column, including the axial load above the 
column, Pu and Pa . 

l P
u . 

. 
�,800 kip-in

. 

�1 

II 

(0 

co W.P. � 
JI 

� 46.3 kips

I 6.35" 
� 1· 

581 kips 
409 kips 

186 kips 

2¾"

409 kips 

j� 581 kips 
I.() 

/r
05kips 

20 .8" 

396 kips 
�kips 

396 kips 

l186kips 

I 
'°+====J:t:==i:=tJ!.!...!J 

�1 
19.9 kips 
(gravity) 186 kips! 

805 kips
. . � 

19.9 kips 
1 (gravity) • • N 6'800 k

:
-
�
n

�� 46.3 kips 409 kips 1 � � 
----�------

! 
186kips • •

Pu +19.9 kips 

Fig. 5-72a. Combined brace, rotational and gravity.forces-LRFD. 
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From Figures 5-72a and 5-72b, the total required strengths are: 

LRFD ASD 

Vu 
= 581 kips Va 

= 386 kips 
N

u
= 409 kips Na

= 271 kips 

Ru 
= Jv}+N} Ra = Jv/ +N/ 

= �( 581 kips )2 + ( 409 kips )2 = �(386 kips)2 +(271 kips)2 

= 711 kips = 472 kips 

From AISC Manual Table 7- l,  the available shear strength of a 1-in.-diameter Group B 
bolt with threads excluded from the shear plane (thread condition X) in a standard hole is: 

II 

C') 

©) 

386 kips 
271 kips 

2¾"

271 kips 

j � -1 386 kips •• 

264 kips 

½';� 264 kips 

-!------ll--l-__jjj. 122 kips 
• •  

�
z:__

==::--
--'

/t::J 122 k;psW.P. 
II 

t 31.1 kips

<O:t====ll==i==W� 12.8 kips 
(gravity) 122kipsl

535 kips 
12.8 kips ! • • ;.... 9,030 kip-in. 

4,520 kip-in.'----V : : �-�-��-�-�- 31.1 kips 264 kips
(gravity) • • N 

� 264 kips t 31.1 kips 271 kips ! : :

t 

122 kips ..,,•=='·'==========9
12.8 kips 

Pa +12.8 kips 

Fig. 5-72b. Combined brace, rotational and gravityforces-ASD. 
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LRFD 

<l>rn = 49.5 kips/bolt 

The angle from the vertical is: 

LRFD 

0 _ 1[ 409 kips
) = tan 

581 kips 
= 35.1° 

ASD 

rn 
= 33.0 kips/bolt 

Q 

ASD 

0 _1 [
27lkips

) = tan 
386 kips 

= 35.1 ° 

BRACED FRAMES 

The eccentricity from the centerline of the two rows of bolts to the column face is: 

23¼ . 3 in. 4 25 . ·4Jn.+ = . m.

Using AISC Manual Table 7-7 for an Angle of 30° with ex
= 4.25 in., n = 9, s = 3 in.: 

C = 14.9 

The available shear strength of the bolt group is: 

LRFD ASD 

<!>Rn = Cq>r,, � =C(�)
= (14.9 bolts)(49.5 kips/bolt) 

= (14.9 bolts)(33.0 kips/bolt) 
= 738 kips> 711 kips o.k.

= 492 kips> 472 kips 

Check gusset gross section for shear yielding strength 

From the geometry and edge distances shown in Figure 5-68: 

A
g

= (29 in.)(1 ¼ in.) 

= 36.3 in.2

o.k.

From AISC Specification Equation J4-3, the available shear yielding strength of the gusset 
plate is: 

LRFD ASD 

<!>Rn = q>0.60FvA
g

Rn -
0.60FvA

g
-

Q Q 
= 1.00( 0.60 )( 50 ksi)( 36.3 in.2) 

-
0.60(50 ksi)(36.3 in.2) 

= 1,090 kips> 581 kips o.k. 1.50 
= 726 kips> 386 kips o.k.

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 5-381

Check gusset gross section for tensile yielding strength 

From AISC Specification Equation J4-l ,  the available tensile yielding strength of the gusset 
plate is: 

LRFD ASD 

<!>Rn= <pFyAg 
Rn -

FyAg - -

Q Q 

= 0.90( 50 ksi )( 36.3 in.2) ( 50 ksi) ( 36.3 in. 2)
-

= 1,630 kips> 409 kips o.k.
-

1.67 
= 1,090 kips> 271 kips o.k.

Check gusset net section for shear rupture strength 

Based on the required hole size for a 1-in.-diameter bolt in standard holes from AISC 
Specification Table J3.3 and the 1/i6-in. increase required from AISC Specification Section 
B4.3b, the net area is: 

Anv =[29 in.-9(! 1/s in.+ 1/16 in.)](l¼ in.) 

= 22.9 in.2

From AISC Specification Equation J4-4, the available shear rupture strength of the gusset 
plate is: 

LRFD ASD 

<!>Rn = <p0.60F,,Anv Rn -
0.60FuAnv 

-

Q Q 

= 0.75( 0.60 )( 65 ksi)( 22.9 in.2) 
0.60(65 ksi)(22.9 in.2) 

= 670 kips> 581 kips o.k.
--

2.00 
= 447 kips> 386 kips 

Check gusset net section for tensile rupture strength 

The net tension area is: 

o.k.

From AISC Specification Equation J4-2, with Ae = Am, the available tensile rupture strength 
is: 

LRFD ASD 

<!>Rn = <l>FuAe

Rn -
FuAe 

- - - -

=0.75(65 ksi)(22.9 in.2) 
Q Q 

( 65 ksi )( 22.9 in.2)
-= 1,120 kips> 409 kips o.k.
-

2.00 
= 744 kips> 271 kips o.k.
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Check net tension and shear rupture interaction 

LRFD 

l 409 kips r l 581 kips r 
1,120 kips 

+ 
670 kips 

= 0.885 < 1.0 o.k.

ASD 

l 271 kips r + l 386 kips r 
744 kips 447 kips 

= 0.878 < 1.0 o.k.

Check block shear rupture on gusset at gusset-to column interface 

The failure path shown in Figure 5-73 controls the block shear rupture strength on the gusset 
plate relative to the shear force. Because the tension stress is nonuniform, similar to AISC 
Specification Commentary Figure C-J4.2(b), Ubs = 0.5. 

The nominal strength for the limit state of block shear rupture relative to the shear force on 
the gusset plate is: 

Rn = 0.60FuAnv + UbsFuAnt :':: 0.60Fy
Agv + UbsFuA,u 

where 
A

gv = [ ( n - I) S + lev ] t p 

=[(9-1)(3 in.)+2 in.](1¼ in.) 

= 32.5 in.2

Am =[leh+g-l½(dh+ 1li6in.)]tp
= [ l¾ in.+ 3 in. -1 ½ (1 ½ in.+ ½6 in.) ](1 ¼ in.) 

= 3.71 in.2

3" 
---- ---------

1 ¾"

Fig. 5-73. Controlling block shear failure path in gusset plate. 
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Anv = [(n-l)s + lev -8½(dh + 1/16 in.)]t
p

=[(9-1)(3 in.)+2 in. 8½(I 1/s in.+1/16 in.)](1¼ in.) 

= 19.9 in.2

Ubs =
0.5 

and 

Rn = 0.60( 65 ksi )( 19.9 in.2) + 0.5( 65 ksi )( 3.71 in.2)

� 0.60(50 ksi)(32.5 in.2)+0.5(65 ksi)(3.71 in.2)
= 897 kips< 1,100 kips 

Therefore: 

Rn
= 897 kips 

5-383

The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD ASD 

<J>Rn = 0.75(897 kips) Rn 897 kips 
2.00 

= 673 kips> 581 kips o.k. = 449 kips> 386 kips o.k.

The nominal strength for the limit state of block shear rupture relative to the normal force 
on the gusset plate, using the failure path shown in Figure 5-73, is: 

Rn = 0.60FuAnv + Ub,FuA111 � 0.60F
yAgv + Ub,F,,An1 

where 

A
gv

= (leh+g)tp 

= (1¾ in.+3 in.)(1 ¼ in.) 

= 5.94 in.2

Ant =[(n l)s+lev 8½(dh+V16in.)]t
p 

=[(9-1)(3 in.)+2 in.-8½(1 1/s in.+1/16 in.)](1¼ in.) 

=19.9 in.2 

Anv = [zeh + g-1 ½( dh + 1/16 in.)]tp 

= [ 1 ¾ in. + 3 in. 1 ½ ( 1 Vs in.+ V16 in.)] (1 ¼ in.) 

= 3.71 in.2

Ubs = 1.0 
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and 

Rn 
= 0.60( 65 ksi )( 3.71 in.2) + 1.0( 65 ksi)( 19.9 in.2) 

:S 0.60( 50 ksi )( 5.94 in.2) + 1.0( 65 ksi )( 19.9 in.2)
= 1,440 kips < 1 ,470 kips 

Therefore: 

Rn = 1,440 kips

BRACED FRAMES 

The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD ASD 

<j>R11 = 0.75(1,440 kips) Rn -
1,440 kips 

-

2.00 
= 1,080 kips > 409 kips o.k.

= 720 kips > 271 kips 

Check shear and tension interaction due to block shear 

LRFD 

l 409 kips r l 581 kips r 
1,080 kips 

+ 
673 kips 

= 0.889 < 1 .0 o.k.

ASD 

l 271 kips r 
+ 
l 386 kips r 

720 kips 449 kips 
= 0.881 < 1.0 o.k.

Check bolt bearing and tearout on the gusset plate 

o.k.

The gusset vertical edge distance to the end bolt is 2 in. at the top and 3 in. at the bottom. 
The gusset horizontal edge dimension is 1 ¾ in. The resultant force per bolt, based on the 
C-value taken from AISC Manual Table 7-7 previously, is:

LRFD 

711 kips 
½1 = 

14.9 bolts 
= 47.7 kips/bolt 

ra = 
472 kips 

14.9 bolts 
= 31.7 kips/bolt 

ASD 

The edge distance along the line of action of the bolt force may be calculated from the line 
of action of the given shear and tension. For simplicity, use a conservative value for the bolt 
edge distance of I¾ in. If this conservative assumption requires a thicker gusset plate, the 
aforementioned line of action method will be used. 

The Exception in AISC Seismic Provisions Section D2.2(a) permits the use of the bearing 
and tearout equations in AISC Specification Section Jl O where deformation is not a design 
consideration, when the required strength is based upon the expected strength of a member. 
Therefore, for seismic loading, the bearing and tearout strengths are checked at the end bolt 
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with the 1 ¾-in. edge distance using AISC Specification Equations J3-6b and J3-6d. From 
AISC Specification Equation J3-6b, the available bearing strength is: 

LRFD ASD 

<Jlrn = <J)3.0dt pFu 
rn 

-
3.0dtpF,, 

- -

Q Q 

= 0.75(3.0)(1 in.)(1 ¼ in.)(65 ksi) 
-

3.0(1 in.)(1 ¼ in.)(65 ksi) 
= 183 kips/bolt > 4 7. 7 kips/bolt o.k.

-

2.00 
= 122 kips/bolt> 31.7 kips/bolt 

From AISC Specification Equation J3-6d, the available tearout strength is: 

rn = 1.5(.t pF,, 

= 1.5[ l¾ in. - ½ (I 1/s in.) ](1 ¼ in.)( 65 ksi) 

= 145 kips/bolt 

LRFD 

<Jlrn = <J)l .5lct pF,, 
rn 
-

= 0.75(145 kips/bolt) 
Q 

= 109 kips/bolt> 47.7 kips/bolt o.k.

ASD 

-
I.5lctpFu

-

Q 

145 kips/bolt 
--

2.00 
= 72.5 kips/bolt > 3 l .  7 kips/bolt 

Check bolt bearing and tearout on the single plate 

Assume the single plate is 1 ½ in. thick. 

o.k.

o.k.

The Exception in AISC Seismic Provisions Section D2.2(a) permits the use of the bearing 
and tearout equations in AISC Specification Section JlO where deformation is not a design 
consideration, when the required strength is based upon the expected strength of a member. 
Therefore, for the seismic loading, the bearing and tearout strengths are checked at the end 
bolt using AISC Specification Equations J3-6b and J3-6d. The available bearing strength of 
the single plate is determined from Equation J3-6b as follows. 

LRFD ASD 

<Jlrn = <J)3.0dtpF,, r,, -
3.0dtpFu 

- -

Q Q 

= 0.75(3.0)(1 in.)(1 ½ in.)(65 ksi) 3.0(1 in.)(1 ½ in.)( 65 ksi) 
-

= 219 kips/bolt> 47.7 kips/bolt o.k.
-

2.00 
= 146 kips/bolt> 31.7 kips/bolt o.k.

The single plate has top and bottom edge distances of 1 ½ in. and a horizontal edge distance 
of 1¾ in. 
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From AISC Specification Equation J3-6d, the available tearout strength of the single plate is: 

r,, = 1.5(.t pFu 

= 1.5[1 V2 in. -½(1 Vs in.)](1 ½ in.)( 65 ksi) 

= 137 kips/bolt 

LRFD 

<pr,, = cpl.5lct pFu

= 0.75(137 kips/bolt) 
= 103 kips/bolt> 47.7 kips/bolt o.k.

Q Q 

137 
2.00 

ASD 

= 68.5 kips/bolt> 31.7 kips/bolt o.k.

Check gross and net shear and tension on the single plate 

From Figure 5-68, the single plate is 27 in. long. From AISC Specification Equation J4-3 , 
the available shear yielding strength of the single plate is: 

A
gv = (27 in.)(l ½ in.) 

= 40.5 in.2

LRFD 

<!>R
n 

= cp0.60F
y
A

gv 

= 1.00( 0.60 )( 50 ksi)( 40.5 in.2)
= 1,220 kips> 581 kips o.k.

Q Q 

ASD 

0.60(50 ksi)(40.5 in.2) 
1.50 

= 810 kips> 386 kips o.k.

From AISC Specification Equation J4-1 ,  the available tensile yielding strength of the single 
plate is: 

LRFD ASD 

<!>R
n 

= <pF
y
A

g 

Rn -
F

y
A

g 

= 0.90( 50 ksi)( 40.5 in.2)
Q Q 

(50 ksi)(40.5 in.2) 
-

= 1,820 kips> 409 kips o.k.
-

1.67 
= 1,210 kips> 271 kips o.k.

The available shear rupture strength of the single plate is determined from AISC Specifi
cation Equation J4-4, where: 

Anv = [27 in.-9(1 ½ in.+ ½6 in.)](1 ½ in.) 

= 24.5 in.2 
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LRFD ASD 

<j}R11 
= <p0.60FuAnv 

Rn -
0.60FuAnv

-

=0.75(0.60)(65 ksi)(24.5 in.2) 
Q Q 

0.60(65 ksi)(24.5 in.2) 
-

= 717 kips> 581 kips o.k.
-

2.00 
= 478 kips> 386 kips o.k.

The available tensile rupture strength on the single plate is determined from AISC Specifi

cation Equation J4-2, with Ae = Ant, where 

Ant = Anv 

= 24.5 in.2 

LRFD ASD 

<j)Rnt = <j)FuA,u R,u - FuA,11 
-- -

= 0.75( 65 ksi)( 24.5 in.2)
Q Q 

( 65 ksi )( 24.5 in.2)
-= 1,190 kips > 409 kips o.k.
-

2.00 
= 796 kips > 271 kips 

Check net tension and shear rupture interaction 

LRFD 

[ 
409 kips r [ 581 kips r 

1,190 kips 
+ 

717 kips 
=0.775< 1.0 o.k.

Single plate-to-column flange weld 

ASD 

[ 
271 kips r + [ 

386 kips r
796 kips 478 kips 

=0.768 < 1.0 o.k.

o.k.

From AISC Manual Equations 8-2a and 8-2b, including the increased strength due to the 
load angle given by AISC Specification Equation J2-5, the required single plate-to-column 
flange weld is: 

LRFD 

Load angle: 

0 - I [ 409 kips
) = tan 

581 kips
= 35.1° 

Direction strength increase: 
µ = 1.0 + 0.50sinl .5 35.1 ° 

= 1.22 

ASD 

Load angle: 

0 - I [ 271 kips
) = tan 

386 kips
= 35.1 ° 

Direction strength increase: 
µ = 1.0 + 0.50sinl .5 35.1 ° 

= 1.22 
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LRFD 
Required weld size: 

Ru 
Dreq 

= 
2(1.392kip/in.)µl

711 kips 
--

2 ( 1.392 kip/in.) ( 1.22) ( 27 in.) 
= 7.75 sixteenths 

Use a ½-in. fillet weld. 

Gusset-to-Beam Interface 

The length of the weld is: 

lh=2(a lin.) 

=2(20.8 in. lin.) 
= 39.6 in. 

ASD 
Required weld size: 

Ra 
Dreq 

= 
( ) 2 0.928 kip/in. µ/ 

472 kips 
--

BRACED FRAMES 

2 ( 0.928 kip/in.) ( 1.22) ( 27 in.) 
= 7.72 sixteenths 

The required strengths at the gusset-to-beam interface from Figures 5-72a and 5-72b are: 

LRFD ASD 
Vu

= 805 kips Va
= 535 kips 

Nu
= 186 kips Na

= 122 kips 

Gusset-to-beam weld 

From AISC Manual Equations 8-2a and 8-2b, including the increased strength due to 
the load angle, and the 1.25 weld ductility factor discussed in AISC Manual Part 13, the 
required gusset plate-to-beam flange weld is: 

LRFD 
Resultant force: 

Ru 
= JV}+Nu

2

= )(805 kips)2 +(186 kips)2

= 826 kips 

Load angle: 

0 _ I [ 186 kips 
J = tan 

805 kips 
= 13.0°

Directional strength increase: 
µ = 1.0 + 0.50sinl.5 13.0°

=l.05 

ASD 
Resultant force: 

R0 
= Jv,

= )( 535 kips )2 + (122 kips )2

= 549 kips 

Load angle: 

0 _ I [ 122 kips 
J= tan 

535 kips 
= 12.8° 

Directional strength increase: 

µ = l.0+0.50sinl5 12.8° 

=1.05 
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LRFD 

Required weld size: 

D _ 
l.25Ru

req 

-

2(1.392 kip/in.)µl 

1.25(826 kips) 
--

2(1.392 kip/in.)(1.05)(39.6 in.) 

= 8.92 sixteenths 

Use a '½6-in. fillet weld, 39¾ in. long. 

ASD 

Required weld size: 

D,e = 

l.25Ra

q 2(0.928 kip/in.)µl 

1.25 ( 549 kips) 
--

2(0.928 kip/in.)(1.05)(39.6 in.) 

= 8.89 sixteenths 

Check gusset plate for shear yielding and tension yielding 

5-389

The nominal shear yield strength is determined from AISC Specification Section J4.2(a): 

Vn = 0.60FyAgv
= 0.60(50 ksi)(l ¼ in.)(39¾ in.) 

= 1,490 kips 

(Spec. Eq. J4-3) 

The nominal tensile yield strength is determined from AISC Specification Section J4. l (a): 

Rn= FyAg
= (50 ksi)(l ¼ in.)(39¾ in.) 

= 2,480 kips 

LRFD 

Available shear yield strength on the 
gross section, from AISC Specification 

Equation J4-3, is: 

<j)Vn = <j)0.60F
y
A

gv 

= 1.00(1,490 kips) 

= 1,490 kips > 805 kips o.k.

Available tensile yield strength on the 
gross section, from AISC Specification 

Equation J4-l ,  is: 

$Rn= <j)FyAg
= 0.90 (2,480 kips) 

= 2,230 kips > 186 kips o.k.

(Spec. Eq. J4-1) 

ASD 

Available shear yield strength on the 
gross section, from AISC Specification 

Equation J4-3, is: 

Q 
_ 0.60F

y
Agv

Q 
_ 1,490 kips 
-

1.50 
= 993 kips > 535 kips o.k.

Available tensile yield strength on the 
gross section, from AISC Specification 

Equation J4- l,  is: 

Rn -
Q Q 

_ 2,480 kips 
-

1.67 
= 1,490 kips> 122 kips o.k.
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Check beam web local yielding 

For the W24x84, the available web local yielding strength is determined from AISC 
Specification Section Jl0.2(b) for a force applied from the member end that is less than the 
member depth, as follows: 

R11 = Fyf w ( 2.Skdes +lb) (from Spec. Eq. Jl0-3) 

= (so ksi)(0.470 in.)[2.5(1.27 in.)+39¾ in.] 

= l,010 kips 

LRFD 

d,JR11 = d,JF
ytw ( 2.Skdes +lb) 

= 1.oo(l,o Io kips) 
= l, 0 JO kips > 186 kips o.k.

Rn 

Q Q 

l,010 
1.50 

ASD 

= 673 kips > 122 kips o.k.

Check beam web local crippling 

The resultant load on the beam from the gusset plate is applied at 20.8 in. from the column 
face, which is greater than d/2; therefore, use AISC Specification Section Jl0.3(a) to deter
mine the available strength due to web local crippling. The nominal strength is: 

R
11 = 0.80ta I+ 3( � )[ :; r

5 

�
E

;:
t

J Q1

= 0.80( 0.470 inf I+ 3(39¾ in.)(0.470 in. )1 .5

24.1 in. 0.770 in. 

(29,000 ksi)(so ksi)(0.770 in.) 
( ) X , -- - - - - - - - -- 1.0 

0.470 in. 
= 915 kips 

The available strength due to web local crippling is: 

LRFD 

d,)R11 = 0.75(915 kips) Rn 

ASD 

915 kips 
2.00 

= 686 kips > 186 kips o.k. = 458 kips> 122 kips 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(Spec. Eq. JI0-4) 

o.k.



5.3 SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 

Beam-to-Column Connection 

The required strengths from Figures 5-72a and 5-72b are: 

LRFD ASD 

Vu = 186 kips+19.9 kips Va = 122 kips+ 12.8 kips 
= 206 kips = 135 kips 

Nu = 409 kips+ 46.3 kips Na = 271 kips+ 31.1 kips 
= 455 kips = 302 kips 

Check bolt strength 

The required bolt strength due to the resultant loading is: 

LRFD 

Ru
= 

= �( 206 kips )2 + ( 455 kips )2

= 499 kips 

ASD 

Ra =

= �(135 kips )2 + (302 kips )2

= 331 kips 

5-391

There are (14) 1-in.-diameter Group B bolts with threads excluded from the shear plane 
(thread condition X) in standard holes as shown in Figure 5-68. From AISC Manual Table 
7-1, the available shear strength per bolt is:

LRFD 

<j)r11 
= 49.5 kips/bolt 

ASD 
rn = 33.0 kips/bolt 
n 

The angle of the resultant with respect to the vertical is: 

LRFD 

0 _ 1 [ 455 kips 
J = tan 

206 kips 
= 65.6° 

ASD 

0 _ I [ 302 kips 
J = tan 

135 kips 
= 65.9° 

Using AISC Manual Table 7-7 with 60°, n = 7, ex
= 4.25 in., ands= 3 in.: 

C= 11.4 

LRFD ASD 

$Rn
= C<j)r11 

Rn 
= C rn

= ( 11.4 bolts) ( 49 .5 kips/bolt) 
n n 

= (11.4 bolts)(33.0 kips/bolt) 
= 564 kips > 499 kips o.k. = 376 kips > 331 kips o.k.
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Check beam shear strength 

From AISC Manual Table 6-2, the x-x axis available shear strength of the beam due to shear 
yielding and shear buckling is: 

LRFD ASD 

<l>v V,, = 340 kips > 206 kips o.k. Vn = 227 kips > 135 kips o.k.

Qv

Check beam tensile yielding strength 

From AISC Specification Equation D2-l, the available tensile strength due to yielding is: 

LRFD ASD 

<JlPn = <j>F
y
A

g

P,, -
F

y
A

g -

Q Q 

= 0.90( 50 ksi)( 24.7 in.2) (so )( in.2)
-

= 1,110 kips> 455 kips o.k.
-

1.67 
= 740 kips> 302 kips o.k.

Check block shear rupture on beam web 

The limit state of block shear rupture due to the shear load on the beam web is not applicable 
because the remaining beam flange will prevent net section rupture. 

The nominal strength for the limit state of block shear rupture relative to the axial load on 
the beam web is: 

Rn = 0.60FuAnv + UbsFuAnr ::::; 0.60FyAg
v + UbsFuAnr 

where 
A

g
v = ( 2 planes )(zeh + g )tw 

= 2(1¾ in.+3 in.)(0.470 in.) 

= 4.47 in.2

An1 = [(n l)s 8(d1, + 11!6 in.)]tw 

= [(7 1)(3 in.)-6(1 ½ in.+ 1/16in.)](0.470 in.) 

= 5.11 in.2

Anv = ( 2 planes )[leh + g-1 ½( d1, + 1/16 in.) ]t
w 

= 2[1¾ in.+ 3 in. I ½(H1s in.+ 1/16 in.)](0.470 in.) 

= 2.79 in.2
Ubs = 1.0 
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and 
R

n 
= 0.60( 65 ksi )( 2.79 in.2) + 1.0( 65 ksi )( 5.11 in.2)

:S; 0.60( 50 ksi )( 4.47 in.2) + 1.0( 65 ksi )( 5.11 in.2) 
= 441 kips < 466 kips 

Therefore: 

Rn
= 441 kips

The available strength for the limit state of block shear rupture on the beam web is: 

LRFD ASD 

<j)Rn = 0.75(441 kips) -
441 kips 

2.00 = 331 kips< 455 kips n.g. = 221 kips< 302 kips n.g.

5-393

Therefore, a web doubler plate is required. The required thickness of the doubler plate is: 

LRFD ASD 

t = ( 455 kips 
)(o.470 in.) 0.470 in. t = ( 302 kips

)( 0.470 in.) 0.470 in.
331 kips 221 kips 

= 0.176 in. = 0.172 in. 

Use a ¼-in.-thick doubler plate with 3/i6-in. fillet welds. This weld size is based on the maxi
mum weld size permitted in AISC Specification Section J2.2b(b). 

Check bolt bearing and tearout on the beam 

The resultant load per bolt based on the C-value taken from AISC Manual Table 7-7 pre
viously, is: 

LRFD ASD 

499 kips 331 kips ru = Ta
= 

1 1.4 bolts 11.4 bolts 
= 43.8 kips/bolt = 29.0 kips/bolt 

The Exception in AISC Seismic Provisions Section D2.2(a) permits the use of the bearing 
and tearout equations in AISC Specification Section J10 where deformation is not a design 
consideration, when the required strength is based upon the expected strength of a member. 
Therefore, for the seismic loading, the bearing and tearout strengths are checked at the end 
bolt with the 1 ¾-in. edge distance using AISC Specification Equations J3-6b and J3-6d. The 
available bearing strength is: 
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rn = 3.0dtF,, 
=3.0(1 in.)(0.470 in.+¼ in.)(65 ksi) 
= 140 kips/bolt 

LRFD 

$rn = <j)3.0dtFu 

= 0.75(140 kips/bolt) 
= 105 kips/bolt > 43.8 kips/bolt o.k.

Q 

BRACED FRAMES 

(Spec. Eq. J3-6b) 

ASD 

3.0dtFu --

Q 

140 kip�tuvh 
--

2.00 
= 70.0 kips/bolt> 29.0 kips/bolt o.k.

Assuming that deformation at the bolt hole is not a design consideration, the tearout strength 
is checked at the end bolt with the I ¾-in. edge distance. The available tearout strength is: 

r,
1 
= 1.5(t 

p
Fu 

= 1.5[ l¾ in. ½(! Vs in.)]( 0.470 in.+¼ in.)( 65 ksi) 

= 83.4 kips/bolt 

(from Spec. Eq. J3-6d) 

LRFD ASD 

<j)rn = <j)l .5lc t 
p
Fu 

Tn -
1.5lc t

p
Fu 

-

= 0.75(83.4 kips/bolt) 
Q Q 

83.4 kips/bolt 
-

= 62.6 kips/bolt> 43.8 kips/bolt o.k.
-

= 41.7 kips/bolt> 29.0 kips/bolt o.k.

As previously discussed, this is a conservative treatment of tearout. If the check failed, the 
edge distance along the line of action of the bolt force would be evaluated before declaring 
the design inadequate. 

Beam-to-column single-plate connection 

Determine the required thickness of the 7 ½-in. x 21-in. single plate connecting the beam web 
to the column flange. Try a 1-in.-thick plate. 

The available shear yielding strength of the plate is determined from AISC Specification

Section J4.2(a) as follows: 

Rn = 0.60F
y
A

gv 

= 0.60(50 ksi)(l in.)(21 in.) 
= 630 kips 
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LRFD ASD 

<!>Rn = <j)0.60FyAgv
Rn 

-

0.60FyAgv
-

-

Q Q 

= 1.00( 630 kips) 
-

( 630 kips) 
= 630 kips> 206 kips o.k.

-

1.50 
= 420 kips > 135 kips o.k.

The available tensile yielding strength of the plate is determined from AISC Specification 
Section J4. l (a) as follows: 

Rn
= FvAg
= (50 ksi)(l in.)(21 in.) 

= 1,050 kips 

LRFD 

<!>Rn = <j)FyAg
= 0.90(1,050 kips) 

= 945 kips > 455 kips o.k.

Single plate-to-column flange weld 

Rn 
-

Q 

(Spec. Eq. J4- l )  

ASD 

-

FyAg
-

Q 

1,050 kips 
-

-

1.67 
= 629 kips > 302 kips o.k.

Determine the fillet weld size required to connect the single plate on the beam to the column 
flange. Using AISC Manual Equations 8-2a and 8-2b, including the increased strength due 
to the load angle given by AISC Specification Equation J2-5, the required single plate-to
column flange weld is determined as follows: 

LRFD 

Resultant force: 

Ru
= 499 kips 

Load angle: 

0 _ I ( 455 kips 

J= tan 
206 kips 

= 65.6° 

Directional strength increase: 

µ = 1.0 + 0.50sin15 65.6° 

= 1.43 

ASD 

Resultant force: 

Ra
= 331 kips 

Load angle: 

0 
_ I ( 302 kips 

J = tan 
135 kips 

= 65.9° 

Directional strength increase: 

µ = 1.0 + 0.50sinl.5 65.9° 

= 1.44 
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LRFD ASD 
Required weld size: Required weld size: 

D _ 499 kips 
req 

-

2 ( 1.392 kip/in.) ( 1.43) ( 21 in.) 
D _ 331 kips 

req 

-

2(0.928 kip/in.)(1.44)(21 in.) 
= 5.97 sixteenths = 5. 90 sixteenths

Use a %-in. fillet weld. 

Check bolt bearing and tearout on the single plate 

The resultant load per bolt determined previously is: 

LRFD ASD 

ru = 43.8 kips/bolt ra = 29.0 kips/bolt 

The Exception in AISC Seismic Provisions Section D2.2(a) permits the use of the bearing 
and tearout equations in AISC Specification Section JI O where deformation is not a design 
consideration, when the required strength is based upon the expected strength of a member. 
Therefore, for the seismic loading, the bearing and tearout strengths are checked using AISC 
Specification Equations J3-6b and J3-6d. The available bearing strength is: 

rn = 3.0dtFu

= 3.0( 1 in.)( 1 in.)( 65 ksi) 

= 195 kips/bolt 

LRFD 

<Prn = cp3.0dtFu

= 0. 7 5 (195 kips/bolt)
= 146 kips/bolt> 43.8 kips/bolt

r,, 
Q 

o.k.

(Spec. Eq. J3-6b) 

ASD 

3.0dtF,, 
--

Q 

195 kips/bolt 
--

2.00 
= 97.5 kips/bolt> 29.0 kips/bolt o.k.

The tearout strength is checked at the end bolt with the 1 ¾-in. edge distance. The available 
tearout strength is: 

rn = I .5fct
p

Fu

= 1.5[1¾ in.-½(1 1/s in.)](! in.)(65 ksi) 

= 116 kips/bolt 
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LRFD ASD 

<j}rn = <j}l .5lctFu 

rn -
l.5lcfFu 

-

= 0.75(116 kips/bolt) 
Q Q 

( 116 kips/bolt) 
-

= 87.0 kips/bolt> 43.8 kips/bolt o.k.
-

2.00 
= 58.0 kips/bolt> 29.0 kips/bolt o.k.

Check block shear rupture on single plate at beam-to-column interface 

The nominal strength for the limit state of block shear rupture relative to the shear force on 
the single plate is: 

where 

Agv =[(n-1)s+lev ]t
p

=[(7-1)(3 in.)+l½ in.]( ! in.) 

= 19.5 in.2

Am =[ le1i+g l½(d1i+1.lt6in.)]t
p

= [1¾ in.+ 3 in. -1 ½(l ½in.+ 1/16 in.)]( 1 in.) 

= 2.97 in.2

Anv =[(n-I)s+lev 6½(d1i+1/16in.)]t
/J

=[(7 1)(3 in.)+lV2 in. 6V2(!Vs in.+1.lt6 in.)](! in.) 

=l l.8 in.2

Ubs = 
0.5 

and 

R
n = 0.60( 65 ksi)( 11.8 in.2) + 0.5( 65 ksi)( 2.97 in.2) 

:S; 0.60( 50 ksi)( 19.5 in.2) + 0.5( 65 ksi )( 2.97 in.2)

= 557 kips < 682 kips 

Therefore: 

Rn
= 557 kips 

(Spec. Eq. J4-5) 

The available strength for the limit state of block shear rupture on the single plate is: 

LRFD ASD 

<!>Rn =0.75(557 kips) Rn 557 kips 
-

2.00 
= 418 kips> 206 kips o.k. = 279 kips> 135 kips o.k.
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The nominal strength for the limit state of block shear rupture relative to the axial force on 
the single plate is: 

Rn = 0.60FuAnv + U hsFuAnt 'S: 0.60FyAgv + U hsFuA,u 
where 

Agv =(Zeh+ g )tp 

= (!¾ in.+3 in.)(! in.) 

= 4.75 in.2

Ant = [(n - l)s + lev -6½(dh + V16 in.)]tr 

=[(7 1)(3 in.)+1½ in. 6½(11/s in.+ 11!6in.)](1 in.) 

= 11.8 in.2

Anv = [zeh + g-1 ½( dh + ½6 in.)]tr 

= [ I¾ in.+ 3 in. -I ½(1 1/s in.+ 1/16 in.)](! in.) 

= 2.97 in.2

Ubs = 1.0 

and 

R,, = 0.60( 65 ksi)( 2.97 in.2) + 1.0( 65 ksi)( l 1.8 in.2)

:'S: 0.60( 50 ksi )( 4.75 in.2) + 1.0( 65 ksi)( I 1.8 in.2)
= 883 kips< 910 kips 

Therefore: 

R,, = 883 kips 

(Spec. Eq. J4-5) 

The available strength for the limit state of block shear rupture on the single plate is: 

LRFD ASD 

<J>Rn =0.75(883 kips) Rn 883 kips 
2.00 

= 662 kips > 455 kips o.k. = 442 kips > 302 kips o.k.

Check tension-shear interaction (block shear rupture) 

The interaction of tension and shear based on the block shear rupture limit state is checked 
as follows: 

LRFD ASD 

[ 455 kips r + [ 206 kips r
662 kips 418 kips 

[ 302 kips r [ 135 kips r 
442 kips 

+ 
279 kips 

= 0.715 < 1.0 o.k. = 0.701 < 1.0 o.k.
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Use a 1-in.-thick plate. 

Check shear rupture on the single plate 

From AISC Specification Equation 14-4, the available shear rupture strength of the single 
plate is: 

Anv =[21 in. 7(l 1/s in.+ 1/16in.)](1 in.) 

= 12.7 in.2

LRFD ASD 

<j)R11 =0.75(0.60)(65 ksi)(12.7 in.2) Rn 
0.60(65 ksi)(12.7 in.2) 

--

2.00 
= 371 kips > 206 kips o.k. = 248 kips > 135 kips o.k.

Check tensile rupture on the single plate 

From AISC Specification Equation 14-2, the available tensile rupture strength of the single 
plate is: 

LRFD ASD 

<j)R11 = 0.75( 65 ksi)(12.7 in.2) Rn -

(65 ksi)(12.7 in.2) 
- -

2.00 
= 619 kips> 455 kips o.k. = 413 kips> 302 kips o.k.

Check tension-shear interaction (tensile and shear rupture) 

LRFD ASD 

[ 455 kips r + [ 206 kips r
619 kips 371 kips 

[ 302 kips r + [ 135 kips r
413 kips 248 kips 

=0.849< l.O o.k. = 0.831 < 1.0 o.k.

Use a 1-in.-thick plate. 

Note: Shear yielding and tensile yielding limit states should also be checked but were 
assumed to not control this design. 

The final connection design is shown in Figure 5-68. 
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5.4 ECCENTRICALLY BRACED FRAMES (EBF) 

In eccentrically braced frame (EBF) systems, lateral forces are resisted by a combination 

of flexure, shear and axial forces in the framing members. An EBF is essentially a hybrid 

system, offering lateral stiffness approaching that of a concentrically braced frame system 

and ductility approaching that of a moment frame system. The design provisions for EBF 

systems are given in AISC Seismic Provisions Section F3, and typical configurations are 

shown in AISC Seismic Provisions Figure C-F3.1. Section F3.2 describes EBF systems as 

"braced frames for which one end of each brace intersects a beam at an eccentricity from 

the intersection of the centerlines of the beam and an adjacent brace or column, forming a 

link that is subject to shear and flexure." The link becomes the focal point in the design and 

detailing of an EBF system, because it is intended to be the primary location for the inelastic 

behavior in the frame. The remainder of the members and connections are intended to 

remain essentially elastic and are required to have sufficient strength to withstand forces 

corresponding to the expected strength of the link, including strain hardening. 

Designers can often fit eccentrically braced frames in locations within the architectural 

floor plan where concentrically braced frames cannot be located due to the space limitations 

presented by doors and windows. Additionally, the system is generally considered to be stiff 

enough to efficiently limit nonstructural, drift-related damage, as compared to the relatively 

flexible nature of moment frames. As with all systems, the choice of an EBF as the lateral 

system requires balancing the needs of the building owner and architect with the project 

budget. Consideration should be given to "first costs" of the project versus the life-cycle 

costs and potential repair costs following a major earthquake. First-cost benefits of using 

an EBF system include a reduction in the seismic base shear force due to the higher R fac

tor than other braced frame systems, which may result in savings in the construction of the 

diaphragm and foundation. 
EBF systems combine many concepts of both concentrically braced frames and moment 

frames. The system was first developed in Japan in the early 1970s. Research and develop

ment in the United States followed later that decade, continuing through the 1980s, with 

the first codified design procedure appearing in the 1988 Uniform Building Code (ICBO, 

1988). As noted previously, the focal point of the design of an EBF system is the link. The 

link design procedures put forth in the AISC Seismic Provisions are intended to provide 

reliable and ductile performance of the link under seismic loading. The first of these provi

sions relates to width-to-thickness limits in AISC Seismic Provisions Section D 1.1. For EBF 

systems, the link must satisfy the width-to-thickness requirements for highly ductile members. 

There is an exception for the flanges of short, shear dominated links with I-shaped sections. 

For link lengths less than or equal to 1.6M
p
/V

p
, the flanges need only satisfy the width-to

thickness requirements for moderately ductile members. Additional limitations on the web 

include a maximum specified yield stress of 50 ksi and a requirement that the web be a 

single thickness of material. Thus, doubler plates and penetrations are not permitted in the 

link zone. The 2016 AISC Seismic Provisions provide an allowance for the use of built-up 

box section links; however, the use of HSS links is not allowed. 

The nominal shear strength of the link, Vn, is calculated as the lesser of the shear yielding 

strength of the link, i;,, and the shear associated with the flexural yielding strength of the 

link, 2M
p
fe. Additional link requirements apply when the required axial strength in the link 

exceeds O. l 5P
y
, These requirements limit the nominal shear strength and the link length in 

order to provide for more stable inelastic behavior within the link when axial forces become 
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large enough to have a significant effect. For specific requirements, the AISC Seismic Provi

sions should be consulted. 

Another consideration in the design of the link is the link length, e. When related to the 

length of the frame, L, it can be shown that as e/L approaches zero, an EBF system reaches 

the stiffness of a concentrically braced frame, while values of e/L approaching 1.0 indicate 

behavior consistent with moment frames. This concept is illustrated in Figure 5-74. Further 

consideration of link length relates to the behavior of the link itself in the inelastic range. 

From simple mechanics, it can be demonstrated that when e = 2.0M
µ
IV

µ
, the yield condition 

is balanced between shear and flexure. For values less than l .6M
µ
IV

µ
, the link behavior is 

generally controlled by shear, whereas for values greater than 2.6M
µ
IV

µ
, it is controlled by 

flexure. For link lengths between l .6M
µ
IVµ and 2.6M

µ
IVµ, a combination of shear and flexural 

yielding occurs. Because shear yielding is much more reliable than flexural yielding, it is 

generally considered advantageous to keep link lengths short enough to be controlled by 

shear. With this in mind, a target value of l .6M
µ
IV

µ 
is used for the link length, e. To achieve 

this, many designers will start the design of the link using a value of l .3M
µ
IVµ. This allows 

some flexibility in changing the link beam size and frame geometry while still maintaining 

a final link length consistent with the l .6M
µ
IV

µ 
goal. 

The AISC Seismic Provisions address the ratio of M
µ
IV

µ 
in relation to the overall ductility 

of the frame by relating the link rotation angle, y
p
, to the value of M

µ
IVµ in a given frame. 

Link rotation angle is illustrated in AISC Seismic Provisions Figure C-F3.4. AISC Seismic 

Provisions Section F3.4a notes that for e :S l .6M
µ
IV

µ
, the link rotation angle is limited to 

0.08 rad, and for e 2". 2.6MpfV
p
, the link rotation angle is limited to 0.02 rad. For values 

between these limits, the link rotation angle should be interpolated. This is illustrated in 

Figure 5-75. Additional link design considerations apply when providing stiffener plates in 

the link zone. The AISC Seismic Provisions specify that links of all lengths require stiffeners 

at each end. Additionally, spacing of intermediate stiffeners varies with link length. Note 

that when e > 5M
µ
IVµ, no intermediate web stiffeners are required. 

(I) 

co 

(I) 

co 

(I) 

20 

p 
--

�1 
16 

12 

8 

4 

0 ,__ _ ___._ __ __._ __ ...._ __ ..__ _ __,

0.0 0.2 0.4 

e!L 

0.6 0.8 1.0 

Fig. 5-74. Frame stiffness versus link length (Engelhardt and Popov, 1989). 
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When the frame is configured such that the link is directly adjacent to a column, there 

are special requirements for the connection between the link and the column as required by 

AISC Seismic Provisions Section F3.6e. The link-to-column connection must be capable 

of sustaining the link rotation angle as prescribed by the AISC Seismic Provisions based 

on link length. Additionally, the connection must be able to develop the full value of the 

expected link shear strength, R
y
Vn, at such a rotation angle. Furthermore, the link-to-column 

connection must satisfy qualification or prequalification testing up to the target drift angle 

unless the connection is reinforced per the exception in AISC Seismic Provisions Section 

F3.6e.2. This exception occurs when the connections are adequately reinforced such that 

beam yielding is forced to a location away from the face of the column. If the link-to-column 

connection meets these requirements, prequalification or qualification of the connection is 

not required. 

AISC Seismic Provisions Section F3.4b requires lateral bracing of both the top and 

bottom flanges at the ends of I-shaped links. These braces must be designed to satisfy the 

strength and stiffness requirements of AISC Seismic Provisions Section D1.2c for special 

bracing at plastic hinge locations. 

Once the design of the link is complete, the remaining requirements address the design of 

the diagonal brace and beam segments away from the link, the connections of the beams to 

the columns, and the strength of the columns and the column base attachment to the founda

tion. Due to the nature of EBF systems, the brace members may be subject to large axial and 

flexural forces resulting from the rotations anticipated in the link segment. Therefore, the 

diagonal brace is required to have a combined axial and flexural strength resisting seismic 

loading equal to the forces generated by the adjusted link shear strength. The adjusted link 

shear strength is defined as the expected shear strength of the link, R
y 
Vn, multiplied by a 

factor to account for strain hardening. This strain hardening factor is equal to 1.25 for 

I-shaped links and 1.4 for built-up box links. Braces must also satisfy the width-to-thickness

requirements of AISC Seismic Provisions Section D 1.1 for moderately ductile members.

The design of the beam outside of the link is similar, but differs slightly from the design 

requirements for braces. It is also designed for the forces due to the adjusted shear strength 

of the link. However, the adjusted shear strength of the link can be taken as equal to 0.88 

0 .08 -----... 

0.02 t-- -- -+--- - - -- , ____ _ 

0'------'----------'-------1-

Link length, e 

Fig. 5-75. Maximum allowed link rotation angle versus link length. 
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times the value used in the design of the braces. This accounts for the increased member 

strength realized by having a concrete slab composite with the beam outside of the link and 

recognizes the fact that limited yielding in the beam is not likely to be detrimental to EBF 

performance if the beam's stability is maintained. If there is not a concrete slab composite 

with the beam outside of the link, the designer should not use the 0.88 reduction factor 

(for additional information, see AISC Seismic Provisions Commentary Section F3.3). 

Additional lateral bracing along the length of the beam, if required, is designed per AISC 

Specification Appendix 6. If the beam outside of the link is a different section than the link, 

then it must also satisfy the width-to-thickness requirements of AISC Seismic Provisions 

Section D 1.1 for moderately ductile members. 

The connection of the brace to the beam is required to meet the same strength require

ments as the brace member. The AISC Seismic Provisions require this connection to be 

considered fully restrained (FR) if the connection is detailed such that the brace resists any 

portion of the link end moment. Because previous editions were considered to be overly 

conservative, the 2010 AISC Seismic Provisions did not require that the connection also be 

designed for 1.1 R
y
Pn of the brace and did not prohibit the brace connection from extending 

into the link zone. This remains true in the 2016 AISC Seismic Provisions. There is a discus

sion of these changes in AISC Seismic Provisions Commentary Sections F3.6c and F3.5b, 

respectively. 

The beam-to-column connection, where a brace connects to both members, has design 

and detailing considerations in addition to the preceding requirements for the brace-to-beam 

connection. AISC Seismic Provisions Section F3.6b requires that these connections either 

be simple connections meeting the requirements of AISC Specification Section B3.4a with a 

required rotation of 0.025 rad, or they must be designed as moment connections. If the latter 

is chosen, the required strength of the connection is equal to the lesser of the expected beam 

flexural strength and the sum of the expected flexural strengths of the columns above and 

below the joint. The expected strengths for both the beam and the columns are multiplied 

by 1.1 and divided by Us.

The columns of the EBF system must satisfy the width-to-thickness requirements 

of AISC Seismic Provisions Section D 1. 1 for highly ductile members. Additionally, the 

columns must be designed to resist the forces due to the adjusted shear strengths of all links 

above the level of the column (as discussed previously for brace design). 

EBF Design Example Plan and Elevation 
The following section consists of seven design examples for an EBF system. See Figure 

5-76a for the plan and Figure 5-76b for the elevation of the EBF. Example 5.4. 1 checks

story drift. Examples 5.4.2 through 5.4.5 illustrate a link design, a beam outside of the link

design, a brace design, and a column design, respectively. Examples 5.4.6 and 5.4.7 show

the design of a brace-to-link connection and a brace-to-beam/column connection.

The total floor area is 9,000 ft2, the perimeter is 390 ft, and the code-specified gravity 

loading is as follows: 

Djioor = 85 psf 

Droof = 68 psf 

Ljioor = 50 psf 

S = 20 psf 

Curtain wall = 17 5 lb/ft along building perimeter at every floor level 
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From ASCE/SEI 7, the following parameters apply: Seismic Design Category D, R = 8, 
Q0 = 2, Cd = 4, le = 1.0, SDS = 1.0, and p = 1.3. 

The loads given in each design example are from a first-order analysis. Assume the effec
tive length method of AISC Specification Appendix 7 is used for the stability design. 

When designing EBF systems, several design iterations are usually required to obtain the 
best combination of compatible frame-member sizes. Optimized designs are often difficult 
to obtain due to member local buckling requirements, geometric constraints, the resistance 
of the beam outside of the link to flexure combined with axial effects, and architectural 
constraints that commonly occur throughout the design process. Nonetheless, EBF systems 
can be used to provide ductile and cost-effective solutions for seismic load resistance. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev
= 0.2SDSD (ASCE/SEI 7, Eq. 12.4-4a) 

The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

(ASCE/SEI 7, Eq. 12.4-3) 

The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Section 
12.4.3.1, is: 

Emh = QoQE (ASCE/SEI 7, Eq. 12.4-7) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 
(for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as defined in Section 
12.4.2. 
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EBF investigated in Part 5.4. 

For elevation see Figure 5-76b. 

Fig. 5-76a. Floor plan for EBF examples. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.4 ECCENTRICALLY BRACED FRAMES (EBF) 5-405

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

l.2D+Ev +E1, +L+0.2S
= l.2D+0.2S0sD+pQE +0.5L+0.2S

= (1.2+0.2S0s )D+pQE +0.5L+ 0.2S 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev +E1,

=0.9D 0.2SosD+pQE

= (0.9-0.2Sos ) D+ pQE

�Roof

w 
' 

N 
..-

� Fourth
Level 

w 

N 
..-

Third 
Level 

w 
' 

N 
..-

� Second
Level 

..-

�Base

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

l.OD+0.7Ev +0.7E1,

= l.0D+0.7(0.2SosD)+0.7pQE

= (1.0+ 0.14Sos )D+ 0.7pQE

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525E1, + 0.75L + 0.75S 

= l.0D+0.525(0.2S0sD)+0.525pQE

+ 0.75L + 0.75S

= (1.0+0.l05S0s )D+0.525pQE

+ 0.75L + 0.75S

30'-0" 

JT-2 

V2 = 223 kips 

Fig. 5-76b. EBF elevation. 
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LRFD ASD 

Load Combination l O from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7Ev +0.7Eh 
=0.6D 0.7(0.2SDSD)+ 0.7pQ£ 

=(0.6 O. l4Svs)D+0.7pQ£ 

The basic load combinations with seismic load effects including overstrength from ASCE/ 
SE! 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD), are used, with Ev and Eh as 
defined in Section 12.4.3. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on l): 

l.2D+Ev +Em h +l+0.2S
= l.2D+0.2SDSD+00QE +0.5l+0.2S

= (1.2+0.2Svs )D+0
0QE +0.5l+0.2S

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev +Emh 

= 0.9D-0.2SvsD+0oQE 

= (0.9-0.2Svs )D+OoQE 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.7 Ev+ 0.7 Emh 

= l.OD+0.7(0.2SvsD)+0.700QE 

= (1.0+0.14Svs )D+0.7QoQE

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525Emh

+ 0.75L + 0.75S

= I.OD+ 0.525(0.2SvsD)+ 0.52500QE

+ 0.75l + 0.75S

= (1.0 + 0.105Svs )D + 0.52500QE 

+ 0.75L + 0.75S

Load Combination l O from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7Ev +0.7Emh 
= 0.6D-0.7(0.2SvsD)+0.7QoQE 

= (0.6-0.14Svs )D+ 0.70aQE 

Example 5.4.1. EBF Story Drift Check 

Given: 

Refer to the EBF elevation shown in Figure 5-76b. The applicable building code specifies 
the use of ASCE/SEI 7 for drift requirements. Determine if the third level of the frame satis
fies the drift requirements. 
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Solution: 

From an elastic analysis of the structure using an equivalent lateral force analysis, the story 
drift between the second and third levels is: 

Oxe = 0.175 in. 

According to AISC Seismic Provisions Section B 1, the design story drift and the story drift 
limits are those specified by the applicable building code. From ASCE/SEI 7, Table 12.12-1, 
the allowable story drift, Lia, is 0.025h.m where hsx is the story height below level x. 

Lia = 0.025hsx 

= 0.025(12.5 ft)(I2 in./ft) 

= 3.75 in. 

ASCE/SEI 7 defines the design story drift as Li, the difference of the deflections at levels 
2 and 3 at the centers of mass. The deflection at level x, Ox, is: 

Ox
= 

CdOxe
l e 

Therefore, the design story drift at level 3 is: 

Ox
= Li3 

Cd0x3 CdOx2 
l e l e 

Cd -Ox2

l e 

4(0.175 in.) 
1.0 

= 0.700 in.< 3.75 in. o.k. 

Example 5.4.2. EBF Link Design 

Given: 

(ASCE/SEI 7, Eq. 12.8-15) 

Refer to Beam BM-1 in Figure 5-7 6b. Determine the adequacy of an ASTM A992 W16 x 77 
as the link segment for the following loading. The stiffener material is ASTM A572 Grade 
50 plate. The applicable building code specifies the use of ASCE/SEI 7 for calculation of 
loads. From a first-order analysis: 

PD = 7.40 kips 
VD = 1.80 kips 
MD = 14.4 kip-ft 

PL = 5.30 kips 
VL = 1.30 kips 
ML = 9.60 kip-ft 

PQE = 5.50 kips 
VQE = 84.0 kips 
MQE = 168 kip-ft 

Assume the brace-to-beam connection will have geometry similar to that shown in AISC 
Seismic Provisions Figure C-F3.7. The brace will be detailed as fixed to the link in order to 
decrease the flexural demand on the beam outside of the link. 
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Solution: 

From AISC Manual Tables 2-4 and 2-5, and AISC Seismic Provisions Table A3.1, the material 
properties are as follows: 

ASTM A572 Grade 50 
Fy = 50 ksi 
Fu= 65 ksi 
Ry

= I.I 

ASTM A992 
Fy = 50 ksi 
Fu= 65 ksi 
Ry

= 1.1 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W16x77 

A = 22.6 in.2

ff = 0.760 in. 
Zx = 150 in.3

Required Strength 

d = 16.5 in. 
kdet = 15/s in. 
h0 = 15.7 in. 

tw = 0.455 in. 
k 1 = 1 V16 in. 

ht = 10.3 in. 
Ix = 1,110 in.4

Considering the load combinations given in ASCE/SEI 7 that include seismic load effects, 
it was determined that the governing load combination for LRFD is Load Combination 6. 
For ASD, either Load Combination 8 or Load Combination 9 will govern. 

Determine the required shear, axial and flexural strengths of the link 

Second-order effects are addressed using AISC Specification Appendix 8 as follows: 

---2':l 
aP,.

1 
Pei 

(Spec. Eq. A-8-1) 

(Spec. Eq. A-8-2) 

(Spec. Eq. A-8-3) 

Because the calculation of B 1 requires Pr, B2 will be calculated first, although AISC 
Specification Appendix 8, Section 8.1, permits the use of a first-order estimate of Pr.

1 
B2 = - - - -2': 1 

aPstory !-···················· 

Pe story 

(Spec. Eq. A-8-6) 
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From the given loading, the total vertical load at the third level is: 

LRFD 
Load Combination 6 from ASCE/SEI 7 ,  
Section 2.3.6 (including the permitted 
0.5 factor on L): 

P,tory = (9,000 ft2 ) 

[1.2+0.2(1.0)] 

x [68 psf + 2(85 psf)] 

X +1.3(0 psf)

+0.5(2)(50 psf)
+0.2(20 psf)

x(l kip/1,000 lb) 

[1.2+0.2(1.0)] 

x[(175 lb/ft)(2)(390 ft)] 
+ 

+1.3(0 lb)+0.5(0 lb) 

+0.2(0 lb)

x(l kip/1,000 lb) 
= 3,680 kips 

ASD 
Load Combination 8 from ASCE/SEI 7 ,  
Section 2.4.5: 

P,tory = (9,000 ft2 ) 

x
j

[l
��::::t�

o

;J5 psf)]
j 

+0.7(1.3)(0 psf)

X ( 1 kip/1,000 ]b) 1[1.0+0.14(1.0)] 1
+ x[(175 lb/ft)(2)(390 ft)] 

+0.7(1.3)(0 lb)

x(l kip/1,000 lb) 
= 2,600 kips 

Load Combination 9 from ASCE/SEI 7 ,  
Section 2.4.5: 

P.,tory = (9,000 ft2 ) 
[1.0+ 0.105(1.0)] 

x [68 psf + 2(85 psf)] 
X +0.525(1.3)(0 psf)

+0.75(2)(50 psf)
+0.75(20 psf)

x(l kip/1,000 lb) 

[1.0+ 0.105(1.0)] 

x[(175 lb/ft)(2)(390 ft)] 
+ 

+0.525(1.3)(0 lb) 

+0.75(0 lb)+0.75(0 lb)

x(l kip/1,000 lb) 
= 3,330 kips 

The total story shear, H, is shown in Figure 5-76b as V3 = 199 kips. From Example 5.4.1 ,  
an elastic analysis determined that the first-order interstory drift is t:i.H = 0.175 in. 
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L =(12.5 ft)(12 in./ft) 
= 150 in. 

RM = I for braced frame systems 

HL 
Pe story = RM -

l1H 

= 
(1) (199 kips )(150 in.)

0.175 in. 
= 171,000 kips 

Using AISC Specification Equation A-8-6: 

LRFD 
CX= 1.0 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (governing case): 

B2 = 
I 

I 
> 1

1.0(3,680 kips) -
171,000 kips 

=1.02 

(Spec. Eq. A-8-7) 

ASD 
(X = 1.6 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

B2 = 
I 

I
> 1

1.6(2,600 kips) -
171,000 kips 

= 1.02 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

B2 = 
I 

1
> 1

1.6(3,300 kips) -
171,000 kips 

=l.03 

P-!1 effects , approximated through the B2 factor, apply only to shear and axial forces and 
moments due to lateral translation. Thus , the required shear strength of the link including 
second-order effects is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

V,, =(1.2+0.2SDs)VD+B2pVQE ½, = (1.0+ 0.14SDs )vD +0.7B2pVQE 
+0.5VL +0.2Vs = [1.0+0.14(1.0)](1.80 kips) 

= [1.2+0.2(1.0)](1.80 kips) +0.7(1.02)(1.3)(84.0 kips)
+ 1.02 ( 1.3) ( 84.0 kips) = 80.0 kips 
+0.5(1.30 kips)+o.2(0 kips)

= 115 kips 
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LRFD ASD 
Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

Va
= (1.0+ 0.105Sos )Vo 

+0.525B2PVQE +0.75VL +0.75V:�

= [ 1.0 + 0. 105(1.0 )](1.80 kips) 

+0.525(1.03)(1.3)(84.0 kips)

+0.75(1.30 kips)+0.75(0 kips)
= 62.0 kips 

The required axial strength of the link including second-order effects is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Pu = (1.2 + 0.2Sos )Po+ B2PPQE Pa
= (1.0+0.14SDS )PD +0.7B2PPQE 

+ 0.5PL + 0.2Ps = [ 1.0 + 0.14(1.0 )](7.40 kips) 
= [1.2+0.2(1.0)](7.40 kips) +0.7(1.02)(1.3)(5.50 kips)

+ 1.02(1.3)(5.50 kips) = 13.5 kips 
+0.5(5.30 kips)+o.2(0 kips)

= 20.3 kips 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

Pa =(1.0+0.10 5SDs)PD 
+ 0.525B2PPQE + 0.75PL + 0.75Ps

= [ 1.0 + 0.105(1 .0) ](7.40 kips) 

+0.525(1.03)(1.3)(5.50 kips)

+0.75(5.30 kips)+0.75(0 kips)
= 16.0 kips 

Conservatively assume Cm = 1.0 and that the effective length method is used for stability 
design. From Figure 5-76b, the link length is 48 in. 

B = Cm > l
l 1-<XPr -

(Spec. Eq. A-8-3) 

Pei 
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2 * 

p = 1t EI > lel 
2 -

(Lei) 

n2 (29,000 ksi)( 1,110 in.4) 

( 48 inf 
= 138,000 kips 

LRFD 
a= 1.0 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (governing case): 

1.0 B1 =------21
1.0 

1- -�- -�
138,000 kips

=1.00 

BRACED FRAMES 

(Spec. Eq. A-8-5) 

ASD 
a= 1.6 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

B 1 = ------2 1 
l 

1- -�- -�
138,000 kips 

=1.00 

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

Bi = --�--� 2 1 
l 

1- -�- -� 
138,000 kips

=1.00 

Because Bi = 1.00, the required flexural strength need not be amplified to account for P-8
effects. 

The required flexural strength of the link including second-order effects is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

Mu
= (1.2 + 0.2Svs )Mv + B2pMQE Ma= (1.0+ 0.14Svs )Mv 

+0.5ML +0.2Ms +0.7B2PMQE
= [1.2+0.2(1.0)](14.4 kip-ft) = [1.0+0.14(1.0)](14.4 kip-ft)

+ 1.02(1.3)(168 kip-ft) +0.1(1.02)(1.3)(168 kip-ft)
+o.5(9.60 kip-ft)+o.2(0 kip-ft) = 172 kip-ft

= 248 kip-ft 
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LRFD ASD 
Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

Ma
= (1.0+0.IOSSDs )MD 

+0.525B2pMQE +0.75ML +0.75Ms

= [ 1.0 + 0.105(1.0 )](14.4 kip-ft) 

+0.525(1.03)(1.3)(168 kip-ft)

+0.75( 9.60 kip-ft)+0.75(0 kip-ft)
= 141 kip-ft 

Width-to-Thickness Limitations 

According to AISC Seismic Provisions Section F3.5b. l ,  the stiffened and unstiffened 
elements of links are to comply with AISC Seismic Provisions Section D 1.1 for highly 
ductile members. There is an exception given in AISC Seismic Provisions Section F3.5b. l 
that allows flanges of I-shaped links with length e <S I .6M

p
lV

p 
to satisfy the requirements 

of moderately ductile members. Determine whether the link length satisfies this limit. The 
calculation of Vp depends on asPrlPy, where the axial strength is: 

P
y

= F
y
A

g 

= (so ksi)(22.6 in.2)
= 1,130 kips 

LRFD 
a., = 1.0 

For Load Combination 6 from ASCE/ 
SEI 7, Section 2.3.6: 

a.,Pr 
-

1.0( 20.3 kips) 
- - -

P
y 1,130 kips 

= 0.0180 

(Prov. Eq. F3-6) 

ASD 
Us= 1.5 

For Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5: 

asP,. 1.5 ( 13 .5 kips)
-- - -

P
y 1,130 kips 

= 0.0179 

For Load Combination 9 from ASCE/ 
SEI 7, Section 2.4.5: 

a,P,. 1.5 ( 16.0 kips) 
-

-- -

P
y 1,130 kips 

= 0.0212 

With asPr / Py <S 0.15 , the AISC Seismic Provisions allows the effect of axial force on the 
link shear strength to be neglected , and Vp is determined from AISC Seismic Provisions 
Section F3.5b.2 as follows: 

(Prov. Eq. F3-2) 
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where A1w for I-shaped link sections is defined as: 

A1w = (d-2t
J

)tw

= [16.5 in.-2(0.760 in.)](0.455 in.) 

= 6.82 in.2

Therefore, the link shear strength is: 

V
P 
= 0.6( 50 ksi )( 6.82 in.2)
= 205 kips 

With a,P,/Py :s;0.15: 

M
p 
=F

y
Z 

= (50 ksi)(l50 in.3) 
= 7,500 kip-in. 

The equation for the link length is based on p', where: 

p
' = P,./ Py

Vr/Vy

and 
Vy = 0.6FyAlw (previously calculated) 

= 205 kips 

LRFD 

BRACED FRAMES 

(Prov. Eq. F3-4) 

(Prov. Eq. F3-8) 

(Prov. Eq. F3-12) 

(Prov. Eq. F3-13) 

ASD 
For Load Combination 6 from ASCE/SEI 7, For Load Combination 8 from ASCE/ 
Section 2.3.6 (governing case): SEI 7, Section 2.4.5: 

p
' 
=

Pr/Py
1 

Pr/Pyp=--Vr/Vy Vr/Vy 

20.3 kips/1,130 kips 13.5 kips/1,130 kips - -- -

115 kips/205 kips 80.0 kips/205 kips 
=0.0320 = 0.0306 

For Load Combination 9 from ASCE/ 
SEI 7, Section 2.4.5: 

I Pr/Py p=--V,/Vy 

16.0 kips/I, 130 kips --

62.0 kips/205 kips 
= 0.0468 
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From AISC Seismic Provisions Section F3.5b.3, with p' :c::; 0.5, the limiting link length is 
determined as follows: 

I.6Mp e<--�
- V

p 

1.6 (7,500 kip-in.) 
< -�- - - -� 

205 kips 
:c::; 58.5 in. 

(Prov. Eq. F3-10) 

Because e = 48 in. < 58.5 in., link flanges are permitted to comply with the requirements 
for moderately ductile members. From Table 1-3 of this Manual, the W16 x 77 satisfies the 
requirements for moderately ductile link beam flanges. 

Table 1-3 of this Manual also shows that a W16 x 77 satisfies the requirements for a highly 
ductile link beam web. 

Available Shear Strength 

AISC Seismic Provisions Section F3.5b.2 defines the shear strength of the link as the lesser 
of that determined based on the limit states of flexural yielding in the gross section and shear 
yielding in the web. 

For the limit state of shear yielding AISC Seismic Provisions Equation F3-1 defines the 
shear strength as follows, where V

p 
was previously calculated: 

Vn =V
p 

(Prov. Eq. F3-1) 

= 205 kips 

For the limit state of flexural yielding AISC Seismic Provisions Equation F3-7 defines the 
shear strength as follows, where Mp was previously calculated: 

2Mp 
v,, =-

e 

2(7,500 kip-in.) 

48 in. 
= 313 kips 

(Prov. Eq. F3-7) 

Because 205 kips < 313 kips, the limit state of shear yielding from AISC Seismic Provisions

Equation F3-1 controls: 

LRFD ASD 

<pvVn = 0.90(205 kips) 
Vn 205 kips 

Qv 1.67 
= 185 kips> 115 kips o.k.

= 123 kips> 80.0 kips o.k.
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Link Rotation Angle 

AISC Seismic Provisions Section F3.4a specifies a maximum link rotation angle based on 
the expected behavior of the link. The expected link behavior is determined by solving for 
the coefficient in front of M

p
!Vp based on the given link length. 

M 
e=X-P-

V
p 

Solving for the coefficient X: 
V

p
e 

X=
M

p 

( 205 kips) ( 48 in.) 
7,500 kip-in. 

= 1.31 < 1.6 

A value of the ratio, V
p
e/M

p
, less than 1.6 indicates that the link behavior will be domi

nated by shear yielding. The cmresponding limit on the link rotation angle for this type of 
expected link behavior is 0.08 rad according to AISC Seismic Provisions Section F3.4a. 
AISC Seismic Provisions Figure C-F3.4 defines the link rotation angle for this configura
tion as: 

L 
Yr 

=-0Pe 

where 

AISC Seismic Provisions Section F3.3 requires that the inelastic link rotation angle be deter
mined from the inelastic portion of the design story drift. From Example 5 .4.1, the inelastic 
portion of the story drift is: 

!).p = �\ <'>xe

= 0.700 in.-0.175 in. 
= 0.525 in. 

= 0.00350 rad 
(30 ft)(l2 in./ft)

( )y 
P 

= ���- -� 0.00350 rad 
48 in. 

= 0.0263 rad < 0.08 rad o.k. 

Note that the plastic story drift could have been conservatively assumed to equal the design 
story drift. Using the design story drift determined in Example 5.4.1 as /).3 = 0.700 in., 
"{

p 
= 0.0350 rad. 
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Available Compressive Strength 

Use K = 1.0 for both the x-x and y-y axes. Use AISC Manual Table 6-2, where inter
polating between values is approximate because the available compressive strength does 
not vary linearly with KL. The available strength in axial compression for a W16 x 77 with 
Le = KL = 4 ft: 

LRFD ASD 
For Load Combination 6 from ASCE/ For Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): SEI 7, Section 2.4.5: 

<pcPn = 977 kips> 20.3 kips o.k. P,, = 650 kips> 13.5 kips o.k.

QC 

For Load Combination 9 from ASCE/ 
SEI 7, Section 2.4.5: 

Pn = 650 kips> 16.0 kips o.k.

QC 

Available Flexural Strength 

From AISC Manual Table 6-2, with Lb = 4 ft, the available flexural strength is: 

LRFD ASD 
For Load Combination 6 from ASCE/ For Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): SEI 7, Section 2.4.5: 

<pbMn = 563 kip-ft> 248 kip-ft o.k. Mn = 374 kip-ft> 172 kip-ft o.k.

Qb 

For Load Combination 9 from ASCE/ 
SEI 7, Section 2.4.5: 

= 374 kip-ft> 141 kip-ft o.k.

Qb 

Combined Loading 

LRFD ASD 
For Load Combination 6 from ASCE/ For Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6 (governing case): SEI 7, Section 2.4.5: 
P, Pu P, P,, 

- -

- -

- -

P,. <pcPn P, Pn/Qc 

20.3 kips 13.5 kips 
- -

- -

977 kips 650 kips 
=0.0208 =0.0208 
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LRFD ASD 
For Load Combination 9 from ASCE/ 
SEI 7, Section 2.4.5: 

-

Pc- P,,/Qc 

16.0 kips 
--

650 kips 
=0.0246 

From AISC Specification Section Hl, because Prf Pc < 0.2, the beam-column design is 
controlled by the equation: 

Pr +[Mrx + Mry J < 1.0 (Spec. Eq. HI-lb) 
2P,. Mex Mey -

LRFD 
For Load Combination 6 from ASCE/SEI 
7, Section 2.3.6 (governing case): 

Pu + 
2( <!JcPn ) 

Mux + Muy J < l .O
<iJhMnx <iJhMny -

0.0208 + '248 kip-ft +o J = 0.451 
2 563 kip-ft 

0.451 < 1.0 o.k.

ASD 
For Load Combination 8 from ASCE/SEI 
7, Section 2.4.5: 

Pa +[ Max + May )<1.0
2(P,,/Oc ) Mnx/Qb Mny /Qb -
0.0208 + ( 172 kip-ft+ OJ= 0.470

2 374 kip-ft 
0.470 < 1.0 o.k.

For Load Combination 9 from ASCE/SEI 
7, Section 2.4.5: 

0.0246 + [ 141 kip-ft+ OJ= 0.389
2 374 kip-ft 

0.389 < 1.0 o.k.

The W16 x 77 is adequate to resist the loads given for the link segment of Beam BM- l. 

Lateral Bracing Requirements 

AISC Seismic Provisions Section F3.4b requires that both flanges at each end of the link 
be braced. Bracing is required to have strength and stiffness as specified by AISC Seismic 
Provisions Section Dl.2c for expected plastic hinge locations. Strength and stiffness are 
provided by intermediate beams in Figure 5-76a. This design uses lateral bracing of the 
flanges. From AISC Seismic Provisions Equation D l -4, the required lateral brace strength, 
with R

y
= 1.1 from AISC Seismic Provisions Table A3.l ,  is: 
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LRFD ASD

0.06RyFyZ 0.06RyFyZPr= Pr= 
a.,ho a,ho 

-
0.06(1.1)(50 ksi)(l50 in.3)

-
0.06( 1.1) ( 50 ksi) ( 150 in.3)

- -
1.0(15.7 in.) 1.5(15.7 in.)

= 31.5 kips = 21.0 kips

The required brace stiffness according to AISC Seismic Provisions Section Dl.2c. l(c ) is
calculated in accordance with AISC Specification Appendix 6 with Cc1 = 1.0 and with the
value of Mr specified in AISC Seismic Provisions Equation Dl-6 as: 

LRFD ASD

Mr= RyFyZ Mr= RyFyZ
a., a.,· 

1.1( 50 ksi )( 150 in.3) 1.1( 50 ksi )( 150 in.3)
- -- -

l.O l.5 
= 8,250 kip-in. = 5,500 kip-in.

Use point bracing and AISC Specification Equations A-6-8a (LRFD) and A-6-8b (ASD) to
calculate the required stiffness, where Lbr is the length of the link, 48 in., as: 

LRFD ASD

Pbr = _!_( 
lOMrCd

)
<\J Lbrho 

Pbr =Q(
lOMrCd

)
Lbrho 

1 10(8,250 kip-in.)(1.0)
=2.00

10(5,500 kip-in.)(1.0)
=-

( 48 in.)(15.7 in.) (48 in.)(15.7 in.)0.75

= 146 kip/in. = 146 kip/in.

Top and bottom flange bracing is to be provided in accordance with AISC Specification

Appendix 6 with the strength and stiffness required by these calculations. 

Stiffener Requirements 

AISC Seismic Provisions Section F3.5b.4 requires double-sided, full-depth web stiffeners at
each end of the link. The minimum required combined width of the stiffeners is (br 2tw ).
Thus, the minimum width of each stiffener is: 

Wmin == 

-2tw

2
10.3 in. -2 ( 0.455 in.)

2
= 4.70 in.
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The minimum required thickness is the larger of 0.75tw and¾ in.: 

tmin = 0.75tw 

= 0.75(0.455 in.) 
= 0.341 in. < ¾ in. 

Therefore, tmin = ¾ in. 

BRACED FRAMES 

Full-depth 3/s-in. x 4¾-in. stiffeners will be provided on both sides of the web at each end 
of the link segment. 

AISC Seismic Provisions Section F3.5b.4 also requires full-depth intermediate web stiffeners 
(intermediate stiffeners are stiffeners within the link segment). Because the length of the 
link is less than l.6M

p
/V

p
, the spacing requirements for intermediate web stiffeners are 

determined based on the link rotation angle. 

For a link rotation angle equal to 0.08 rad, the required spacing is: 

d = 30(0.455 in.)
5 

= 10.4 in. 

16.5 in. 
5 

For a link rotation angle equal to 0.02 rad or less, the required spacing is: 

d = 52(0.455 in.)
5 

= 20.4 in. 

16.5 in. 
5 

Interpolating between these limits using the calculated link rotation angle of Y
p 

= 0.0263 
rad, the maximum spacing between web stiffeners is 19.4 in. 

From AISC Seismic Provisions Section F3.5b.4, with a link depth less than 25 in., the inter
mediate stiffeners are required on one side of the web only. Also, the minimum required 
thickness of the intermediate web stiffeners on one side only is the larger of tw and ¾ in. 

= 0.455 in. > ¾ in. 

Therefore, tmin = 0.455 in. 

The required width of intermediate stiffeners on one side only is: 

bf 
Wmin =--tw2 

10.3 in. 
2 

= 4.70 in. 

0.455 in. 

Full-depth ½-in. x 4¾-in. intermediate web stiffeners will be provided within the link seg
ment, on one side of the web only and at a maximum spacing of 19 .4 in. With the link length 
of 48 in. given in Figure 5-76b, choose to use two intermediate link stiffeners with a spacing 
of 16 in. on center. 
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Note that it may be beneficial to also use ½-in.-thick material for the link end stiffeners in 
order to simplify the detailing and fabrication of the link. This simplification will be made 
in this example. 

AISC Seismic Provisions Section F3.5b.4 also specifies that the required strength of the 
fillet welds connecting the link stiffeners to the link web is FyAstfas, where a., = 1.0 for 
LRFD or as = 1.5 for ASD, and of the welds connecting the link stiffeners to the link 
flanges is FyA.,./(4a.J, where Ast is the horizontal cross-sectional area of the stiffener. For 
the ½-in.-thick stiffener, the cross-sectional area of the stiffener is: 

Ast = (ih in.)( 4¾ in.) 

= 2.38 in.2 

AISC Seismic Provisions Commentary Section F3.5b.4 suggests that welding in the k-area 
of the beam be avoided. To accomplish this, the stiffener clips will be sized to comply with 
the requirements of A WS D 1.8, clause 4.1.1. Based on A WS D 1.8, clause 4.1.1, the clip 
along the web must extend at least I½ in. beyond the published kdet dimension for the rolled 
shape. This corresponds to a clip length measured from the edge of the stiffener of at least: 

I½ in.+kdei -tf = I½ in.+]¾ in.-0.760 in. 
= 2.37 in. 

Use a clip length of 23/s in. along the web. The length of the stiffener along the web is thus: 

l,1 =d-2t1-2(23/sin.) 

= 16.5 in.-2(0.760 in.)-2(23/s in.) 
= 10.2 in. 

From AISC Manual Equations 8-2a and 8-2b, the double-sided fillet weld required to con
nect the link stiffeners to the link web is: 

LRFD ASD 

D= 
FyA,1 /a, 

D= 
FyA,1 /a, 

2 ( 1.392 kip/in.) (zst) 2(0.928 kip/in.)(lsi ) 

-
(50 ksi)(2.38 in.2 )/1.0 

-
(50 ksi)(2.38 in.2 )/1.5 

- -

2 ( 1.392 kip/in.) ( 10.2 in.) 2(0.928 kip/in.)(10.2 in.) 
= 4.19 sixteenths = 4.19 sixteenths 

Checking AISC Specification Table J2.4, with the 0.455-in. link web thickness, the mini
mum fillet weld size is 3/16 in. 

Use double-sided 5/16-in. fillet welds to connect the link stiffeners to the link web. 

Based on A WS D 1.8, clause 4.1.2, the clip along the flanges must not exceed a distance 
of ½ in. beyond the published k1 detail dimension for the rolled shape. The maximum clip 
length measured from the edge of the plate is therefore: 
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k tw 1, . 111 . 0.455 in. 1, . 1 --+ 121n. = 116 m.-- - -+ 12 m.
2 2 

= 1.34 in. 

Use a 1-in. clip along the flange to allow the stiffeners to clear the fillets. The width of the 
stiffener along the flange is: 

Wit = mm 
2 

I in., 4¾ in. I in.J 

_ . l 10.3 in. -0.455 in. _ 1 . 431 . _ 1 . ) - min 1n., 14 m. m. 
2 

= min(3.92 in., 3.75 in.) 

= 3.75 in. 

From AISC Manual Equations 8-2a and 8-2b, the double-sided fillet weld size required to 
connect the link stiffeners to the link flanges is: 

LRFD ASD 

D= 
FyAst /4as 

D= 
FyAs1/4as 

2 (1.392 kip/in.) ( W.,t) 2(0.928 kip/in.)(ws1 ) 

-

(50 ksi)(2.38 in.2 )/[4(1.o)] 
-

(50 ksi)(2.38 in.2 )/[4(1.5)] 
- -

2(1.392 kip/in.)(3.75 in.) 2(0.928 kip/in.)(3.75 in.) 

= 2.85 sixteenths = 2.85 sixteenths 

Checking AISC Specification Table J2.4, with the ½-in. stiffener plate thickness, the mini
mum fillet weld size is 3/!6 in. 

Use double-sided 3/!6-in. fillet welds to connect the link stiffeners to the link flanges. 

Note that it may be beneficial to also use double-sided 1/16-in. fillet welds to connect the link 
stiffeners to the link flanges to simplify the detailing and fabrication of the link. 

See Figure 5-78 for an elevation of this link beam including end and intermediate stiffeners. 
Note that Example 5.4.6 addresses additional connection design requirements for the end 
stiffeners which result in thicker plates and larger welds than what was determined in this 
example. 

Example 5.4.3. EBF Beam Outside of the Link Design 

Given: 

Refer to Beam BM-I in Figure 5-76b. Determine the adequacy of an ASTM A992 W16 x 77 
shape, as selected for the link segment selected in Example 5.4.2, for the following loading 
in the beam outside of the link. The applicable building code specifies the use of ASCE/SEI 
7 for calculation of loads. From a first-order analysis: 
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PD = 1.00 kip 
VD = 6.80 kips 
MD = 17.0 kip-ft 

PL = 0.700 kip 
VL = 4.80 kips 
ML = 11.3 kip-ft 

PQE = 105 kips 
VQE = 8.70 kips 
MQE = 113 kip-ft 

5-423

Relevant seismic parameters are given in the EBF Design Example Plan and Elevation 
section. 

Assume the braces are ASTM A992 W1 Ox 112, the columns are Wl2 wide-flange sections, 
and that the flanges of Beam BM-1 are braced at the columns. 

Solution: 

From AISC Manual Table 2-4 and AISC Seismic Provisions Table A3.1, the material prop
erties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu = 65 ksi 
R

y
= 1.1 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Beam 
W16x77 
A = 22.6 in.2

Brace 
W10x112 
Ix = 716 in.4

Required Strength 

Ix = 1,110 in.4 ry = 2.47 in. 

According to AISC Seismic Provisions Section F3.3, the required strength of the beam 
outside of the link is a combination of the factored gravity forces plus the forces generated 
by the adjusted link shear strength. From Example 5.4.2, the nominal shear strength of the 
link, Vn, was determined to be 205 kips. According to AISC Seismic Provisions Section 
F3.3, the adjusted link shear strength for an I-shaped section [using Exception (a) from 
Section F3.3] is: 

0.88(1.25)R
y
V,, = 0.88(1.25)(1.1)(205 kips) 

= 248 kips 

The geometry of the column, brace, half-beam and half-link is shown in Figure 5-77. The 
axial force in the beam outside of the link based on the adjusted shear strength of the link is: 

0.88(1.25)R
y
V,,L 

PEmh = -�-� --2H 
( 248 kips) ( 30 ft) 

2(12.5 ft) 

= 298 kips 
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The resulting link end moment based on the adjusted shear strength of the link is: 

0.88 
Munk = ---2---

( 248 kips)( 48 in.) 
2 

= 5,950 kip-in. 

As given in Example 5.4.2, the brace-to-beam connection will be detailed as a fixed con
nection; therefore, the moment at the end of the link will be distributed between the brace 
and the beam outside of the link. One way to determine the portion of this moment resisted 
by the beam outside of the link is based on relative member stiffness. Because the modulus 
of elasticity is the same for both members, it can be neglected in the stiffness calcula
tion. Using relative member stiffness to distribute the link end moment, the portion of the 
moment taken by the beam outside of the link (bol) is: 

hot 

I I 
Munk 

bol br 
-+-

Lbol Lbr 

30 ft-4 ft 
2 

= 13.0 ft 

Lbr = 
�(12 .5 ft)2 +(13 ft)2 

= 18.0 ft 

0.88(1.25)RyVn 

II 

::r: 

� �: = 0 88(1;�)R,V,,L 
½e = 2'-0:.J ! 

'i_ of frame '4 
L/2 = 15'-0" 

Fig. 5-77. Diagram for Example 5.4.3. 
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hol 1, l JO in.4

Lhol 13.0 ft 

Lhr 

= 85.4 in.4 /ft 

716 in.4

l 8.0 ft 

= 39.8 in.4 /ft 

ho! 

L 85.4 in.4 /ft bol 

Ibo/ + hr 85.4 in.4 /ft+ 39.8 in.4 /ft
Lbol Lbr 

=0.682 

5-425

Using this method, the beam outside of the link is assumed to take 68.2% of the link end 
moment. The moment in the beam outside of the link is then: 

MEmh = Mbol 
=0.682Munk 
= 0.682(5,950 kip-in.)/(12 in./ft) 

= 338 kip-ft 

Alternatively, a method based on the calculation of an amplification factor can be used. In 
this method, the adjusted link shear strength is divided by the link shear generated by the 
code-specified earthquake forces. The resulting amplification factor is used to amplify the 
remaining member end forces generated by the analysis using the code-specified earthquake 
loading. In Example 5.4.2, the link shear force obtained from a computer analysis using the 
code-specified seismic forces was given as: 

VQE = 84.0 kips 

The resulting overstrength factor is: 

0.88(1.25)R
y
V,, 248 

---'--

v Q E 84.0 kips 

=2.95 

The moment in the beam outside of the link due to the link mechanism based on the 
expected shear strength of the link is: 

MEmh = 2.95MQE 

= 2.95(113 kip-ft) 

= 333 kip-ft 

The axial force in the beam outside of the link due to the link mechanism based on the 
expected shear strength of the link is: 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-426

PEmh = 2.95PQE 
= 2.95(105 kips) 
= 310 kips 

BRACED FRAMES 

The shear in the beam outside of the link due to the link mechanism based on the expected 
shear strength of the link is: 

VEmh = 2.95VQE 
= 2.95(8.70 kips) 
= 25.7 kips 

Note that the moments generated by the two methods are very similar. Because the shear 
for the beam outside the link has already been determined, the forces generated using the 
amplification factor method will be used in the calculation of the required strengths. 

Considering the load combinations given in ASCE/SEI 7 that include the overstrength 
seismic loads, it was determined that the governing load combination for the beam outside 
the link, with Q0QE = Emh, is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor in L): 
(1.2+0.2SDS )D+ Emh +0.5L+0.2S (1.0 + 0.14Svs )D+ 0.7 Emh 

The required axial strength of the beam outside the link is: 

LRFD ASD 

Pu 
= (1.2 + 0.2Svs )Pv + PEmh Pa 

= (1.0 + 0.14Svs )Pv + 0.7 PEmh 
+ 0.5PL + 0.2Ps = [ 1.0 + 0.14(1.0) ](1.00 kip) 

= [1.2+0.2(1.0)](1.oo kip)+310 kips +0.7(310 kips)
+0.5(0.700 kip)+o.2(0 kips) = 218 kips 

= 312 kips 

The required flexural strength of the beam outside the link is: 

LRFD ASD 

Mu
= (1.2+0.2Svs)Mv +MEmh Ma

= (1.0+0.14Svs )Mv + 0.7MEmh 
+0.5ML +0.2Ms = [1.0+0.14(1.0)](11.o kip-ft) 

= [1.2+0.2(1.0)](17.0 kip-ft) +0.7(333 kip-ft)
+333 kip-ft+0.5(11.3 kip-ft) = 252 kip-ft 
+0.2(0 kip-ft)

= 362 kip-ft 
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The required shear strength of the beam outside the link is: 

LRFD ASD 

Vu = ( 1.2 + 0.2SDs) VD+ VEmh Va =(1.0+0.14SDS)VD+0.1VEmh 
+0.5VL +0.2Vs = [ 1.0+0.14(1.0)](6.80 kips) 

= [1.2+0.2(1.0)](6.80 kips) +o.7(25.7 kips)
+25.7 kips+0.5(4.80 kips) = 25.7 kips 
+0.2(0 kips)

= 37.6 kips 

Width-to-Thickness Limitations 

Because the beam outside of the link is the same section as the link, no additional local 
buckling checks are required. 

Unbraced Length 

As established in Example 5.4.2, each end of the link will be braced. A nominal column 
depth of 12 in. will be assumed. Therefore, the unbraced length of the beam outside of the 
link to the face of the column is: 

= 150 in. 

L 
_ 150 in. 

b- 12 in./ft 
= 12.5 ft 

Second-Order Effects 

48 in. -12 in. 
2 

From AISC Specification Appendix 8, the required flexural and axial strength including 
second-order effects are determined as follows: 

(Spec. Eq. A-8-1) 

(Spec. Eq. A-8-2) 

The multiplier that accounts for P-8. effects, B2, is 1.0 because the lateral load effect is based 
on the adjusted link shear strength. P-8. effects do not increase the forces corresponding to 
the fully yielded, strain-hardened link; instead, they may be thought of as contributing to 
the system reaching that state. 

Because B2 = 1.0, the required compression and flexural strengths will not be amplified 
to account for P-8. effects. Conservatively assume Cm = 1.0 and that the effective length 
method is used for stability design. 
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where 
Lei = 150 in. 

n2EI* 
Pei =--

( Lc1 )
2 

11:
2 (29,000 ksi)(l,110 in.4) 

(150 inf 
= 14,100 kips 

From AISC Specification Equation A-8-3: 

LRFD 

a =1.0 

B1 = 1.0 
:2: I 

1.0(312 kips) 
1-

14,100 kips 
=1.02 

BRACED FRAMES 

(Spec. Eq. A-8-3) 

(Spec. Eq. A-8-5) 

ASD 

a = 1.6 

B1 = 1.0 
:2: I 

1.6(218 kips) 
1-

14,100 kips 
=1.03 

According to AISC Specification Equation A-8-1, the B1 factor (P-0 effect) need only be 
applied to the first-order moment with the structure restrained against translation. 

LRFD ASD 

Mu =B1 (1.2+0.2SDS)Mv+MEmh Ma = B1 (1.0+0.14Svs )Mv 

+B1 (0.5ML )+ B1 (0.2Ms) +0.7MEmh

= 1.02[1.2+0.2(1.0)](17.0 kip-ft) = 1.m[1.o+o.14(1.0)](11.o kip-ft)

+ 333 kip-ft+ 1.02( 0.5)(11.3 kip-ft) +0.7(333 kip-ft)

+1.02(0.2)(0 kip-ft) = 253 kip-ft

= 363 kip-ft 

Combined Loading 

Because the beam outside of the link is the same member as the link, AISC Seismic

Provisions Section A3.2 permits the use of R
y
F

y 
in lieu of F

y 
when determining the available 

strengths of the beam outside of the link. 
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Determine available compressive strength of the W16 x 77
Use AISC Specification Section E3 to determine the available compressive strength. Note
that using AISC Manual tables to determine the available compressive strength and multi
plying this strength by R

y 
may not give accurate values because the compressive strength

does not vary linearly with F
y
. The applicable critical stress equation can be determined by

the ratio of R
y
Fyf Fe. The unbraced length, Le, is equal to the unbraced length for flexure, Lb.

The elastic buckling stress, Fe, is: 

Fe

rr;
2
E

rr2 (29,000 ksi)

( 150 in. ]2

2.47 in.) 
= 77.6 in.

R
y
F

y 
1.1(50 ksi)

Fe 77.6 ksi
=0.709

Because R
y
F

y
lFe :S 2.25, the critical stress, Fer, is:

(Spec. Eq. E3-4)

Fer = 0.658 F, R
y
F

y

I R,

F

, l 

(from Spec. Eq. E3-2)

= (o.658°-709)(1.1)(50 ksi)

= 40.9 ksi

The available compressive strength is determined from AISC Specification Equation E3- l :

LRFD ASD

<pcPn = <pcFcrAg

_ �rAg

QC QC 
= 0.90(40.9 ksi)(22.6 in.2) (40.9 ksi)(22.6 in.2 )
= 832 kips --

1.67
= 553 kips

Determine available flexural strength of the W16 x 77
From AISC Manual Table 6-2, with Lb= 12.5 ft and adjusting by R

y
, the available flexural

strength is: 
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LRFD 

<i>hMn = 1.1(521 kip-ft) 
= 573 kip-ft 

ASD 

Mn = 1.1(347 kip-ft)
Qb

= 382 kip-ft 

BRACED FRAMES 

Check combined flexure and compression of the W16 x 77 

LRFD ASD 

P,. Pr- ---

P, <l>cP,, P,. P,, 
312 kips -

218 kips 
- --

832 kips 553 kips 
= 0.375 =0.394 

Because P,. ::?: 0.2 , AISC Specification Equation Hl- la appl ies: 
P,. 

P,. 8[Mrx MryJ -+
--+- <1.0

Pc 9 Mex Mey -
(Spec. Eq. Hl- la) 

LRFD ASD 

___!:k_+�( M,u + Muy J<I. O
<l>cP,, 9 <PhMnx <PhMny -

Pa +�[ Max + May J<I.O
P,,/Qc 9 M,u/Qb Mny /Qh -

0.375 + �( 363 kip-ft+ 0) = 0.938
9 573 kip-ft 

0.394 + �( 253 kip-ft+ 0) = 0.983
9 382 kip-ft 

0.938 < 1.0 o.k. 0.983 < 1.0 o.k.

Available Shear Strength 

From AISC Manual Table 6-2, the available shear stre ngth is: 

LRFD ASD 

<l>v V,1 = 225 kips> 37 .6 kips o.k. = 150 kips> 25.7 kips o.k.

Qv 

The W16 x 77 is adequate to resist the loads giv en  for the beam outside of the link segments 
of Beam BM-I. Additional flange bracing is not required. 
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Example 5.4.4. EBF Brace Design 

Given: 

Refer to Brace BR-I in Figure 5-76b. Select an ASTM A992 wide-flange section to resist 
the following loads. The applicable building code specifies the use of ASCE/SEI 7 for 
calculation of loads. From a first-order analysis: 

PD = 11.8 kips 
VD = 0.200 kip 
MD = 3.20 kip-ft 

PL = 8.30 kips 
VL = 0.120 kip 
ML= 2.20 kip-ft 

PQE = 136 kips 
VQE = 3.02 kips 
MQE = 54.5 kip-ft 

Relevant seismic parameters are given in the EBF Design Example Plan and Elevation 
section. 

Assume that the link segment and beam outside of the link segments are those selected in 
Examples 5.4.2 and 5.4.3, and that the column-end of the brace is pinned and braced against 
translation for both the x-x and y-y axes. 

Solution: 

From AISC Manual Table 2-4 and AISC Seismic Provisions Table A3. l ,  the material prop
erties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

R
y

= 1.1 

Required Strengths 

According to AISC Seismic Provisions Section F3.3, the required strength of the brace is 
a combination of the factored gravity forces plus the forces generated by the adjusted link 
shear strength, using the load combinations that include the overstrength seismic load. From 
Example 5.4.2, the nominal shear strength of the link, Vn, is 205 kips. 

I.25R
y
Vn = 1.25(1.1)(205 kips) 

= 282 kips 

Using the overstrength factor method described in Example 5.4.3 with the link shear force, 
VQE, given in Example 5.4.2, the overstrength factor is: 

1.25R
y 
V,, 

VQE 

282 kips 
84.0 kips 

=3.36 

The moment in the brace due to the link mechanism is: 

MEmh = 3.36MQE 

= 3.36( 54.5 kip-ft) 

= 183 kip-ft 
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The axial force in the brace due to the link mechanism is: 

PEmh = 3.36PQE 
= 3.36(136 kips) 
= 457 kips 

The shear in the brace due to the link mechanism is: 

VEmh = 3.36VQE 
= 3.36(3.02 kips) 
= 10.1 kips 

Considering the load combinations given in ASCE/SEI 7 that include the overstrength 
seismic load, with Q0QE = Emh, it was determined that the governing load combination for 
the brace is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor in L): 

(1.2+0.2SDS )D+ Emh +0.5L +0.2S (1.0 + 0.14SDs )D+ 0.7 Emh 

The required axial strength of the brace is: 

LRFD ASD 

Pu
= (1.2 + 0.2SDs )PD+ PEmh Pa

= (1.0+0.14SDs )PD +0.7PEmh 
+ 0.5PL + 0.2Ps

= [ 1.0+0.14(1.0)](11.8 kips) 
= [1.2+0.2(1.0)](11.8 kips)+457 kips +0.7(457 kips)

+0.5(8.30 kips)+o.2(0 kips)
= 333 kips

= 478 kips

The required flexural strength of the brace is: 

LRFD ASD 

Mu 
= (1.2+0.2Sos)Mo+MEmh Ma

= (1.0+0.14SDS )MD +0.7MEmh 
+0.5ML +0.2Ms 

= [1.0+0.14(1.0)](3.20 kip-ft) 
= [1.2+0.2(1.0)](3.20 kip-ft) +0.7(183 kip-ft)

+ 183 kip-ft+0.5(2.20 kip-ft)
= 132 kip-ft

+0.2(0 kip-ft)
= 189 kip-ft
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The required shear strength of the brace is: 

LRFD ASD 

Vu
= (1.2+0.2SDS )VD+ VEmh Va

= (1.0+0.14SDS)VD +0.7VEmh 
+ 0.5VL + 0.21/s = [ 1.0 + 0.14(1.0 )]( 0.200 kip) 

= [1.2 + 0.2(1.0 )]( 0.200 kip) +0.7(10.1 kips)
+ 10.1 kips+ 0.5 ( 0.120 kip) = 7.30 kips 
+0.2(0 kips)

= 10.4 kips 

As assumed in Example 5.4.3, try a W10x 112 for the brace. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Brace 
W10x112 
A = 32.9 in.2
bf= 10.4 in. 

d = 11.4 in. 
tf = 1.25 in. 

Width-to-Thickness Limitations 

fw = 0.755 in. 
Ix = 716 in.4

5-433

According to AISC Seismic Provisions Section F3.5a, the stiffened and unstiffened 
elements of EBF braces are to comply with the requirements of Section D 1.1 for moderately 
ductile members. From Table 1-3 of this Manual, the W10 x 112 satisfies these limits for 
EBF braces. 

Determine unbraced length 

Lb= �(12.5 ft)2 +(13 ft)2 (12 in./ft) 

= 216 in. 

Note that the unbraced length is based on the work point-to-work point distance. Shorter 
lengths may be used provided the lateral support is adequate at each end of the assumed 
unbraced length. 

Second-Order Effects 

Second-order effects are addressed using AISC Specification Appendix 8. Because the 
lateral load effect is based on the adjusted link shear strength, B2 = 1 .0. P-11 effects do not 
increase the forces corresponding to the fully yielded, strain-hardened link; instead, they 
may be thought of as contributing to the system reaching that state. 

Because B2 = 1 .0, the required compressive and flexural strengths will not be amplified to 
account for P-11 effects. The effective length method is used for stability design. 

B1 = Cm > l (Spec. Eq. A-8-3) 
1 a?y/Pe1 -
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where 

Lc1 = 216 in. 

n:2 El* 

(Lc1)
2 

n:2 (29,000 ksi)(716 in.4) 

(216 in.)2 

= 4,390 kips 

BRACED FRAMES 

(Spec. Eq. A-8-5) 

Where there is no transverse loading on the brace, Cm is determined from AISC Specification

Equation A-8-4. For both LRFD and ASD: 

Cm = 0.6 0.4(Mi/M2) 

= 0.6 0.4(0) 
=0.6 

Therefore: 

LRFD 

a =1.0 

B,= 
0.6 :2: 1 

1.0( 478 kips) 
1-

4,390 kips 

=0.673 

Because B1 < 1, use B1 = 1. 

(Spec. Eq. A-8-4) 

ASD 

a = 1.6 

B,= 
0.6 :2: 1 

1.6 ( 333 kips) 
1-

4,390 kips 

= 0.683 

Because B 1 = B2 = l ,  the required flexural strength calculated previously need not be ampli
fied to account for P-b or P-l!. effects. 

Combined Loading 

Using AISC Manual Table 6-2, the available flexural and compressive strengths, with 
Ley

= KL
y 

= Lbx = 18.0 ft, are: 

LRFD 

<PcPn = 921 kips 

<PbMnx = 517 kip-ft 

Pn = 613 kips
QC 

Mnx = 344 kip-ft
Qb 
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LRFD ASD 

P,. 
Pc 921 kips Pc 613 kips 

= 0.519 =0.543 

Because P,. :::-: 0.2 , AISC Specification Equation HI-la applies:
Pc, 

-+--+- . P,. 8(Mrx MryJ<IO
Pc- 9 Mex Mey -

(Spec. Eq. HI-la) 

LRFD ASD 

�+�( Mux + Muy J<l.O 
<PcPn 9 <PbMnx <PbMny -

a + _ ax + ay < 1.0P 8( M M . J 
Pn/Qc 9 Mnx/Qb Mny /D.b -

o.519+�( 189 kip-ft +o) = o.844
9 517 kip-ft 

0.543 + �r 132 kip-ft + 0 J = 0.884
9 344 kip-ft 

0.844 < 1.0 o.k. 0.884 < 1.0 o.k.

Available Shear Strength 

From AISC Manual Table 6-2, the available shear strength is: 

LRFD ASD 

<Pv v;, = 258 kips > 10.4 kips o.k.
Vn = 172 kips> 7.30 kips o.k.

D.v 

The W10 x 112 is adequate to resist the loads given for Brace BR-I. 

Example 5.4.5. EBF Column Design 

Given: 

Refer to Column CL-1 in Figure 5-76b. Select an ASTM A992 Wl2 wide-flange section to 
resist the following loading between the base and the second level. The applicable building 
code specifies the use o f  ASCE/SEI 7 for calculation o f  loads. From a first-order analysis: 

Po = 151 kips
Mox = 15.0 kip-ft
Mo

y 
= 10.0 kip-ft

PL = 46.0 kips 
MLx = 9.00 kip-ft 
MLy 

= 6.00 kip-ft 

PQE = 172 kips 
MEmhx = 0 kip-ft 
MEmh

y 
= 0 kip-ft 

Msx = 0 kip-ft 
Ms

y 
= 0 kip-ft 

Relevant seismic parameters are given in the EBF Design Example Plan and Elevation 
section. 
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Assume that the ends of the column are pinned and braced against translation for both the 
x-x and y-y axes and that the beam at the third level and brace between the second and third
levels are as designed in Examples 5.4.2, 5.4.3 and 5.4.4.

Solution: 

From AISC Manual Table 2-4 and AISC Seismic Provisions Table A3.1, the material prop
erties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu = 65 ksi 
R

y
= 1.1 

Required Strength 

Using the load combinations in ASCE/SEI 7 that include the overstrength seismic load, 
with Q0QE = Emh, it was determined that the governing load combination for the column 
. . . m compression 1s: 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor in L): 

(1.2+0.2SDS )D+Emh +0.5L +0.2S 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

(1.0+0.14SDS )D+0.1Emh

And the governing load combination for the column in tension is: 

LRFD ASD 

Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

(0.9 0.2SDS )D + Emh (0.6 0.14SDS)D+0.1Emh 

AISC Seismic Provisions Section F3.3 requires the column to have the strength to resist 
the forces generated by the sum of the adjusted link shear strengths of the links above the 
level of the column top in addition to the factored gravity forces. From Example 5.4.2, the 
nominal shear strength of the link at the third level is 205 kips. By calculations not shown 
here, it was determined that the sum of the nominal shear strengths of the links at the fourth 
level and the roof is 318 kips. There is also a small axial load due to the shear from the beam 
outside of the link at level 2. It is neglected in the following calculation due to its negligible 
effect on the result. The sum of the adjusted yield strengths of the links at the third level, 
fourth level and roof is: 

PEmh = 1.25R
y 
L V,1 

= 1.25(1.1 )(318 kips+ 205 kips) 

= 719 kips 
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Using the governing load combination for the column in compression, the required axial 
compressive strength of the column is: 

LRFD ASD 

P,, = (1.2 + 0.2Svs )Pv + PEmh Pa = (1.0 + 0.14Svs )Pv + 0.7 PEmh 
+ 0.5PL + 0.2Ps = [1.0+0.14(1.0)](151 kips) 

= [1.2+0.2(1.0)](151 kips)+719 kips +0.7(719 kips)
+ 0.5 ( 46.0 kips)+ 0.2 ( 0 kips) = 675 kips 

= 953 kips 

The required flexural strength of the column acting simultaneously with the axial compres
s10n 1s: 

LRFD ASD 

Mux = (1.2 + 0.2Svs )Mvx + MEmhx Max
= (1.0+0.14Svs )Mvx +0.7MEmhx 

+0.5MLx +0.2Msx = [1.0+0.14(1.0)](15.o kip-ft) 
= [1.2+0.2(1.0)](15.0 kip-ft) +0.7(0 kip-ft)

+o kip-ft+o.5(9.oo kip-ft) = 17.1 kip-ft 
+0.2(0 kip-ft) May 

= (1.0+ 0.14Svs )Mvy 
+0.7 MEmhy

= 25.5 kip-ft = [1.0+0.14(1.0)](10.o kip-ft) 
Muy 

= (1.2 + 0.2Svs )Mvy 
+ MEmhy +0.7(0 kip-ft)

+ 0.5M Ly 
+ 0.2M Sy = 11.4 kip-ft 

= [1.2+0.2(1.0)](10.o kip-ft) 

+ 0 kip-ft+ 0.5 ( 6.00 kip-ft)

+ 0.2( 0 kip-ft)
= 17.0 kip-ft 

Using the governing load combination for the column in tension, the required axial tensile 
strength of the column is: 

LRFD ASD 

Pu = ( 0.9 -0.2SDS) Pv + PEmh Pa
= (0.6-0.14Svs )Pv +0.7PEmh 

=[0.9 0.2(1.0)](151 kips) = [o.6-0.14(1.0)](151 kips) 

+(-719 kips) +0.7(-719 kips)
= -613 kips = -434 kips 
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The required flexural strength of the column acting simultaneously with the axial tension is: 

LRFD ASD 

Mux = (0.9 0.2SDs )MDx + MEmhx Max
= (0.6 0.14SDS)MDx +0.7MEmhx 

=[0.9 0.2(1.0)](15.0 kip-ft) =[0.6 0.14(1.0)](15.0 kip-ft) 

+o kip-ft +0.7(0 kip-ft)
= 10.5 kip-ft = 6.90 kip-ft 

Muy 
= (0.9 0.2SDS)MDy 

+MEmhy May
= (0.6-0.14SDS )MDy 

+0.7MEmhy

=[0.9 0.2(1.0)](10.o kip-ft) = [0.6-0.14(1.0)](10.o kip-ft) 
+o kip-ft +0.7(0 kip-ft)

= 7.00 kip-ft = 4.60 kip-ft 

The load combination that will govern the design of the column is that for compression. The 
resulting required strengths are: 

P,, 

M,a 
Muy 

LRFD 

= 953 kips 
= 25 .5 kip-ft 
= 17.0 kip-ft 

Try a W12x106. 

ASD 

Pc, = 675 kips 
Max

= 17.1 kip-ft 
May 

= 11.4 kip-ft 

From AISC Manual Table 1-1, the geometric properties are as follows: 

W12x106 
Ix

= 933 in.4 l
y 

= 301 in.4

Width-to-Thickness Limitations 

According to AISC Seismic Provisions Section F3.5a, the column must comply with the 
requirements of Section D 1.1 for highly ductile members. From Table 1-3 of this Manual, 
these requirements are satisfied for a W12 x 106 column (both flanges and web). 

Consider second-order effects 

From AISC Specification Appendix 8, the required flexural and axial strength including 
second-order effects are determined as follows: 

(Spec. Eq. A-8-1) 

(Spec. Eq. A-8-2) 

Because the lateral load effect is based on the adjusted link shear strength, P-/t,. effects do 
not increase the forces corresponding to the fully yielded, strain-hardened link; instead, they 
may be thought of as contributing to the system reaching that state. 
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Because B2 = 1, the required compressive and flexural strengths will not be amplified to 
account for P-!J. effects. Determine Bi as follows from AISC Specification Appendix 8. The 
effective length method is used for stability design. 

Lei = 168 in. 

rc2EI* 
Peix = 2(Lei ) 

rc2 (29,000 ksi)(933 in.4)

(168 in.)2 

= 9,460 kips 

Knowing that Lc1x = Lc1y:

l
y 

Peiy = Peix
1

X 

= (9,460 ki s)( 301 in.4) p 
933 in.4 

= 3,050 kips 

(Spec. Eq. A-8-5) 

The columns are assumed to be pinned at the base, so Mi in AISC Specification Equation 
A-8-4 is zero. Because the column is not subject to transverse (perpendicular to the axis of
the member) loading, Cm is determined for both LRFD and ASD as follows:

Cm =0.6-0.4(Mi /M2) 
= 0.6 0.4(0) 
=0.6 

Cmx = 0.6 
Cmy = 0.6 

Therefore: 

a =1.0 

LRFD 

0.6 
B1x = 

1.0(953 kips) 
1-

9,460 kips 
=0.667 

2 l 

ASD 

a = 1.6 

B1x = 0.6 
1.6(675 kips) 

1-
9,460 kips 

=0.677 
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LRFD ASD 

B1y = 0.6 2: l B1y = 0.6 2: l 
1.0(953 kips) 1.6( 675 kips)_ 

1- 1-3,050 kips 3 ,050 kips 

= 0.873 = 0.929 

Because the calculated B 1x and B 1y are less than I, Bix = B 1y = I, and there is no need to 
amplify the required flexural strengths. 

Combined Loading 

Using AISC Manual Table 6-2 ,  the available flexural and compressive strengths, with 
Le= Lby = Lbx = 14 ft, are: 

LRFD 

<J> cPn = 1,130 kips 

<J>hMnx = 597 kip-ft 

<l>hM ny = 282 kip-ft 

LRFD 

P,. 953 kips --

Pc 1,130 kips 
= 0.843 

Pn = 755 kips 
QC 

M nx = 397 kip-ft
Qb

M ny - = 187 kip-ft
Qb

P,. 675 kips -- -

Pc 755 kips 
=0.894 

ASD 

ASD 

Because, P,. 2: 0.2, AISC Specification Equation HI-la applies:
Pc 

P,. +�[Mrx + Mry)<l.O
Pc 9 Mex Mey -

LRFD 

_!:k__+�[ M,u + Muy ) < l.O
<J> cPn 9 <J>hM nx <J>hM ny -

0.843 + �( 
25.5 kip-ft+ 17.0 kip-ft

)9 597 kip-ft 282 kip-ft 
= 0.935< 1.0 o.k.

(Spec. Eq. HI-la) 

ASD 

Pc, +�[ Max + May ) < 1.0
Pn /Q c 9 M nx /Qb M ny/Qh -

0.894+�( 
11.1 kip-ft+ 11Akip-ft

)9 397 kip-ft 187 kip-ft 
= 0.986 < 1.0 o.k.

The W12 x 106 is adequate to resist the loads given for Column CL-I between the base and 
the second level. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.4 ECCENTRICALLY BRACED FRAMES (EBF) 5-441

Example 5.4.6. EBF Brace-to-Link Connection Design 

Given: 

Refer to Joint JT-1 in Figure 5-76b. Design the connection between Brace BR-1 and Beam 
BM-I assuming the brace is oriented with the web in the plane of the frame. Use ASTM 
A572 Grade 50 material for all plate material and 70-ksi electrodes for all welds. Assume 
the link, beam outside of the link, and brace are as designed in Examples 5.4.2, 5.4.3 and 
5.4.4, respectively. 

Solution: 

From AISC Manual Table 2-5, the material properties are as follows: 

ASTM A572 Grade 50 
Fy = 50 ksi 
Fu= 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Brace 
W10x112 
A = 32.9 in.2

kdes = 1.75 in. 

Beam 
W16x77 
d = 16.5 in. 

d = 11.4 in. ht= 10.4 in. 

fw = 0.455 in. h1 = 10.3 in. 

Determine the brace connection forces

ff= 1.25 in. 

ff= 0.760 in. 

Ix
= 716 in.4

kdes = 1.16 in. 

According to AISC Seismic Provisions Section F3.3, brace connections must consider the 
forces generated by the adjusted link shear strength. From Example 5.4.4 for the design of 
the brace, the required strengths of the brace based on the adjusted link shear strength are: 

LRFD ASD 

Pu = 478 kips Pa = 333 kips 

Vu = 10.4 kips Va = 7.30 kips 

Mu = 189 kip-ft Ma= 132 kip-ft 

Determine the brace flange force 

Assuming the axial force is resisted entirely by the flanges, the force in each flange due to 
axial load is: 
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LRFD ASD 

Pu Pa Pfa=
-

Pfi1=-2 2 
478 kips 333 kips - -- -

2 2 
= 239 kips = 167 kips 

Assuming the entire moment will be taken by the flanges, the force in each flange due to 
the moment is: 

LRFD ASD 

P -�
ff - d-tf 

P -�
ff - d-tf

-
(189 kip-ft)(12 in./ft)

-
(132 kip-ft)(12 in./ft)

- -

11.4 in. -1.25 in. 11.4 in. -1.25 in.
= 223 kips = 156 kips 

The maximum resultant force in each flange is: 

LRFD ASD 

Puf = Pta + pf! P«t = Pfa + Ptt 
= 239 kips+ 223 kips = 167 kips+ 156 kips 
= 462 kips = 323 kips 

Determine the brace web force 

The entire shear force is assumed to be taken by the web. 

LRFD ASD 

Vw =½, Vw = Va

= 10.4 kips = 7.30 kips 

Check the brace flange for yielding 

With the entire axial and bending forces in the flanges, the available tensile yield strength 
of each flange is: 

R
11 

= FyAg 

= Fybftf

= (so ksi)(l0.4 in.)(1.25 in.) 
= 650 kips 
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LRFD ASD 

<J>Rn =0.90(650 kips) 650 kips 
-

1.67 
= 585 kips > 462 kips o.k. = 389 kips> 323 kips o.k.

Brace flange connection 

From Example 5.4.2, because the brace was designed to resist a portion of the link end 
moment, AISC Seismic Provisions Section F3.6c requires that this connection be designed 
as fully restrained. Use a fully welded connection. 

Use a complete-joint-penetration (CJP) groove weld to connect the brace flanges to the 
beam flange. 

From AISC Specification Table J2.5, the strength of the CJP groove weld in tension is based 
on the strength of the base material. The tensile rupture strength of each brace flange, with 
Ae = A

g
, is: 

R11 
= FuAe 

= F,,bftf 

= (65 ksi)(l0.4 in.)(1.25 in.) 
= 845 kips 

LRFD 

<j>R11 
= 0.75(845 kips) 
= 634 kips > 462 kips o.k.

ASD 

Rn 845 kips 
--

2.00 
= 423 kips > 323 kips 

Check concentrated forces at brace flange connection 

The vertical component of the flange force is: 

LRFD 

P. . _ P. l 12.5 ft 
Jufv - uf 18.0 ft 

= ( 462 ki s) l 12.5 ft 
Jp 

18.0 ft 
= 321 kips 

P, . _ P, · l 12.5 ft 
Jafv - aj 18.0 ft 

ASD 

= (323 ki s )[ 
12·5 ft 

Jp 
18.0 ft 

= 224 kips 

(Spec. Eq. J4-2) 

o.k.

Because the concentrated force is applied at a distance greater than the beam depth, d, from 
the beam end, the beam web local yielding strength at the brace flange connection is: 

Rn = Fywtw ( 5k +lb) 

= (so ksi)(0.455 in.)[s(I.16 in.)+1.25 in.] 

= 160 kips 
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LRFD ASD 

<!>Rn= 1.00(160 kips)
160 kips--

Q 1.50
= 160 kips< 321 kips n.g. = 107 kips < 224 kips n.g.

Because the concentrated force is applied at a distance greater than or equal to d/2 from the
beam end, the beam web local crippling strength at the brace flange connection is:

EFywff 
QIfw 

= 0.80( 0.455 in.)2 1 + 3( 1.25 in.)( 0.455 in. )l.5 

16.5 in. 0.760 in. 

(29,000 ksi)(50 ksi)(0.760 in.) 
( )X ----------- J.0 

0.455 in. 
= 285 kips

LRFD 

<!>Rn = 0.75( 285 kips)
= 214 kips< 321 kips n.g.

The flange local bending strength is:

Rn = 6.25Fy1t7

= 6.25(50 ksi)(0.760 in.)2 

= 181 kips

LRFD

<!>Rn =0.90(181 kips)
= 163 kips< 321 kips n.g.

Rn 

Q 

Rn

ASD 

285 kips--

2.00
= 143 kips < 224 kips

ASD

181 kips--

1.67
= l 08 kips < 224 kips

(Spec. Eq. Jl0-4)

n.g.

(Spec. Eq. Jl0-1)

n.g.

Beam web stiffeners are required adjacent to the brace flanges as shown in Figure 5-78. The
controlling limit state for concentrated loading is beam web local yielding, and the required
strength of the stiffeners is the difference between the vertical component of the flange
force, Pufv or Pafv, and the available strength of the beam web due to web local yielding.

Size beam web stiffeners 

Using one stiffener on each side of the beam web, the portion of the vertical component of
the brace flange force to be resisted by each stiffener is:

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5.4 ECCENTRICALLY BRACED FRAMES (EBF) 5-445

LRFD ASD 

½ifv -<J>Rn 
Pc1tv ( �) Pus = 

2 Pas = 
2 

321 kips-160 kips 224 kips 107 kips 
- --

2 2 
= 80.5 kips = 58.5 kips 

For convenience, use the same stiffener geometry as used in Example 5.4.2 for the link 
stiffeners. Try a 4¾-in. stiffener width with I-in. x 2%-in. comer clips. From Example 
5.4.2, accounting for the comer clips, the length of stiffener in contact with the flange is 
W.,t = 3.75 in., and the length of stiffener in contact with the web is lst = 10.2 in. The stiff
ener thickness necessary to develop the required strength, based on the limit state of tensile 
yielding from AISC Specification Equation J4-1, is: 

LRFD ASD 

<J>Rn � Pus
Rn 

� Pas-

Q 

<)>F
yW.,ttmin � Pus

F
yW.,-itmin 

� Pas 
Q 

tmin >
Pus 

tmin >
QPas 

- <)>F
yW.\"t - F

yWst

> 
80.5 kips 1.67 ( 58.5 kips) 

> 
- 0.90(50 ksi)(3.75 in.) - (so ksi)(3.75 in.)

� 0.477 in. � 0.521 in.

Note that one flange of each brace frames into the beam at the end of the link segment. In 
Example 5.4.2, the AISC Seismic Provisions requirements resulted in a %-in. minimum 
thickness for the stiffeners at the end of the link. 

Use ¾-in. x 4¾-in. full-depth stiffeners on each side of the beam at the locations where a 
brace flange intersects the beam flange. These will replace the link end stiffeners designed 
in Example 5.4.2. 

Design stiffener welds 

The directional strength increase for transversely loaded fillet welds at the stiffener-to-beam 
flange connection is: 

µ = 1.0 + 0.50sin l .5 0 

= 1.0 + 0.50sin l .5 90° 

= 1.50 
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The minimum double-sided fillet weld size required to transfer the required stiffener load 
from the beam flange to the stiffener, from AISC Manual Equations 8-2a and 8-2b, is: 

LRFD 

Ru 
Dmin =

( ) 1.392 kip/in. µw,1 

80.5 kips 
--

2(1.392 kip/in.)(1.50)(3.75 in.) 
= 5.14 sixteenths 

ASD 

Ra 
Dmin =

( ) 0.928 kip/in. µw,1 

58.5 kips 
--

2(0.928 kip/in.)(1.50)(3.75 in.) 
= 5.60 sixteenths 

AISC Seismic Provisions Section F3.5b.4 also specifies that the required strength of the 
fillet welds connecting the link stiffeners to the link flanges is Fy

As11(4as), where a, = 1.0 
for LRFD or 1.5 for ASD and A,1 is the horizontal cross-sectional area of the stiffener. For 
the ¾-in.-thick stiffener, the cross-sectional area of the stiffener is: 

A,1 = (¾ in.)( 4¾ in.) 
= 3.56 in.2 

From AISC Manual Equations 8-2a and 8-2b, the double-sided fillet weld required to con
nect the link stiffeners to the link flanges is: 

LRFD ASD 

D= 
FvAst I 4a, 

D= 
Fy

Ast / 4as

2 ( 1.392 kip/in.) w,1 2(0.928 kip/in.)w,1 

-
( 50 ksi )( 3.56 in.2 )/[4(1.0 )] 

-
(50 ksi)(3.56 in.2 )/[4(1.5)] 

- -

2(1.392 kip/in.)(3.75 in.) 2(0.928 kip/in.)(3.75 in.) 
= 4.26 sixteenths = 4.26 sixteenths 

The minimum stiffener-to-flange weld is ¼ in. based on the ¾-in. stiffener, which is the 
thinner part joined. 

Use double-sided 1/s-in. fillet welds to connect the stiffener to the beam flanges. 

The minimum double-sided fillet weld size required to transfer the stiffener force to the 
web is: 

LRFD 

Ru 
Dmin =

( ) 1.392 kip/in. l81 

80.5 kips 
--

2(1.392 kip/in.)(10.2 in.) 
= 2.83 sixteenths 

ASD 

Ra 
Dmin =

( ) 0.928 kip/in. l81

58.5 kips 
--

2 ( 0.928 kip/in.) ( 10.2 in.) 
= 3.09 sixteenths 
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AISC Seismic Provisions Section F3.5b.4 also specifies that the required strength of the 
fillet welds connecting the link stiffeners to the link web is FyAstf as, where as = 1.0 for 
LRFD or 1.5 for ASD. 

From AISC Manual Equations 8-2a and 8-2b, the double-sided fillet weld required to con
nect the link stiffeners to the link web is: 

LRFD ASD 

D= 
FyAst /as

D= 
FyAs1/as

2(1.392 kip/in.)l,1 2(0.928 kip/in.)/11

(50 ksi)(3.56 in.2 )/1.0 (50 ksi)(3.56 in.2 )/1.5 
- -- -

2(1.392 kip/in.)(10.2 in.) 2(0.928 kip/in.)(10.2 in.) 
= 6.27 sixteenths = 6.27 sixteenths 

Note that per AISC Specification Table J2.4, the minimum stiffener-to-web weld is ½6 in. 
based on the thinner part joined, which is fw = 0.455 in. 

Use double-sided 1/16-in. fillet welds to connect the stiffener to the beam web. 

Design the brace web connection 

Use a PL3/s x 4 x 6 in. single-plate connection with ¼-in. fillet welds to connect the brace 
to the beam. This web connection will resist the required shear. 

The bolted connection at the web is provided to support erection loads prior to field welding 
of the brace web and flanges. This configuration matches or exceeds the parameters of AISC 
Manual Table 10-1 Ob for two ¾-in.-diameter Group A bolts, with threads not excluded from 
the shear plane (thread condition N), and 3/s-in.-thick ASTM A572 Grade 50 plate material. 
From this table, the available strength of the single-plate bolted connection to support erection 
loads is: 

The final connection design and geometry is shown in Figure 5-78. 
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Example 5.4.7. EBF Brace-to-Beam/Column Connection 

Design 

Given: 

Refer to Joint JT-2 in Figure 5-76b. Design the connection between brace, beam and 

column. Use ASTM A572 Grade 50 for all plate material and 70-ksi electrodes for all welds. 

Use Group A bolts with threads not excluded from the shear plane (thread condition N). 

Assume that the beam is as designed in Example 5.4.3, the brace size is the same as that 

determined in Example 5.4.4, and the column is as designed in Example 5.4.5. The appli

cable building code specifies the use of ASCE/SEI 7 for calculation of loads. 

Relevant seismic parameters are given in the EBF Design Example Plan and Elevation 

section. 

The brace will be connected to the beam-to-column joint through a gusset plate. The con

nection of the brace to the gusset plate will consist of WT sections with flanges bolted to 

each side of the brace web and gusset plate. The gusset plate and beam will be connected 

to the column using a bolted end plate. Figure 5-79 is a schematic drawing showing the 

relevant forces on the connection. See Figure 5-85 near the end of this Example for the fully 

detailed connection. 

beam 

Full depth PL ¾x4¾" 
(A572 Gr. 50) 

each side of web 

link 

16" spacing of 
intermediate 

stiffeners, typ. 

Full depth PL½x4¾" 
(A572 Gr. 50) 

one side of web 

� -- PL3/sx4x0'-6" 
(A572 Gr. 50) with 
(2) ¾" dia. Group A, thread
condition N, erection bolts
in std. holes

Fig. 5-78. Connection as designed in Example 5.4.6. 
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Solution: 

From AISC Manual Tables 2-4 and 2-5, the material properties are as follows: 

ASTM A572 Grade 50 

Fy = 50 ksi 

Fu= 65 ksi 

ASTM A992 

Fy = 50 ksi 

Fu= 65 ksi 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Beam outside of the link 

W16x77 

A = 22.6 in.2 d = 16.5 in. 

kdes = 1.16 in. k1 = 1 V16 in. 

tw = 0.455 in. 

T = 13¼ in. 

Brace 

W10x112 

A= 32.9 in.2

T = 7V2 in. 

d = 11.4 in. hf = 10.4 in. 

Column 

W12x106 

A= 31.2 in.2

Zy = 69.2 in.3

d = 12.9 in. tw = 0.610 in. 

P0 
= 12.3 kips 

PL
= 8.70 kips

PoE 
= 105 kips 

Vo 
= 0.200 kip 

VL 
= 0.100 kip 

VOE = -2.30 kips

P0 = 1.30 kips 

PL
= 1.00 kip

P0E = 105 kips 1========::::=;:::i

V0
= 4.10kips 

VL 
= 3.00 kips 

V
0E 

= -8.70 kips 

tr= 0.760 in. 

tw = 0.755 in. ff = 1.25 in. 

t1 = 0.990 in. kdes = 1.59 in. 

J.-----+l--0 = 46.1 ° 

Fig. 5-79. Connection forces for Example 5.4. 7. 
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The design will account for the worst case of two loading conditions. Forces from both 
conditions are shown in Figure 5-79. 

Condition 1: The brace force required to develop the adjusted link yield strength at the 
fourth level must be transferred through the connection and into the column and beam 
outside of the link. The additional collector force required to develop the adjusted link 
yield strength at the third level must be transferred from the collector element through the 
beam-to-column connection. This collector force need not exceed that determined using 
the overstrength seismic load. The shear in the beam outside of the link must be transferred 
into the column. 

Condition 2: The overstrength collector force must be transferred into the beam outside of 
the link. The additional brace force required to develop the adjusted link yield strength at 
the third level must be transferred through the connection and into the column and beam 
outside of the link. The brace force need not exceed that required to develop the adjusted 
link yield strength at the fourth level. The shear in the beam outside of the link must be 
transferred into the column. 

Required Strength 

The governing load combination, with Q0QE = E1111,, is: 

LRFD ASD 

Load Combination 6 from ASCE/SEI 7, Load Combination 8 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5: 
0.5 factor on L): 

(1.2 + 0.2SDS )D + Emh + 0.5L + 0.2S (1.0 + 0.14Svs )D+ 0.7 Emh 

The governing seismic load case causes compression in the brace. The connection forces 
are as shown in Figure 5-79. 

Determine the load from the beam outside of the link 

(considered in both Conditions 1 and 2) 

The adjusted link yield strength used in the design of the beam outside of the link can be 
reduced by 0.88 according to AISC Seismic Provisions Section F3.3(a). This reduction is not 
allowed for connections. From Example 5.4.4, the overstrength factor for the link at the third 
level is 3.36. The factored forces at the connection due to the beam outside of the link are: 

LRFD ASD 

Pu = (1.2 + 0.2Svs )Pv + PEmh Pa = (1.0 + 0.14Svs )Pv + 0.7 PEmh 
+ 0.5PL + 0.2Ps

= [1.0+0.14(1.0)](1.30 kips) 
= [1.2+0.2(1.0)](1.30 kips) +o.7(3.36)(I05 kips)

+3.36(105 kips)+0.5(1.00 kip)
= 248 kips

+0.2(0 kips)
= 355 kips
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LRFD ASD 

Vu = (1.2+0.2SDS)VD+VEmh Va
= (1.0+ 0.14SDS )VD +0.7VEmh 

+0.5VL +0.2Vs = [1.o+0.14(1.0)](4.10 kips) 
= [1.2+0.2(1.0)](4.10 kips) +0.7(3.36)(8.70 kips)

+3.36(8.70 kips)+o.5(3.00 kips)
= 25.1 kips

+0.2(0 kips)
= 36.5 kips

Determine the load from the brace (Condition 1) 

AISC Seismic Provisions Section F3.3 requires that the brace connections have sufficient 
strength to develop the adjusted link yield strength. Use the overstrength factor method 
described in Example 5.4.3 and assume that the overstrength factor is 3.36, the same as that 
used in Example 5.4.4 for the design of the brace. The required strengths of the connection 
from the brace, based on the forces shown in Figure 5-79, are: 

LRFD ASD 

P,, = (1.2 + 0.2SDS )PD+ PEmh Pa = (1.0 + 0.14SDs )PD+ 0.7 PEmh 
+ 0.5Pr, + 0.2Ps = [1.0+0.14(1.0)](1 2.3 kips) 

= [1.2+0.2(1.0)](12.3 kips) +0.7(3.36)(105 kips)
+ 3.36(105 kips)+ 0.5(8.70 kips)

= 261 kips
+0.2(0 kips)

= 374 kips

LRFD ASD 

½, 
= (1.2+0.2SDS )VD+ VEmh Va =(1.0+0.14SDS)Vo+0.7VEmh 

+0.5VL +0.2Vs = [1.0+0.14(1.0)](0.200 kip) 
= [1.2 + 0.2(1.0) ]( 0.200 kip) +0.7(3.36)(2.30 kips)

+ 3.36( 2.30 kips)+ 0.5( 0.100 kip)
= 5.64 kips

+0.2(0 kips)
= 8.06 kips

The resulting collector force in Condition I is what is needed to achieve horizontal equilib
rium. Ignoring the small contribution to horizontal forces from the brace shear, the collector 
force in Condition 1 is: 
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LRFD 

(374 kips) 
J3 ft 

)(13 ft)2 +(12.5 ft)2

355 kips + Pdrag = 0 

Therefore: 
Pdrag = 355 kips-(374 kips) 

13 ft X ---;========
/(13 ft)2 +(12.5 ft)2 

= 85.4 kips 

ASD 

248 kips + Pdrag = 0 

Therefore: 

BRACED FRAMES 

Pdrag = 248 kips ( 261 kips) 

13 ft X ---;========
/(13 ft)2 +(12.5 ft)2 

= 59.9 kips 

Determine the load from the brace (Condition 2) 

Determine the collector force based on the overstrength seismic load. The overstrength 
collector force is: 

LRFD ASD 

Q
0

PQE = 2(70.0 kips) 0.7Q0
PQE = 0.7(2)(70.0 kips) 

= 140 kips = 98.0 kips 

To achieve equilibrium at the joint, the force from the brace must be adjusted accordingly. 
The net horizontal force due to the collector force and the axial force in the beam outside 
of the link is: 

LRFD ASD 

Fh = 140 kips 355 kips Fh =98.0 248 kips 
= -215 kips = -150 kips 

Thus, the force from the brace to achieve equilibrium is: 

LRFD ASD 

( . )
')(13 ft)2 +(12.5 ft)2 

' 

)(13 n)
2 +(12.5 n)

2

Pa = (150 kips) Pu = 215 kips 
13 ft 13 ft 

' 

= 298 kips = 208 kips 

Force diagrams for Conditions 1 and 2 are shown in Figure 5-80. For the purposes of this 
example, these forces will be assumed to be equal but opposite for the condition of the 
brace in tension. This is a conservative assumption for the connection being designed in this 
example. However, this may not be a conservative assumption for all connection geometries 
and loading conditions. 
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37 4 kips 8.06 kips 

36.5 kips 

355 k;ps ----4 

13 
�12.5 

" 

� 

-

) 

I 

� 
I� 

) 

Condition 1 

298 kips 

13 
1 

�12.5 

" I 

� 36.5 kips 

355 k;ps ----4 � -

I� 

) 

Condition 2 

(a) LRFD force diagram

-

Fig. 5-80. Schematic force diagrams for Example 5.4. 7.
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261 kips 5.64 kips 

25.1 kips 

248 k;ps ---4 

208 kips 

-

13 
§;:)12.5 I 

' I 

� 

� 
-

I� 

I 

t 
Condition 1 

13 
§;:)12.5 I 

' I 

� 25.1 kips 

248 k;ps ---4 � 
-

I� 

I 

t 
Condition 2 

(h) ASDforce diagram

BRACED FRAMES 

59.9 kips 
� 

98.0 kips 

Fig. 5-80 ( continued). Schematic force diagrams for Example 5.4. 7.
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Determine the required strength of the brace-to-gusset connection (Condition 1) 

Using the required strength of the brace (Condition 1), the resultant force on the connec
tion is: 

LRFD ASD 

Ru =)P;+V} Ra =)P}+Va

2 

= )(374 kips )2 

+ (8.06 kips )2 

= )( 261 kips )2 

+ ( 5.64 kips )2 

= 374 kips = 261 kips 

Because this is greater than Pu = 298 kips (LRFD) and Pa = 208 kips (ASD) calculated 
previously for Condition 2, use Condition 1 values. 

Connection Design 

Determine the required number of bolts at brace-to-gusset connection 

Using AISC Manual Table 7-1, the minimum number of 1-in.-diameter Group A bolts, with 
threads not excluded from the shear plane (thread condition N), in double shear, required to 
develop the required strength is: 

LRFD ASD 

Ru 

nmin =-
<l>rn 

Ra 

nmin = r,,/Q 

374 kips 261 kips 
- -- -

63.6 kips/bolt 42.4 kips/bolt 
= 5.88 bolts = 6.16 bolts 

Try eight bolts in standard holes with 3-in. spacing and 2½-in. edge distance as shown in 
Figure 5-81. 

Fig. 5-81. Initial bolt configuration. 
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Check effective bolt group strength-gusset plate 

Try an initial gusset plate thickness of ¾in.Using AISC Manual Table 7-4 for 1-in.-diameter 
bolts in standard holes at 3-in. spacing and ASTM A572 Grade 50 plate material, the avail
able bearing and tearout strength of the plate at each of the interior bolts is: 

LRFD 

<Jlrn = (I IO kip/in.)(¾ in.) 
= 82.5 kips/bolt 

ASD 

rn = (73.1 kip/in.)(¾ in.)

= 54.8 kips/bolt 

Using AISC Manual Table 7-5 for 1-in.-diameter bolts in standard holes with 2-in. edge 
distance, the available bearing and tearout strength of the plate at each of the edge bolts is: 

LRFD ASD 

<Jlrn = (84.1 kip/in.)(¾ in.) rn = ( 56.1 kip/in.)(¾ in.)
Q 

= 63.1 kips/bolt = 42.1 kips/bolt 

Per AISC Specification Commentary Section J3 .10, the effective bolt strength is the lesser 
of the bolt shear strength, bearing strength, or tearout strength at the bolt hole. The strength 
of the bolt group is the sum of the effective strengths of the individual fasteners: 

LRFD ASD 

$Rn
= 6(63.6 kips/bolt)+2(63. l kips/bolt) Rn = 6 ( 42.4 kips/bolt)+ 2 ( 42.1 kips/bolt) 

Q 
= 508 kips> 374 kips o.k. = 339 kips> 261 kips o.k.

Check block shear rupture strength of gusset plate 

Assume that the brace force Pu (LRFD) or Pa (ASD) can reverse to act as a tensile force 
on the gusset plate, and check the block shear rupture strength using AISC Specification

Equation J4-5. As assumed previously, use bolt spacing of 3 in. and edge distance of 2½ in. 
The gage is equal to 3 ½ in., and from AISC Specification Table J3.3, the bolt hole diameter 
is I½ in. 

Rn = 0.60FuAnv + UbsFuAnr s; 0.60FvAgv + UbsFuAnr 

where 

Ubs = 1.0 

A
gv = 2[2½ in.+3(3 in.)](¾ in.) 

= 17.3 in.2

Anv = 17.3 in.2 -2(3.5)(1 Vs in.+ 1/16 in.)(¾ in.) 

=II.I in.2
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Agt = (3½ in.)(¾in.) 

= 2.63 in.2

Am = 2.63 in.2 l(H1s in.+ 11!6 in.)(¾ in.) 

= 1.74 in.2

and 
R11 = 0.60( 65 ksi )( 11. 1 in.2) + 1.0( 65 ksi )( 1.74 in.2)

:s; 0.60( 50 ksi )( 17.3 in.2) + 1.0( 65 ksi)( 1.74 in.2)
= 546 kips < 632 kips 

Therefore: 

Rn = 546 kips 

The available strength for the limit state of block shear rupture on the gusset plate is: 

LRFD ASD 

<j)R11 =0.75(546 kips) -
546 kips

-

2.00
= 410 kips> 374 kips o.k. = 273 kips> 261 kips o.k.

See Figure 5-82 for initial connection geometry. 

Check compression buckling strength of the gusset 

As can be determined from Figure 5-82, the width of the Whitmore section is: 

lw = 3½ in.+2(3)(3 in.) tan30° 

= 13.9 in. 

5-457

The average unbraced length of the gusset plate, using the dimensions given in Figure 5-82, 
1s: 

L = 10¾ in.+5½ in.+ 11/s in.
3 

= 6.04 in. 

Continuing with the assumed ¾ in. thickness, the radius of gyration of the gusset plate is: 
t 

r=--

Ju 
¾ in. 
Ju 

= 0.217 in. 
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Using a column effective length factor of 0.65 from AISC Specification Commentary Table 
C-A-7.1:

L
e 

KL 

r r 

0.65 ( 6.04 in.) 
0.217 in. 

= 18.1 

From AISC Specification Section J4.4(a), with Lc/r :Sc 25, the available compressive 
strength of the gusset is determined as follows: 

�1 = FyAg

= (so ksi)(l3.9 in.)(¾ in.) 

= 521 kips 

brace 

(2) WT8x28.5

beam 

_, 

1'-10" 

Fig. 5-82. Initial connection geometry for Example 5.4.7. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(Spec. Eq. 14-6) 

W12x106 
column 



5.4 ECCENTRICALLY BRACED FRAMES (EBF) 5-459

LRFD ASD 

q>P,1 = 0.90(521 kips) 521 kips 
-

Q 1.67 
= 469 kips> 374 kips o.k. = 312 kips> 261 kips o.k.

Use a ¾-in.-thick gusset plate. 

Select trial connection between gusset and brace 

Use a pair of WT-sections to connect the brace to the gusset plate. The flange width of 
the WT-sections must be less than or equal to the T-dimension of the W10 x 112 brace 
(T = 7½ in.). Try two WT8 x28.5. 

From AISC Manual Table 1-8, the geometric properties of a WT8x28.5 are: 

A = 8.39 in.2
ry = 1.60 in. 

d = 8.22 in. 
y = 1.94 in. 

hr= 7.12 in. 

bf = 7.12 in.< Thrace = 7½ in. o.k.

Check tensile yielding strength of WT-sections 

ff = 0.715 in. tw = 0.430 in. 

(for the required strength of the brace considered as a tension force) 

From AISC Specification Equation J4-1, the tensile yielding strength of the two WT-sections 
is: 

Rn = FyAg

= 2(50 ksi)(8.39 in.2)
= 839 kips 

LRFD 

<l>Rn =0.90(839 kips) 
= 755 kips> 374 kips o.k.

ASD 

Rn 839 kips 
--

Q 1.67 
= 502 kips > 261 kips 

Check tensile rupture strength of the WT-sections 

(Spec. Eq. J4-l) 

o.k.

Assume that all bolts will be 1-in.-diameter Group A bolts, with threads not excluded from 
the shear plane (thread condition N). The net area of the two WT-sections is: 

An =2[A
g 

2(dh+ 1/16in.)t1] 

= 2[8.39 in.2 -2(Els in.+ 1h in.)(0.715 in.)] 

= 13.4 in.2

Because the WT webs are not connected to the brace, the effective area of the WT-sections 
needs to be determined. From AISC Specification Table D3.1, Case 2, with x = y for the 
WT-section, the shear lag factor is: 
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X 
U=l-

l 

=l 1.94 in.
3(3 in.) 

=0.784 

Ae = AnU

= ( 13.4 in.2 )( 0.784) 

= 10.5 in.2

The tensile rupture strength of the two WT-sections is: 

= ( 65 ksi )( 10.5 in.2)
= 683 kips 

LRFD 

<J>Rn = 0.75( 683 kips) Rn 683 kips 
--

2.00 

ASD 

= 512 kips> 374 kips o.k. = 342 kips > 261 kips 

Check compressive strength of the WT-sections 

BRACED FRAMES 

(Spec. Eq. J4-2) 

o.k.

The unbraced length of each WT is 5½ in., measured from the last bolt on the brace to the 
first bolt on the gusset plate, as shown in Figure 5-82. The effective slenderness ratio is: 

KL 

r r 

0.65(5½ in.) 
1.60 in. 

= 2.23 

From AISC Specification Section J4.4(a), with Lc/r:::; 25, the available compressive 
strength of the two WT-sections is: 

Pn = F
y
A

g

= 2(50 ksi)(8.39 in.2) 
= 839 kips 

LRFD 

<J>Pn = 0.90(839 kips) 
= 755 kips> 374 kips o.k.

ASD 

Pn 839 kips 
--

Q 1.67 
= 502 kips > 261 kips 
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Check effective bolt group strength at the WT-sections 

Because the specified minimum tensile strength of the WT-sections is equal to the specified 
minimum tensile strength of the gusset plate and the sum of the WT flange thicknesses is 
greater than the gusset plate thickness, the effective bolt group strength at the WT-sections 
is adequate. 

Check block shear rupture strength of the WT-sections 

Because the specified minimum tensile strength of the WT-sections is equal to the speci
fied minimum tensile strength of the gusset plate, and the shear and tensile areas of the WT 
flanges in block shear are each greater than the corresponding gusset areas, the block shear 
rupture strength of the WT-sections is adequate. 

Use two WT8x28.5 to connect the brace web to the gusset plate. 

Use eight 1-in.-diameter Group A bolts, with threads not excluded from the shear plane 
(thread condition N), in standard holes, to connect the WT-sections to the gusset plate. Use 
a 3-in. spacing, 2½-in. edge distance, and 3½-in. gage for the bolts. 

Check effective bolt group strength at the brace web 

Because the specified minimum tensile strength of the brace is equal to the specified mini
mum tensile strength of the gusset plate and the brace web thickness is greater than the 
gusset plate thickness, the effective fastener strength at the brace web is adequate. 

Check block shear rupture strength of the brace web 

Because the material strength of the brace is equal to the material strength of the gusset 
plate and the brace web thickness is greater than the gusset plate thickness, the block shear 
rupture strength of the brace web is adequate. 

Check tensile rupture strength of the brace 

The net area of the brace is: 

An
= A

g
-2(dh + 1116 in.)tw

= 32.9 in.2 
- 2(l 1/s in.+ 1/16 in.)( 0.755 in.) 

= 31.1 in.2

Calculate U, the shear lag factor, in accordance with AISC Specification Table D3. l ,  Case 
2. AISC Specification Commentary Figure C-D3. l suggests that the shape be treated as two
channels with the shear plane at the web centerline, as shown in Figure 5-4.

AISC Specification Commentary Section D3 states that x can be calculated using the 
geometric properties of the W-shape as: 

- Zy 
x=-

A
g 

69.2 in.3

32.9 in.2

= 2.10 in. 
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From AISC Specification Table D3.1, Case 2: 
XU= l-
l 

=1 2.10 in.
9.00 in. 

= 0.767 

= (31.1 in.2 )(0.767) 

= 23.9 in.2

= (65 ksi)(23.9 in.2)
= 1,550 kips 

LRFD 

<j>1P,, = 0.75(1,550 kips) 
= 1,160 kips> 374 kips o.k.

BRACED FRAMES 

(Spec. Eq. D3- l) 

(Spec. Eq. D2-2) 

ASD 

P,, 1,550 kips 
-
-

Qt 2.00 
= 775 kips> 261 kips o.k.

Use eight 1 -in.-diameter Group A bolts, with threads not excluded from the shear plane 
(thread condition N), in standard holes, to connect the WT-sections to the brace web. Use 
3-in. spacing, 2½-in. edge distance, and 3½-in. gage for the bolts.

Determine gusset-to-beam and column connection interface forces 

The forces at the gusset-to-beam and gusset-to-column interfaces are determined using the 
geometry shown in Figure 5-82 and the Uniform Force Method. It will be assumed that a 
1-in. clip in the corner of the gusset will be necessary to clear a fillet weld on the top flange
of the beam, and a 5/s-in.-thick bolted end plate will be used to connect the gusset and beam
to the column.

eh= 8.25 in. e
c 

= 6.45 in. 0 = 46.1 ° 

a= ½(22.0 in. Jin. 5/sin.)+lin.+5/sin. 
= 1 1.8 in. 

P= ½(l7.5 in. lin.)+l in. 
= 9.25 in. 

Using p = p:

a= ( eh + P) tan 0 ec

= (8.25 in.+9.25 in.)tan 46.] 0 6.45 in. 
=11.7 in. 
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Because a is approximately equal to a, assume that there are no moments at the gusset-to
beam or gusset-to-column interfaces. 

r=�(a+ec)2 +(P+eh)2
(Manual Eq. 13-6) 

= �(! 1.7 in.+6.45 in.)
2 +(9.25 in.+8.25 inf

= 25.2 in. 

The forces on the gusset-to-beam and gusset-to-column interface are: 

LRFD 
From AISC Manual Equation 13-4: 

eh 
Vuh = -Pu 

r 

= (8·25 '.n. )(374 kips) 25.2m. 
= 

122 kips 

From AISC Manual Equation 13-2: 

p
Vue = -P,, 

r 

= 
(9·25 '.n·)(374 kips)25.2 m. 

= 137 kips 

From AISC Manual Equation 13-5: 
a 

Huh = -Pu 
r 

= 
( l l .7 '.n. )(374 kips)25.2m. 

= 174 kips 

From AISC Manual Equation 13-3: 
ec

Hue = -Pu 
r =(6.45 '.n·)(374kips)25.2m. 

= 95.7 kips 

ASD 
From AISC Manual Equation 13-4: 

eb 
Vab = -Pa 

r 

= (8·25 '.n·)(261 kips)25.2 m. 
= 

85.4 kips 

From AISC Manual Equation 13-2: 

p
Vac = -P,,

r

= 
(9·25 '.n·)(261 kips)25.2m. 

= 95.8 kips 

From AISC Manual Equation 13-5: 
a 

Hab = -Pa 
r 

= 
(
II. 7 '.n.

) ( 26 I kips)25.2 m. 
= 121 kips 

From AISC Manual Equation 13-3: 
ee 

Hae = -Pa 
r 

= 
(
6.45 '.n. 

)( 261 kips)25.2m. 
= 66.8 kips 

The connection interface forces are shown in Figure 5-83. It should be noted that the forces 
are for the brace in compression. For the purposes of this example, equal and opposite forces 
have been assumed for the brace in tension. 
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+174kips
122 kips

( a) Connection interface forces-LRFD.

+121 kips
85.4 kips

(b) Connection interface forces-ASD.

BRACED FRAMES 

+95.7kips
137 kips

+66.8kips
95.8 kips

Fig. 5-83. Connection interface forces for Example 5.4.7. 
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Design the weld at the gusset-to-beam interface 

Assuming a ¾-in.-thick end plate and I-in. corner clip, the length of the weld connecting 
the gusset plate to the beam flange is: 

lw 
= 22.0 in. - I in. - ¾ in. 
= 20.4 in. 

The stresses at the gusset-to-beam interface are: 

LRFD ASD 

f, _ Hub
UV - lw 

Ii _ Hab av - lw 

174 kips 121 kips 
- -
- -

20.4 in. 20.4 in. 
= 8.53 kip/in. = 5.93 kip/in. 

f, - V,,1, f; _ Vabua - / aa -
w lw 

122 kips 85.4 kips 
- -
- -

20.4 in. 20.4 in. 
= 5.98 kip/in. = 4.19 kip/in. 

fur = Jfu2v + fua2 far = Jf}v + faa2

= �(8.53 kip/inf+ (5.98 kip/inf = �( 5.93 kip/inf+ ( 4.19 kip/inf 
= l 0.4 kip/in. = 7 .26 kip/in. 

The resultant load angle with respect to the longitudinal axis of the weld group is: 

LRFD ASD 

0 = tan-1 ( v;,1, J
Huh 

0=tan-1(Vab 
J

Hab 
_ I ( 122 kips 

J
_1(

85.4 kips
J = tan =tan 

174 kips 121 kips 
= 35.0° = 35.2°

AISC Specification Section J2.4 allows an increase in the available strength of fillet welds 
when the angle of loading is not along the weld longitudinal axis. As discussed in AISC 
Manual Part 13, the weld ductility factor of 1.25 is used for the calculation of required weld 
size. Note that the ductility factor only applies to the design of the weld and is not included 
in the checks of the gusset plate. Using AISC Manual Equations 8-2a and 8-2b in conjunc
tion with AISC Specification Equation J2-5, the required fillet weld size for two lines of 
weld is: 
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LRFD 

µ = 1.0 + 0.50sinl .5 0 

= 1.0 + 0.50sinl .5 35.0° 

= 1.22 

1.25 ( 10.4 kip/in.) 
Dreq =

2(1.392 kip/in.)(1.22) 

= 3.83 sixteenths 

BRACED FRAMES 

ASD 

µ = 1.0 + 0.50sinl .5 0 

= 1.0 + 0.50sin15 35.2° 

= 1.22 

1.25 ( 7 .26 kip/in.) 
Dreq =

2 ( 0.928 kip/in.) ( 1.22) 

= 4.01 sixteenths 

From AISC Specification Table 12.4, the minimum weld size is ¼ in. Use double-sided 
5/i6-in. fillet welds to connect the gusset plate to the beam. 

Check gusset rupture at weld 

The shear rupture strength of the gusset is: 

Rn = 0.60FuAnv

= 0.60(65 ksi)(¾ in.) 

= 29.3 kip/in. 

LRFD 

<J>R
11

= 0.75(29.3 kip/in.) 

= 22.0 kip/in. > 10.4 kip/in. 

Check yielding of the gusset 

o.k.

(Spec. Eq. 14-4) 

ASD 

Rn 29.3 kip/in. 
-

Q 2.00 
= 14.7 kip/in.> 7.26 kip/in. o.k.

The available shear yielding strength of the gusset plate is: 

Rn = 0.60F
y
A

gv 

= 0.60F
y
tlw 

Rn 
= 0.60(50 ksi)(¾ in.) 

lw 

= 22.5 kip/in. 

LRFD 

<J>R
11 = 1.00(22.5 kip/in.) 

= 22.5 kip/in.> 10.4 kip/in. o.k.

(Spec. Eq. 14-3) 

ASD 

Rn 22.5 kip/in. 
--

Q 1.50 
= 15.0 kip/in.> 7.26 kip/in. o.k.
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Check beam web local yielding 

With the centroid of the compressive force applied less than d (the beam depth) from the 
member end, and lb is the length of bearing, the web local yielding available strength is 
determined as follows: 

Rn = Fywtw ( 2.5k +lb) 

= (so ksi)(0.455 in.)[2.5(1.16 in.)+20.4 in.] 

= 530 kips 

LRFD 

<!>Rn = 1.00(530 kips) Rn
-

(Spec. Eq. Jl0-3) 

ASD 

530 kips --

1.50 
= 530 kips> 122 kips o.k. = 353 kips> 85.4 kips o.k.

Check beam web local crippling 

With the centroid of the compressive force applied greater than d/2 from the beam end, the 
web local crippling available strength is determined as follows: 

Rn =0.80ta 1+3(�)[�;
rs �E;:

tf 
Qf

= 0.80(0.455 in/ 1 +3(20.4 in.)(0.455 in.)
1 .s

16.5 in. 0.760 in. 

(29,000 ksi)(50 ksi)(0.760 in.) 
( ) X � --��-��- -� J.0 

0.455 in. 
= 701 kips 

LRFD 

<!>Rn =0.75(701 kips) Rn -
-

(Spec. Eq. JJ0-4) 

ASD 

701 kips 
2.00 

= 526 kips > 122 kips o.k. = 351 kips> 85.4 kips o.k.

Design the weld between the gusset and the end plate 

From Figure 5-82, the length of weld is 17 .5 in. Subtracting the 1-in. clip in the gusset plate, 
the length of weld is 16.5 in. The forces on the gusset per unit length are: 
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LRFD ASD 

J, 
_ Vue

UV -

lw 

J, _ Vaeav -
lw 

137 kips 95.8 kips 
- -- -

16.5 in. 16.5 in. 
= 8.30 kip/in. = 5.81 kip/in. 

Hue Hae 
J,,a =-!

- faa =-
1
-

w w 

95.7 kips 66.8 kips 
- -- -

16.5 in. 16.5 in. 
= 5.80 kip/in. = 4.05 kip/in. 

fur = ) f;};, + J,� far = ) f}v + f }a

= � ( 8.30 kip/in.)2 
+ ( 5.80 kip/in.)2 = �( 5.81 kip/in.)2 

+ ( 4.05 kip/in.)2

= I 0.1 kip/in. = 7.08 kip/in. 

The load angle with respect to the longitudinal axis of the weld group is: 

0 = tan- 1 ( Hue J
Vue 

LRFD 

_1 [95.7kips) = tan 
137 kips 

= 34.9°

0 = tan- 1 ( Hae J
Vae 

ASD 

_1 l 66.8 kips)= tan 
95.8 kips 

= 34.9°

AISC Specification Section J2.4 allows an increase in the available strength of fillet welds 
when the angle of loading is not along the weld longitudinal axis. As discussed in AISC 
Manual Part 13, the weld ductility factor of 1.25 is used for the calculation of required weld 
size. Using AISC Manual Equations 8-2a and 8-2b in conjunction with AISC Specification 
Equation J2-5, the required fillet weld size for two lines of weld is: 

LRFD 

µ = 1.0 + 0.50sin l .5 0 
= 1.0 + 0.50sin l .5 34.9°

= 1.22 
1.25 ( 10.1 kip/in.) 

Dreq = 
2(1.392 kip/in.)(1.22) 

= 3.72 sixteenths 

µ 

Dreq

ASD 

= 1.0 + 0.50sin l .5 0 
= 1.0 + 0.50sinl .5 34.9°

=l.22 
1.25 ( 7 .08 kip/in.) 

--

2(0.928 kip/in.)(1.22) 
= 3.91 sixteenths 
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From AISC Specification Table J2.4, the minimum weld size is ¼ in. Therefore, a double
sided ¼-in. fillet weld is required at the gusset-to-end plate connection. 

For ease of fabrication, use the maximum required weld size of the gusset-to-end plate con
nection and the beam-to-end plate connection. 

Check gusset rupture at gusset-to-end plate weld 

Use the gusset shear rupture strength previously determined for the gusset-to-beam inter
face. 

LRFD ASD 

<!JRn = 22.0 kip/in. > 10.1 kip/in. o.k. Rn = 14.7 kip/in.> 7.08 kip/in. o.k.
Q 

Check yielding of the gusset at gusset-to-end plate 

Use the gusset shear yielding strength previously determined for the gusset-to-beam inter
face. 

LRFD ASD 

<IJRn
= 22.5 kip/in. > 10.1 kip/in. o.k. Rn

= 15.0 kip/in.> 7.08 kip/in. o.k.
Q 

Design the weld between the beam and the end plate 

From Figures 5-80 and 5-83, the vertical force component at the beam-to-end plate interface 
is: 

LRFD ASD 

Vub + Vubeam = 122 kips+ 36.5 kips Vab + Vabeam = 85.4 kips+ 25.1 kips 
= 159 kips = 111 kips 

The minimum double-sided fillet weld size required to develop the vertical force through 
the beam web T-dimension is: 

LRFD ASD 

D> 
159 kips 

D> 
ll 1 kips 

- 2 ( 1.392 kip/in.) ( 13 ¼ in.) - 2(0.928 kip/in.)(13¼ in.)
= 4.31 sixteenths = 4.51 sixteenths

A 3/16-in. weld size is the minimum required by AISC Specification Table J2.4 for the 
W16 x 77 web and ¾-in.-thick gusset plate. Use a 5/16-in. double-sided fillet weld to connect 
the beam web to the end plate. Also use a 5/16-in. double-sided fillet weld to connect the 
gusset to the end plate. 
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Check beam web rupture strength at weld 

The shear rupture strength of the beam web is: 

Rn = 0.60FuAnv 
= 0.60(65 ksi)(0.455 in.)(13¼ in.) 

= 235 kips 

LRFD 

<j)Rn = 0.75(235 kips) 

= 176 kips> 159 kips o.k. 

ASD 

Rn 235 kips 
Q 2.00 

= 118 kips > 111 kips 

Design the weld between the beam flanges and the end plate 

BRACED FRAMES 

(Spec. Eq. J4-4) 

o.k.

The horizontal force component is the maximum of the following three load conditions: 

I. The overstrength collector force from Figure 5-80 (Condition I).

LRFD ASD 

2. The axial force in the beam outside the link corresponding to l .25R
y
V11 Hb, where the

force in the beam outside the link corresponding to l .25R
y 
V,1 is shown in Figure 5-80.

LRFD ASD 

Hu
= 355 kips 174 kips Ha

= 248 kips 121 kips 
= 181 kips = 127 kips 

3. Hue or Hae: The horizontal component at the gusset-to-column interface from the Uni
form Force Method, calculated previously for Condition 1.

LRFD 

I H0 66.8 kips 

ASD 

Hu = 95.7 kips 

Therefore, the required horizontal strength of the beam-to-column connection is Hu
= 181 

kips and Ha = 127 kips, as provided by the second condition. Assuming that the horizontal 
force is transferred by the beam flanges, the force in each flange is: 

LRFD ASD 

Ruf = 

181 kips 
Raf = 

127 kips 
2 2 

= 90.5 kips = 63.5 kips 
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Using the full beam flange width and the directional strength increase for a transversely 
loaded fillet weld, the minimum required double-sided fillet weld size to develop the flange 
force is: 

LRFD 

= 2.35 sixteenths 

ASD 

63.5 D?.--------
1.5(0.928 kip/in.)(2) 

x(I0.3 in. l 1/i6 in.) 

= 2.47 sixteenths 

A ¼-in. weld size is the minimum required by AISC Specification Table J2.4 for the thinner 
part joined-the ¾-in.-thick end plate. Use double-sided 5/i6-in. fillet welds to connect the 
beam flanges to the end plate. 

Check beam flange rupture at weld 

The available tensile rupture strength of the beam flange is: 

Rn = FuAe 
= F,,b1t1 
= (65 ksi)(l0.3 in.)(0.760 in.) 
= 509 kips 

LRFD 

<j)R11 =0.75(509 kips) 
= 382 kips > 90.5 kips o.k.

Design end-plate bolts 

ASD 

Rn 509 kips 
--

2.00 
= 255 kips> 63.5 kips 

(Spec. Eq. J4-2) 

o.k.

Try seven rows of two 1-in.-diameter Group A bolts, with threads not excluded from the 
shear plane (thread condition N), at a 5½-in. gage. Use four bolts adjacent to each beam 
flange and an additional three bolts on each side of the gusset plate as shown in Figure 
5-84. Assuming the total shear is shared equally among all bolts (refer to Figure 5-80), the
required shear force per bolt is:

LRFD ASD 

Vu = ½,c + ½,h ½,beam Va = Vac + Vab Vabeam 
= 137 kips+ 122 kips 36.5 kips = 95.8 kips+ 85.4 kips 25.1 kips 
= 223 kips = 156 kips 

Vu

Yuv =-

Va Tav = -
nh n1, 
223 kips 156 kips 

- -- -

14 bolts 14 bolts 
= 15.9 kips/bolt = 11.1 kips/bolt 
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From AISC Manual Table 7-1, the available strength of a Group A bolt with threads not

excluded from the shear plane (thread condition N) is: 

LRFD ASD 

<!Jrn = 31.8 kips/bolt> 15.9 kips/bolt o.k. rn = 21.2 kips/bolt > 1 l. 1 kips/bolt o.k.

From AISC Specification Table J3.2 for Group A bolts, with the threads not excluded from

the shear plane (thread condition N), Fm = 90 ksi and Fnv = 54 ksi. From AISC Manual 

Table 7-1, the area of a 1-in.-diameter bolt is 0.785 in.2 Based on the required shear force 

per bolt, the nominal tensile strength of each bolt subject to combined tension and shear 

rupture, from AISC Specification Equation J3-3, is:

W16x77 

beam 

1'-10" 

Note: See Figure 5-85 for the fully detailed connection. 

Fig. 5-84. End-plate geometry for Example 5.4. 7.
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LRFD 

I Fnt F,,t = l .3Fnr - --frv :S: F,,, 
<\lFnv 

f rv --

Ab 
15.9 kips/bolt 

-

0.785 in.2
= 20.3 ksi 

ASD 

1 Q.Fnt Fm = l .3F,,t -- -frv :S: Fnr 
Fnv 

f",.y =

Ab 
11.1 kips/bolt 

--

0.785 in.2
= 14.1 ksi 

5-473

F,;
t = 1.3 (90 ksi) 

(90 ksi)(20.3 ksi) 
F�

t = 1.3(90 ksi) 
2.00(90 ksi)(14.l ksi) 

0.75(54 ksi) 54 ksi 
= 71.9 ksi < 90 ksi = 70.0 ksi < 90 ksi 

Use F�
t = 71.9 ksi. Use F�

t = 70.0 ksi. 

The available tensile strength of each bolt is, from AISC Specification Equation J3-2: 

LRFD ASD 

<\)rn1 = <\)F�tAb Tnt -
F�

tAb 
-- -

= 0.75(71.9 ksi)(0.785 in.2)
Q Q 

(70.0 ksi)( in.2) 
-

= 42.3 kips/bolt -

2.00 
= 27 .5 kips/bolt 

When the brace is in compression, a tensile force is transmitted across the beam-to-column 
interface. Assuming the four bolts adjacent to each beam flange transfer the tensile load, the 
required tensile force per bolt is: 

LRFD ASD 

181 kips 127 kips 
rut = Tat

=

8 bolts 8 bolts 
= 22.6 kips/bolt < 42.3 kips/bolt o.k. = 15.9 kips/bolt< 27.5 kips/bolt o.k.

When the brace is in tension, a tensile force is transmitted across the gusset-to-column inter
face. Assuming the four rows of bolts adjacent to the gusset plate transfer the tensile load, 
the required tensile force per bolt is: 
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LRFD ASD 

rut = 

Haerat =

--n n 
95.7 kips 66.8 kips 

- -
- -

8 bolts 8 bolts 
= 12.0 kips/bolt< 42.3 kips/bolt o.k. = 8.35 kips/bolt< 27.5 kips/bolt o.k.

Select end-plate thickness 

Part 9 of the AISC Manual will be used to account for the effects of prying action on the 
bolts. Because the bolts are used to resist combined shear and tension, the available tensile 
strength per bolt used in the prying action calculations will be taken as calculated previously, 
with a reduction to include the effects of shear stress. 

The two locations that need to be investigated for prying action are at the bolts adjacent to 
the gusset plate and the bolts adjacent to each beam flange. The controlling condition for 
prying action in this case is for the bolts adjacent to the beam flanges when the brace is in 
compression. Using the dimensions shown in Figure 5-84, an 11-in. end-plate width, and 
standard holes in the end plate, determine the applicable parameters for the bolts through 
the end plate. 

For the bolts outside of the beam flanges: 

b = 5 in.+ 5¾ in. d
2 

= 10.75 in __ 16.5 in.

2 

= 2.50 in. 

For the bolts between the beam flanges: 

b = 
d - t f - 5 in.
2 

16.5 in. 

2 

= 2.49 in. 

0.760 in. 5 in. 

Therefore, the bolts outside of the beam flanges govern the prying checks. 

b' = b db
2 

= 2.50 in. 

= 2.00 in. 

a= 1 ½ in. 

1 in. 

2 
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a' = a+ db < [1.25b + db J 
2 - 2 

=I½ in.+ 1 �n.::; [1.25(2.50 in.)+ 1 �n.]
= 2.00 in. < 3.63 in. 

Use a'= 2.00 in. 

5-475

(Manual Eq. 9-23) 

The tributary length, p, as shown in AISC Manual Figure 9-4, is limited by 1.75b on each 
side of the bolt centerline but cannot extend beyond the edge of the material. For bolts 
located between beam flanges, the tributary length is limited to the portion of the flange 
outside of the k1 dimension. The average tributary length at the flanges is determined as 
follows: 

p= 

2[(bJ /2)-ki ]+2(bJ /2)

4 

2[(10.3 in)/2-JI/16 in.]+2(10.3 in)/2 
4 

= 4.62 in. 
The maximum tributary width is: 

p = 2(1.75b) 
= 2[1.75(2.50 in.)] 
= 8.75 in. 

Use p = 4.62 in. 
d1 

= l 1/s in. 
d' 

o =1-

p 

p 

= I -
1 1/8 in. 
4.62 in. 

= 0.756 
b' 

a' 

2.00 in. 
2.00 in. 

=l.00 

(Manual Eq. 9-20) 

(Manual Eq. 9-22) 

From AISC Manual Equation 9-21, based on the required compression strength, which 
exceeds the required tensile strength: 
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LRFD 

p = !( <!Jrnr

P rut 
1) 

1 
[ 
42.3 kips/bolt= 

1.00 22.6 kips/bolt 
I ) 

=0.872 

Because p < 1: 

a'=!(_P )<1 
8 1 p -

__ l_
( 

0.872 
)<1 

0.756 I - 0.872 
=9.01>1 

Therefore, a' = 1. 

ASD 

1 2£__1) P=-
p Qrar 

1 
l 
27 .5 kips/bolt= 

1.00 15.9 kips/bolt 
=0.730 

Because p < 1: 

a'=!(_P )<1 
8 1 p -

__ l_
( 

0.730 
) < l 

0.756 1- 0.730 
= 3.58 > l 

Therefore, a' = 1. 

BRACED FRAMES 

1) 

From AISC Manual Equations 9- l 9a (LRFD) and 9- l 9b (ASD), the minimum required 
end-plate thickness is: 

LRFD ASD 

tmin = \ 
4ru1b1 

tmin = \ 
Q4r,ab' 

<j)pFu (1 + 8a') pFu (I+8a') 

4 ( 22.6 kips/bolt) ( 2.00 in.) 1.67(4)(15.9 kips/bo1t)(2.00 in.) 
- --

' !°"
90(4.62 in.)(65 bi)

) 
x[l+0.756(1)] 

-

' r
62 in.)(65 bi)

) 
x[l+0.756(1)] 

= 0.617 in. = 0.635 in. 

Try a ¾-in.-thick end plate. 

Check bearing and tearout strength of end plate 

From AISC Manual Table 7-4, the minimum spacing required to achieve full bearing 
strength for 1-in.-diameter bolts is 3 1/R in. Using the smallest bolt spacing on the end plate 
(4½ in.) and ASTM A572 Grade 50 plate, the available bearing and tearout strength at each 
interior bolt is (given in the row noted as s 2 sfi,u): 

LRFD ASD 

<!Jrn = (117 kip/in.)(¾ in.) rn = (78.0 kip/in.)(¾ in.)
= 87.8 kips/bolt Q 

= 58.5 kips/bolt 
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Figure 5-84 shows an edge distance equal to l ½ in. at the top and bottom edges of the end 
plate. Using AISC Manual Table 7-5, with an edge distance conservatively taken equal to 
1 ¼ in., the available bearing and tearout strength at each edge bolt is: 

LRFD ASD 

<Jlrn = (40.2 kip/in.)(¾ in.) rn = ( 26.8 kip/in.)(¾ in.)
= 30.2 kips/bolt = 20.1 kips/bolt 

As previously noted, the available shear strength at each bolt is: 

The available shear strength governs for the interior bolts, and the available bearing and 
tearout strength governs for the end bolts. The effective fastener strength at the end plate is: 

LRFD ASD 

<JlRn =2 
( 1 bolt) ( 30.2 kips/bolt) rn = 2

(1 bo1t)(20. l kips/bolt) 

+ ( 6 bolts )(31.8 kips/bolt) Q + ( 6 bolts) ( 21.2 kips/bolt)

= 442 kips > 223 kips o.k. = 295 kips > 156 kips o.k.

Check bearing strength of column flange 

Because the column flange thickness is greater than the end-plate thickness and the end plate 
and column have the same specified minimum tensile strength, the bearing strength of the 
column flange is adequate. 

Use seven rows of two 1-in.-diameter Group A bolts, with threads not excluded from the 
shear plane (thread condition N), at a 5½-in. gage. Use four bolts adjacent to each beam 
flange and an additional three bolts on each side of the gusset plate as shown in Figure 5-85. 

Check shear yielding strength of the end plate 

The available shear yielding strength of the end plate is determined as follows: 

Rn
= 2(0.60F

y
A

gv) 

= 2(0.60F
y
tl) 

Rn = 2(0.60)(50 ksi)(¾ in.)
l 

= 45.0 kip/in. 
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LRFD ASD 

<J>Rn 
= 1.00(45.0 kip/in.) Rn 

45.0 kip/in. 
-

-
-

Q 1.50 
= 45.0 kip/in. 

= 30.0 kip/in. 

This is greater than the required strength at both the beam and gusset connections to the end 
plate. Therefore, the available end-plate shear yielding strength is adequate. 

brace 

(16) 1" dia. Group A, thread
condition N, bolts@ 3½"
gage in std. holes

PL¾"- --� 
(A572 Gr. 50) 

3/16 

beam 

(14) 1" dia. Group A, thread
condition N, bolts @ 5½"
gage in std. holes

PL¾x11 x3'-2" 
(A572 Gr. 50) 

WT8x28.5 (A992) each 
side of brace web 

I� 

_, 
� 

ct_column 

Fig. 5-85. Connection designed in Example 5.4. 7.
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Check end-plate shear rupture at beam web weld 

The available shear rupture strength of the end plate at the beam web weld is determined 
as follows: 

Rn= 2(0.60)FuAnv 
= 2(0.60)FuTbeamt 

= 2(0.60)(65 ksi)(13¼ in.)(¾ in.) 

= 775 kips 

LRFD 

<j>R11 = 0.75(775 kips) 
= 581 kips 
> Vub + Vubeam = 159 kips o.k. 

Rn

Q 

(from Spec. Eq. J4-4) 

ASD 

775 kips --

2.00 
= 388 kips 
> Vab + Vabeam = 111 kips o.k.

Check end-plate shear rupture at beam flange weld 

The available shear rupture strength of the end plate at each beam flange weld is determined 
as follows: 

Rn = 0.60FuAe 
= 0.60Futb1

= 0.60(65 ksi)(¾ in.)(10.3 in.) 
= 301 kips 

LRFD 

<j>R
11 
=0.75(301 kips) 
= 226 kips > 90.5 kips o.k.

Check end-plate shear rupture at bolt line 

(Spec. Eq. J4-4) 

ASD 

Rn 301 kips 
-

Q 2.00 
= 151 kips> 63.5 kips o.k.

The total height of the end plate is 38 in., as shown in Figure 5-85. The available shear 
rupture strength of the end plate at the bolt line is determined as follows: 

An= 2(¾ in.)[38 in. 7(J I/s in.+ Yi6 in.)] 

= 44.5 in.2

Rn = 0.60FuAn 
= 0.60( 65 ksi)( 44.5 in.2) 
= I, 740 kips 
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LRFD ASD 

<j)R11 = 0.75(1, 740 kips) Rn -
1,740 kips 

-

= 1,310 kips Q 2.00 
= 870 kips 

The total required shear strength of the end plate is: 

LRFD ASD 

Vu =Vue+ Vub Vubeam Va = Vac + Vab ½,beam

= 137 kips+ 122 kips - 36.5 kips = 95.8 kips+ 85.4 kips- 25.1 kips 
= 223 kips< 1,310 kips o.k. = 156 kips < 870 kips o.k.

Use a ¾-in. x 11-in. end plate. 

Check column web local yielding 

The centroid of the compressive force is applied at a distance greater than the column 
depth , d. Therefore, adjacent to each beam flange, the column web local yielding available 
strength , with lb taken as the beam flange thickness, is determined as follows: 

R11 
= Fywtw ( 5k +lb) 

= (50 ksi)(0.610 in.)[5(l.59 in.)+ 0.760 in.] 

= 266 kips 

LRFD 

<j)R11 
= 1.00(266 kips) Rn

= 266 kips > 90.5 kips o.k.
Q 

(Spec. Eq. Jl0-2) 

ASD 

266 kips 
--

1.50 
= 177 kips> 63.5 kips o.k.

This available strength can conservatively be applied to check concentrated forces from the 
gusset plate because this gusset has a longer bearing length. 

LRFD ASD 

o.k.
Rn H -> QC 

Q 
o.k.

Check column web local crippling 

With the centroid of the compressive force applied greater than d/2 from the column end, 
where d is the column depth, the column web local crippling available strength adjacent to 
each beam flange is determined as follows: 
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= 0.80(0.610 inf 1 + 3[0.760 in.
J[0.610 in.

J
l .5 

12.9 in. 0.990 in. 

(29,000 ksi)(50 ksi)(0.990 in.) 
( )X -'------'-'---'-'-----'- l.O 

0.610 in. 
= 496 kips 

LRFD 

<j)Rn = 0.75( 496 kips) Rn 496 kips 
--

Q 2.00 

ASD 

= 372 kips > 90.5 kips o.k. = 248 kips > 63.5 kips 

5-481

(Spec. Eq. JI0-4) 

o.k.

This available strength can conservatively be applied to check concentrated forces from the 
gusset plate, because this gusset has a longer bearing length. 

Check prying action on column flange 

The prying action model found in the AISC Manual can be used to determine the minimum 
column flange thickness required to prevent flexural yielding of the flange. This flange is 
thicker than the end plate, which was previously determined to have adequate thickness. 
Therefore, the column flange is acceptable. 

Check column web panel zone shear 

The maximum shear in the column is equal to the gusset-to-column force, Hue (LRFD) or 
Hae (ASD). Using the required axial compressive strength of the column based on the sum 
of the strain-hardened expected yield strengths of the links at the third and fourth levels as 
determined in Example 5.4.5, Pr

= 953 kips (LRFD) or P, = 675 kips (ASD). 

LRFD ASD 

aP, 
-

1.0(953 kips) aP, 
-

1.6(675 kips) 
-

(50 ksi)(31.2 in.2)
-

(50 ksi)(31.2 in.2)P
y 

P
y 

= 0.611 =0.692 
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From AISC Specification Section J l 0.6 with aPr > 0.4:
Py 

LRFD 

BRACED FRAMES 

(Spec. Eq. JI0-10) 

ASD 

<!JRn = 0.90(0.60)(50 ksi)(12.9 in.) = (0.60)(50 ksi)(12.9 in.) 
x(0.610 in.)(1.4 0.611) Q 

= 168 kips> 95.7 kips o.k.
x(0.610 in.)(1.4 0.692 )/1.67 

= 100 kips> 66.8 kips o.k.

Check rotational ductility of the beam-to-column connection 

AISC Seismic Provisions Section F3.6b includes requirements for beam-to-column con
nections at the location of a brace connection. This example uses option (a), a simple 
connection that can provide the required rotation. The method for determining rotational 
ductility of a tee-stub connection presented by Thornton ( 1997) will be used. This is a 
generalized form of the rotational ductility check for a tee-stub connection found in Part 9 
of the AISC Manual. Thornton (1997) presents the minimum bolt diameter, db, required to 
develop the simple beam end rotation as: 

db = 0.892t --+2 Fy 
.
. s lb2 1

F,b z2 

where 
t = end-plate thickness = ¾ in. 
F

y 
= specified minimum yield stress of the end plate = 50 ksi 

F1 = tensile strength of the bolt= 120 ksi 
s = bolt spacing= 38 in./7 rows= 5.43 in. (average) 
b = 2.50 in., as previously determined for prying action 
l = depth of connection element = 38 in. 

( ) 
(50 ksi)(5.43 in.) (2.50 in.)2 

db = 0.892 ¾ in. � -��- -� � --�+ 2 
\ (120 ksi)(2.50 in.) (38 in.)2 

= 0.901 in. 

The 1-in.-diameter bolts used satisfy this minimum bolt diameter. 

The final connection design and geometry are shown in Figure 5-85. 
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 

Buckling-restrained braced frame (BRBF) systems are a special class of concentrically 

braced frames addressed in AISC Seismic Provisions Section F4. Like other concentrically 

braced frames, BRBF systems resist lateral forces and displacements primarily through 

the axial strength and stiffness of the brace members. The centerlines of BRBF framing 

members that meet at a common joint (braces, columns and beams) coincide or nearly coin

cide, forming a vertical truss capable of being detailed to minimize the effects of flexure. 

BRBF systems have more ductility and energy dissipation capability than other types of 

concentrically braced frames because overall buckling of the buckling-restrained brace 

(BRB) is precluded at forces and deformations corresponding to the design story drift. 

Buckling-restrained braces are characterized by their ability to yield in compression as 

well as in tension. This is accomplished by separating the actions of resisting axial loads and 

resisting global buckling. AISC Seismic Provisions Commentary Figure C-F4. l illustrates 

the components of a BRB. Global buckling of the brace is resisted by the BRB casing, which 

is typically a square or round HSS section and can be sized as needed for this requirement. 

Axial tension and compression loads in the brace are resisted by the BRB core, which con

sists of a shaped plate, in either a flat or cruciform section, sized as required by the AISC 

Seismic Provisions. Because the casing and the core are sized independently, the brace 

strength can be fine-tuned, eliminating much of the overstrength that other braced frame 

systems impart to the structure. 

Because buckling of the BRB core is restrained to very small amplitudes, the core 

achieves the same, or greater, strength in compression as in tension. This behavior is repeat

able throughout multiple loading cycles without the occurrence of brace buckling (and the 

consequent degradation associated with it), dissipating high levels of energy and resulting 

in a highly ductile system. This uniform, predictable behavior eliminates the lateral-force

distribution requirement that exists for SCBF systems (AISC Seismic Provisions Section 

F2.4a), where the percentage of braces in a given line that may be in tension at one time is 

limited. 

Buckling-restrained braced-frame systems tend to be cost-competitive and often more 

economical than SMF, EBF and SCBF systems in terms of material, fabrication and erec

tion. Similar to SCBF systems, BRBF systems may have reduced flexibility in floor-plan 

layout, space planning, and electrical and mechanical routing as a result of the presence 

of braces. However, in certain circumstances the frames are exposed and featured in the 

architecture of the building. 

As for multi-tiered OCBF systems, the AISC Seismic Provisions address the design of 

multi-tiered BRBF in Section F4.4d. Design of multi-tiered BRBF is similar to that of SCBF 

in that it focuses on the possible mechanisms that may form and cause in-plane flexure and 

requires sufficient in-plane column flexural strength to preclude inelastic rotation. However, 

as buckling-restrained braces do not experience the strength degradation expected in SCBF, 

the column in-plane flexural demands are lower for frames of similar elastic strength. 

AISC Seismic Provisions Section F4.5a requires that beam and column members in 

BRBF systems satisfy the requirements for moderately ductile members. These require

ments are intended to result in a system with braces that maintain a high level of ductility 

and hysteretic damping when subjected to severe seismic forces while ensuring that the con

necting elements remain essentially elastic, allowing the BRB to be the energy dissipating 

member in the system. 
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V-type and inverted V-type BRBF systems are required to meet the additional criteria

given in AISC Seismic Provisions Section F4.4a. These requirements include: 

1. Beams, connections and their supporting members must be designed for gravity dead

and live loads, assuming the bracing provides no support.

2. Beams intersected by braces must be designed for the vertical and horizontal unbal

anced loads resulting from the effects of adjusted brace strengths in compression and

tension.

3. Beams must be continuous between columns.

4. Beams must be braced to satisfy the requirements for moderately ductile members in

accordance with AISC Seismic Provisions Section D l .2a. l .

Because the adjusted brace compression and tension forces are nearly equal, the verti

cal unbalanced load on the beam is minimal. The available compressive strength of the 

BRB is greater than the available tensile strength by an amount equal to (P - 1) times the 

adjusted brace strength, where p is the compression strength adjustment factor discussed in 

AISC Seismic Provisions Section F4.2. The vertical component of this difference in force 

is the unbalanced load that will be developed. Brace configurations that utilize a two-story 

X-configuration may have even lower unbalanced forces at the beam.

Columns in BRBF systems, like beams, are required to meet the requirements for moder

ately ductile members. According to AISC Seismic Provisions Section F4.6d, column 

splices are required to develop at least 50% of the lesser available flexural strength of 

the connected members and to have a required shear strength equal to I.M
p
l(a,Hc). This 

requirement is identical to that for SCBF systems and is intended to account for the possi

bility of the columns sharing some of the lateral force demand through frame action as the 

brace elements deform inelastically, deflecting the frames beyond what elastic calculations 

might predict. 

Buckling-restrained braces are required to be designed based upon results from qualify

ing cyclic tests in accordance with the requirements of AISC Seismic Provisions Section 

K3. Qualifying tests must consist of at least two successful cyclic tests. One of these tests 

must be a subassemblage test that includes rotational demands at the ends of the BRB. The 

second test may be either a uniaxial test or a subassemblage test. Qualifying tests may 

be done specifically for a project or may consist of previous tests documented elsewhere. 

Contract documents should include requirements for testing of the braces conforming to 

the AISC Seismic Provisions. This requirement demonstrates to the contractor that this is 

a specialty item and cannot simply be fabricated by a typical steel contractor but must be 

procured from a company that has conducted the necessary testing to qualify the braces. 

Testing of each brace type is required to confirm that the brace design concept meets the 

requirements to be considered a BRB. It is also performed to determine the load ranges 

acceptable for a given brace design. 

In most systems, member sizes are selected from a table of discrete values. In this way, 

the yielding members are selected to meet the minimum strength requirements, and material 

variability is addressed through use of the R
y 

factor for the design of connections and adja

cent members. 

However, BRB are manufactured to match the project requirements and the yielding area 

can be precisely defined. The details of the brace design, such as the area and length of the 

yielding zone, can be tuned considering the yield stress of the core material. While the yield 
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stress of the core material is not known precisely during the design phase, an acceptable 

range may be specified. This range should be sufficiently wide to permit a reasonable pro

curement process for brace manufacturers. The range of 38 to 46 ksi is the de facto industry 

standard; typically, the engineer defines this range by specifying the minimum and maxi

mum core material yield stress (F
y 

min and F
y 

max). Compliance with these limits is verified 

by the brace manufacturer through coupon tests of the material to be used in the fabrication 

of the brace. The engineer may account for this material variability in one of two ways: the 

area-based or the strength-based approach. 

The area-based approach is the more common approach for designing BRBF systems. 

In the area-based approach, the engineer defines the core area; the brace strength is defined 

by the core area and yield stress. The engineer uses the lower-bound yield stress, F
y 

min, for 

choosing the core area of the brace. Once this area is established, the upper-bound yield 

stress, F
y 

max, is used to determine the adjusted brace strength for design of connections 

and adjacent frame members. Brace core areas may be defined precisely, although there is 

typically little benefit in precision beyond the nearest ½ in.2 In the area-based approach, 

the brace stiffness used in the analysis is established by the engineer based on the area 

determined from F
y 

min and adjusted upward by the applicable factor (which accounts for 

the nonprismatic configuration of the brace and is normally supplied by the brace manu

facturer). With an area-based approach, stiffness can be specified on the design drawings in 

terms of brace core area and adjustment factor. In the area-based approach there is a neces

sary variability in strength resulting from the range of core material yield strength allowed. 

While it is theoretically possible to specify precisely the stiffness required, it is nonetheless 

preferable to allow a reasonable tolerance (typically, 10% or less) in order to permit the 

manufacturer to adjust the details of the brace to control brace core strain, provide optimal 

brace-end conditions, and allow for the differing details and proportioning used by dif

ferent manufacturers. 

The second option for accounting for material variability is the strength-based approach. 

In this method, the engineer defines the required strength of the brace. (Engineers using 

this approach should be explicit as to whether they are defining the available strength, <j)Pysc 

or PyscfQ, or the nominal strength, Pysc-) The engineer should specify an acceptable range 

(e.g., for LRFD, <j)Pysc = 500 kips + 25 kips/-0 kips) and should use the upper bound for 

design of connections and adjacent members. This 25-kip tolerance is roughly equivalent 

to the ½ in.2 tolerance recommended for the area-based approach. This method allows the 

manufacturer to set the brace area provided to adjust for the measured yield stress of the 

core material so that Pysc is obtained as the yield capacity of the brace. If Pysc is established 

using the yield stress determined from a coupon test, the R
y 

factor is not applied. Brace 

stiffness is estimated in the design based on the area from an assumed yield stress in the 

middle of the specified range and the applicable adjustment factor, as described previously. 

With a strength-based approach, stiffness must be specified explicitly (in kip/in.) on the 

design drawings with a specified tolerance. This tolerance is typically ± 10%. That range, 

however, is insufficient to cover both the adjustments implied by the range of core yield 

stress (±10%) and the differing details and proportioning used by different manufactur

ers. Thus, for material stress at the extremes of the permitted range, the manufacturer may 

need to make adjustments in the core length (along with other details such as the core area 

outside the yielding zone) in order to maintain stiffness in the specified range of ± 10%. 

The details so configured must comply with the range of the brace tests. (For example, 
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core strains must be calculated using the detailed core length and compared to values in the 
tests.) Such adjustments in the brace details would not be necessary if the specified range 
were increased to ±20%, but this is not typical practice. In the strength-based approach, 
therefore, the material variability becomes a variability in stiffness and may also limit the 
applicability of tests to a smaller range. This is a consequence of the overall variability 
implied by the tolerances commonly used in this method. While it is theoretically possible 
to specify precisely the strength required in the strength-based approach, it is nonetheless 
preferable to allow a reasonable tolerance (typically 25 kips) in order to permit the manu
facturer to use ½-in. dimensions; precision beyond this is not warranted given the methods 
used to establish yield stress. 

Table 5-4 summarizes how the area-based and strength-based approaches address the 
effect of material variability on the strength and stiffness of ERB.

It should be noted that both the elastic stiffness and the first yield strength (both necessary 
properties for use in code-based seismic design) are transient properties in the actual seismic 
response of systems; these properties change significantly as drifts exceed the drift corre
sponding to first yield. Designers should not perform bounding analyses or otherwise place 
undue emphasis on the effects of variability beyond accounting for maximum brace forces 
in the design of connections, beams and columns. Such variability in stiffness is routinely 
(and justly) neglected in the seismic design of many systems and is minimal in the context 
of the use of elastic methods to represent inelastic response. 

Brace strength is controlled by brace core area, but the use of this core area in the struc
tural model without any adjustment will not correctly capture the stiffness of the brace. 
Overall brace stiffness includes contributions from not only the yielding core, but also from 
the nonyielding portions of the brace and connection materials. This stiffness is usually 
captured in the model through the use of a stiffness modification factor, KF. The modeled 
brace stiffness would then be represented by the following equation: 

KF(A.,c)E 
Kmodel = -�-�

Lwp-wp 
(5-1) 

where Ase is the steel core area, Eis the modulus of elasticity, and Lwp-wp is the work point
to-work point distance along the axis of the brace. The modeled brace stiffness can also be 
represented as a spring with a defined stiffness, Kmodel· 

The stiffness factor or modeled brace stiffness is unique to each brace manufacturers' 
design, although it may be similar between manufacturers. It is also dependent on brace 
strength, bay geometry and connection details. The design engineer will need to assume an 
initial value for this factor for early estimation of required brace strength and preliminary 
beam and column sizes and will send this information to a brace manufacturer for early 
coordination to obtain the recommended stiffness modification factors for the braces. If 
brace strengths are adjusted, final values should also be confirmed with the manufacturer 
prior to finalizing contract documents. 

Because ERB are typically provided by a specialty manufacturer who designs the details 
of the brace (such as sizing the casing, determining the details of the transitions between 
yielding and nonyielding zones, etc.), the design process may be slightly different from that 
of other systems in that it ideally involves input from brace manufacturers during the design 
process. The manufacturer is responsible for the design of the brace, and the engineer retains 
overall responsibility for the structure. At the brace-to-gusset connection, there should be a 
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Table 5-4 

Summary of Variability in the Area-Based 
and Strength-Based Approaches 

Method Strength Variability Stiffness Variability 

Area-based Implicit, 46 ksi/38 ksi � 1.2 (+20%/-0%) Engineer-specified, typically ± 10% 

approach 

Strength-based Engineer-specified, typically<:: 5% (+5%/-0%) Engineer-specified, typically± 10% 

approach 

careful delineation of responsibilities. Ultimately, both the manufacturer and the engineer 

need to confirm that the connection is adequate and conforms to the assumptions made in 

their respective parts of the design. 

The manufacturer typically proposes certain details of the brace connection, such as 

gusset thickness and gusset lap length with the brace. It is often convenient for the engineer 

to delegate certain parts of the connection design to the manufacturer, such as the connec

tion of the brace to the gusset plate. The engineer must explicitly identify any such delegated 

design and review the corresponding calculations with the brace submittal. 

The engineer of record must verify that the overall beam-gusset-column connection is 

satisfactory, including limit state checks within the gusset, the joints between the gusset 

and beam and column, local member limit states, and the design of the overall gusset

column-beam assembly. This assembly is categorized either as a flexible assembly capable 

of allowing 0.025-rad relative rotation [AISC Seismic Provisions Section F4.6b(a)] or as 

a rigid connection capable of transmitting the plastic moment capacity of either beam or 

column [AISC Seismic Provisions Section F4.6b(b)]. If a rigid connection is selected, this 

may be accomplished as either a prescriptive connection wherein the beam-to-column 

connection meets the requirements of AISC Seismic Provisions Section El.6b(c) or as a 

connection discretely analyzed to support the forces defined in AISC Seismic Provisions 

Section F4.6b(b). 

Note that all major BRB manufacturers supplying braces in North America will design 

the brace-to-gusset connection for the braces they supply. In some cases, they will design the 

gusset connection to beams and columns framed with the BRB braces. The connection con

figuration must be defined on the structural design drawings per AISC Seismic Provisions 

Section A4.2. The connection design is to be coordinated with the BRB manufacturer. 

The following design process illustrates the interaction between the engineer of record 

(EOR) and the manufacturer. 

1. Preliminary design phase.

(a) EOR determines base shear, frame layout, etc.

(b) EOR sizes braces (required core area or required strength).

( c) EOR assumes brace stiffness factors, KF, and overstrength factors, � and ro

(a preliminary consultation with the manufacturer may be helpful at this stage).

( d) EOR sizes beams and columns.

( e) EOR checks drift.

(f) EOR estimates brace deformations.
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2. Consultation with manufacturer(s). EOR consults with manufacturer for:

(a) Sufficient applicable testing for the brace sizes proposed.

(b) Stiffness of braces or stiffness factors, KF, used in the EOR's analysis.

(c) Overstrength factors� and ffi used in the EOR's design of beams and columns.

3. Design iteration. EOR reanalyzes (as required by change in member size or change in

stiffness factors, etc.).

(a) EOR finalizes brace sizes, beam and column sizes, brace stiffness factors, and brace

deformations.

(b) EOR consults with the brace manufacturer if the brace sizes or deformations are

substantially different than the preliminary design.

4. Specification. EOR specifies:

(a) Required brace sizes (core area or required strength), with tolerance

(b) Minimum and maximum core material yield stress

( c) Overstrength factors � and ffi

(d) Brace stiffness (or stiffness factors), with tolerance

( e) Required brace axial deformation and connection rotation

(f) Testing per the AISC Seismic Provisions

(g) Connection design or portions thereof delegated to the brace manufacturer

5. Brace submittal.

(a) Manufacturer submits:

1. Brace shop drawings

11. Supporting documentation

(a) Justifying applicable tests (in terms of brace size, strain at the specified

displacements)

(b) Overstrength factors,� and ffi (based on specified displacements)

( c) Brace stiffness calculations

( d) Connection design, where delegated to brace manufacturer

(b) Test reports for submitted brace types and sizes

( c) EOR verifies compliance with specification

BRBF Design Example Plan and Elevation 
The following examples illustrate the design of a BRBF based on AISC Seismic Provisions

Section F4. The plan and elevation are shown in Figures 5-86 and 5-87, respectively. 

The lateral forces shown in Figure 5-87 are the seismic forces from an equivalent lateral 

force procedure of ASCE/SEI 7, Section 12.8, and apply to the entire frame. 

The code-specified gravity loading is as follows: 

Djioor = 85 psf 

Droof = 68 psf 

lfioor = 50 psf

S = 20 psf 

Curtain wall = 175 lb/ft along building perimeter at every level 
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 5-489

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. From 

ASCE/SEI 7, the Seismic Design Category is D, p = 1.3, le= 1.0, SDS = 1.0, and Cd= 5. 

The vertical seismic load effect, Ev, from ASCE/SEI 7, Section 12.4.2.2, is: 

Ev= 0.2SDSD (ASCE/SEI 7, Eq. 12.4-4a) 

The horizontal seismic load effect, Eh, from ASCE/SEI 7, Section 12.4.2.1, is: 

(ASCE/SEI 7, Eq. 12.4-3) 

The horizontal seismic load effect including overstrength, Emh, from ASCE/SEI 7, Section 

12.4.3.1, is: 

(ASCE/SEI 7, Eq. 12.4-7) 

The basic load combinations with seismic load effects from ASCE/SEI 7, Section 2.3.6 

(for LRFD) and Section 2.4.5 (for ASD) are used, with Ev and Eh as defined in Section 

12.4.2. 

0,t 30�.. I 30�.. I 30�.. ± 30�.. i 
N 

:!:-------- ----- ==------, '------:I 
1 
I 

o I 

I 
I 
I 

� l --'------1----
N I 

----1------1 

I 
I 
I 

I 

T--...:._ __ ___; ;__ _____ :I©-H-t-+--------' ;_ __ _

�l__ •R-: -�

BRBF io,estigated i, Soctioo 5.5. \_ SMF i,,estigated io Part 4. 
For elevation, see Figure 5-87. For elevation, see Figure 4-9. 

Fig. 5-86. Floor plan for BRBF examples. 
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LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

l.2D+Ev +E1, +L+0.2S 
= l.2D+0.2S0sD+pQE +0.5L+0.2S

= (1.2+0.2S0s )D+pQE +0.5L+ 0.2S

�Roof

� Fourth
Level 

Third 
Level 

Second 
Level 

�E'lccl�� 

B 

25'-0" 

N � 

� 
N � 

� 
N 

� 

BRACED FRAMES 

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

l .OD+ 0.7 Ev+ 0.7 Eh 

= l.OD+0.7(0.2S0sD)+0.7pQE

= (1.0+0.14Sos )D+0.7pQE

C 

F
xR

= 54 kips 

Fx4 = 49 kips 

Column splice 48" 
above finished floor 
(typ.) 

Fig. 5-87. Frame elevation for BRBF examples. 
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 5-491

LRFD 

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D Ev +Eh 
= 0.9D-0.2SDsD+pQE

= (0.9-0.2SDs )D+ pQE

ASD 

Load Combination 9 from 
ASCE/SEI 7, Section 2.4.5: 

l .OD+ 0.525Ev + 0.525Eh + 0.75L + 0.75S 

= l.0D+0.525(0.2SDsD)+0.525pQE

+ 0.75L + 0.75S

= (1.0+0.105SDs )D+0.525pQE

+ 0.75L + 0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7 Ev+ 0.7 E1, 

= 0.6D 0.7(0.2SDsD)+0.7pQE

= (0.6 0.14SDs )D+0.7pQE

The basic load combinations with seismic load effects including overstrength from 
ASCE/SEI 7, Section 2.3.6 (for LRFD) and Section 2.4.5 (for ASD) are used, with Ev and 
E1, as defined in Section l 2.4.3. 

LRFD 

Load Combination 6 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted 
0.5 factor on L): 

l.2D+Ev +Emh +L+0.2S
= l.2D+0.2SDsD+D

0QE +0.5L+0.2S

= (1.2+0.2SDs )D+ D0QE +0.5L+0.2S

Load Combination 7 from ASCE/SEI 7, 
Section 2.3.6: 

0.9D-Ev+ Emh 
=0.9D 0.2Sm;D+DoQE

= (0.9-0.2SDs )D+QoQE

ASD 

Load Combination 8 from ASCE/SEI 7, 
Section 2.4.5: 

I.OD+ 0.7 Ev+ 0.7 Emh

= I.OD+0.7(0.2SDsD)+0.7QoQE

= ( l.0+0.14SDs )D+0.7Q0QE

Load Combination 9 from ASCE/SEI 7, 
Section 2.4.5: 

I .OD+ 0.525Ev + 0.525Emh 
+ 0.75L + 0.75S

= I.OD+ 0.525(0.2SDsD)+ 0.525Q0QE

+ 0.75L + 0.75S

= (1.0+0.105SDs )D+0.525Q0QE

+ 0.75L + 0.75S

Load Combination 10 from ASCE/SEI 7, 
Section 2.4.5: 

0.6D 0.7 Ev+ 0.7 Emh 

= 0.6D 0.7(0.2SDsD)+0.7QoQE

=(0.6 0.14SDs)D+0.7Q0QE
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Assume that the ends of the diagonal braces are pinned and braced against translation for 
both the x-x and y-y axes. The loads given for each example are from a first-order analysis. 
Assume that the effective length method of AISC Specification Appendix 7 is used for the 
stability design. AISC Specification Appendix 8 will be applied to approximate a second
order analysis. 

Example 5.5.1. BRBF Brace Design 

Given: 

Refer to Brace BRB-1 in Figure 5-87. Frame configurations and preliminary loads have 
been sent to a BRB manufacturer, and the elastic stiffness of the braces have been found to 
be 1.5 times higher than the stiffness of the yielding core area alone, if it were extended from 
work point-to-work point (KF = Kc,ctuatf Kcore = 1.28). These stiffness factors may be used 
to determine the horizontal load distribution on each story. Design a buckling-restrained 
brace to resist the resulting axial loading, PQE = 113 kips. The applicable building code 
specifies the use of ASCE/SEI 7 for calculation of loads. According to AISC Seismic

Provisions Section F4.3, buckling-restrained braces should not be considered as resisting 
gravity forces. 

Using the area-based approach described previously in this Part, allow for material vari
ability of 42 ksi ± 4 ksi. 

Fysc min = 38 ksi 
Fysc max = 46 ksi 

From an elastic analysis, the first-order interstory drift is 11H = 0.223 in. 

Assume that the ends of the brace are pinned and braced against translation for both the x-x

and y-y axes. 

Solution: 

As indicated in AISC Seismic Provisions Section F4.3, the required brace strengths are 
not based on gravity loads; therefore, the required compressive and tensile strengths of the 
brace are: 

LRFD ASD 

Pu =Tu Pa =Ta 

=pPQE = 0.7pPQE 

= 1.3(113 kips) = 0.7(1.3)(113 kips) 

= 147 kips = 103 kips 
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 5-493

Required Strength 

Consider second-order effects 

AISC Specification Appendix 8 is used to address second-order effects. The required second
order axial strength is: 

For the calculation of B2: 

B2=-- -->l 
1 
_ af,rory -

Pe story 

(Spec. Eq. A-8-2) 

(Spec. Eq. A-8-6) 

To determine P.,rory
, use an area of 9,000 ft2 on each floor and include only the surface gravity 

loads given in the BRBF Design Example Plan and Elevation section. The governing load 
combinations are as follows: 

LRFD 

From Load Combination 6 from ASCE/ 
SE! 7, Section 2.3.6 (including the 
permitted 0.5 factor on L): 

P.,tory 
= (9,000 ft2 ) 

[1.2+0.2(1.0)] 

x[68 psf +3(85 psf)] 

X + 1.3(0 psf)

+0.5(3)(50 psf)

+0.2(20 psf)

X ( 1 kip/1,000 lb) 

[1.2+0.2(1.0)] 

X (175 lb/ft)( 4)(390 ft) 

+ + 1.3(0 lb) 

+0.5(0 lb)

+0.2(0 lb)

X (! kip/J ,000 lb) 

= 5,160 kips 

ASD 
From Load Combination 8 from ASCE/ 
SEI 7, Section 2.4.5 : 

Psrory 
= (9,000 ft2 ) 

[1.0+0.14(1.0)] 

x x[68 psf +3(85 psf)] 

+o.7(1.3)(o psf)

X ( 1 kip/1,000 lb) 

[1.0+0.14(1.0)] 

+ x[(175 lb /ft)(4)(390 ft)] 

+0.7(1.3)(0 lb)

x(l kip/1,000 lb) 

= 3,630 kips 

The total story shear, H, with two bays of b racing in the direction under consideration 
where each braced frame is designed to resist the seismic loads shown in Figure 5-87, 
is determined in the following. From an elastic analysis, the first-order interstory drift is 
l1H = 0.223 in. 
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H = 2(54 kips+49 kips+32 kips+ 16 kips) 

= 302 kips 
L = 14 ft 

RM = l .O for braced frames 

HL 
Pestory = RM L'l.H 

= l .O 
(302 kips)(l 4  ft) 

(0.223 in.)(1 ft/12 in.) 

= 228,000 kips 

Using AISC Specification Equation A-8-6: 

LRFD 

a =1.0 a = 1.6 

B2 = 

1 
2: 1 B2 = 

aP.5/ory1- 1-
Pe story

BRACED FRAMES 

(Spec. Eq. A-8-7) 

ASD 

1 
2: 1 

aP.,wry 
Pe story 

--
1 

>I
1.0(5,160 kips) -

--
1 

> 1
1.6(3,630 kips) -

1-
228,000 kips 

=1.02 

1- . -
228,000 kips 

= 1.03 

Considering second-order effects, the required compressive and tensile strengths of the 
brace are: 

LRFD ASD 

Pu 
= Tu Pc, = Ta

= 1.02(147 kips) = 1.03(103 kips) 

= 150 kips = 106 kips 

Determination of the brace area required to resist the required brace strength must use the 
specified minimum yield stress of the core material, Fysc min· For the limit state of tensile or 
compressive yielding, set the required strength equal to AISC Seismic Provisions Equation 
F4-l and solve for A se min: 

LRFD ASD 

Pu Q.Pa

Ascmin = Ascmin = 
<J>F.,vscmin F_vsc min 

-
150 kips 1.67 ( 106 kips) 

- -

0.90(38 ksi) 
-

38 ksi 

= 4.39 in.2 = 4.66 in.2
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 5-495

In design practice, either LRFD or ASD design should be used consistently. The two methods 
give slightly different results here. In order not to show two separate designs, the LRFD 
result will be used. 

Try a BRB with a core area, Ase, of 4.50 in.2

Note that while BRB manufacturers can fabricate a BRB with the accuracy to which the 
core can be cut (generally ± 1/s in. in width) it is common to round the required core area up 
to standard increments. Generally, it is good practice to specify core areas in 0.25 in.2
increments for O in.2 <Ase � 5.00 in.2, in 0.50 in.2 increments for 5.00 in.2 <Ase � 10.0 in.2,
in 1.00 in.2 increments for 10.0 in.2 < Ase � 20.0 in.2, and in 2.00 in.2 increments for
A.,c > 20.0 in.2 (or maintaining increment amounts in the range of 5% to 10% of the total 
amount). When specifying BRB area greater than required, the EOR must account for the 
increased demand that the specified area will place on the structure because the beams and 
columns are designed to be stronger than the adjusted brace strength. 

For LRFD, the available axial strength for the limit state of tensile yielding is: 

= 0.90(38 ksi )( 4.50 in.2)
= I 54 kips > I 50 kips o.k. 

(from Spec. Eq. D2-I) 

Verify with the brace manufacturer that the stiffness factor KF = 1.28 is acceptable for a 
4.50-in.2 brace of this length. The remainder of the brace design is performed by the BRB 
manufacturer. Overstrength factors, p and ffi, along with the maximum deformation capabil
ity of the brace, must be provided by the brace manufacturer in order to design the columns 
and beams of the BRBF and to determine the BRB applicability to the design. 

The final part of the brace design is establishing the expected deformation of the brace and 
using this deformation to determine forces that the brace imposes on the columns, beams 
and connections. AISC Seismic Provisions Section F4.2 requires consideration of deforma
tions at the greater of 2% drift or two times the design story drift. 

The design story drift is defined in the AISC Seismic Provisions Glossary as the calculated 
story drift, including the effect of expected inelastic action. As given, the first-order inter
story drift is 11H = 0.223 in. This drift does not include the redundancy factor, p. Note that 
ASCE/SEI 7, Section 12.3.4. l ,  permits p to be taken equal to 1.0 for drift calculations. The 
design story drift including inelastic action is: 

l1 = Cdl1H
le

5(0.223 in.) 
1.0 

=l.12 in. 

Twice the story drift including inelastic action is: 

211 = 2(1.12 in.) 
= 2.24 in. 

(from ASCE/SEI 7, Eq. 12.8-15) 
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2% drift corresponds to a deflection of: 

� =0.02H

= 0.02(14 ft) 
= 0.280 ft 

� = (0.280 ft)(12 in./ft) 
= 3.36 in. 

BRACED FRAMES 

In this case, 2% drift governs. The brace spans 14 ft vertically and 12.5 ft horizontally. The 
brace deformation can be calculated to be: 

�br =[�(14 ft)2 +(12.5 ft+0.280 ft)2 -�(14 ft)2 +(12.5 ft)2 

](12 in./ft) 

= 2.25 in. 

Consulting with the brace manufacturer, the yield length for this brace is determined to be 
70% of the work-point length. The yield length is the length over which the core is expected 
to yield and is typically equal to the length of casing. 

L = �(14 ft)2 +(12.5 ft)2 

= 18.8 ft 
L

y
= 0.7L

= 0.7(18.8 ft)(12 in./ft) 
= 158 in. 

The strain is therefore: 

£= 

L
y 

= l 
2.25 _in. ](lOO%)
158 Ill.) 

= 1.42% 

Determination of the strain and the yield length is typically performed by the brace manu
facturer and is shown here for illustrative purposes only. 

Consulting with the brace manufacturer, the � and m factors corresponding to this level of 
strain are determined to be: 

� = 1.1 m = 1.36 

Alternatively, according to AISC Seismic Provisions Section F4.2c and ASCE/SEI 7, 
Chapter 16, brace deformation may be determined from a nonlinear analysis in lieu of the 
expected deformation requirements in AISC Seismic Provisions Section F4.2 illustrated here. 
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 5-497

Example 5.5.2. BRBF Column Design 

Given: 

Refer to Column CL-1 in the frame shown in Figure 5-87. Select an ASTM A992 wide

flange section to resist the following axial loading between the base and the second level. 

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. 

Pv = 147 kips PL = 60.0 kips Ps = 7.00 kips 

Relevant seismic parameters are given in the BRBF Design Example Plan and Elevation Section. 

The brace core areas are as indicated in Figure 5-88 (BRB X.X indicates a brace with a 

core area of X.X in.2). Allow for BRB core material variability of 42 ksi ± 4 ksi (F
y
sc min =

38 ksi, Fysc max = 46 ksi). The brace manufacturer has provided the given overstrength 

factors. From AISC Seismic Provisions Section F4.2a, the factor R
y 

need not be applied if 

P
y
sc ( = Fysc) is determined from a coupon test, as is the case here. Therefore, R

y 
will not be 

shown in the examples in Section 5.5. 

� = 1.1 w = 1.36 

B C

........ J 2'-6" ··········-
,
- ....... J.2'-6"

�-Roof ______________ .--------,,.,--W_1_6_x_4_5 _ _,

� Fourth 
Level 

� 
Third 
Level 

Second 
Level 

�Base 

� 

� 

co 
<.o 
X 

0 

W16x50 

co 
<.o 
X 

0 

Fig. 5-88. Frame elevation for BRBF examples with member sizes. 
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Solution: 

F rom AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
Fu = 65 ksi 

BRACED FRAMES 

According to AISC Seismic Provisions Section F4.3, the required strength of columns due 
to the applied seismic load, PEmh, is based on the adjusted strengths of the braces in the 
frame, where adjusted strength is defined in AISC Seismic Provisions Section F4.2a. Use the 
specified Ase and Fy max to determine the brace forces in the design of the column to account 
for material variability. Starting at the lower braces, the adjusted brace strengths for the 
braces contributing to the load on Column CL-1 in compression are: 

proPysc max2 = ProFysc maxAsc2 

= 1.1(1.36)(46 ksi)(3.75 in.2) 

= 258 kips 
ProPysc max3 = ProFysc maxAsc3

= 1.1 (1.36)( 46 ksi )( 3.00 in.2)
= 206 kips 

ProPysc max4 = ProFysc maxAsc4 

= 1.1 (1.36)( 46 ksi )( 1.50 in.2) 

= 103 kips 

The axial compressive force, PEmh, is then determined from the force diagram of the column, 
as shown in F igure 5-89. 

The vertical force on the column from the braces' adjusted strength is: 

IProPyscmax sin0 = (258 kips+ 206 kips+ 103 kips)sin45° 

= 401 kips 

The vertical component of the force from the tension brace on the beam will be roPysc max sin 0, 
and the vertical component of the force from the compression brace on the beam will 
be PmPyscmax sin 0. The net sum of these forces, which act in opposite directions, is 
ProPyscmax sin 0 roPyscmax sin 0 = (P 1 )roPyscmax sin 0, with half of this force reacting at 
each end of the beam. Thus, the force due to beam shears resulting from unbalanced brace
induced vertical forces is: 

L ½(P- l)roPysc max sin 0 = ½(P l)roFysc max L Asc sin 0 

= ½(1.1-1)(1.36)(46 ksi) 

( 1.50 in.2 + 3.00 in.2 + 3.75 in.2 )sin45° 

X 

+ ( 4.50 in.2 )sin48.2° 

= 28.7 kips 
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5.5 BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 5-499

See Example 5.5.3 for calculation of vertical unbalanced forces from the braces on the 
beam. 

The total axial compression in the column due to the braces is: 

PEmh = 401 kips-28.7 kips 
= 372 kips 

Starting at the lower braces, the adjusted brace strengths for the braces contributing to the 
load on Column CL-I in tension are: 

roPysc max2 = roFysc maxAsc2 

= 1.36( 46 ksi )( 3.75 in.2) 

= 235 kips 

½(� -1 )oiP ysc-max4sin04 

½(� -1 )oiP ysc-max3sin03 

½(� -1 )oiP ysc-max2Sin02 

½(� -1 )oiP ysc-max1Sin01 

t 
/

1Ar-'""' 
/ 

1�:P,-m� 

/ 
1�:Pm,ma< 

/ &wP ysc-max1 

1 

� 

t ½(� -1 )mPysc-max4sin04 

�p"�l 
� 

pmP "'""'" ",
(' 

1 
� 

pmP ,s=•< ", (' 

1 

�WP ysc-max1 

0� 

½(� -1 )mPysc-max3sin03 

½(� -1 )mPysc-max2Sin02 

½(� -1 )oiP ysc-max1Sin01 

Fig. 5-89. BRBF column forces for Example 5.5.2. 
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roP
ysc max3 = roFysc maxAsc3 

= 1.36( 46 ksi )( 3.00 in.2) 
= 188 kips 

roPysc max4 = roFysc maxAsc4 

= l .36( 46 ksi )( 1.50 in.2) 
= 93.8 kips 

The force due to the adjusted brace strength is: 

I roP
ysc max sin 0 = ( 235 kips+ 188 kips+ 93 .8 kips) sin 45° 

= 365 kips 

BRACED FRAMES 

From the calculation for the column in compression, the force on the column due to brace
induced beam shear is 28.7 kips. 

The total axial tension in the column due to the braces is: 

PEmh = 365 kips+ 28. 7 kips 
= 394 kips 

Using ASCE/SEI 7 load combinations that include overstrength seismic loads, where the 
overstrength seiemic loads are substituted for the analysis loads of AISC Seismic Provisions

Section F4.3, the required compressive force in the column is: 

LRFD ASD 
Load Combination 6 from ASCE/SEI Load Combination 8 from ASCE/SEI 7, 
7, Section 2.3.6, with Ev incorporated Section 2.4.5, with Ev incorporated: 
(including the permitted 0.5 factor on L):

P,, = (1.2 + 0.2Svs )Pv + PEmh + 0.5h Pa = (1. 0  + 0.14Svs )Pv + 0.7 PEmh 
+0.2Ps = [ 1.0 + 0.14( l.O) ](147 kips) 

= [1.2+0.2(1.0)](147 kips)+372 kips +0.7(372 kips)
+ 0.5 ( 60.0 kips)+ 0.2 ( 7 .00 kips) = 428 kips 

= 609 kips 

The required axial tensile strength of the column is: 
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LRFD ASD 
Load Combination 7 from ASCE/SEI 7, Load Combination 10 from ASCE/SEI 7, 
Section 2.3.6: Section 2.4.5: 

P
u

= (0.9 0.2SDS )PD+ PEmh Pa = (0.6 0.14SDS )PD +0.7PEmh

=[0.9 0.2(1.0)](147 kips) =[0.6 0.14(1.0)](147 kips) 

+ (-394 kips) +0.7(-394 kips)
= -291 kips = -208 kips 

Consider second-order effects 

Because the seismic component of the beam required strength comes from the mechanism 
analysis of AISC Seismic Provisions Section F4.3 and is based on the expected strengths of 
the braces, P-11 effects need not be considered, and B2 from AISC Specification Appendix 
8 need not be applied. P-11 effects do not increase the forces corresponding to the expected 
brace strengths in compression and tension; instead, they may be thought of as contributing 
to the system reaching that state. P-o effects do apply, but because the column does not have 
moments, there is no need to calculate B 1 factors. 

Try a W10x68.

From AISC Manual Table 1- l ,  the geometric properties are as follows: 

A = 19.9 in.2
ff = 0.770 in. 
Sx = 75.7 in.3

d = 10.4 in. 
rx = 4.44 in. 
hltw = 16.7 

Width-to-Thickness Limitations 

tw = 0.470 in. 
ry = 2.59 in. 
bl2tJ = 6.58 

ht = 10.1 in. 
Zx = 85.3 in.3

According to AISC Seismic Provisions Section F4.5a, the stiffened and unstiffened 
elements of columns must comply with the width-to-thickness limits for moderately ductile 
members given in AISC Seismic Provisions Table D 1.1. 

From Table 1-3 in this Manual, the W10 x 68 satisfies the width-to-thickness requirements 
for a BRBF column. 

Available Compressive Strength 

From AISC Specification Section C l.2 and Appendix 7, Section 7.2.1, the effective length 
method is limited to conditions in which the structure supports gravity loads primarily 
through nominally vertical columns, walls or frames, and the ratio of maximum second
order drift to maximum first-order drift in all stories is equal to or less than 1.5. Assume 
both conditions are met for BRBF systems. K = 1.0 for both the x-x and y-y axes. Because 
the unbraced length is the same for both axes, use the least radius of gyration. From AISC 
Manual Table 6-2, the available compressive strength for a W10 x 68 with Le = 14 ft is: 
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LRFD ASD 

<l>cP,, = 658 kips> 609 kips o.k. Pn = 438 kips> 428 kips o.k.

QC 

Available Tensile Strength 

From AISC Manual Table 6-2, the available strength of the W10x68 column in axial 
tension for yielding on the gross section is: 

LRFD ASD 

<j)1P,, = 896 kips> 291 kips o.k. Pn = 596 kips > 208 kips o.k.

Qt 

Use a W10 x 68 for Column CL-1. Verify with the BRB manufacturer that the stiffness and 
overstrength factors are still applicable for the final bay geometry. Verify that the ratio of 
second-order drift to first-order drift is less than or equal to 1.5. 

Example 5.5.3. BRBF Beam Design 

Given: 

Refer to Beam BM-I in Figure 5-87. Select a noncomposite ASTM A992 wide-flange 
section (the beam may be constructed as a composite member, but for simplicity, it is 
designed as a noncomposite beam). The applicable building code specifies the use of ASCE/ 
SEI 7 for calculation of loads. Relevant seismic parameters were given in the BRBF Design 
Example Plan and Elevation section. The gravity shears and moments on the beam are: 

VD = 11.2 kips VL = 8.50 kips MD = 120 kip-ft ML = 100 kip-ft 

The brace core areas are as indicated on Figure 5-88. (BRB X.X indicates a brace with a 
core area of X.X in.2). Allow for BRB core material variability of 42 ksi ± 4 ksi (Fysc min = 

38 ksi, Fysc max = 46 ksi). The brace manufacturer has provided the given overstrength 
factors: 

� = 1.1 ro = 1.36 

Solution: 

From AISC Manual Table 2-4, the material properties are: 

ASTM A992 
Fy = 50 ksi 
Fu

= 65 ksi

Use the specified Ase and Fvsc max to determine the brace forces in the design of the beam to 
account for material variability. 
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Required Strength 

Determine the adjusted brace strength of the tension Brace BRB-1 

ffiAscFysc max = 1.36 ( 4.50 in. 2) ( 46 ksi)

= 282 kips 

Determine the adjusted brace strength of the compression Brace BRB-1 

�mA,cFyscmax = 1.1(1.36)(4.50 in.2 )(46 ksi) 

= 310 kips 

Determine the unbalanced vertical load on the beam 

The difference between the vertical components of the brace forces is: 

P
y

= (310 kips -282 kips)sin48.2° 

= 20.9 kips 

Consequently, there is a 20.9-kip force acting upward on the beam. 

Determine the shear and moment in the beam due to the brace analysis 

Assuming a simply supported beam: 
-P

y 
VEmh =- -2 

-20.9 kips
2 

= -10.5 kips

MEmh = 4 
(-20.9 kips)( 25 ft) 

4 
= -131 kip-ft

Determine the axial force in the beam 

The horizontal components of the brace forces are: 

I'rx = ( 282 kips) cos 48.2° 

= 188 kips 

Pcx = (310 kips)cos48.2° 

= 207 kips 
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These forces are delivered to the brace through axial forces in the beam, tension in the seg
ment of the beam on one side of the midspan connection (braces-to-beam), and compression 
in the other segment. The distribution of the total horizontal force between tension and 
compression depends on the load path and tributary mass. Forces from collectors on each 
side of the frame may differ significantly based on the collector length and tributary width. 
The method presented for SCBF provides guidance. 

In this example, with a symmetrical brace configuration and symmetrical collector condi
tions, the horizontal force may be assumed to be distributed evenly between the two 
segments of the beam. 

p. _f>ix+PcxEmh - 2 
188 

2 
= 198 kips 

BRBF beams and columns are designed to resist all gravity loads. Using the ASCE/SEI 7 
load combinations that include overstrength seismic loads, where the overstrength seismic 
loads are substituted for the analysis loads of AISC Seismic Provisions Section F4.3, the 
required flexural strength of Beam BM-I is: 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SEI 7, Section 2.3.6, with Ev incorporated SEI 7, Section 2.4.5, with Ev incorporated: 
(including the permitted 0.5 factor on L): 

Mu= (1.2+0.2Sns)Mn +MEmh +0.5ML Ma
= (1.0+0.14Sns )Mn+ 0.7MEmh 

+0.2Ms = [1.0+0.14(1.0)](120 kip-ft) 
= [1.2+0.2(1.0)](120 kip-ft) +0.7(-131 kip-ft)

+ (-131 kip-ft)+ 0.5(100 kip-ft) = 45.1 kip-ft 
+0.2(0 kip-ft)

= 87.0 kip-ft 

This required flexural strength is concurrent with the following required axial strength: 

LRFD ASD 
From Load Combination 6 from ASCE/ From Load Combination 8 from ASCE/ 
SE! 7, Section 2.3.6, with Ev incorporated SEI 7, Section 2.4.5, with Ev incorporated: 
(including the permitted 0.5 factor on L): 

P,, = (1.2 + 0.2Sns )Pn + PEmh + 0.5PL Pa 
= (1.0 + 0.14Sns )Pn + 0.7 PEmh 

+0.2Ps = [1.o+0.14(1.0)](0 kips) 
= [ 1.2 + 0.2(1.0 )]( 0 kips)+ 198 kips +0.7(198 kips)

+o.5(0 kips)+o.2(0 kips) = 139 kips 
= 198 kips 
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The required flexural strength according to the analysis requirements of AISC Seismic

Provisions Section F4.3 is determined as follows: 

LRFD ASD 

From Load Combination 7 from ASCE/ From Load Combination 10 from ASCE/ 
SEI 7, Section 2.3.6, with Ev incorporated: SEI 7, Section 2.4.5, with Ev incorporated: 

Mu
= (0.9 0.2SDs )MD+ MEmh Ma

= (0.6 0.14SDs)MD +0.7MEmh 

=[0.9 0.2(1.0)](120 kip-ft) =[0.6 0.14(1.0)](120 kip-ft) 

+(-131 kip-ft) +0.7(-131 kip-ft)
= -47.0 kip-ft = -36.5 kip-ft 

This required flexural strength is concurrent with the following required axial strength: 

LRFD ASD 
From Load Combination 7 from ASCE/ From Load Combination l O from ASCE/ 
SEI 7, Section 2.3.6, with Ev incorporated: SEI 7, Section 2.4.5, with Ev incorporated: 

Pu 
= (0.9-0.2SDs)PD+PEmh Pa

= ( 0.6 0.14SDs )PD +0.7PEmh 

= [o.9-0.2(1.o)] (o kips)+l98 kips =[0.6 0.14(1.0)](0 kips) 

= 198 kips +0.7(198 kips)
= 139 kips 

It is worth noting that the unbalanced load resulting from the adjusted brace strength in 
tension and compression imparts an upward point load on the beam, acting in opposition to 
gravity forces. This is true regardless of the direction of earthquake loading for an inverted
V brace configuration because the adjusted brace strength in compression is higher than the 
adjusted brace strength in tension. 

Because the moment due to seismic forces counteracts the moment due to gravity load, it 
is important to also consider load combinations that do not include the seismic load. The 
required flexural strength of the beam for the governing load combination that does not 
include seismic load is: 

LRFD ASD 
Load Combination 2 from ASCE/SEI 7, Load Combination 2 from ASCE/SEI 7, 
Section 2.3. l :  Section 2.4. l :  

Mu 
= 1.2MD+l.6ML Ma =MD+ML 

+0.5(MLr or Ms or MR) = 120 kip-ft+ 100 kip-ft 

= 1.2(120 kip-ft)+ 1.6(100 kip-ft) = 220 kip-ft 

+o.5(0 kip-ft)
= 304 kip-ft 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



5-506 BRACED FRAMES 

Because dead and live loads do not result in axial forces in the beam, there is no axial load 
acting concurrently with this moment. 

The required shear strength of the beam is shown in the following calculation. By inspec
tion, because the unbalanced load from the braces always acts upward on the beam, the 
seismic component of the required shear strength will always counteract the gravity shears. 
Therefore, the governing load combination is one that does not include seismic effects: 

LRFD ASD 

Load Combination 2 from ASCE/SEI 7, Load Combination 2 from ASCE/SEI 7, 
Section 2.3.1: Section 2.4.1: 

\I,, = l.2VD + l.6VL +0.5(VLr or Vs or VR) Va =VD+ VL 

= 1.2(11.2 kips)+ 1.6(8.50 kips) = 11.2 kips+ 8.50 kips 

+o.5(0 kips) = 19.7 kips 

= 27.0 kips 

Try a W16x50. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

A = 14.7 in.2

hftw = 37.4 
l
y 

= 37.2 in.4

Cw = 2,270 in.6 

d = 16.3 in. 
Ix = 659 in.4 

ry = 1.59 in. 

Width-to-Thickness Limitations 

tw = 0.380 in. 
rx = 6.68 in. 
h0 = 15.7 in. 

kdes = 1.03 in. 
Zx = 92.0 in.3

J = 1.52 in.4 

According to AISC Seismic Provisions Section F4.5a, beam members must satisfy the require
ments for moderately ductile members stipulated in AISC Seismic Provisions Table D 1.1. 

From Table 1-3 of this Manual, a W16 x 50 satisfies the ductility requirements for beams in 
BRBF systems provided the required axial strength does not exceed 624 kips for LRFD or 
415 kips for ASD. Based on the required axial strengths previously calculated, the selected 
shape is acceptable. 

Available Flexural Strength (Negative Flexure) 

For negative flexure (bottom flange in compression), consider the bottom flange of the beam 
to be laterally braced at midspan. 

Lb= 
25 ft

2 
= 12.5 ft 

Conservatively use Ch
= 1.0. From AISC Manual Table 6-2, the available flexural strength 

(negative flexure) is: 
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LRFD ASD 

<PbMn = 266 kip-ft> 1-47.0 kip-ft I o.k.
Mn = 177 kip-ft> l-36.5 kip-ft I o.k.

Qb

Available Flexural Strength (Positive Flexure) 

For positive flexure (top flange in compression), the beam can be considered fully braced 
by the slab, and therefore the limit state of lateral-torsional buckling does not apply. From 
AISC Manual Table 6-2, with Lb = 0 ft, the available flexural strength of a W16 x 50 is: 

LRFD ASD 

<PbMn =<i>hMp

Mn - Mp-

= 345 kip-ft> 304 kip-ft o.k.
Qb Qb

= 230 kip-ft >220 kip-ft o.k.

Available Compressive Strength 

As explained in Part 8 for collectors, torsional buckling is considered because the torsional 
unbraced length is not the same as the minor-axis flexural buckling unbraced length. 
Because the top flange is constrained by the slab, the applicable torsional limit state is 
constrained-axis torsional buckling, as discussed in Part 8 of this Manual. The available 
compressive strength of the beam is the lowest value obtained based on the limit states of 
flexural buckling and torsional buckling. 

To determine the unbraced length for flexural buckling about the x-x axis, it is necessary to 
verify whether the BRB provides a braced point for the beam at midspan. 

For this purpose, assume first that the beam buckles and its midpoint moves upward. 
Displacement compatibility will cause an increase in the demand on the BRB resisting 
tension due to lateral forces, while the load in the BRB resisting compression will be 
reduced. Conversely, if the beam buckles and the midpoint moves downward, the BRB in 
compression will experience a load increase while the BRB in tension will be relieved of 
some of its original load. In both cases, the BRB that is relieved of load will rebound along 
the path of its elastic stiffness. 

If the strength and stiffness of the unloaded BRB in each of the aforementioned cases meet 
the requirements of AISC Specification Appendix 6, Section 6.2.2, then the beam can be 
considered to be braced by the BRB at midspan. From AISC Specification Equation A-6-3, 
the required strength of point bracing is: 

LRFD ASD 

Prb = O.Ol Pu Prb = 0.01Pa

=0.01(198 kips) = 0.01(139 kips) 

= 1.98 kips = 1.39 kips 
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If the braces act as a braced point, the required stiffness of point bracing from AISC 
Specification Equations A-6-4a and A-6-4b, with Lhr = 12.5 ft, is: 

LRFD 

p =]_
[
8Pu

)hr 
<p L br 

1 8(198 kips) 
- - --

0.75 ( 12.5 ft) ( 12 in./ft) 

= 14.1 kip/in. 

The minimum BRB axial strength is: 

LRFD 

<\JPn = <\JF
ysc min Ase 

= 0.90(38 ksi)( 4.50 in.2)
= 154 kips > 1.98 kips 

Phr = n[ 3Pa)
Lbr 

ASD 

=2.00 
8(139 kips) 

( 12.5 ft) ( 12 in./ft) 

= 14.8 kip/in. 

Q Q 

(38 ksi) 
1.67 

ASD 

= I 02 kips > 1.39 kips 

The elastic stiffness of the BRB adjusted by the angle of inclination, where KF = Kac1ua1! 
Kcore = 1.28 as given in Example 5.5.1, is: 

A -( )[EAsc J,· e 1-'act - KF 
L 

sm 

(29,000 ksi)( 4.50 in.2)
= 1.28 -�- -�-�� sin 48.2° 

(l 8.8 ft) ( 12 in./ft) 

= 552 kip/in.> 14.8 kip/in. 

Point bracing requirements are met; therefore, for the beam, Lex = KLx = 12.5 ft. 

For flexural buckling about the y-y axis, the slab braces the beam continuously; therefore,
Ley 

= KL
y 

= 0 ft. 

For constrained-axis torsional buckling, the unbraced length is the distance between bottom
flange braces, i.e., Lcz = KL

2 
= 12.5 ft. 

From AISC Manual Table 1-1 and Table 6-1 a, the web is slender for compression with
F

y 
= 50 ksi. Therefore, AISC Specification Section E7 is used to determine the available

compressive strength. First, determine the governing limit state. 

Determine the critical buckling strength for flexural buckling about the x-x axis 

Lex 
( 12.5 ft )(12 in./ft) 

rx 6.68 in. 
=22.5 
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The elastic buckling stress is: 

n2E

F, � [ ;,, r 
n:2 (29,000 ksi) 

(22.5)2 

= 565 ksi 

5-509

(from Spec. Eq. E3-4) 

The value of Fer before local buckling effects are considered is determined as follows: 

50 ksi 
Fe 565 ksi 

= 0.0885 

Because 0.0885 < 2.25, use AISC Specification Equation E3-2 to determine the critical 
buckling stress. 

I F,.] Fer = 0.658.r�, F
y 

= (o.658° 0885 )(50 ksi) 

= 48.2 ksi 

(Spec. Eq. E3-2) 

Determine the critical buckling strength for constrained-axis torsional buckling 

For the limit state of constrained-axis torsional buckling, the unbraced length is 12.5 ft, and 
the top flange of the beam is considered continuously braced by the slab as described in Part 
8 of this Manual. Using Equation 8-2: 

n:2 El
y ( h; + d2) 1 

Fe = 0.9 ---'-----'-+ GJ 1-------
4( Lez )

2 /,+l
y
+0.25Ad2 

n:2 (29,000 ksi)(37.2 in.4 5.7 in.)2 +(16.3 in.)2

= 0.9 4[(12.5 ft)(l2 in./ft)]
2 

+ (11,200 ksi)(l .52 in.4)

x -----------------

659 in.4 + 37.2 in.4 + 0.25(14.7 in.2 )(16.3 in.)2

= 41.8 ksi 
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The value of Fer before local buckling effects are considered is determined as follows: 

F
y 

50 ksi 
Fe 41.8 ksi 

= 1.20 

Because 1.20 < 2.25, use AISC Specification Equation E3-2 to determine the critical buck
ling stress. 

Fa � [ 0.658 F, l F, 

= ( 0.6581 .20) ( 50 ksi)

= 30.3 ksi 

(Spec. Eq. E3-2) 

Because Fer is lower for constrained-axis torsional buckling, this limit state governs over 
major-axis flexural buckling. 

Determine the effective area, Ae , for slender elements 

To determine the effective area, Ae, use AISC Specification Section E7 .1 with the minimum 
Fer from the two preceding limit states. The effective width of the slender web is determined 
as follows: 

h = (h/tw )tw 

= 37.4(0.380 in.) 
= 14.2 in. 

From AISC Manual Table 1-1, the web slenderness, A= hltw = 37.4. From AISC Manual
Table 6-l a, Ar

= 35.9 for F
y 

= 50 ksi. From AISC Specification Section E7.l(a): 

Ar 

{F; = 35.9 50 ksi
v� 30.3 ksi 

= 46.1 > 37.4 

Therefore, he = h.

Becuse he = h, then Ae = A
g 

and Fer is the value determined previously for constrained-axis 
torsional buckling. 

Therefore, from AISC Specification Equation E3-1, the available compressive strength of 
a W16x50 is: 

LRFD ASD 

<l>cPn = 0.90(30.3 ksi)(14.7 in.2) Pn 
(30.3 ksi)(I4.7 in.2)

QC 1.67 
= 401 kips > 198 kips o.k. = 267 kips> 139 kips o.k.
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Combined Loading 

The interaction equations in AISC Specification Chapter H are used to check the combined 
loading as follows. 

LRFD ASD 

198 kips P,. 139 kips 
- -- -- -

Pc 401 kips Pc 267 kips 
= 0.494 = 0.521 

From AISC Specification Section HI, because P,.!Pe � 0.2, the beam-column design is 
controlled by the equation: 

P. 8[M M.) _r +- �+--2... < 1.0 
Pc.- 9 Mex Mey -

(Spec. Eq. Hl-la) 

Note that the maximum moment results from a load combination that does not include 
seismic effects. This moment is not concurrent with axial force in the beam because the 
axial force is from seismic effects. Therefore, the maximum moment need not be considered 
in the combined loading check. 

Determine the moment ratio. For positive moments (top flange in compression) due to 
seismic effects: 

LRFD ASD 

M,.x 87.0 kip-ft M,.x 45.1 kip-ft 
- -- - - -- -

Mex 345 kip-ft Mex 230 kip-ft 
=0.252 = 0.196 

For negative moments (bottom flange in compression) due to seismic effects: 

LRFD ASD 

M,.x 47.0 kip-ft M,.x 36.5 kip-ft 
- -

-- - -

Mex 266 kip-ft Mex 177 kip-ft 
= 0.177 =0.206 

Use the positive flexure values for interaction with AISC Specification Equation HI-l a: 

LRFD ASD 

0.494+�(0.252 + o) = o.718 8 0.521 +-(0.196+0) = 0.695
9 9 

0.718<1.0 o.k. 0.695 < 1.0 o.k.
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Available Shear Strength 

From AISC Manual Table 6-2, the available shear strength of the W16x50 is: 

LRFD ASD 

<P
v
½, = 186 kips> 27.0 kips o.k. Vn = 124 kips> 19.7 kips o.k.

Qv 

Use a W16x50 for Beam BM-1. Verify with the BRB manufacturer that the stiffness and 
overstrength factors are still valid with the final bay geometry. 

Beam Bracing Requirements 

From AISC Seismic Provisions Section F4.4a(b ), beams in V- and inverted V-braced frames 
should be braced to satisfy the requirements for moderately ductile members in Section 
D 1.2a. l .  AISC Seismic Provisions Section D l .2a. l ( c) requires that beam bracing in moder
ately ductile members have a maximum spacing of: 

Lb = 0.19r
y

E/(R
y
F

y
) 

= {o.19(1.59 in.)(29,000 ksi)/[!.1(50 ksi)]}(l ft/12 in.) 

= 13.3 ft 

(Prov. Eq. D 1-2) 

The bracing of the bottom flange at midspan of the beam (L = 12.5 ft) satisfies this require
ment. 

Beam bracing requirements are given in AISC Specification Appendix 6. The required 
strength of lateral point bracing is: 

(Spec. Eq. A-6-7) 

where 

From AISC Seismic Provisions Equation D 1-1, the required flexural strength to be used in 
AISC Specification Appendix 6 equations is: 

LRFD ASD 

Mr
= R

y
F

y
Z/a, Mr

= R
y
F

y
Z/a, 

= 1.1(50 ksi)(92.0 in.3 )/1.0 = 1.1(50 ksi)(92.0 in.3 )/1.5 

= 5,060 kip-in. = 3,370 kip-in. 

From AISC Specification Equation A-6-7, the required brace strength is: 
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LRFD ASD 

Prb =0.02MrCd/h0 Prb = 0.02Mr Cd /h0 

= 0.02(5,060 kip-in.)(1.0)/(15.7 in.) = 0.02(3,370 kip-in.)(1.0)/(15.7 in.) 

= 6.45 kips = 4.29 kips 

From AISC Specification Equations A-6-8a and A-6-8b, the required brace stiffness is: 

LRFD 

Pbr = !( lOMr Cd)
Q Lbrho 

1 10(5,060 kip-in.)(1.0) 
- -

0.75 (12.5 ft)( 12 in./ft )( 15. 7 in.) 

= 28.6 kip/in. 

ASD 

Pbr =n(
IOMrCd)

Lbrho 

=2.00 
10(3,370 kip-in.)(LO) 

(12.5 ft)(l2 in./ft)(l5.7 in.) 

= 28.6 kip/in. 

Provide top and bottom flange beam bracing with these minimum strengths and stiffnesses 
at midspan of the beam. 

Example 5.5.4. BRBF Brace-to-Beam/Column Connection 
Design 

Given: 

Refer to Figures 5-87 and 5-90. Design the brace-to-beam/column connection at Joint J-1 on 
the second level (BRB-2). The brace orientation and connection type to be used are shown 
in Figure 5-90. The schematic connection of the buckling-restrained brace is a welded type 
configuration. The Column CL-1 and the Beam BM-1 are designed in Example 5.5.2 and 
Example 5.5.3, respectively. In this example, a full-height gusset extending through the 
beam depth will be used. Stiffener plates matching the beam flange thickness plus a mini
mum of 1/16 in. will be welded to the full-height gusset plate aligned with the beam flanges. 
Use ASTM A572 Grade 50 material for the gusset plate and stiffener plates. 

From AISC Manual Table 1-1, the geometric properties are as follows: 

Column 
W10x68 
d = 10.4 in. 
bf = 10.1 in. 

Beam 
W16x50 
d = 16.3 in. 
bf = 7.07 in. 

fw = 0.470 in. 
ff 

= 0.770 in. 

fw = 0.380 in. 
ff = 0.630 in. 

kdes = 1.27 in. 
Zx = 85.3 in.3

kdes = 1.03 in. 
Zx = 92.0 in.3
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Brace core area at level 2 is Ase = 3.75 in.2 as indicated on the elevation in Figure 5-88, 

where ERB 3.75 indicates a brace with a core area of 3.75 in.2 Allow for material variability 

of 42 ksi ± 4 ksi. The brace manufacturer has provided the given overstrength and design 

factors. 

� = 1.1 w = 1.36 R
y

= 1.0

The ERB manufacturer has recommended a connection length, l, of 10 in. The ERB con

necting member is ¾ in. thick. A stiffener exists on the brace on one side of the gusset to 

stabilize the stroke region between the end of the gusset and the casing. Its contribution to 

resisting gusset buckling and block rupture will be conservatively ignored. The stiffener is 

aligned to the connection plate such that a concentric load is applied to the gusset, and its 

thickness is such that it will not control the minimum or maximum weld sizes of the BRB

to-gusset connection. 

II 

w.p.

W10x68 
column 

� column 

� BRB brace connection 
configuration varies by 
manufacturer 

PL¾" connection plate 

typ. 

� -�beam 

W16x50 beam 

Stiffener plate at 
each side of gusset 

Fig. 5-90. ERB brace to beam/column connection geometry.for Example 5.5.4. 
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Solution: 

Determine the adjusted brace strength in compression and tension 

Per AISC Seismic Provisions Section F4.6c.1, the required strength of brace connections in 
tension and compression (including the force transfer through the beam-to-column connec
tions) are to be equal to the adjusted brace strength divided by as where the adjusted brace 
strength is as defined in AISC Seismic Provisions Section F4.2a. Use Fysc max to determine 
the brace loads on the connections to account for material variability. From AISC Seismic 
Provisions Sections F4.2a and F4.5b, including the exception to not apply the Ry factor, the 
required compressive strength of the brace is: 

LRFD 

ProPysc ma x Puc= -- - -as 

1.1(1.36)( 46 ksi )( 3.75 in.2) 
1.0 

= 258 kips 

The required tensile strength of the brace is: 

LRFD 

Pu t = 
vsc max
as 

roFysc maxA
sc --

as 

1.36(46 ksi)(3.75 in.2) 
--

1.0 
= 235 kips 

Determine trial gusset plate thickness, t
p

ProPysc max Pac= -- - -a s 

as 

ASD 

1.1(1.36)(46 ksi)(3.75 in.2) 
1.5 

= 172 kips 

ASD 

Pa t = 
YSC max 
as 

- roFysc maxA
sc 

-

a, 

1.36(46 ksi)(3.75 in.2) 
--

1.5 
= 156 kips 

The beam web thickness is 0.380 in., and the column web thickness is 0.470 in. The BRB 
manufacturer has verified that a 1/s-in.-thick gusset will be acceptable for the connection. 

Try tp = 1/s in. 

Design welds connecting BRB connection plate to gusset plate 

The connection of the BRB to the gusset plate is generally designed by the BRB manufac
turer or based on the manufacturer's recommendations. The connection design supplied 
here is for illustrative purposes. 
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The BRB manufacturer has recommended a connection weld length of 10 in. Given the 
BRB connection plate thickness of¾ in. and the ¾-in.-thick gusset plate, the thickness of 
the gusset plate controls the minimum and maximum weld size. From AISC Specification

Table J2.4, the minimum required fillet weld size is ¼ in. Try 5/16-in. welds. Using 5/16-in. 
fillet welds on top and bottom of the brace connection plate and on each side of the 
gusset plate, the available strength of the brace-to-gusset fillet welds, using AISC Manual

Equations 8-2a and 8-2b, is: 

LRFD ASD 

$Rn
= (1.392 kip/in.)(4 welds)Dl Rn

= (0.928 kip/in.)(4 welds)Dl 

= (1.392 kip/in.)(4 welds) = (0.928 kip/in.)(4 welds) 
x ( 5 sixteenths) ( 10 in.) x ( 5 sixteenths) ( 10 in.) 

= 278 kips > 258 kips o.k. = 186 kips> 172 kips o.k.

The 5/16-in. fillet welds are acceptable. 

Check block shear rupture of the gusset at the brace connection 

The block shear rupture failure path is through the gusset plate thickness (¾ in.) with a 
width equal to the connection plate thickness (¾ in.). The available strength for the limit of 
block shear rupture is: 

where 

Agv = (5/s in.)(2)(10 in.) 

= 12.5 in.2 

Anv = Agv 
= 12.5 in.2 

Ant =(¾ in.)(¾ in.) 

= 0.469 in.2 

Ubs = 1.0 

and 
Rn = 0.60( 65 ksi)( 12.5 in.2) + 1.0( 65 ksi)( 0.469 in.2)

::; 0.60( 50 ksi)(12.5 in.2) + 1.0( 65 ksi )( 0.469 in.2)

= 518 kips> 405 kips 

Therefore: 

Rn
= 405 kips 
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LRFD ASD 

<j)Rn
= 0.75( 405 kips) Rn -

405 kips 
-

= 304 kips > 235 kips o.k. Q 2.00 
= 203 kips > 156 kips o.k.

Determine Whitmore section 

The minimum pullback distance, suggested by the BRB manufacturer, from the beam or 
column to allow for placement of the connection welds and erect the brace is 3 in. As 
shown in Figure 5-91, the pullback distance from the beam, c, controls. Using 3 in., the end 
of the brace will be slightly within the depth of the concrete slab, which is a total of 6¼ in. 
thick. The manufacturer has indicated that this will not interfere with the brace extension 
and contraction and that burying a portion of the BRB connecting plate within the concrete 
will not affect the brace performance. Using the gusset plate geometry shown in Figure 
5-91 and a 30° Whitmore angle, the width of the Whitmore section is as defined in AISC
Manual Figure 9-1:

� column 

w.p.

Fig. 5-91. Gusset buckling definitions. 
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lw = Wbr +2ltan0 

= ¾ in.+2(10 in.) tan30° 

= 12.3 in. 

Check gusset yielding 

BRACED FRAMES 

The available strength for the limit of tension yielding on the Whitmore section is: 

Rn
= F

y
A

g 

= (50 ksi)(51s in.)(12.3 in.) 

= 384 kips 

LRFD 

<J>Rn = 0.90(384 kips) 

= 346 kips> 235 kips o.k.

Check gusset buckling 

Rn

Q 

(Spec. Eq. J4-l )  

ASD 

384 kips 
--

1.67 
= 230 kips > 156 kips o.k.

Given the geometry of the connection, l 1 = 41/i6 in., l2 = 21/i6 in., and [3 = l ½6 in., for an 
average buckling length of [41/i6 in.+ 21/i6 in.+ (-11/16 in.)]/3 = 1.90 in. From Dowswell 
(2006), the gusset plate is compact if tp 2". t� and noncompact if tp < t�. A compact gusset 
plate has been shown to yield, not buckle; therefore, buckling would not need to be checked. 
The value oft� is: 

(50 ksi)(3 in.)3

=1.5 
(29,000 ksi)( 41/i6 in.) 

= 0.154 in.< 5/s in. 

The gusset plate is compact; therefore, gusset buckling need not be checked. 

The available strength for the limit of compression yielding on the Whitmore section is: 

R
11 

= F
y
A

g

= (50 ksi)(51s in.)(12.3 in.) 

= 384 kips 

LRFD 

<j>R11 = 0.90(384 kips) 

= 346 kips> 258 kips o.k.

ASD 

384 kips 
--

Q 1.67 
= 230 kips > 172 kips 
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Determine connection interface forces 

A free-body diagram of the full-height gusset plate is shown in Figure 5-92. 

ec = dc/2 

= ( l0.4 in.)/2 

= 5.20 in. 
eh = dh/2 

= (16.3 in.)/2 

= 8.15 in. 

le = 14 in. 

lb = 17 in. 

lp min
= le +db 
= 14 in.+ 16.3 in. 
= 30.3 in. 

<t 
column Puc = 258 kips 

/ 
Vue = 209 kips 

Hue = 15.6 kips _ -· I Ho,: 19��ps 

beam 
Vub = 27.0 kips 

(a) Brace in compression-LRFD

w.p.

<t 
column 

I Hub
= 198 kips 

·------- -- -- - <t 
beam 

laaaaa==aaaal vub = 27.0 kips 

(c) Brace in tension-LRFD

<t 
column 

Vac = 141 kips 

Hae = 10.4 kips 

Mac = 810 kip-in. 

w.p.-7�

Pac= 172 kips 

/ 

__ -j Hab = 13�
�

ps 

beam 
Vab = 19.7 kips 

(b) Brace in compression-ASD

<t 
column 

Vac = 90.6 kips

l 
Hac = 21.7� 

M� a 631 ";t-__ = __ = __ =_= __ = ___ =l
i

_H,...a_b _= _13
:

e
�:

w.p. Vab = 19.7 kips 

(d) Brace in tension-ASD

Fig. 5-92. Free-body diagram of full-height gusset. 
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Therefore, select a gusset plate length of 31 in. to also account for the weld of the stiffener 
to the gusset plate. 

Axial forces from the brace 

As determined previously, the required compressive and tensile strengths of the braces are 
as follows: 

LRFD ASD 

Puc = 258 kips Pac = 172 kips 

Put = 235 kips Pat = 156 kips 

Shear and axial forces at beam connection to gusset plate 

From Example 5.5.3 , the forces at the beam end are calculated both from the brace forces 
and from the gravity forces. 

The governing beam shear forces due to gravity are: 

LRFD 

I v,,,, � l9.7k;ps 

ASD 

From AISC Seismic Provisions Section F4 .6c. l ,  the governing beam axial forces due to 
brace forces are: 

LRFD ASD 

H 
_ PEmh 

uh-- - Hab = 
as a, 

198 kips 
-

198 kips 
--

1 .0 1.5 
= 198 kips =132kips 

Determine resulting free-body diagram reactions 

When the brace is in compression, the forces and moments on the gusset plate are shown in 
Figure 5-92 and determined as follows: 

LRFD ASD 

Hue = Hub P
uc cos0 Hae = Hab P

ac cos0 

= 198 kips-(258 kips)cos45° = 132 kips-(172 kips)cos45°

= 15.6 kips = 10.4 kips 

Vue = Puc sin 0 + Vub Vac = P
ac sin 0 + Vab 

= (258 kips)sin45° 
+ 27.0 kips = (172 kips )sin 45° 

+ 19.7 kips 

= 209 kips = 141 kips 
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LRFD 

Muc = Hue [ [; eh J + Vucee 

= (15.6 kips)(
31

2
in. 8.15 in.J

+ (209 kips)(5.20 in.)
= 1,200 kip-in. 

= 15.6 kips+------, 
31 in. 

= 170 kips 

l
p 

4(1,200 kip-in.) 
= 15.6 kips-�- - - -�1

31 in. 

= 139 kips 

ASD 

Mac = Hae [ 
l
; eb J + Vaeec 

= (10.4 kips)(
31;n. 8.15 in.J 

+ (141 kips)(5.20 in.)
= 810 kip-in. 

4Mac Na max= Hae+- l
p 

4(810 kip-in.) 
= 10.4 kips+-----, 

31 in. 
= 115 kips 

Na min= Hae l
p 

. 4(810 kip-in.) 
= 10.4 kips-�- - -�1 

31 in. 
= 94. l kips 

5-521

When the brace is in tension, the forces and moments on the gusset plate are shown in 
Figure 5-92 and determined as follows: 

LRFD 

Hue = Hub Pur cos0 
= 198 kips ( 235 kips) cos 45° 

= 31.8 kips 
½,c = Pia sin 0 -V,,b 

= ( 235 kips) sin 45° -27 .0 kips 
= 139 kips 

Muc
= Huc[

l
; ebJ+Vucec 

= (31.8 kips)(
31

2
in. -8.15 in.J

+ (139 kips)(5.20 in.)
= 957 kip-in. 

ASD 

Hae = Hab Par cos0 
= 132 kips (156 kips)cos45° 

= 21.7 kips 
Vac = Par sin 0 + Vab 

= (156 kips) sin45°-l9.7 kips 
= 90.6 kips 

Mac =Hae[[; eh J+Vacec 

= (21.7 kips)(
31

2
in. -8.15 in.J

+ (90.6 kips)(5.20 in.)
= 63 l kip-in. 
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LRFD 

Nu max = H 
4Muc 

uc+- -
l
p

4(957 kip-in.)
= 31.8 kips+ 

31 in. 
= 155 kips 

Nu min = H 
- 4Muc

UC 

l
p

= 31.8 kips-
4(957 kip-in.)

31 in. 
= 91.7 kips 

BRACED FRAMES 

ASD 

Na max = H 
4Mac 

ac+- -
l
p

Na min 

4( 631 kip-in.) 
- 21.7 kips+ 

31 in.
= 103 kips 

= H 
- 4Mac

QC 
[ 
p 

= 21.7 kips-
4 ( 631 kip-in.)

31 in. 
= 59.7 kips 

The AISC Seismic Provisions Section F4.6b requires that a connection involving a beam, a 
column and a brace be designed either as a simple connection meeting the requirements of 
AISC Specification Section B3.4a, where the required rotation is taken to be 0.025 rad, or 
that the connection is designed to resist a moment equal to the lesser of: 

1. The expected beam flexural strength multiplied by 1. 1, i.e., l .1R
y
F

y
Zla5

2. The sum of the expected column flexural strengths multiplied by 1.1, i.e., 1.1 I.(R
y
FyZ)/a5

This moment is to be considered in combination with the required strength of the brace 
connection and beam connection, including diaphragm collector forces determined using 
the overstrength seismic load. 

For this example, a simple shear connection of the beam-to-column flange will be used. 
The design of this connection is beyond the scope of this example but would follow the 
methodology used in Example 5.3.9. 

Size gusset weld at column flange 

The gusset plate to column flange weld is determined as follows, using the compression 
case, the directional strength increase of AISC Specification Equation J2-5, the 1.25 ductility 
factor discussed in AISC Manual Part 13, and AISC Manual Equations 8-2a and 8-2b: 

LRFD ASD 
The peak weld resultant force: The peak weld resultant force: 

Rµeak = )vu 
2 + Nu max 

2
Rpeak = )Vc,2 + Na ma./

= �(209 kips )2 + (170 kips )2 = �(141 kips)2+(115 kips)2 

= 269 kips = 182 kips 
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LRFD 

The average weld resultant force: 

R _ V, 2 + ( Nu max+ Nu min
J

2 

avg -
\ 

u 
l 2 

(209 kips )2 

= 
\ +[

170kips
;

l39kips
r

= 260 kips 

Because l .25Ravg 
> R

peak, use l .25Ravg 
to 

size the weld. The force angle: 

0 = tan- 1 [ N
�:

ax 
J 

= tan-I [ 
170 kips

)209 kips 
= 39.1 ° 

The directional strength increase: 

µ = 1.0 + 0.50sinl.5 0 

= 1.0 + 0.50sin 1 .5 39.1 ° 

= 1.25 

The required weld size: 

1.25Ravg 

Dreq 
= 

(1.392 kip/in.)µ2/

_ 1.25(260 kips) 
--c-----�,--,--��---,-

(1.392 kip/in.)(1.25)(2)(31 in.) 
= 3.01 sixteenths 

ASD 

The average weld resultant force: 

R _ V, 2 

+ 
( Na max + Na min

J
2 

avg -
\ 

a 
l 2 

(141 kips)2 

= 
\ +[

115 kips
:

94.1 kips 
r

= 176 kips 

Because l .25Ravg 
> R

peak, use l .25Ravg 
to 

size the weld. The force angle: 

0 = tan- 1 [ N,
�:

ax 
J 

= tan_ 1 [ 115 kips
)141 kips 

= 39.2° 

The directional strength increase: 

µ = 1.0+0.50sinl.5 0 

= 1.0 + 0.50sin1 ·5 39.2° 

= 1.25 

The required weld size: 

1.25Ravg 

Dreq 
= 

(0.928 kip/in.)µ2/

_ 1.25(176 kips) 
- -,-----�,--,--..,...,.--,----,-

( 0.928 kip/in.)( 1.25) ( 2) ( 31 in.)
= 3.06 sixteenths 

From AISC Specification Table J2.4, the minimum required fillet weld size is ¼ in. Use a 
5/i6-in. weld at the gusset-to-column interface. 
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Alternatively, AISC Manual Table 8-4 can be used with special case k = 0: 

LRFD 
The resultant force: 

R,, 
= Jvu2 + H,,2 

= �(209 kips)2 +(15.6 kips)2 

= 210 kips 

The force angle: 

0 = tan - I ( �: J

= tan -I 

(15.6 kips) 
209 kips 

= 4.27° 

Therefore, use AISC Manual Table 8-4 
with 0 = 0°. 

The effective eccentricity of the shear 
force: 

e= 
Vu 

_ 1,200 kip-in. 
209 kips 

= 5.74 in. 

al= 5.74 in. 
5.74 in. a =---31 in. 

= 0.185 

Interpolating from Table 8-4: 

C = 3.56 

The required weld size: 

D -� 
req - <j>CCi/ 

_ 1.25(210 kips) 
-

- - - - - - - --

0.75(3.56)(1.00)(31 in.) 
= 3.17 sixteenths 

ASD 
The resultant force: 

Ra =JV}+H} 

= �(141 kips )2 + (10.4 kips )2

= 141 kips 

The force angle: 

0 = tan - 1 ( �= J
= tan -I (10.4 kips) 

141 kips 
= 4.22° 

Therefore, use AISC Manual Table 8-4 
with 0 = 0°. 

The effective eccentricity of the shear 
force: 

e= 
Va 

_ 8 lO kip-in. 
141 kips 

= 5.74 in. 

al= 5.74 in. 
5.74 in. a =---31 in. 

= 0.185 

Interpolating from Table 8-4: 

C = 3.56 

The required weld size: 

D - QRa

req - CC1l 
_ 1.25(2.00)(141 kips) 

3.56(1.00)(31 in.) 
= 3.19 sixteenths 
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Check gusset plate for shear and axial yielding at column flange 

The available shear yielding strength of the gusset plate is determined from AISC
Specification Equation 14-3, and the available tensile yielding strength is determined from
AISC Specification Equation 14-1 as follows: 

V,1 = 0.60FyAgv
= 0.60(50 ksi)(¾ in.)(31 in.)
=58l kips

Pn = FyAgv
= (50 ksi)(¾ in.)(31 in.)
= 969 kips

LRFD 

<l>Vn = 1.00(581 kips)
= 581 kips> 209 kips

<l>Pn =0.90(969 kips)
= 872 kips > 170 kips

Use a 5/s-in.-thick gusset plate.

o.k.

o.k.

V,, =(581 kips
)

Q 1.50 

ASD 

= 387 kips> 141 kips
P,1 = [ 

969 kips
)

Q 1.67 
= 580 kips> 115 kips

Check column web local yielding when the brace is in compression 

(Spec. Eq. 14-3)

(Spec. Eq. 14-1)

o.k.

o.k.

The column is continuous above and below the gusset for a distance greater than the depth
of the column. From AISC Manual Equations 4-2a and 4-2b in conjunction with AISC
Manual Table 4-1, the web local yielding strength of the column is: 

LRFD ASD

<!>Rn = Pwo + Pw;lp 

Rn -=Pwo+Pw;lp Q 
= 149 kips+(23.5 kip/in.)(31 in.) = 99.5 kips+ (15.7 kip/in.)(31 in.)
= 878 kips > 170 kips o.k. = 586 kips> 115 kips o.k.

Check column web local crippling when the brace is in compression 

The column is continuous above and below the gusset for a distance greater than half the
depth of the column. The available web local crippling strength of the column is determined
as follows: 
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=0.80(0.470inf 1+3( 3lin. )(0.470in.J
l .5 

l10.4 in. l 0.770 in. 

(29,000 ksi)(50 ksi)(0.770 in.) 
( )X - - - - - - - - - -- 1.0 

0.470 in. 
= 1,430 kips 

LRFD 

<!>Rn = 0.75(1,430 kips ) Rn 1,430 kips 
2.00 

ASD 

= 1,070 kips > 170 kips o.k. = 715 kips> 115 kips 

The final c onnection design and ge omet ry are shown in Figure 5-93. 

� column

BRACED FRAMES 

(Spec. Eq. JI0-4) 

o.k.

II 
-': 

PL%" (A572 Gr. 50) 
gusset plate 

w.p.

W10x68 
column 

'--',-;-+->--< Typ. @ N&FS Stiffeners 

PL¾" (A572 Gr. 50) 
stiffener plate at 
each side of gusset 

Fig. 5-93. Connection designed in Example 5.5.4. 
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5.6 CONNECTION DESIGN 

Braced frame design often includes the design of gusset plates connecting braces to beams 

and columns. The design of gusset plates involves consideration of multiple limit states 

regardless of the type of loading. AISC Seismic Provisions Sections F2.6b, F3.6b and F4.6b 

require that the effects of the inelastic seismic drift be considered for SCBF, EBF and BRBF 

systems, respectively. Additionally, gusset plates in SCBF are required to accommodate 

brace buckling. These considerations are illustrated in Examples 5.3.7 through 5.3.11. 

Design of bracing connections is addressed in AISC Design Guide 29 (Muir and 

Thornton, 2014). Additional guidance on stability design of gusset plates can be found 

in Dowswell (2006) and Dowswell (2012). Local forces at brace connections to beams in 

V -braced and inverted V-braced frames ( the so-called "chevron effect") are addressed in 

Fortney and Thornton (2015). These forces are addressed in Example 5.3.4 for the SCBF 

beam design and in Examples 5.3.7 and 5.3.8 for the SCBF brace-to-beam connection 

design. These forces are applicable to all systems. 
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6-2 COMPOSITE MOMENT FRAMES 

6.1 SCOPE 

The foJlowing types of composite moment frames are addressed in this Part: composite 

ordinary moment frames (C-OMF), composite intermediate moment frames (C-IMF), 

composite special moment frames (C-SMF), and composite partially restrained moment 

frames (C-PRMF). The AISC Seismic Provisions and other design considerations summa

rized in this Part apply to the design of the members and connections in composite moment 

frames that require seismic detailing. AISC Seismic Provisions Sections Al  and B2 state 

that systems with reinforced concrete elements that must be designed according to ACI 318 

should be designed only by the load and resistance factor design (LRFD) method because 

ACI 318 does not address allowable strength design (ASD). 

6.2 COMPOSITE ORDINARY MOMENT 
FRAMES (C-OMF) 

Composite ordinary moment frame (C-OMF) systems consist of: (i) composite or reinforced 

concrete columns; (ii) structural steel, concrete-encased composite, or composite beams; 

and (iii) fully restrained connections. C-OMF systems are designed and detailed according 

to AISC Seismic Provisions Section G 1. They are expected to provide minimal inelastic 

deformation capacity in their members and connections. 

ASCE/SEI 7 permits the use of C-OMF systems in Seismic Design Categories A and B 

only, as is the case for ordinary reinforced concrete moment frames. The use of C-OMF 

systems is limited because they can potentially involve the use of reinforced concrete 

columns or beams that are not designed or detailed to meet the seismic requirements of ACI 

318 Chapter 18. 

C-OMF systems are limited to Seismic Design Categories A and B, as they are expected

to withstand only limited inelastic behavior of the composite beams, columns and panel 

zones. As a result, there are no requirements for: (i) structural analysis; (ii) system configu

ration; and (iii) designing steel or composite members other than those given in the AISC 

Specification and the applicable building code. There are no additional requirements for 

designing reinforced concrete members besides those provided in ACI 3 I 8, excluding 

Chapter 18. 

Overview of Applicable Design Provisions 

An overview of the applicable provisions of the AISC Seismic Provisions for the design 

of C-OMF systems follows and is presented in a simplified format in Table 6-1. All 

requirements of the AISC Specification apply, unless stated otherwise in the AISC Seismic 

Provisions. 
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Note 1. The concrete and steel reinforcement is selected to satisfy the requirements of 

AISC Seismic Provisions Section A3.5. For C-OMF systems, there are no welds 

designated as demand critical welds. 

Note 2. The structural design drawings and specifications for C-OMF systems are to meet 

the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be 

followed as indicated in AISC Seismic Provisions Section B2. C-OMF systems 

including reinforced concrete components are to be designed using load and 

resistance factor design (LRFD) because allowable strength design (ASD) is not 

addressed in ACI 318. 

Note 4. The required strength and available strength for structural members and connec

tions are determined according to AISC Seismic Provisions Section B3. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, and 

steel beams with composite slabs are provided in the Commentary to the AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. Columns of C-OMF systems are designed in accordance with AISC Specification 

or ACI 318 (excluding Chapter 18). 

Note 7. Beams of C-OMF systems are designed in accordance with the AISC Specification. 

Note 8. The beam-to-column connections are designed in accordance with the AISC Speci

fication and AISC Seismic Provisions Section D2.7. 

Note 9. Column splices are designed in accordance with the AISC Specification or ACI 

318 ( excluding Chapter 18). 

Note 10. Column bases are designed in accordance with the AISC Specification or ACI 318 

(excluding Chapter 18). 

Note 11. Steel headed stud anchors and welded reinforcing bar anchors are designed in 

accordance with the AISC Specification or ACI 318 ( excluding Chapter 18). 
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Table 6-1 

Simplified Overview of 
Provisions for C-OMF Systems 

Note in 
Item Referenced Standards" 

Overview 

1 Materials Seismic Prov. Sect. A3.5 

2 Structural design drawings and specifications Seismic Prov. Sect. A4 

3 Loads and load combinations Seismic Prov. Sect. 82 

4 
Required strength and available strength for structural members 

Seismic Prov. Sect. 83 
and connections 

Seismic Prov. Ch. C 

5 
Structural analysis Seismic Prov. Ch. C. See 

Elastic stiffness of concrete/composite members Seismic Prov. Commentary 

for discussion. 

6 Column members ACI 318 (excl. Ch. 18) 

7 Beam members -

8 Beam-to-column connections Seismic Prov. Sect. 02. 7 

9 Column splices ACI 318 (excl. Ch. 18) 

10 Column bases ACI 318 (excl. Ch. 18) 

11 Steel headed stud anchors or welded reinforcing bar anchors ACI 318 (excl. Ch. 18) 

a The referenced standards listed are in addition to the AISC Specification. 

6.3 COMPOSITE INTERMEDIATE MOMENT 

FRAMES (C-IMF) 

Composite intermediate moment frame (C-IMF) systems consist of: (i) composite or rein

forced concrete columns; (ii) structural steel, concrete-encased composite, or composite 

beams; and (iii) fully restrained connections. C-IMF systems are designed and detailed 

according to AISC Seismic Provisions Section G2. ASCE/SEI 7 limits the use of C-IMF 

systems to Seismic Design Categories A, B and C. The provisions for C-IMF systems as 

well as the associated R and Cd values in ASCE/SEI 7 are comparable to those required for 

reinforced concrete IMF systems. 

C-IMF systems are expected to provide limited inelastic deformation capacity through

flexural yielding of the C-IMF beams and columns and shear yielding of the column panel 

zones. The C-IMF system connection must satisfy the qualification or prequalification 

criteria by accommodating a story drift angle of 0.02 rad. 
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Overview of Applicable Design Provisions 

An overview of the applicable provisions of the AISC Seismic Provisions for the design of 

C-IMF systems follows and is presented in a simplified format in Table 6-2. All requirements

of the AISC Specification apply, unless stated otherwise in the AISC Seismic Provisions.

Note 1. The structural steel material used for C-IMF systems is limited by the requirement 

of AISC Seismic Provisions Section A3.1 that states the specified minimum yield 

stress of the steel for members in which inelastic behavior is expected is not to 

exceed 50 ksi. This specified minimum yield stress can be exceeded when the suit

ability of the material is determined by testing or other rational criteria. Expected 

material strength is discussed in AISC Seismic Provisions Section A3.2, and values 

of R
y 

and R, required to calculate the expected yield and tensile strength of steel are 

provided in AISC Seismic Provisions Table A3.1. The concrete and steel reinforce

ment is selected to satisfy the requirements of AISC Seismic Provisions Section 

A3.5. The weld filler metal used in the members and connections of seismic force

resisting systems is selected to meet the requirements of AISC Seismic Provisions 

Section A3.4a. For C-IMF systems, there are no system-specific requirements 

beyond what is required in AISC Seismic Provisions Section E2.6a and what is 

required in ANSI/AISC 358. 

Note 2. The structural design drawings and specifications for C-IMF systems are to meet 

the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to 

be followed as indicated in AISC Seismic Provisions Section B2. C-IMF systems 

including reinforced concrete components are to be designed using load and 

resistance factor design (LRFD) because allowable strength design (ASD) is not 

addressed in ACI 318. 

Note 4. The general provisions for the required strength and available strength for 

structural members and connections are determined according to AISC Seismic 

Provisions Section B3. The required strength of columns is determined according 

to AISC Seismic Provisions Section D 1.4a. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, 

and steel beams with composite slabs are provided in the Commentary to AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. As stipulated in AISC Seismic Provisions Section G2.5a, steel columns and the 

structural steel element of composite columns of C-IMF systems are required to 

meet the moderately ductile member requirements of AISC Seismic Provisions 

Section Dl .1. 
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(a) Encased composite columns must satisfy the requirements of AISC Seismic

Provisions Section D l .4b. l .  The width-to-thickness ratios of steel compres

sion elements must not exceed the limiting width-to-thickness ratios, Amd,

from AISC Seismic Provisions Table D 1.1.

(b) Filled composite columns must satisfy the requirements of AISC Seismic

Provisions Section DI .4c. The width-to-thickness ratios of steel compression

elements must not exceed the limiting width-to-thickness ratios, Amd, from

AISC Seismic Provisions Table D 1.1.

( c) Concrete columns must satisfy the requirements of ACI 318 Section 18.4.

Note 7. As stipulated in AISC Seismic Provisions Section G2.5, steel beams and the 

structural steel element of composite beams of C-IMF systems are required to 

meet the moderately ductile member requirements of AISC Seismic Provisions

Section D 1.1. 

(a) The width-to-thickness ratios of steel compression elements are not to exceed

the limiting width-to-thickness ratios, Amd, from AISC Seismic Provisions

Table D l .1.

(b) The lateral bracing for beams is to be designed according to the requirements

of AISC Seismic Provisions Section Dl.2a.

(c) Special bracing at plastic hinge locations required by AISC Seismic Pro

visions Section G2.4a must meet the requirements of AISC Seismic Provisions

Section D 1.2c.

Note 8. Beam-to-column connections are to be designed according to AISC Seismic Pro

visions Sections D2 and G2.6. 

(a) The performance requirements for beam-to-column connections are given in

AISC Seismic Provisions Section G2.6b.

(b) The methodology for conformance demonstration is given in AISC Seismic

Provisions Section G2.6c.

( c) The required shear strength for connections is based on AISC Seismic

Provisions Section G2.6d.

Note 9. Connection diaphragm plates and continuity plates are designed according to the 

requirements of AISC Seismic Provisions Section G2.6e. 

Note 10. Column splices for structural steel columns and the structural steel element of 

composite columns are to be designed according to the requirements of AISC 

Seismic Provisions Sections D2.5 and G2.6f. 

Note 11. Column bases for structural steel columns and the structural steel element of 

composite columns are to satisfy the requirements of AISC Seismic Provisions

Section D2.6. 

Note 12. Steel headed stud anchors or welded reinforcing bar anchors are to be designed to 

meet the requirements of AISC Seismic Provisions Section D2.8. 

Note 13. Composite slab diaphragms are to satisfy the requirements of AISC Seismic

Provisions Section Dl.5. 
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Table 6-2 

Simplified Overview of 
Provisions for C-IMF Systems 

Note in 
Item Referenced Standards" 

Overview 

1 Materials 
Seismic Prov. Sects. A3.1, A3.2, A3.4a 
&A3.5 

2 Structural design drawings and specifications Seismic Prov. Sect. A4 

3 Loads and load combinations Seismic Prov. Sect. B2 

4 
Required strength and available strength for structural 

Seismic Prov. Sects. B3 & 01 .4a 
members and connections 

Seismic Prov. Ch. C 

5 
Structural analysis Seismic Prov. Ch. C. See 
Elastic stiffness of concrete/composite members Seismic Prov. Commentary 

for discussion. 

6 Column members Seismic Prov. Sects. 01 .1 & G2.5a 

6(a) Encased composite columns 
Seismic Prov. Sect. 01 .4b.1 & Table 
01.1 

6(b) Filled composite columns 
Seismic Prov. Sect. 01 .4c & Table 
01.1 

6(c) Reinforced concrete columns ACI 318 Sect. 18.4 

7 Beam members Seismic Prov. Sects. 01 .1 & G2.5 

7(a) Limiting width-to-thickness ratios Seismic Prov. Table 01 .1 

7(b) Lateral bracing of beam members Seismic Prov. Sect. 01 .2a 

7(c) Lateral bracing at plastic hinge locations Seismic Prov. Sects. 01 .2c & G2.4a 

8 Beam-to-column connections Seismic Prov. Sects. 02 & G2.6 

8(a) Beam-to-column connection performance requirements Seismic Prov. Sect. G2.6b 

8(b) Beam-to-column conformance demonstration Seismic Prov. Sect. G2.6c 

8(c) Beam-to-column required shear strength Seismic Prov. Sect. G2.6d 

9 Connection diaphragm plates and continuity plates Seismic Prov. Sect. G2.6e 

10 Column splices Seismic Prov. Sects. 02.5 & G2.6f 

11 Column bases Seismic Prov. Sect. 02.6 

12 
Steel headed stud anchors or welded reinforcing bar Seismic Prov. Sect. 02.8 
anchors 

13 Composite slab diaphragms Seismic Prov. Sect. 01 .5 

a The referenced standards listed are in addition to the AISC Specification. 
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6.4 COMPOSITE SPECIAL MOMENT FRAMES (C-SMF) 

Composite special moment frame (C-SMF) systems consist of: (i) composite or reinforced 

concrete columns; (ii) structural steel, concrete-encased composite, or composite beams; 

and (iii) fully restrained connections. C-SMF systems are designed and detailed according to 

AISC Seismic Provisions Section 03. ASCE/SEI 7 permits C-SMF systems in any seismic 

design category, but they are primarily intended for use in Seismic Design Categories D, E 

and F. Design and detailing provisions for C-SMF systems are comparable to those required 

for steel and reinforced concrete SMF systems. 

C-SMF systems are generally expected to experience significant inelastic deformations

during a large seismic event. It is expected that most of the inelastic deformation will take 

place as rotation in beam "hinges" with limited inelastic deformation in the panel zone of 

the column. The beam-to-column connections for these systems are required to be qualified 

based on tests that demonstrate that the connection can sustain a story drift angle of at least 

0.04 rad based on the loading protocol specified in AISC Seismic Provisions Chapter K.

Other provisions are intended to limit or prevent excessive panel zone distortion, failure 

of connectivity plates or diaphragms, column hinging, and local buckling that may lead to 

inadequate system performance in spite of good connection performance. 

Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions for the design of C-SMF systems follows and 

is presented in a simplified format in Table 6-3. All requirements of the AISC Specification 

apply, unless stated otherwise in the AISC Seismic Provisions. 

Note I. The structural steel material used for the C-SMF systems is limited by the re

quirements of AISC Seismic Provisions Section A3. I with the exception that the 

specified minimum yield stress of the steel for members in which inelastic behavior 

is expected is not to exceed 50 ksi. This specified minimum yield stress can be 

exceeded when the suitability of the material is determined by testing or other 

rational criteria. For columns in C-SMF systems, the specified minimum yield 

stress is not to exceed 70 ksi. Expected material strength is discussed in AISC 

Seismic Provisions Section A3.2, and values of R
y 

and Rr required to calculate 

the expected yield and tensile strength of steel are provided in AISC Seismic 

Provisions Table A3. l .  The concrete and steel reinforcement is selected to meet 

the requirements of AISC Seismic Provisions Section A3.5. The weld filler metal 

used in the members and connections of seismic force-resisting systems is selected 

to meet the requirements of AISC Seismic Provisions Section A3.4a. Filler metals 

used in welds designated as demand critical welds in AISC Seismic Provisions 

Section 03.6a are expected to meet the requirements of AISC Seismic Provisions 

Section A3.4b. 

Note 2. The structural design drawings and specifications for C-SMF systems are to meet 

the requirements of AISC Seismic Provisions Section A4. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



6.4 COMPOSITE SPECIAL MOMENT FRAMES (C-SMF) 6-9

Note 3. Loads and load combinations as defined by the applicable building code are 

to be followed as indicated in AISC Seismic Provisions Section B2. C-SMF 

systems including reinforced concrete components must be designed using load 
and resistance factor design (LRFD) because allowable strength design (ASD) is 

not addressed in ACI 318. 

Note 4. The required strength and available strength for structural members and con

nections are determined according to AISC Seismic Provisions Section B3. The 

required strength of columns is determined according to AISC Seismic Provisions

Section D 1.4a. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C. 

For elastic analysis, the stiffness of composite members includes the effects of 
cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, 

and steel beams with composite slabs are provided in the Commentary to AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. As stipulated in AISC Seismic Provisions Section G3.5a, composite columns of 

C-SMF systems are required to meet the highly ductile member requirements

of AISC Seismic Provisions Section D 1.1.

(a) Encased composite columns must satisfy the requirements of AISC Seismic

Provisions Section Dl.4b.2. The width-to-thickness ratios of steel compres

sion elements must not exceed the limiting width-to-thickness ratios, "-hd,

from AISC Seismic Provisions Table D 1.1.

(b) Filled composite columns must satisfy the requirements of AISC Seismic

Provisions Section DI .4c. The width-to-thickness ratios of steel compression

elements must not exceed the limiting width-to-thickness ratios, "-hd, from

AISC Seismic Provisions Table D 1.1.

(c) Concrete columns must satisfy the requirements of ACI 318 Section 18.7.

Note 7. As stipulated in AISC Seismic Provisions Section G3.5a, beams of C-SMF 

systems are required to meet the highly ductile member requirements of AISC 

Seismic Provisions Section D 1.1. 

(a) The width-to-thickness ratios of steel compression elements must not exceed

the limiting width-to-thickness ratios, "-hd, from AISC Seismic Provisions

Table Dl.1.

(b) The lateral bracing for beams is designed according to the requirements of

AISC Seismic Provisions Sections Dl.2b and G3.4b.

(c) Special bracing at plastic hinge locations required by AISC Seismic Pro

visions Section G3.4b must meet the requirements of AISC Seismic Provisions

Section D 1.2c.
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Note 8. Columns and beams of C-SMF systems are proportioned to meet the strong

column weak-beam requirements of AISC Seismic Provisions Section G3.4a. 

Note 9. Beam-to-column connections are designed according to AISC Seismic Provisions

Sections D2 and G3.6. 

(a) Welds designated as demand critical are stipulated in AISC Seismic Provisions

Section G3.6a.

(b) The performance requirements for beam-to-column connections are given in

AISC Seismic Provisions Section G3.6b.

( c) The methodology for conformance demonstration is based on AISC Seismic

Provisions Section G3.6c.

(d) The required shear strength for connections is based on AISC Seismic

Provisions Section G3.6d.

Note 10. Connection diaphragm plates and continuity plates are designed according to the 

requirements of AISC Seismic Provisions Section G3.6e. 

Note 11. Column splices are designed according to the requirements of AISC Seismic

Provisions Sections D2.5, G2.6f, G3.6a and G3.6f. 

Note 12. Column bases are to satisfy the requirements of AISC Seismic Provisions Sections 

D2.6 and G3.6a. 

Note 13. Steel headed stud anchors or welded reinforcing bar anchors are designed to meet 

the requirements of AISC Seismic Provisions Section D2.8. 

Note 14. Composite slab diaphragms are to satisfy the requirements of AISC Seismic

Provisions Section DI .5. 
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Table 6-3 

Simplified Overview of 
Provisions for C-SMF Systems 

Note in 
Item Referenced Standards" 

Overview 

1 Materials Seismic Prov. Sects. A3.1, A3.2, A3.4a & A3.5 

2 Structural design drawings and specifications Seismic Prov. Sect. A4 

3 Loads and load combinations Seismic Prov. Sect. B2 

4 
Required strength and available strength for structural 

Seismic Prov. Sects. B3 & 01 .4a 
members and connections 

Seismic Prov. Ch. C 

5 
Structural analysis Seismic Prov. Ch. C. See 
Elastic stiffness of concrete/composite members Seismic Prov. Commentary 

for discussion. 

6 Column members Seismic Prov. Sects. 01 .1 & G3.5a 

6(a) Encased composite columns Seismic Prov. Sect. 01 .4b.2 & Table 01 .1 

6(b) Filled composite columns Seismic Prov. Sect. 01 .4c & Table 01 .1 

6(c) Reinforced concrete columns ACI 318 Sect. 18.7 

7 Beam members Seismic Prov. Sects. 01 .1 & G3.5a 

7(a) Width-to-thickness ratios of highly ductile members Seismic Prov. Table 01 .1 

7(b) Lateral bracing of highly ductile beam members Seismic Prov. Sects. 01 .2b & G3.4b 

7(c) Lateral bracing at plastic hinge locations Seismic Prov. Sects. 01 .2c & G3.4b 

8 Proportioning of columns and beams at joints Seismic Prov. Sect. G3.4a 

9 Beam-to-column connections Seismic Prov. Sects. 02 & G3.6 

9(a) Demand critical welds Seismic Prov. Sect. G3.6a 

9(b) Beam-to-column connection performance requirements Seismic Prov. Sect. G3.6b 

9(c) Beam-to-column conformance demonstration Seismic Prov. Sect. G3.6c 

9(d) Beam-to-column required shear strength Seismic Prov. Sect. G3.6d 

10 Connection diaphragm plates and continuity plates Seismic Prov. Sects. G2.6e & G3.6e 

11 Column splices 
Seismic Prov. Sects. 02.5, G2.6f, G3.6a &
G3.6f 

12 Column bases Seismic Prov. Sects. 02.6 & G3.6a 

13 
Steel headed stud anchors or welded reinforcing bar 

Seismic Prov. Sect. 02.8 
anchors 

14 Composite slab diaphragms Seismic Prov. Sect. 01 .5 

a The referenced standards listed are in addition to the AISC Specification. 
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6.5 COMPOSITE PARTIALLY RESTRAINED 

MOMENT FRAMES (C-PRMF) 

Composite partially restrained moment frame (C-PRMF) systems consist of structural steel 

columns and composite beams that are connected with partially restrained moment connec

tions. C-PRMF systems are designed and detailed according to AISC Seismic Provisions 

Section G4. 

C-PRMF systems resist lateral forces and displacements through the flexural and shear

strengths of the beams and columns similar to other moment frame systems. The primary 

difference between C-PRMF systems and the other moment frame systems is that the beam

to-column connections in C-PRMF are not designed for the full flexural strength of the 

beam. Consequently, plastic hinging is forced to occur in the partially restrained composite 

connections (PRCC) rather than the beam ends and column panel zone. The beams and 

columns in a properly designed C-PRMF will typically remain elastic with low ductility 

demands with the exception of expected hinging at the base of the columns. 

The design of a C-PRMF is different from the design of a more traditional steel moment 

frame in three important ways. First, PRCC are not designed to be stronger than the beams 

they are connecting. Consequently, the lateral system typically will hinge within the connec

tions and not within the associated beams or columns. Second, because the connections are 

neither pinned nor fixed, their stiffness must be accounted for in the frame analysis. Third, 

because the connections are weaker than fully restrained moment connections, the lateral 

force-resisting system requires more frames with more connections, resulting in a highly 

redundant system. 

The work that forms the basis of many of the recommendations for the C-PRMF has 

been summarized in Partially Restrained Composite Connections, Design Guide 8 (Leon 

et al., 1996) and ASCE (1998). The type of C-PRMF system envisioned under the current 

AISC Seismic Provisions is one using bare steel W-shape columns and composite steel 

beam framing. Most research addressing C-PRMF systems has investigated systems with a 

reinforced composite slab, a double-angle bolted web connection, and a bolted seat angle 

as depicted in Figure 6-1. 

The C-PRMF system is expected to experience significant inelastic behavior during a 

seismic event, and the PRCC must be capable of providing stable moment-rotation behavior 

up to 0.02 rad. The PRCC must also exhibit a moment strength of at least 50% of the 

nominal flexural strength of the steel beam at a connection rotation of 0.02 rad. The AISC 

Seismic Provisions do not provide an upper bound on the characteristic connection moment 

strength; however, 100% of the nominal plastic flexural strength of the bare steel beam is 

recommended. 

The design concept of "strong column-weak beam" is not specifically required by the 

AISC Seismic Provisions for C-PRMF systems; however, it is recommended for C-PRMF 

systems in Seismic Provisions Commentary Section G4.4. Similar to the special moment 

frame, this provision is not intended to eliminate all yielding in the columns. Rather, it 

is intended to result in framing systems that have distributed inelasticity in large seismic 

events and discourage story mechanisms. 
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Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions requirements for the design of C-PRMF 

systems follows and is presented graphically in Figure 6-1 and in a simplified format in 

Table 6-4. All requirements of the AISC Specification apply, unless stated otherwise in the 

AISC Seismic Provisions. 

Note 1. The structural steel material used for the C-PRMF systems is limited by the require

ment of AISC Seismic Provisions Section A3. l that states the specified minimum 

yield stress of the steel for members in which inelastic behavior is expected is 

not to exceed 50 ksi. This specified minimum yield stress can be exceeded when 

the suitability of the material is determined by testing or other rational criteria. 

Expected material strength is discussed in AISC Seismic Provisions Section 

A3.2, and values of R
y 

and R1 required to calculate the expected yield and ten

sile strength of steel are provided in AISC Seismic Provisions Table A3. l .  The 

concrete and steel reinforcement is selected to meet the requirements of AISC 

Seismic Provisions Section A3.5. The weld filler metal used in the members and 

connections of seismic force-resisting systems is selected to meet the require

ments of AISC Seismic Provisions Section A3.4a. Welds designated as demand 

critical welds in AISC Seismic Provisions Section G4.6a are expected to meet the 

requirements of AISC Seismic Provisions Section A3.4b. 

A,C 

Fig. 6-1. Notes key for Table 6-4 for C-PRMF systems. 
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Note 2. The structural design drawings and specifications for C-PRMF systems are to 

meet the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be 

followed as indicated in AISC Seismic Provisions Section B2. 

Note 4. The required strength and available strengths for structural members and con

nections are determined according to AISC Seismic Provisions Section B3. The 

required strength of columns is determined according to AISC Seismic Provisions

Section Dl .4a. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C and 

Section 04.3. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of steel beams 

with composite slabs are provided in the Commentary to AISC Seismic Provisions

Chapter C. These composite member properties reflect the effective stiffness at 

the onset of significant yielding in the members. 

Note 6. As stipulated in AISC Seismic Provisions Section 04.5a, columns of C-PRMF 

systems are required to meet the moderately ductile member requirements of 

AISC Seismic Provisions Section D 1.1. 

Note 7. As stipulated in AISC Seismic Provisions Section 04.5b, beams of C-PRMF 

systems are required to meet the moderately ductile member requirements of 

AISC Seismic Provisions Section D 1.1. 

(a) The width-to-thickness ratios of steel compression elements must not exceed

the limiting width-to-thickness ratios, "-md, from AISC Seismic Provisions

Table D l.l.

(b) The lateral bracing for beams is designed according to the requirements of

AISC Seismic Provisions Section D 1.2a.

(c) A solid slab is to be provided as stipulated in AISC Seismic Provisions

Section 04.5b.

Note 8. Beam-to-column connections are designed according to AISC Seismic Provisions

Sections D2 and 04.6. Specifically, steel reinforcement must be designed to 

satisfy the requirements of AISC Seismic Provisions Section D2.7(e). 

Note 9. Column splices are to satisfy the requirements of AISC Seismic Provisions

Sections D2.5, 02.6f, 04.6a(a) and 04.6e. 

Note 10. Column bases are to satisfy the requirements of AISC Seismic Provisions Section 

D2.6. 

Note 1 1. Steel headed stud anchors are to satisfy the requirements of AISC Seismic

Provisions Section D2.8. 

Note 12. Composite slab diaphragms are to satisfy the requirements of AISC Seismic

Provisions Section Dl.5. 
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Table 6-4 

Notes to Figure 6-1: 
C-PRMF Systems

Note in Note in AISC Seismic

Fig. 6-1 Overview Item Provisions Reference• 

- 1 Materials 
Sects. A3.1, A3.2, A3.4a 
&A3.5 

- 2 Structural design drawings and specifications Sect. A4 

- 3 Loads and load combinations Sect. B2 

- 4 
Required strength and available strength for structural 

Sects. B3 & 01 .4a 
members and connections 

A 5 
Structural analysis Chapter C, Sect. G4.3 
Composite member stiffness Comm. to Ch. C 

B 6 Column members Sects. 01.1 & G4.5a 

C 7 Beam members Sects. 01.1 & G4.5b 

- 7(a) Width-to-thickness ratios of moderately ductile members Table 01.1 

G 7(b) Lateral bracing of moderately ductile beam members Sect. 01 .2a 

0 7(c) Solid slab zone Sect. G4.5b 

F, I, J 8 
Beam-to-column connections (including composite 

Sects. 02 & G4.6 
partially restrained connections) 

B 9 Column splices 
Sects. 02.5, G2.6f, 
G4.6a(a) & G4.6e 

B 10 Column bases Sect. 02.6 

E 11 Steel headed stud anchors Sect. 02.8 

H 12 Composite slab diaphragm Sect. 01 .5 

a The referenced standards listed are in addition to the AISC Specification. 

6.6 CONNECTION DESIGN 

Unlike steel moment-resisting frames, there currently are no prequalified connections avail

able for use in composite moment-resisting frames. Therefore, the following summarizes 

the results of testing and evaluation of selected types of connections for composite moment

resisting frames. The discussion focuses on reinforced concrete column-to-steel beam con

nections (RCS), round filled composite column-to-steel beam connections, and rectangular 

filled composite column-to-steel beam connections. 
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6-16 COMPOSITE MOMENT FRAMES 

Reinforced Concrete Column-to-Steel 

Beam Connections 

During the 1980s and 1990s, more than 400 RCS connections were tested in Japan and 36 

in the United States (Deierlein and Noguchi, 2004). Through the U.S.-Japan Cooperative 

Research Program, 56 more connection subassemblies were tested to fill knowledge gaps 

for certain connection configurations and force-transfer mechanisms (U.S.-Japan, 1983). 

Examples of the wide variety of RCS connection details tested in Japan and the U.S. are 

shown in Figures 6-2a and 6-2b, which are taken from Deierlein and Noguchi (2004). 

Long. Reinf. 

Long. Reinf. 

Long. Reinf. 

� -- Hoops 
Face Bearing Plates (FBP) 

(2) Face Bearing Plate Type

Long. Reinf. 

Ill Hoops � --Hoops 
Steel Beam L FBP Band Plates Stiffeners 

(3) Extended Face Bearing Plate Type (4) Steel Band Type

Hoops 
Steel Beam Confinement Plates 

(5) Cross Anchoring Plate Type

Hoops 
Steel Beam FBP 

(6) Headed Stud Type 

Fig. 6-2a. Example details 1 through 6 of reinforced concrete column-to-steel 

beam connections tested in the U.S. and Japan (from Deierlein and Noguchi, 2004). 

Reprinted with permission from ASCE. 
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In Figures 6-2a and 6-2b, details 1 through 7 are through-beam-type connections where 

the beam is continuous through the joint. By not interrupting (splicing) the beam at the point 

of maximum moment at the column face, the through-beam details provide the ductility that 

is generally desirable in conventional steel construction. Details 8 through 11 are through

column-type connections where the beam flanges are interrupted to minimize the impact 

on the column reinforcing bar arrangement and to facilitate concrete placement in the joint. 

Detail 12 is an example of a detail that encases the ends of the steel beam in reinforced 

concrete using steel reinforced concrete (SRC) concepts to make the connection and move 

the beam plastic hinge away from the face of the column. 

olumn Long. Reinf. 

Steel Beam 

(7) Bearing Steel Column Type

Long. Reinf.------- Inner Diaphragm 

Steel Beam Cover Plates 

(9) Inner Diaphragm Type

Long. Reinf. 

Steel Beam End Plate 
(11) PC Bolt Type

PC Bolts 

FBP 
(8) Transverse Stiffener Type

ong. Reinf. 

Outer Diaphragm 
steel Beam Cover Plates 

(10) Outer Diaphragm Type

Long. Reinf. 

steel Beam Partial SRC Beam 
(12) Partial SRC Beam Type

Fig. 6-2b. Example details 7 through I 2 of reinforced concrete column-to-steel 

beam connections tested in the U.S. and Japan (from Deierlein and Noguchi, 2004). 

Reprinted with permission from ASCE. 
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6-18 COMPOSITE MOMENT FRAMES 

Through-beam-type connections have been the preferred detail in the U.S.; however, both 

types have been used in Japan. The primary differences between the details in Figures 6-2a 

and 6-2b lie in attachments of various stiffener plates, cover plates and bearing plates, which 

act together with reinforcing bars to allow force transfer between the steel and concrete. 

A summary of test results available in the literature is presented in Table 6-5. The test 

specimens were approximately one-half to two-thirds of full scale, with typical reinforced 

concrete column sizes ranging from 10 to 18 in. deep. The tests were generally conducted 

under cyclic loading, and several of the tests included axial loading of the reinforced con

crete columns to represent gravity loading and earthquake-induced overturning. The typical 

yield strength of the steel beams was 50 ksi, and the concrete compressive strength was 

4 ksi minimum. Most connection test assemblies were designed to fail in the joint to allow 

study of the internal force transfer mechanisms. This is counter to design practice, where 

the joints are typically designed to be stronger than the beams. This should be kept in mind 

when reviewing test results from literature. 

Overall, the tests show that, when properly detailed to mobilize internal force transfer 

mechanisms, RCS connections provide reliable strength and ductility for seismic design. 

A limited suite of details (face bearing plates, vertical joint reinforcement, web doubler 

plates, etc.) has been tested and shown to enhance stiffness and strength of the connection. 

Other details adjusted to suit design and fabrication that provide similar levels of confine

ment and force transfer may be suitable but would need engineering evaluation. 

Models to calculate the stiffness and strength of RCS joints have been synthesized into 

guidelines (ASCE, 1994). The ASCE guidelines have been validated for seismic design 

using the tests noted in Table 6-5. Several proposals have been made to improve them 

(e.g., Parra-Montesinos and Wight, 2001a; Parra-Montesinos et al., 2003; Kuramoto and 

Nishiyama, 2004). In particular, through-beam-type connections eliminate the need for field 

welding of the beam flanges and are generally not susceptible to rupture behavior. Tests 

have shown that, of the many possible ways of strengthening the joint, face bearing plates 

and steel band plates attached to the beam are very effective for both mobilizing the joint 

shear strength of reinforced concrete and providing confinement to the concrete. Further 

information on design methods and equations for these composite connections is available in 

published guidelines, e.g., Nishiyama et al. (1990) and Parra-Montesinos and Wight (2001a). 

Liang and Parra-Montesinos (2004) have demonstrated the experimental behavior of 

these connections by testing two interior and two exterior RCS subassemblies under cyclic 

load reversals. The test specimens included reinforced concrete columns or RCS columns 

and composite beams with the steel beam running continuously through the columns and 

a reinforced concrete slab cast upon metal decks supported by the steel beams. The strong 

column-weak beam design philosophy was implemented by designing the interior speci

mens to have a column-to-beam moment strength ratio of 1.3: 1, and the exterior specimens 

to have a ratio of 2.2: 1. Figure 6-3 shows the two types of composite joint details used for 

the interior and exterior RCS connection subassemblies. 

As shown in Figure 6-3(a), one of the details consisted of overlapping U-shaped ties pass

ing through holes drilled in the beam web. For this detail, the transverse beam was assumed 

to frame into the main beam some distance away from the connection. Also, closely spaced 

ties were placed in the column regions directly above and below the steel beams to provide 

confinement to regions susceptible to bearing failure and to mobilize concrete regions out

side the width of the steel beam flanges. 
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Table 6-5 

Summary of Reinforced 
Concrete Column-to-Steel Beam 

Connection Tests 

Organization Test description References 

Building Research Inst. 1 O planar, through-column joints Kuramoto and Noguchi (1997) 

Building Contractors six three-dimensional, through-column joints Nishiyama et al. (1998, 2000) 

Society Kuramoto and Nishiyama (2004) 

Chiba Univ. six planar through-beam joints Kuramoto and Noguchi (1997) 

five planar through-column joints Noguchi and Kim (1997, 1998) 

Osaka Inst. of six planar through-beam joints, investigation Baba and Nishimura (2000) 

Technology of specific internal force transfer mechanisms 

Univ. of Michigan 15 through-beam joints (nine exterior Parra-Montesinos et al. (2000a, 

configurations, four with composite slab, 2000b, 2001a,2001b, 2003) 

and two post-earthquake repairs) Liang and Parra-Montesinos (2004) 

TexasA&M six three-dimensional through-beam joints, Bugeja et al. (1999, 2000) 

with composite slab Bracci et al. (1999) 

Esche et al. (1999) 

U.C. San Diego two planar tests of steel beams to composite Chou and Uang (2002) 

column with reduced beam sections 

Cornell Univ. 19 through-beam joints Kanno and Deierlein (1993, 1997) 

Univ. of Texas 17 through-beam joints Sheikh et al. (1989) 

Deierlein et al. (1989) 

From Deierlein and Noguchi (2004). Reprinted with permission from ASCE. 

The second detail shown in Figure 6-3(b) features steel band plates wrapping around the 

column regions just above and below the steel beams. The U-shaped ties that pass through 

the steel web panel were eliminated because of the confinement provided by the steel band 

plates. This further allows transverse beams to frame into the main beam at the connection 

region. In order to prevent outward buckling of longitudinal bars through the joint region, 

small ties that do not penetrate the steel web panel were provided over the joint depth. 

Experimental results indicated excellent performance and only moderate damage in the 

connections. Plastic hinges formed in the beam regions adjacent to the connections and 

dissipated energy under cyclic loading to achieve story drift angles greater than 0.04 rad, 

which is required for C-SMF systems. 
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Round Filled Composite Column-to-Steel 
Beam Connections 

The behavior of different types of round filled column-to-steel beam connections for com

posite frames has been investigated in the U.S. (Azizinamini and Schneider, 2004). Six 

different types of composite connections were tested; these test configurations are presented 

in Figure 6-4. 

Each tested connection consisted of a round filled composite column connected to an 

ASTM A992 W14 x 38 beam. The composite column was an ASTM A500 Grade B round 

hollow structural section (HSS) that was 14 in. in diameter, ¼ in. thick, and filled with 

Jc' = 5 ksi concrete. The test setup consisted of an exterior subassembly (girder on only one 

side of the column) that was subjected to cyclic deformations on the tip of the cantilever 

girder at a distance of 9 ft from the face of the column. The cyclic deformation history 

followed ATC-24 (ATC, 1992) guidelines. 

steel column 

U-Shaped_J:::'::::'.====;
joint stirrups 

( a) RCS joint with U-shaped stirrups

RC column 

Small ties for 
bar support 

Steel beam 

Steel band plates 

steel column 

F=====i-- Transverse 
beam 

(b) RCS joint with steel band plates

Fig. 6-3. RCS connections tested by Liang and Parra-Montesinos (2004) and 

demonstrated to achieve 0.04 rad interstory drift. 

Reprinted with permission from ASCE. 
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Top and bottom, typ. 

Type I: Simple Welded Connection 

Top and bottom 

Type Ill: Continuous Web Connection 

Type V: Continuous Flange Connection 

6-21

Type II: Diaphragm Plate Connection 

[·< Top and bottom, typ. 

Weldable deformed bars 

Plate to match flange 

and web thickness 

Type IV: Embedded Deformed Bar Connection 

Type VI: Continuous Girder Connection 

Fig. 6-4. Round filled composite column-to-steel beam connection test configurations 

( Azizinamini and Schneider, 2004 ). Reprinted with permission from ASCE. 
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When the steel beam is welded directly to the round HSS of the composite column, as 

shown in connection type I, large distortions of the HSS walls occurred, and the connection 

was susceptible to weld, flange or HSS wall rupture. This type of connection had a rotation 

capacity less than 0.02 rad and is acceptable only for C-OMF systems. Connection types II 

and III, with external diaphragm and continuous web details, respectively, had better inelas

tic behavior, but the flexural strength of these connections deteriorated early in the imposed 

deformation history after reaching a rotation capacity of 0.02 rad, which is not acceptable 

for C-SMF systems. 

Connection type IV was similar to type I with the addition of four No. 6 rebars that were 

welded to the girder flanges and anchored into the concrete infill of the composite column. 

The behavior of this connection was better, but there was some local tearing of the HSS at a 

rotation of 0.03 rad, and rupture of the deformed bars at a rotation of 0.0375 rad. As a result, 

this connection type is also not acceptable for C-SMF systems. Connection type V with the 

girder flange through the composite column had rupture failures at the flange welds and is 

not recommended for any of the systems. 

Connection type VI, the through-beam-type design, had excellent cyclic behavior and 

developed 0.04 rad rotation. This is the only connection type that achieved the rotation 

capacity associated with C-SMF systems. Connection types II, III and IV achieved the rota

tion capacity of 0.02 rad required for C-IMF systems. 

Elremaily and Azizinamini (2000) conducted additional research to develop design 

guidelines for through-beam-type connections for systems with round filled composite 

columns. They conducted seven two-thirds scale tests on connection systems consisting of 

a round composite column and a steel beam passing through the column representing an 

interior subassembly. The specimens were designed to investigate different possible failure 

modes and develop connection strength equations. The main test variables were the column

to-beam flexural strength ratio (moment ratio) and the type of weld used to attach the beam 

to the HSS. The ASTM A500 Grade B HSS varied from 12 to 16 in. in diameter with ¼-in. 

wall thickness, and the ASTM A992 steel beams varied from W16x31 to W18x5D. 

Rectangular Filled Composite Column-to-Steel 

Beam Connections 

Extensive research has been conducted in Japan to study the behavior of moment connections 

between filled composite columns and wide-flange beams under seismic loading conditions 

(Rides et al., 2004). Research on welded beam-to-filled composite column connections hav

ing interior or exterior diaphragms has shown that these elements are susceptible to buckling 

or shear yielding of the steel HSS within the panel zone of the connection. 

Rides et al. (2004) conducted full-scale tests representative of the interior subassemblies 

in the middle to upper floors of moment frames with six to 12 stories. A total of 10 full-scale 

tests were conducted. Each test specimen consisted of two W24x62 beam sections made 

from ASTM A36 steel attached to an HSS16 x 16 x ½ rectangular filled column made from 

ASTM A500 Grade B steel and filled with concrete with a measured compressive strength 

of 7 to 8.5 ksi. The test specimens are as defined in Table 6-6. 
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Table 6-6 

Matrix of Specimens Tested 
(Ricles et al., 2004) 

Specimen Connection Detail 

1 Interior diaphragms (four-sided CJP weld), weak beam 

2 Interior diaphragms (three-sided CJP weld), weak beam 

1R Interior diaphragms (four-sided CJP weld), weak panel zone 

2R Interior diaphragms (three-sided CJP weld), weak panel zone 

3 Extended tee, weak beam 

3R Extended tee with taper, weak beam 

4 Bolted split-tee connection with shear tab, weak beam 

5 Bolted split-tee connection without shear tab, weak beam 

6 Welded split-tee connection without shear tab, weak beam 

7 Welded split-tee connection without shear tab, weak beam 

Reprinted with permission from ASCE. 

Specimens 1, 2, 3, 4, 5, 6 and 7 in this test were designed using the strong column-weak 

beam principle, where the connection elements were designed to resist 1.50 times the 

nominal plastic moment strength of the beam. The details of these connections are shown in 

Figure 6-5 and described as follows. 

• Figure 6-5(a) shows the detail of connection specimens 1 and 2 that consisted of interior

diaphragms and welded details for the filled composite column-to-steel beam connec

tion. The only difference between the two specimens was that the interior diaphragms

of specimen 2 were welded on only three sides. The complete-joint-penetration groove

weld on the north side adjacent to the panel zone (i.e., web of HSS) was omitted.

• Specimen 3 had an extended-tee moment connection detail as shown in Figure 6-5(b).

As shown, the extended tee was an ST7.5x25 section that was attached to the beam

flanges and column by complete-joint-penetration groove welds.

• Specimens 4, 5, 6 and 7 had split-tee moment connection details as shown in Figure

6-7(c) and (d). The split-tee connections were designed to activate a diagonal concrete

compression strut within the connection's panel zone under the action of overturning

moment. This was achieved by the use of ASTM A490 bolts to develop a horizontal ten

sion force through the joint. These bolts were passed through the column with the use of

PVC conduits placed prior to casting concrete and tensioned after curing of the concrete.

The split-tee detail was designed to avoid prying action in the ASTM A490 bolts.

• In specimens 4 and 5 the stems of the tees were attached to the beam flanges using

¾-in.-diameter ASTM A325 bolts with 1 1/16-in.-diameter oversize bolt holes, whereas

in specimens 6 and 7 a ½-in. fillet weld was used. The structural tees in all specimens

were cut from a W24 x 146 section of ASTM A572 Grade 50 steel that had a measured

yield strength of 49.6 ksi.
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16 mm dia. x 114 mm
Shear stud, typ. 

Structural tube
406x406x12 

Section A-A·------------------------------

COMPOSITE MOMENT FRAMES 

· Interior diaphragm
A325 bolts 
25 mm dia., typ. 

E70TG-K2, typ. 
remove backing bar

Top & bottom diaphragms 
(full penetration weld omitted on
north side for spec. 2) 

( a) Details o_f specimens 1 and 2 in Table 6-6

Structural tube
406x406x12 
16 mm dia. x 114 mm
Shear stud, typ. 

Jg§�==:==�·····A325 bolts 

E70TG-K2 ,___J.-.-J--.V I I 1--

250 250 
Section A-A

25 mm dia., typ. 
::-------- ----�E7018, typ.

12 mm PL 
�-+-+----< E7018, typ. 

(b) Details o_f specimen 3 in Table 6-6

Fig. 6-5. Details of rectangular filled composite column-to-steel beam connection 

(Ricles et al., 2004). Reprinted with permission from ASCE. 
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Structural tube 
406x406x12 

29 mm dia., typ. 

6-25

2@86 mm 

Washer plate, typ. 
76x333x16 

E 70 1 8, !r-:::-----:::--:::---il ·-:r 

16 mm dia. x 
Shear stud, typ. 

35 m_rn_�

typ. 

89mm 

@ @ @

Section B-B 
________________ " ______ " 

(washer plates not 
shown for clarity) 

mm 

Tees, cut from 
4@67 mm 378 mm W24x146 

Section A-A 

( c) Details of specimens 4 and 5 in Table 6-6

Structural tube 
406x406x12 At

W24x62 

29 mm dia., typ.

l A
A490 bolts 

E7018 

381 mm 

378mm 
Section A-A 

Tees, cut from 
W24x146 

( d) Details of specimens 6 and 7 in Table 6-6

Fig. 6-5 (cont'd). Details of rectangular filled composite column-to-steel 

beam connection (Ricles et al., 2004). 

Reprinted with permission from ASCE. 
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Specimen 1 achieved a maximum story drift of about 0.04 rad when a rupture initiated 

at the fusion line of the beam flange and the weld. Prior to rupture, the beams developed 

appreciable yielding in the flanges and web. This type of connection detail is not acceptable 

for C-SMF systems, but it can be used for C-IMF systems that require only a 0.02 rad story 

drift angle. 

Specimen 3 developed a rupture in the beam tension flange, adjacent to an extended tee at 

the end of the connection during the first half cycle of 0.03 rad story drift. An examination 

of the beam flange in the ruptured area revealed that the material had necked at the crack, 

indicating that a significant amount of strain had developed. This type of connection detail 

is not acceptable for C-SMF systems, but it can be used for C-IMF systems that require only 

0.02 rad of interstory drift. 

Specimens 4, 5, 6 and 7 developed significant yielding at the base of the tee stem dur

ing the inelastic displacement cycles during the test. These specimens also developed full 

plastic flexural hinges in the beams at the end of the connection, where pronounced flange 

and web yielding occurred and was followed by local flange and web buckling. Each test 

was stopped after a story drift of 0.06 rad was imposed to the top of the column of these 

specimens. Figure 6-6 shows the moment-plastic rotation behavior of these connections. 

All of these connection details are acceptable for C-SMF systems that require 0.04 rad of 

interstory drift. 

As shown in Figure 6-6, pinching occurred in the cyclic behavior of specimen 4 due to 

the bolt hole elongation and resulting slippage between the beam and the connection under 

cyclic loading. At the end of the test, a net section rupture occurred in the flange bolt line, 

leading to deterioration in strength. The welding of the washer plates in specimen 5 and 

tee stems to the beam flanges in specimens 6 and 7 served to reinforce the bearing strength 

and increase the net area in the beam flanges. This avoided hole elongation and subsequent 

problems from developing. 

Figure 6-7 shows the inelastic story drift capacity of tested specimens and the required 

inelastic story drift for design basis and maximum considered earthquakes. As shown, the 

split-tee moment connections (specimens 4 through 7) have acceptable behavior for use 

with C-SMF systems. The required story drifts were calculated by conducting a nonlinear 

time history analysis of several CFT moment-resisting frames, subjecting them each to 

several ground motion records. 

The panel zone shear strength of the split-tee moment connections can be estimated using 

the Kanatani et al. (1991) model developed based on the Japanese test results. Detailed 

seismic design guidelines for the split-tee moment connections are included in Peng (2001). 
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Fig. 6-6. Moment-plastic beam rotation behavior of tested split-tee moment 

connections ( Ricles et al., 2004). Reprinted with permission from ASCE. 
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Fig. 6-7. Inelastic story dr(ft capacity of connection test specimens (Ricles et al., 2004). 

Reprinted with permission from ASCE. 
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7.2 COMPOSITE ORDINARY BRACED FRAMES 

7.1 SCOPE 

7-3

The following types of composite braced frame and shear wall systems are addressed in this 

Part: composite ordinary braced frames (C-OBF), composite special concentrically braced 

frames (C-SCBF), composite eccentrically braced frames (C-EBF), composite ordinary 

shear walls (C-OSW), and composite special shear walls (C-SSW). The AISC Seismic

Provisions and other design considerations summarized in this Part apply to the design of 

the members and connections in composite braced frame and shear wall systems that require 

seismic detailing. Where these systems utilize reinforced concrete elements, these elements 

are to be designed in accordance with ACI 318. Reinforced concrete elements are permit

ted to be used in Section HJ (C-OBF), Section H4 (C-OSW), and Section H5 (C-SSW). 

However, the requirements of ACI 318 Chapter 18 are applicable only in the design of the 

reinforced concrete walls used in Section H5 (C-SSW). AISC Seismic Provisions Sections 

A l  and B2 state that systems with reinforced concrete elements that must be designed 

according to ACI 318 should be designed only by the load and resistance factor design 

(LRFD) method because ACI 318 does not address allowable strength design (ASD). The 

design examples in this Part are limited to the LRFD method because in each example there 

is a concrete element that must be designed according to ACI 318. 

7.2 COMPOSITE ORDINARY BRACED FRAMES (C-OBF) 

Composite ordinary braced frame (C-OBF) systems consist of structural steel, composite 

or reinforced concrete columns; structural steel or composite beams; and structural steel 

or filled composite brace members, provided at least one element is either composite or 

reinforced concrete. Concentrically connected members are required; however, eccen

tricities Jess than the beam depth are permitted if accounted for in the member design. 

C-OBF systems are designed and detailed according to AISC Seismic Provisions Section

HI. They are expected to provide minimal inelastic deformation capacity in the members

and connections.

Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions applicable for design of C-OBF systems follows 

and is presented in a simplified format in Table 7-1. 

Note l. The structural steel material used for C-OBF systems is limited by the require

ments of AISC Seismic Provisions Section A3. l ,  where the specified minimum 

yield stress is not to exceed 55 ksi for members in which inelastic behavior is 

expected. This specified minimum yield stress can be exceeded when the suitabil

ity of the material is determined by testing or other rational criteria. For columns 

in C-OBF systems, the specified minimum yield stress is not to exceed 70 ksi. 

The concrete and steel reinforcing materials used in composite components are to 

satisfy the requirements of AISC Seismic Provisions Section A3.5. The weld filler 

metal used in the members and connections of seismic force-resisting systems is 

selected to meet the requirements of AISC Seismic Provisions Section A3.4a. 
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Table 7-1 

Simplified Overview of Provisions for 
C-OBF Systems 

Note Item Referenced Standard" 

1 Steel and concrete materials Seismic Prov. Sects. A3.1, A3.4a & A3.5 

2 Design drawings and specifications Seismic Prov. Sect. A4 

3 Loads and load combinations Seismic Prov. Sect. B2 

4 Required strength for members and connections Seismic Prov. Sect. B3.1 

Structural analysis Seismic Prov. Ch. C 

5 Elastic stiffness of concrete/composite members Seismic Prov. Ch. C. See Seismic 

Prov. Commentary for discussion. 

6 Column members ACI 318 (excl. Ch. 18) 

7 Beam members None 

8 Brace members None 

9 Connections Seismic Prov. Sect. D2. 7 

10 Column splices None 

11 Column bases None 

a The referenced standards are in addition to the requirements of the AISC Specification. 

Note 2. The structural design drawings and specifications for C-OBF systems are to meet 

the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be 

followed as indicated in AISC Seismic Provisions Section B2. C-OBF systems 

including reinforced concrete components are to be designed using LRFD because 

ASD is not addressed in ACI 318. 

Note 4. The required strength for structural members and connections 1s determined 

according to AISC Seismic Provisions Section B3. l. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, and 

steel beams with composite slabs are provided in the Commentary to the AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 
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Note 6. Columns of C-OBF systems are designed in accordance with the AISC Speci

fication or ACI 318 (excluding Chapter 18). 

Note 7. Beams of C-OBF systems are designed in accordance with the AISC Specification. 

Note 8. Diagonal braces of C-OBF systems are designed in accordance with the AISC 

Specification. 

Note 9. Connections are designed in accordance with the AISC Specification and AISC 

Seismic Provisions Section D2.7. 

Note 10. Splices in structural steel or composite columns are designed in accordance with 

the AISC Specification. 

Note 11. Column bases are designed in accordance with the AISC Specification. 

Discussion 

ASCE/SEI 7 permits the use of C-OBF systems in Seismic Design Categories A, B and C 

only. This is in contrast to steel ordinary concentrically braced frame (OCBF) systems that 

are also permitted in Seismic Design Categories D, E and F with height limitations and roof 

load restrictions for Seismic Design Category F. 

Because C-OBF systems are limited to Seismic Design Categories A, B and C, they 

are expected to withstand minimal inelastic drift through inelastic behavior of composite 

beams, columns or braces. There are no additional requirements for designing reinforced 

concrete columns beyond those provided in ACI 318, excluding Chapter 18. 

7.3 COMPOSITE SPECIAL CONCENTRICALLY 

BRACED FRAMES (C-SCBF) 

Composite special concentrically braced frame (C-SCBF) systems consist of either encased 

or filled composite columns; structural steel or composite beams; and structural steel or 

filled composite brace members. Concentrically connected members are required; however, 

members connected with an eccentricity less than the depth of the beam are permitted 

provided the eccentricity is included in the analysis. C-SCBF systems are designed and 

detailed according to AISC Seismic Provisions Section H2. They are expected to provide 

significant inelastic deformation capacity primarily through brace buckling in compression 

and yielding in tension. 

Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions requirements applicable for design of C-SCBF 

systems follows and is presented in a simplified format in Table 7-2. 

Note I. The structural steel material used for C-SCBF systems is limited by the require

ments of the AISC Seismic Provisions Section A3.1, where the specified minimum 

yield stress is not to exceed 50 ksi for members in which inelastic behavior is 
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Table 7-2 

Simplified Overview of Provisions for 
C-SCBF Systems

Note Item AISC Seismic Provisions Reference• 

1 Steel and concrete materials Sects. A3.1, A3.4a & A3.5 

2 Design drawings and specifications Sect. A4 

3 Loads and load combinations Sect. B2 

4 
Required strength for members Sects. B3.1, H2.3 & H2.5 

Required strength for connections Sects. B3.1, H2.3 & H2.6 

5 
Structural analysis Sect. H2.3 & Chapter C 

Elastic stiffness of concrete/composite members Commentary to Chapter C 

6 System requirements Sect. H2.4 

7 Column members Sects. D1.1 & H2.5a 

8 Beam members Sects. D1.1 & H2.5a 

9 Brace members Sects. H2.5a & H2.5b 

10 Connections Sects. D2, G2.6d, G2.6e & H2.6 

11 Column splices Sects. D2.5 & H2.6d 

12 Column bases Sect. D2.6 

13 Protected zones Sects. D1 .3 & H2.5c 

14 Demand critical welds Sects. A3.4b, H2.6a & 12.3 

a The referenced standards are in addition to the requirements of the AISC Specification. 

expected. This specified minimum yield stress can be exceeded when the suitabil

ity of the material is determined by testing or other rational criteria. For columns 

in C-SCBF systems, the specified minimum yield stress is not to exceed 70 ksi. 

The concrete and steel reinforcing materials used in composite components are to 

satisfy the requirements of AISC Seismic Provisions Section A3.5. The weld filler 

metal used in the members and connections of seismic force-resisting systems 

is selected to meet the requirements of AISC Seismic Provisions Section A3.4a. 

Note 2. The structural design drawings and specifications for C-SCBF systems are to 

satisfy the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be 

followed as indicated in AISC Seismic Provisions Section B2. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



7 .3 COMPOSITE SPECIAL CONCENTRICALLY BRACED FRAMES 7-7

Note 4. The required strength for structural members and connections is determined 

according to AISC Seismic Provisions Sections B3. l ,  H2.3, H2.5 and H2.6. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements in AISC Seismic Provisions Chapter C and 

Section H2.3. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, and 

steel beams with composite slabs are provided in the Commentary to the AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. System requirements are as given in AISC Seismic Provisions Section H2.4. 

Note 7. Columns of C-SCBF systems are designed in accordance with AISC Specification 

Chapter I and the requirements of AISC Seismic Provisions Section H2.5a. Com

posite columns are required to satisfy the highly ductile member requirements of 

AISC Seismic Provisions Section D 1.1. 

Note 8. Beams of C-SCBF systems are designed in accordance with the AISC 

Specification and the requirements of AISC Seismic Provisions Section H2.5a. 

Composite beams are required to satisfy the moderately ductile member require

ments of AISC Seismic Provisions Section D 1.1. 

Note 9. Diagonal braces of C-SCBF systems are designed in accordance with AISC 

Seismic Provisions Sections H2.5a and H2.5b. The radius of gyration for filled 

composite braces is taken as that of the steel section alone. 

Note 10. Connections are designed in accordance with the AISC Specification and AISC 

Seismic Provisions Sections D2, G2.6d, G2.6e and H2.6. 

Note 11. Column splices are designed in accordance with AISC Seismic Provisions Sec

tions D2.5 and H2.6d. 

Note 12. Column bases are designed in accordance with the AISC Specification and AISC 

Seismic Provisions Section D2.6. 

Note 13. Braces in C-SCBF systems include protected zones in accordance with AISC Seismic 

Provisions Section H2.5c and must satisfy the requirements of AISC Seismic Pro

visions Section D l.3. 

Note 14. Demand critical welds are designed in accordance with AISC Seismic Provisions 

Sections A3.4b, H2.6a and 12.3. 

Discussion 

ASCE/SEI 7 permits the use of C-SCBF systems in Seismic Design Categories A, B and 

C without height limitations and in Seismic Design Categories D, E and F with height 

limitations. These limitations are the same as those applied to steel concentrically braced 

frame systems. This system is expected to resist inelastic drift through inelastic behavior of 

composite beams, columns and braces. 
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7.4 COMPOSITE ECCENTRICALLY BRACED 
FRAMES (C-EBF) 

Composite eccentrically braced frame (C-EBF) systems consist of encased or filled compo

site columns; structural steel or composite beams; structural steel links; and structural steel 

or filled composite braces. C-EBF systems are designed and detailed in accordance with 

AISC Seismic Provisions Section H3. They are expected to provide significant inelastic 

deformation capacity primarily through shear or flexural yielding in the links. 

Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions requirements applicable for design of C-EBF 

systems follows and is presented in simplified format in Table 7-3. 

Note 1. The structural steel material used for C-EBF systems is limited by the require

ments of AISC Seismic Provisions Section A3.l where the specified minimum 

yield stress of the steel is not to exceed 50 ksi for members in which inelastic 

behavior is expected. This specified minimum yield stress can be exceeded when 

the suitability of the material is determined by testing or other rational criteria. For 

columns of C-EBF, the specified minimum yield stress is not to exceed 70 ksi. The 

concrete and steel reinforcing materials used in composite components should 

satisfy the requirements of AISC Seismic Provisions Section A3.5. The weld filler 

metal used in the members and connections of seismic force-resisting systems 

is selected to meet the requirements of AISC Seismic Provisions Section A3.4a. 

Note 2. The structural design drawings and specifications for C-EBF systems are to satisfy 

the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be 

followed as indicated in AISC Seismic Provisions Section B2. 

Note 4. The required strength for structural members and connections is determined 

according to AISC Seismic Provisions Sections B3. l ,  H3.5 and H3.6. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Sections F3.3 and 

H3.3, and Chapter C. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, and 

steel beams with composite slabs are provided in the Commentary to the AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. System requirements are as given in AISC Seismic Provisions Sections F3.4 and 

H3.4. 

Note 7. Columns of C-EBF systems are designed in accordance with AISC Specification 

Chapter I and AISC Seismic Provisions Section H3.5. By reference to AISC 

Seismic Provisions Section F3.5, the composite member must satisfy the highly 

ductile member requirements of AISC Seismic Provisions Seeton D 1.1. 
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Table 7-3 

Simplified Overview of Provisions for 
C-EBF Systems

Note Item AISG Seismic Provisions Reference• 

1 Steel and concrete materials Sects. A3.1, A3.4a & A3.5 

2 Design drawings and specifications Sect. A4 

3 Loads and load combinations Sect. B2 

4 
Required strength for members Sects. B3.1 & H3.5 

Required strength for connections Sects. B3.1 & H3.6 

5 
Structural analysis Sects. F3.3, H3.3 & Chapter C 

Elastic stiffness of concrete/composite members Commentary to Chapter C 

6 Additional analysis and system requirements Sects. F3.4 & H3.4 

7 Column members Sect. H3.5 

8 Beam members Sect. H3.5 

9 Brace members Sect. H3.5 

10 Connections Sect. H3.6 

11 Column splices Sects. D2.5 & H3.6 

12 Column bases Sect. D2.6 

13 Protected zones Sects. D1 .3, F3.5 & H3.5 

14 Demand critical welds Sects. A3.4b, H3.6 & 12.3 

a The referenced standards are in addition to the requirements of the AISC Specification. 

Note 8. Beams of C-EBF systems are designed in accordance with the AISC Specification 

and AISC Seismic Provisions Section H3.5. Links must satisfy the highly ductile 

member requirements of AISC Seismic Provisions Section D 1.1 with the excep

tion that if the beam outside the link is a different section than that of the link, the 

beam outside the link need only satisfy the requirements for moderately ductile 

members. Additionally, flanges of I-shaped links of a certain length defined in 

Section F3.5b. l may also satisfy the moderately ductile member requirements. 

Note 9. Braces of C-EBF systems are designed in accordance with the AISC Specification 

and AISC Seismic Provisions Section H3.5. Braces must satisfy the moderately 

ductile member requirements of AISC Seismic Provisions Section D 1.1. 

Note 10. Connections are designed in accordance with the AISC Specification and AISC 

Seismic Provisions Section H3.6. 
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Note 11. Column splices are designed in accordance with the requirements of AISC Seismic 

Provisions Sections D2.S and H3.6. 

Note 12. Column bases are designed in accordance with the AISC Specification, with addi

tional requirements for groove-welded bases and concrete elements as given in 

AISC Seismic Provisions Section D2.6. 

Note 13. Links in C-EBF systems include protected zones in accordance with AISC Seismic 

Provisions Section F3.S and H3.S, and must satisfy the requirements of AISC 

Seismic Provisions Section D l.3. 

Note 14. Demand critical welds are evaluated using the requirements of AISC Seismic 

Provisions Sections A3.4b, H3.6 and 12.3. 

Discussion 

ASCE/SEI 7 permits the use of composite eccentrically braced frame systems in Seismic 

Design Categories A, B and C without height limitations and Seismic Design Categories 

D, E and F with height limitations. This system is expected to resist inelastic drift through 

inelastic behavior of structural steel links. 

7.5 COMPOSITE SHEAR WALLS 

General System Behavior 

Composite shear wall systems are addressed in AISC Seismic Provisions Sections H4, HS, 

H6, and H7. The composite shear walls addressed are those that include steel or compo

site boundary elements and/or steel or composite coupling beams, and walls consisting of 

steel plate encased in concrete or concrete infilled between steel plates. Since many of the 

composite shear wall systems incorporate a reinforced concrete wall that will be designed 

according to ACI 318, the discussion and examples that follow will only consider design 

by LRFD. 

Examples are provided in the subsequent sections for composite walls designed by AISC 

Seismic Provisions Section H4, composite ordinary shear walls (C-OSW), and Section 

HS, composite special shear walls (C-SSW). Composite plate shear walls are divided into 

composite plate shear walls-concrete encased (C-PSW/CE) in Section H6 and composite 

plate shear walls- concrete filled (C-PSW/CF) in Section H7. Both of these systems are 

designated as a single system, composite plate shear walls, in ASCE/SEI 7, Table 12.2-1. 

The types of composite walls addressed by Section H6 are shown in the commentary to that 

section. Section H7 covers concrete-filled walls with or without circular boundary elements 

as shown in the commentary to Section H7. 

Section H7 focuses on walls developing flexural hinging. C-PSW/CF with boundary ele

ments can develop flexural hinging with a strength equal to the wall cross-section plastic 

moment strength, Mpc· C-PSW/CF without boundary elements can develop flexural hinging 

with a strength equal to the wall cross-section yield moment strength, M
y
. Note that the 

scope covered by Section H7 is currently limited to planar walls. 
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The plates in concrete-filled walls have ties that are needed to allow development of 

effective composite action in the sandwich panel. Tie bars provide shear transfer between 

the steel plate and the concrete core and are used to control local buckling of the web steel 

plates as well as to prevent splitting of the concrete. 

The design requirements provided in AISC Seismic Provisions Section H7 are based 

on the research findings from Alzeni and Bruneau (2014), Kurt et al. (2016), Varma et al. 

(2014), and Zhang et al. (2014). 

Shear Wall Coupling 

The benefits of coupling shear walls are well recognized and understood. The coupling 

beams provide transfer of vertical forces between adjacent walls, which create a frame

like coupling action that resists a portion of the total overturning moment induced by the 

seismic action. Figure 7-1 shows the overturning resisting mechanisms formed in a coupled 

system. The total overturning resistance is a combination of the flexural resistance of 

the individual wall piers (M1 and M2), and the resistance provided by the coupling action 

(Mcpt = TL or CL). 

The coupling beam action has three desirable effects: ( l) required flexural strength of 

the wall piers is reduced; (2) steel and composite coupling beams dissipate energy; and (3) 

lateral stiffness of the coupled system is greater than the sum of the individual wall piers. 

When the beams are proportioned properly, beam yielding over the height of the build

ing can occur, providing a desirable distribution of energy dissipation over the height of 

the building. A comprehensive discussion of coupled wall system behavior is presented 

in Recommendation for Seismic Design of Hybrid Coupled Wall Systems (El-Tawil et al., 

2009). 

Lateral load 

T C 

Fig. 7-1. Overturning mechanisms in a coupled wall system. 
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Degree of Coupling 

The efficiency of coupled wall systems is generally measured by the degree to which the 

coupling action participates in the overall overturning resistance to lateral loads. This mea

surement is referred to as the degree of coupling. Consider a wall system similar to that 

shown in Figure 7-1. If the system has no coupling beams, the degree of coupling would be 

zero. As the flexural and shear stiffness of coupling beams increase, the degree of coupling 

increases. The degree of coupling is measured as the ratio of overturning resistance due to 

the coupling effect to the total overturning resistance, as shown in Equation 7-1. In Figure 

7-1, C and T are the accumulation of beam shears over the height of the building in the

compression and tension walls, respectively.

(7-1) 

The degree of coupling can be measured at any stage of loading and at any floor level. 

However, it is generally measured at the base of the building and at the stage of loading 

where mechanisms have formed in the coupling beams. Designers should be aware that the 

degree of coupling has an impact on the total lateral stiffness, wall pier required strength, 

and economy of construction among other things. Compromises between building perfor

mance and construction costs must be made. 

The degree of coupling also has an impact on the total wall pier axial forces. As the 

degree of coupling increases, the wall pier required moment strength decreases. However, 

the wall pier axial forces simultaneously increase as the degree of coupling increases. Most 

model codes have upper limits on the required axial strength of reinforced concrete wall 

piers. When the wall pier required axial strength exceeds prescribed limits, reducing the 

degree of coupling can help to reduce the required axial strength. It is worth noting that 

most model codes limit the wall pier required axial strength to some percentage of the 

nominal axial strength of the wall pier. This limit is intended to keep the required axial 

strength at or below the balanced point of the axial-moment interaction surface of the wall 

pier. Considering that the balanced point location is sensitive to wall pier cross-sectional 

geometry and reinforcing layout and ratio, the required axial strength should be evaluated 

against the axial load component of the balanced point in addition to some percentage of the 

axial load strength. Further discussion of axial strength limits on wall piers in coupled sys

tems is presented in Recommendation for Seismic Design of Hybrid Coupled Wall Systems 

(El-Tawil et al., 2009). 

Steel Coupling Beam Design 

In C-OSW systems, steel coupling beams are designed to satisfy the strength requirements 

obtained from analyses without consideration of beam yielding mechanisms. In C-SSW

systems, steel coupling beams are designed in a manner similar to shear links in an eccentri

cally braced frame. Cross-sectional proportioning is dependent on the desired performance 

of the beams. Flexure-critical beams will have cross-sectional properties that ensure that 

inelastic deformations are resisted through flexural yielding. Shear-critical beams will have 

cross-sectional properties that ensure that inelastic deformations are resisted through shear 

yielding. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



7.5 COMPOSITE SHEAR WALLS 7-13

AISC Seismic Provisions Section H4 permits coupling beam connections to wall piers 
to be designed based on the required shear and flexural strengths determined from analysis 
for C-OSW coupling beams. Beam yielding mechanisms are not considered. The length-to
depth ratio for coupling beams in the C-OSW system has no limitations. 

AISC Seismic Provisions Section H5 permits either shear-critical or flexure-critical 
coupling beams. Beam yielding mechanisms must be considered. Shear-critical and flexure
critical coupling beams have lengths less than or equal to l .6M

p
l V

p 
or greater than or equal 

to 2.6M
p
/V

p
, respectively. Coupling beams with lengths between these two lengths are con

sidered to yield in shear and flexure (refer to AISC Seismic Provisions Commentary Section 
F3.5b.4 for further discussion). With these relationships between coupling beam length and 
M

p
/ V

p
, the cross-sectional properties of the beam can be determined and evaluated depend

ing on the type of yielding (shear or flexure) desired by the designer. 
Built-up I-shapes or W-shapes may be used to achieve the desired cross-sectional proper

ties. Although rolled shapes are generally more economical, built-up shapes provide more 
flexibility for proportioning cross sections to satisfy design requirements. Flanges and 
webs of the beams must satisfy seismic ductility requirements of AISC Seismic Provisions

Section Dl. l regardless of whether built-up or rolled shapes are used. Coupling beams in 
ordinary systems are required to be moderately ductile. Coupling beams in special systems 
are required to be highly ductile, except that the flanges of built-up I-shapes in C-SSW 
systems are permitted to be moderately ductile when the requirements of Section H5.5c(c) 
are satisfied. 

The required shear strength of a coupling beam is the shear corresponding to the required 
flexural strength, assuming the required flexural strength acts as equal moments at the ends 
of the beam bending in reverse curvature, as shown in Equation 7-2: 

V. 
_ 2M u

u-

where 
L = length of beam, in. 
M u = required flexural strength, kip-in. 
Vu = required shear strength, kips 

L 
(7-2) 

As discussed previously, steel coupling beams in C-SSW systems are treated similar to 
steel links in eccentrically braced frame systems. For a given beam, a relationship between 
the beam length, plastic section modulus, and web area can be written using the relation
ship between length, plastic flexural strength, and shear strength. Thus, for a shear-critical 
coupling beam: 

L < _l _.6_M_
P
_ 

- V
P 

(7-3) 

and for a flexure-critical coupling beam: 

L > _2_.6_M_
P
_ 

- V
P 

(7-4) 

For an ordinary system, according to AISC Seismic Provisions Section H4.5b, the shear 
strength of the beam is calculated using AISC Specification Chapter G where the area of 
the web is calculated as dtw. For a special system, according to AISC Seismic Provisions
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Section HS.Sc, the expected shear strength of the beam is calculated as a function of the 
embedment length according to AISC Seismic Provisions Equation H5-l and as further 
defined in Equation H5-2. Note that there is typically little, if any, axial load demand on 
a coupling beam. Therefore, the area of the web is calculated as (d 2t1)tw. The plastic 
flexural strength and shear strength of the beam are given as: 

where 
d = depth of beam 

Mp 
= FyZx 

VP 
= 0.6Fy Aw

(7-5) 
(7-6) 

tJ = thickness of beam flange 
tw = thickness of beam web 

Using Equation 7-3 for a shear-critical coupling beam and substituting Equations 7-5 and 
7-6 gives the relationship between the required plastic section modulus, Zx, and length of
the beam, L, assuming a homogeneous member, as follows:

(7-7) 

Solving Equation 7-7 for the required plastic section modulus yields, for a shear-critical 
coupling beam: 

z. > LAw
X 

- 2.67 (7-8) 

For a special system, the area of the web is calculated as Aw= (d -2t1)tw. Therefore, for 
a shear-critical beam in a special system: 

z > _L_( d_-_2�t f�)_t,_v
X - 2.67 (7-9) 

Using Equation 7-4 for a flexure-critical coupling beam and substituting Equations 7-5 
and 7-6 gives the relationship between the required plastic section modulus and length of 
the beam, assuming a homogeneous member, as follows: 

2.6M 
P 

2.6FyZx 2.6Zx L>-��= -�- - = - --- VP 0.6Fy Aw 0.6 Aw 

(7-10) 

Solving Equation 7-10 for the required plastic section modulus yields, for a flexure
critical coupling beam: 

z < LAw 
(7-11) X - 4.33 

For a special system, the area of the web is calculated as Aw = (d 2t1)tw. Therefore, for 
a flexure-critical beam in a special system: 

z < L(d 2t1 )tw (7_12) 
X - 4.33 
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Using a model of three rectangles for an I-shaped coupling beam, the plastic section 

modulus can be taken as: 

(7-13) 

where 

bf = width of beam flange, in. 

Equations 7-9, 7-12 and 7-13 can then be used to establish the cross-sectional dimensions 

of the beam. 

Making further assumptions regarding beam depth, flange size or web size, the remain

ing cross-sectional dimensions can be calculated. For example, assuming a beam depth, d, 

a flange thickness, tf, and web thickness, tw, the required flange width, bf, can be calcu

lated. There are other considerations to address in the detailing of the coupling beam. The 

embedment length into the wall pier, intermediate web stiffeners, face bearing plates, and 

connection detailing all also need to be determined. These considerations vary depending on 

the type of system (i.e., ordinary or special systems), and are discussed in separate sections 

of this Part of the Manual. 

Beam Embedment Length (Connection) 

In an ordinary system, the required beam embedment length is based on the shear at the 

face of the wall determined from analysis. AISC Seismic Provisions Equation H4-l gives 

the connection shear strength for a steel coupling beam, which is a function of the embed

ment length. For a steel coupling beam, Vn,connection can be set equal to the available shear 

strength of the beam determined from AISC Specification Chapter G. For a composite beam, 

Vn.connection can be set equal to the available shear strength calculated using AISC Seismic 

Provisions Equation H4-2. Examples 7.5.1 and 7.5.2 illustrate how to apply these equations 

to the design of a steel and composite beam, respectively. 

In a special system, the required embedment length is based on the expected shear 

strength of the coupling beam. AISC Seismic Provisions Equation H5- I is used to calculate 

the required embedment for steel and composite coupling beams. Refer to AISC Seismic 

Provisions Commentary Sections H4.5b and H5.5c for more information relative to the 

development of this equation. The V11 term on the left side of Equation H5- I is calculated 

using Equations H5-2 and H5-5 for steel and composite beams, respectively. Note that 

Equations H5-2 and H5-5 incorporate l . lRy and, therefore, account for strain hardening. 

The AISC Seismic Provisions require the embedded length to be measured from the 

location of the first reinforcement layer of the confining reinforcement steel in the bound

ary element of the wall. For a special system, the expected shear strength of the beam is 

determined using a form of Equation 7-2, where the expected plastic flexural strength of the 

beam, RyMp, is substituted for Mu. This is the static shear associated with a required flexural 

strength equal to the expected plastic flexural strength of the beam. 

Detailing Requirements in the Embedded Region 

For ordinary seismic force-resisting systems, there are no special detailing requirements in 

the embedded region. For special systems, the embedded region must be detailed to provide 
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resistance against connection strength and stiffness degradation, and to ensure proper dis

tribution of bearing stresses within the embedded region (refer to AISC Seismic Provisions 

Commentary Section HS.Sc). Face bearing plates, web stiffeners, and vertical transfer bars 

are required. In addition to the discussion presented in this Part of the Manual, further 

discussion of detailing requirements is provided in AISC Seismic Provisions Commentary 

Sections H4 and HS. 

Face bearing plates (link stiffeners) are provided on both sides of the beam web and 

located at the face of the wall pier. These plates should meet the requirements of stiffeners 

in links at the diagonal brace ends in an eccentrically braced frame (EBF) as required in 

AISC Seismic Provisions Section F3.Sb.4. 

The web of the beam, over the clear span, must be supported with web stiffeners meeting 

the requirements for intermediate link stiffeners in Section F3.Sb.4. From AISC Seismic 

Provisions Section HS.Sc(b), the beams in special systems are to have inelastic deformation 

capacities equal to 0.08 rad. Smaller rotations are permitted if justified by a rational analysis 

of the inelastic deformations expected under design story drift. 

Wall Overstrength 

The beam required shear and flexural strengths delivered to the wall piers as an axial force 

and moment, respectively, must be accounted for in the design axial and flexural demands 

on the wall piers. In ordinary systems, the required wall axial strength from the coupling 

action is based on an accumulation of required beam shear strengths (i.e., LVu) determined 

from analysis. In special systems, the required wall axial strength is based on an accu

mulation of the expected beam shear strengths calculated using AISC Seismic Provisions 

Equations HS-1 or HS-2. Note that Equation HS-2 includes an amplification factor equal to 

1.1 to account for strain hardening. 

In special systems, the proportioning of beam shear strengths can have a significant 

impact on the required axial strength of the wall piers. To minimize the wall overstrength, 

beam sizes can be grouped over the height of the building to minimize the ratio of nominal 

beam shear strength to required beam shear strength at each floor level. Figure 7-2(a) shows 

a representative plot of the beam required shear strengths over the height of the building 

when the same coupling beam size is used over the entire height of the structure. When 

the same beam size is used, the beam size is proportioned based on the maximum required 

beam shear strength. Beam strengths at all other floors, other than the floor correspond

ing to maximum required strength, will be relatively stronger than required. This effect is 

amplified in the upper and lower floors. In Figure 7-2(a), the hatched region bounded by 

the nominal strength and required strength is a graphical representation of the magnitude of 

the wall overstrength required. At the floor level of maximum required strength, the design 

strength-to-required strength ratio approaches one, with that ratio increasing at floors above 

or below that floor. Even at the floor level of maximum required strength, some degree of 

overstrength will exist when the shear strength resistance factor, <\iv, is less than 1.00. 

When wall overstrength is based on expected beam shear strengths, wall overstrength 

requirements increase further. Although proportioning a system in this manner is advan

tageous for drift-controlled systems, it represents the worst case for wall overstrength 

requirements. Considering that coupled systems rarely are drift-controlled, proportioning 

beam sizes by groups over the height of the building will reduce the wall overstrength 

required for the wall piers without compromising drift limits. 
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Figure 7-2(b) represents beam required shear strengths and available strengths varied 

over the height of the building. In the representation shown, three groups of different size 

beams are used. This type of proportioning alters the distribution of required shear strength 

over the height as a result of the varying beam stiffness and reduces the design strength-to

required strength ratios at each of the floor levels relative to the case where the same beam 

size is used over the entire height. This type of proportioning is referred to as tuning the 

beam shear strengths. The extent of tuning performed is up to the designer based on the 

level of efficiency desired. Further information regarding tuning and wall overstrength can 

be found in Fortney et al. (2008) and Harries and McNeice (2006). 

Composite Ordinary Shear Walls (C-OSW) 

Composite ordinary shear wall (C-OSW) systems are designed in accordance with AISC 

Seismic Provisions Section H4. 

Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions requirements for the design of C-OSW systems 

follows. Figure 7-3 illustrates an embedded steel coupling beam in an ordinary system. 

Areas of the figure are labeled to identify pertinent design considerations that correspond to 

the "Notes in Figure 7-3" listed in Table 7-4. Table 7-4 also provides a simplified overview 

of the design requirements that follow. 

Note 1. The structural steel material used for C-OSW systems is limited by the require

ments of AISC Seismic Provisions Section A3. l ,  where the specified minimum 

yield stress of the steel for members in which inelastic behavior is expected is not 

to exceed 55 ksi. These specified minimum yield stresses can be exceeded when 

the suitability of the material is determined by testing or other rational criteria. 

The weld filler metal used in the members and connections of the seismic force-

Nominal strength 

Design demand 
Nominal strength 

Design demand 

N 
Q. 
::, 

e 
(.9 

Beam shear Beam shear 

(a) (b) 

Fig. 7-2. Beam shears for ( a) same size beam over the entire height and 

(b) three groups of different sizes.
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resisting system is selected to meet the requirements of AISC Seismic Provisions 

Section A3.4. The concrete and steel reinforcing materials used in composite com

ponents should satisfy the requirements of AISC Seismic Provisions Section A3.5. 

Note 2. The structural design drawings and specifications for C-OSW systems are to meet 

the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be 

followed as indicated in AISC Seismic Provisions Section B2. 

Note 4. The required strength for structural members and connections 1s determined 

according to AISC Seismic Provisions Sections B3. l and H4.5. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C and 

Section H4.3. 

For elastic analysis, the stiffness of composite members includes the effects of 

cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, and 

steel beams with composite slabs are provided in the Commentary to the AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. System requirements are as given in AISC Seismic Provisions Section H4.4. 

Note 7. Boundary members of C-OSW systems are designed in accordance with the AISC 

Specification and AISC Seismic Provisions Section H4.5a. 
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Fig. 7-3. Illustration of an embedded steel coupling beam for a C-OSW system. 

Notes are keyed to Table 7-4. 
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Table 7-4 

Notes in Figure 7-3 and Simplified 
Overview of C-OSW Requirements 

Note in Note in 
Item 

Referenced 

Overview Fig. 7-3 Standard* 

1 Materials 
Seismic Prov. Sects. A3.1, A3.4a 

-

&A3.5 

2 - Structural design drawings and specifications Seismic Prov. Sect. A4 

3 - Loads and load combinations Seismic Prov. Sect. B2 

4 -

Required strength for structural members and 
Seismic Prov. Sects. B3.1 & H4.5 

connections 

5 
Structural analysis Seismic Prov. Ch. C & Sect. H4.3 

-

Composite member stiffness Seismic Prov. Comm. to Ch. C 

6 - System requirements Seismic Prov. Sect. H4.4 

7 - Boundary members Seismic Prov. Sect. H4.5a 

8 - Coupling beams Seismic Prov. Sect. H4.5b 

A Calculated embedment length Seismic Prov. Sect. H4.5b 

8 B Beam clear span, for calculation of embedment 

(definition of g) 

9 - Reinforced concrete walls ACI 318 Ch. 11 

Undefined in the Seismic 

- C Wall pier axial load due to coupling action Provisions. See this Part of the 

Manual for guidance. 

*The referenced standards are in addition to the requirements of the AISC Specification.

Note 8. Coupling beams of C-OSW systems are designed in accordance with the AISC 

Specification and AISC Seismic Provisions Section H4.5b. Note that struc

tural steel links are not limited by the ductility requirements of AISC Seismic 

Provisions Table D 1.1. 

The embedment length is determined from AISC Seismic Provisions Equation 

H4-l. 

Note 9. Reinforced concrete walls are designed in accordance with ACI 318, Chapter 11. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



7-20 COMPOSITE BRACED FRAMES AND SHEAR WALLS 

Steel Coupling Beam Design 

The steel coupling beams used in C-OSW systems do not require special detailing. The 

proportioning of the beam cross sections over the height of the building need only satisfy 

the required shear and moment strengths determined from a linear elastic analysis (e.g., 

equivalent lateral force analysis). Flexural and shear strengths are determined using AISC 

Specification Chapters F and G. 

Beam Embedment Length 

The required length of the beam embedded into the wall pier is determined using AISC 

Seismic Provisions Equation H4- l .  In this equation, the term g is the clear span of the 

coupling beam, as illustrated in Figure 7-4. 

Composite Coupling Beams

Expected Plastic Moment 

AISC Specification Section I3.3(c) permits the use of the plastic stress distribution or strain

compatibility methods for determination of the nominal flexural strength of the composite 

section when steel anchors are provided. At the expected plastic moment strength of a com

posite coupling beam, it is reasonable to assume that the concrete in tension has cracked. 

To calculate plastic moment strength, the location of the plastic neutral axis of the cracked 

section must be determined. Depending on the position within the cross section of the con

stituent elements, there are many different locations of the plastic neutral axis that can be 

conceived when determining the internal forces acting on the section. For example, assume 

Note: Horizontal 
wall reinforcement 
not shown Le 

Face of wall 

ct_beam 

g/2 

Fig. 7-4. Total embedment length of beam. 
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that the structural steel section does not extend up to the top layer or below the bottom layer 

of longitudinal reinforcement as shown in Figure 7-5. If the centroids of the top and bottom

flange of the structural steel coincide with the elevation of the upper and lower reinforce

ment, respectively, an entirely new set of geometries exists. Additional configurations are 

possible, depending on the placement of the steel member and the reinforcing. 

Figure 7-5 shows three possibilities for the location of the plastic neutral axis in a cross 

section where the structural steel does not extend into the elevations of the steel reinforce

ment. For Case 1, the plastic neutral axis is above the top of the steel shape. Although it is 

0.85f'cr 
PNA 

+ - j _B_-=_ 

.. • 

Concrete Forces 
stress 

Case 1 : Plastic Neutral Axis above Steel Shape 

PNA 

.. • 

� -- - - -�- - - - - -

Concrete Forces 
stress 

Case 2: Plastic Neutral Axis in Flange 

• 

£NA
+

�--

Tr 
.. • 

� -- - - -�- - - - - -

Concrete Forces 
stress 

Case 3: Plastic Neutral Axis in Web 

Fig. 7-5. Possible internal forces based on the plastic stress distribution. 
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possible, it is unlikely that the reinforcing steel in this region would be below the plastic 

neutral axis, so that possible arrangement is not illustrated. For Cases 2 and 3, the plastic 

neutral axis extends into the structural section. 

Regardless of the position of the elements, the plastic moment strength can be determined 

using either the plastic stress distribution method or the strain compatibility method of AISC 

Specification Section 13, as appropriate. The challenge is in determining the location of the 

plastic neutral axis. One approach would be to use the equations for pure bending given for 

composite beam-columns in AISC Manual Tables 6-3a, 6-3b, 6-4 and 6-5. 

Shear Strength 
The available shear strength of a composite coupling beam is calculated using AISC Seismic 

Provisions Equations H4-2 and is compared to the required shear determined from analysis. 

The total available shear strength is the sum of the resistances provided by the structural 

steel section, the concrete, and the transverse reinforcement. 

From the ACI 318 requirements for shear reinforcement, the size and spacing of trans

verse reinforcement depends on the magnitude of shear stress being resisted. However, 

regardless of the magnitude of shear stress, at least the minimum shear reinforcement 

requirements must be provided. The AISC Seismic Provisions Commentary Sections H4.2 

and H5.2 provide further discussion on this topic. 

Embedment Length 
As with steel coupling beams, the embedment length of the steel section of the composite 

beam is considered to begin within the outer layer of confining reinforcement. Similar 

to steel coupling beams, the embedment length is determined through AISC Seismic 

Provisions Equations H4-2. 

Example 7.5.1. C-OSW Steel Coupling Beam Design 

Given: 

The sixth floor core plan of a 15-story core wall system is shown in Figure 7-6. The compos

ite ordinary shear wall system is coupled with steel coupling beams. Coupling beam sizes 

are grouped such that different beam sizes are used at floor levels 1-5, 6-10 and 11-15. 

Table 7-5 tabulates the maximum LRFD required shear strength for each group of beams. 

An equivalent lateral force procedure was used for the analysis in accordance with ASCE/ 

SEI 7 to determine the seismic loading, which was then combined with gravity loads using 

the basic seismic load combinations of ASCE/SEI 7, Section 2.3.6 (not using the seismic 

load effects including overstrength). The analysis meets the AISC Seismic Provisions 

Section H4.3 requirement that the uncracked effective stiffness values were used. Second

order effects were also considered in the analysis. 

The structure is assigned to Seismic Design Category C. From ASCE/SEI 7, the following 

parameters apply: 

Response modification coefficient, R: 5 

Deflection amplication factor, Cd: 4½ 

Overstrength factor, Q0 : 2 1/2 

Importance factor, le: 1.0 
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Table 7-5 

LRFD Required Shear Strength 

Floor Level Vu, kips 

11-15 295 

6-10 486 

1-5 380 

The compressive strength of the wall pier concrete is 8 ksi, the steel reinforcement is 

ASTM 615 Grade 60, and the steel beams are rolled wide-flange shapes of ASTM A992. 

The clear cover from face of wall to boundary reinforcement is ¾ in. The maximum beam 

depth permitted is 30 in. Assume a maximum rotation of 0.08 rad and no axial load in the 

coupling beam. 

Required: 

I. Specify the cross-sectional dimensions of the coupling beams on levels 6-10.

2. For the beam sized in Part I of this problem, calculate the required embedment length

of the beam into the wall pier.

3. Given the LRFD required shear strengths over the height of the building provided in

Table 7-5, determine the LRFD required axial strength at the base of the wall piers due

to coupling action only.
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Fig. 7-6. ( a) Core plan at sixth floor and (b) Section A-A-beam cross section. 
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Solution: 

Part 1: Coupling Beam Design 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 
Fy = 50 ksi 
F

u
= 65 ksi 

Local Buckling 

For a C-OSW system, the flanges and webs of the steel coupling beam are to satisfy the 
requirements of AISC Specification Section B4. l .  Referring to Table B4. l b  of the AISC 
Specification, the limiting width-to-thickness ratios for a compact rolled I-shaped beam are 
given. 

From AISC Manual Table 6-1 b, the limiting width-to-thickness ratio for the flanges of the 
beam is Ap = 9.15. 

Also from AISC Manual Table 6-1 b, the limiting width-to-thickness ratio for the beam web 
is Ap = 90.6. 

Beam Depth 

Assume the beam depth, d, will approach the maximum permitted depth of 30 in. 

Flange Width 

The maximum flange width that can fit within the steel reinforcement in the wall piers is 
(assuming No. 8 horizontal and vertical reinforcing bars): 

bf max = twall 2Cc 2db,v 2db,h 

where 

= 24 in. 2(¾ in.) 2(1 in.) 2(1 in.) 

= 18.5 in. 

Cc = concrete cover, in. 
db,v = diameter of vertical reinforcement bar, in. 
db,h = diameter of horizontal reinforcement bar, in. 

Use bt :":'. 15 in. 

Required Flexural Strength 

The required flexural strength at levels 6-10, from Equation 7-2 with Vu from Table 7-5, is: 

Mu
= 

2 
( 486 kips) ( 6 ft) 

2 
= 1,460 kip-ft 
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Select a beam that satisfies the following. It is reasonable to assume that flexural yielding 
will govern the flexural strength of the beam given its relatively short span. Therefore, the 
beam will be selected based on flexural yielding and then a check will be made to ensure that 
the beam satisfies the limiting unbraced length, Lp, given by AISC Specification Equation 
F2-5. Select a beam with Lb = 6 ft based on the following: 

b1 :SC 15 in. 
d :SC 30 in. 
bf < 9.15
2t1 -

!!_ :SC 90.6 
fw 

qi Vn 2 486 kips 
<\JMn 21,460 kip-ft 

Trial Beam Size 

A W27 x 129 is selected as a trial size. 

From AISC Manual Tables 1 -1,  the dimensions are as follows: 

b1 = 10.0 in. < 15 in. o.k. 

d = 27 .6  in. < 30 in. o.k.

The limiting width-to-thickness ratios are checked: 

b1 - = 4.55 < 9.15 o.k.
2t1

h = 39.7 < 90.6 o.k.

From AISC Manual Table 6-2, a W27x129 with Lb= 6 ft has the following properties 
(note that <\JbMnx from Table 6-2 is based on the limit state of flexural yielding): 

<!iv vn 
= 505 kips > 486 kips o.k.

<\JbMnx = 1,480 kip-ft> 1,460 kip-ft o.k.

L
P 

= 7.81 ft 

Because Lb = 6 ft < lp = 7.81 ft, lateral-torsional buckling does not apply and flexural 
yielding governs the flexural strength. 

Therefore, use a W27 x 129 for the coupling beams on levels 6-10. 
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Part 2: Beam Embedment Length 

From Table 7-5, Vu = 486 kips. 

From AISC Seismic Provisions Section H4.5b. l: 

r;, b 0.58-
(
J
0.66 

Vn = l.54\lf/ bw
f 

�lb/Le -----'--'-
0.88+___L 

2Le

where 
h

w
= 24 in. 

ff= 8 ksi 
�1 = 0.65 from ACI 318, Section 22.2.2.4.3 
g = Lb = 6 ft 

(Prov. Eq. H4- l) 

In AISC Seismic Provisions Equation H4-I, g could be replaced with geff, an effective clear 
span to account for spalling at the face of the wall, but this is not required by the AISC 
Seismic Provisions and will have very little impact on the final design. This would require 
the clear span to be increased by the concrete cover over the first reinforcing bar at each side. 

Determine the embedment length by solving for Le in Equation H4-1, with qi= 0.90 and 
setting Vu

= <llVn: 

I 9.8L e486=- - - -
0.88+ 36.0 

L e 

L
e 

= 42.4 in. 

Therefore, each end of the beam will be embedded a minimum of 44 in. from the face of 
the wall. 

Part 3: Wall Pier Required Axial Strength 

The axial load resulting from the coupling action on the base wall piers is the accumulation 
of the required shear strengths (�Vu) over the height of the building. 

For the given core wall system, there are two coupling beams at each floor level. The re
quired shear strengths are given in Table 7-5; therefore, the required wall pier axial strength 
is dete1mined as follows. 
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Required shear strength at levels 11-15, from Table 7-5: 

( V,, )11_15 
= ( 295 kips/floor/beam)

(LV,, }
i 1_15 

= ( 5 floors)( 295 kips/floor/beam)( 2 beams) 

= 2,950 kips 

Required shear strengths at levels 6-10, from Table 7-5: 

(v,,)6_10 
= (486 kips/floor/beam) 

(LV,, )6_10 
= ( 5 floors)( 486 kips/floor/beam)( 2 beams) 

= 4,860 kips 

Required shear strength at levels 1-5, from Table 7-5: 

(v,,)1_5 
= (380 kips/floor/beam) 

(LV,,)
1_5 

= (5 floors)(380 kips/floor/beam)(2 beams) 

= 3,800 kips 

The total axial load effect due to coupling at the base of the wall pier is: 

Pu,wall,coupling = 2,950 kips+ 4,860 kips+ 3,800 kips 
= 11,600 kips 
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The required axial strength of the wall piers in the upper floors is calculated in a similar 
manner. In such a case, the total axial load due to coupling, at a given floor level, is an 
accumulation of the beam shear strengths for the beam at the floor being considered and 
the beams above. 

Example 7 .5.2. C-OSW Composite Coupling Beam Design 

Given: 

A composite coupling beam is used to couple the 16-in.-thick shear walls of a composite 
ordinary shear wall system. A cross section of the coupling beam is shown in Figure 7-7. An 
equivalent lateral force procedure was used for the analysis in accordance with ASCE/SEI 7 
to determine the seismic loading, which was then combined with gravity loads using the 
basic seismic load combinations of ASCE/SEI 7, Section 2.3.6 (not including the seismic 
effects due to overstrength). The analysis meets the AISC Seismic Provisions Section H4.3 
requirement that the uncracked effective stiffness values be used. The LRFD required shear 
and flexural strengths are: 

Vu = 232 kips 
Mu = 6,960 kip-in. 

ASTM A992 material is used for the structural steel, ASTM A615 Grade 60 material is used 
for all steel reinforcement, and the concrete compressive strength is 4 ksi. 
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1. Specify the required spacing of the transverse reinforcement.

2. Calculate the available shear and plastic moment strength of the composite beam and
compare to the required strengths (Vu and Mu).

3. Calculate the required embedment length of the structural steel section into the wall
pier. Assume the span length of the beam is 5 ft between wall faces.

Solution: 

From AISC Manual Table 2-4, the material properties are as follows:

ASTM A992
Fy = 50 ksi
Fu

= 65 ksi

From AISC Manual Table 1-1, the geometric properties are as follows:

W14x61
d = 13.9 in.
Zx = 102 in.3

tw = 0.375 in. bf = 10.0 in.

Part 1: Specify Transverse Reinforcement Spacing 

ff= 0.645 in.

According to AISC Specification Section I4.1 ( c ), the shear strength of the composite beam
can be taken as the sum of that contributed by the steel shape and that contributed by the
reinforcing steel, with <l>v = 0.75. With the required shear strength given as 232 kips, the
nominal shear strength of the composite coupling beam must be at least the following:

Vn 2". 23;_75 
= 309 kips

From the terms defined in AISC Seismic Provisions Section H4.5b.2, the nominal shear
strength of the steel beam is calculated as:

W14x61 

Stirrups, #5 

in 
0 
LO 

Fig. 7-7. Composite coupling beam section. 
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VP = 0.6F
y
Aw 

= 0.6(50 ksi)(l3.9 in.)(0.375 in.) 

= 156 kips 

The reinforcing steel must provide the following nominal shear strength: 

V,,,sr 2': 309 kips -156 kips 
= 153 kips 
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The area of one No. 5 reinforcement bar is 0.31 in.2 For No. 5 stirrups, the maximum spacing 
can be determined using: 

Avf�rd
V,,,sr = (ACI 318, Eq. 22.5.10.5.3) 

where 
Av

= area of shear reinforcement, in.2

d = distance from extreme compression fiber of concrete beam to centroid of longitidunal 
tension reinforcement, in. 

fyt = specified yield strength of transverse reinforcement, ksi 

Therefore, solving for s, the required stirrup spacing is: 

Avfyid s=- --
Vn,sr 

2( 0.31 in.2 )( 60 ksi )( 21 ½ in.) 

153 kips 
= 5.23 in. 

Maximum Transverse Spacing Requirements 

The maximum spacing of the transverse reinforcement is determined from ACI 318, Section 
9.7.6.2.2, and solving for s in the equations for Av.min given in Section 9.6.3.3. With the 
concrete strength taken in psi for use in the ACI 318 equations: 

Smax <S min 

d = 21 ½ in. = 10_8 in.
2 2 

24 in. 

2(0.31 in.2 )(60,000 psi) 
= --------= 46.5 m.

50bw 50(16 in.) 

A J. 2(0.31 in.2 )(60,000 psi) V }t = �--;======-:----:-= 49.0 in. 
0.75fJZbw 0.75)4,000 psi (16 in.) 

Therefore, the maximum spacing is 10.8 in. 

The spacing requirements based on shear strength were determined as 5.23 in. Thus, use No. 5 
closed stirrups at 5 in. on-center spacing. 
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Part 2: Available Flexural Strength of Composite Beam 

It may take several iterations to identify the case (see Figure 7-5) that applies to the cross 
section in any given problem. For this problem, it is assumed that the plastic neutral axis is 
in the flange of the steel shape-Case 2 in Figure 7-5. The plastic flexural strength may be 
determined by application of equilibrium principles or by the equations provided for pure 
bending of encased composite beam-columns given in AISC Manual Table 6-3a. Because 
these equations are somewhat more straightforward than the application of equilibrium 
principles, they will be illustrated here. 

The yield strengths used in determining the plastic flexural strength are: 

ASTM A992: Fy = 50 ksi 
ASTM A615 Grade 60: Fy r = 60 ksi 
4-ksi concrete: ff = 4 ksi

From AISC Manual Table 6-3a, assuming that the plastic neutral axis is in the flange, the 
variable h11 

can be determined. This is the distance from the centroid of the section to the 
location of the plastic neutral axis. Thus: 

h,, = 
0.85J}( Ac+ As-dbJ + Asrs)-2Fy( As db1)-2Fy r Asrs

2[0.85fc'.(hi b1 )+2Fybf ] 

Note that, because there is no reinforcing steel at the midpoint of the section: 

A,m = 0 in.2

Determine the area of the steel shape using the same geometry used in the derivation of the 
equations, which is the model of three rectangles: 

As = 2b1t1+(d 2t1 )tw 

= 2(10.0 in.)(0.645 in.)+[13.9 in. 2(0.645 in.)](0.375 in.) 

=17.6 in.2

The area of the concrete is determined as follows, with the area of one No. 8 reinforcement 
bar equal to 0.79 in.2:

Ac= h1h2 -A,, -Asr

Thus: 

= (16 in.)(24 in.) 17.6 in.2 4(0.79 in.2)

= 363 in.2

0.85( 4 ksi)[ 363 in.2 + 17.6 in.2 ( 13.9 in.)( I 0.0 in.)+ 0 in.2]

(so ksi)[n.6 in.2-(13.9 in.)(10.0 in.)] 2(50 ksi)(o in.2 
h

n 
= �-�------------------��-

ksi)(16 in. 10.0 in.)+2(50 ksi)(IO.O 

= 6.35 in. 
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The distance from the center of the section to the underside of the top flange is: 

d 13.9 in. 
--ti= - -- 0.645 in. 
2 2 

= 6.31 in. 
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Because hn is greater than the distance from the center of the section to the underside of the 
flange and less than half of the steel beam depth, the assumption that the plastic neutral axis 
is in the flange is correct. 

Using the series of equations given in AISC Manual Table 6-3a for Point B, for h11 within 
the flange, and Point D: 

Zs = Zx 

= 10 2 in.3 

zsn = Zs bf[�. 2 
h11 Jl � +hn J 

= 102 in.3 (10.0 in.)[ 
13·� 

in.

= 22.2 in.3

Zen = h1h/ -z.m 

= ( 16 in.)( 6.35 inf 22.2 in.3 

= 623 in.3

Zr = ( A,r Asrs) l; CJ

=[4(0.79 in.2) 0 in.2 

= 30.0 in.3 

Z = h1h/
c Zs Zr 4 

6.35 in.)[
13·� 

in. +6.35 in.)

2½ in.) 

(16 in.)(24 inf 
4 

102 in.3 30.0 in.3 

= 2,170 in.3 

MD = FyZs + Fyr zr + 0.85fj[i J 

= (50 ksi)(10 2  in.3)+(60 ksi)(3o.o in.3)+0.85(4 ksi)[
2,17

� 
in.3) 

= 10,600 kip-in. 
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Ms = MD - FyZm 0.85.fc'[ Z;
n J

= 10,600 kip-in.-(50 ksi)(22.2 in.3)-0.85(4 ksi)( 623
2
in.3

)

= 8,430 kip-in. 

Thus, from AISC Specification Section Fl, the available flexural strength of the composite 
beam is: 

<j)Mn = 0.90(8,430 kip-in.) 
= 7,590 kip-in.> 6,960 kip-in. o.k. 

Available Shear Strength 

The available shear strength of the composite beam can be calculated from Provisions

Equation H4-2: 

( r;; A,rFysrdc ) Vn,comp = VP + 0.0632\I Jc. bwcdc + 
S 

56 kips+0.0632_,/4 ksi(16 in.)(21½ in.) 

ksi)(21½in.) 

= 323 kips > 232 kips 

Part 3: Beam Embedment Length 

(Prov. Eq. H4-2) 

The embedment length of the beam can be calculated from Provisions Equation H4-l .  Note 
that for an ordinary system, the embedment length is based on the required shear, not the 
expected shear strength of the beam. Thus, Vn,connection for this application is Vu.

l )0.66 

Vn,connection = 1.54fjf :,
f

v �lbfLe - - - - -
0.88+ 

where 
bw = 16 in. 
bf = 10.0 in. 
j�'. = 4 ksi 
�l = 0.85 

2Le
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. . ( 16 in. )
0·66 

. 0.58 0.22(0.85) 
232 kips= 0.90 1.54,v'4 ks1 . (0.85)(10.0 m.)L

e 

( )( 
. 

)10.0 m. 5 ft 12 m./ft 
0.88+············································

2L
e 

12.6L
e 

0.88+ 30.0
L

e 

L
e

= 33.0 in.
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Each end of the beam will be embedded a minimum of 34 in. beyond the face of the wall.

Composite Special Shear Walls (C-SSW) 

Composite special shear wall (C-SSW) systems are designed in accordance with AISC
Seismic Provisions Section HS. C-SSW systems are reinforced concrete walls composite
with structural steel, including steel or composite boundary members and steel or composite
coupling beams. 

Overview of Applicable Design Provisions 

An overview of the AISC Seismic Provisions and ACI 318 requirements for the design of
C-SSW systems follows. Figure 7-8 illustrates an embedded steel coupling beam in a com
posite special shear wall system. Areas of the figure are labeled to identify pertinent design
considerations. Table 7-6 identifies specific requirements of the AISC Seismic Provisions

that correspond to the areas labeled in the figure and provides a simplified summary of the
design requirements. 

Note 1. The structural steel material used for C-SSW systems is limited by the requirements
of AISC Seismic Provisions Section A3.l, where the specified minimum yield
stress of the steel is not to exceed 50 ksi for members in which inelastic behavior is
expected. This specified minimum yield stress can be exceeded when the suitability
of the material is determined by testing or other rational criteria. The weld filler
metal used in the members and connections of the seismic force-resisting system
is selected to meet the requirements of AISC Seismic Provisions Section A3.4a.
The concrete and steel reinforcing materials used in composite components should
satisfy the requirements of AISC Seismic Provisions Section A3.5. 

Note 2. The structural design drawings and specifications for C-SSW systems are to meet
the requirements of AISC Seismic Provisions Section A4. 

Note 3. Loads and load combinations as defined by the applicable building code are to be
followed as indicated in AISC Seismic Provisions Section B2. 
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Note 4. The required strength for structural members and connections is determined 

according to AISC Seismic Provisions Sections B3. l and H5.5. 

Note 5. Structural analysis for the appropriate load combinations is to be performed in 

accordance with the requirements of AISC Seismic Provisions Chapter C and 

Section H5.3. 

For elastic analysis, the stiffness of composite members shall include the effects 

of cracked sections. Additional guidelines for estimating the stiffness of concrete 

beam and column members, concrete-encased and concrete-filled members, and 

steel beams with composite slabs are provided in the Commentary to the AISC 

Seismic Provisions Chapter C. These concrete and composite member properties 

reflect the effective stiffness at the onset of significant yielding in the members. 

Note 6. System requirements are as given in AISC Seismic Provisions Section H5.4. 

Note 7. Boundary members of C-SSW systems are designed in accordance with the AISC 

Specification and AISC Seismic Provisions Section H5.5b. 

Note 8. Steel coupling beams of C-SSW systems are designed in accordance with the 

AISC Specification and AISC Seismic Provisions Sections H5.5a and H5.5c. 

Structural steel links must satisfy the requirements for highly ductile members. 

G 
�er layer of_/ 

boundary steel 
H 

i L 

Face of wall 

<t_beam 

J 

Fig. 7-8. Notes key for A/SC Seismic Provisions design requirements for a 

coupling beam in a C-SSW system (see Table 7-6). 
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Table 7-6 

Notes in Figure 7-8 and Overview of 

Requirements for C-SSW Systems 

Note In Note in 
Item 

Referenced 

Fig. 7-8 Overview Standard* 

1 Materials 
Seismic Prov. Sects. A3.1, A3.4a 

-

&A3.5 

- 2 Structural design drawings and specifications Seismic Prov. Sect. A4 

- 3 Load and load combinations Seismic Prov. Sect. B2 

- 4 
Required strength for structural members and 

Seismic Prov. Sects. B3.1 & H5.5 
connections 

- 5 
Structural analysis Seismic Prov. Chapter C & Sect. H5.3 

Elastic stiffness of concrete/composite members Seismic Prov. Comm. to Ch. C 

- 6 System requirements Seismic Prov. Sect. H5.4 

- 7 Boundary members Seismic Prov. Sect. H5.5b 

8 Steel coupling beams 
Seismic Prov. Sects. H5.5a and 

-

H5.5c 

A 8(a) Beam flange local buckling 
Seismic Prov. Sects. H5.5c & Table 

01.1 

B 8(b) Web local buckling 
Seismic Prov. Sect. H5.5c & 

Table 01.1 

C 8(c) Flange-web weld (built-up I-shape) Seismic Prov. Sect. H5.5c 

D 8(d) Intermediate web stiffeners 
Seismic Prov. Sects. F3.5b.4, H5.5a 

& H5.5c 

E 8(e) Face bearing plates Seismic Prov. Sects. F3.5b.4 & H5.5c 

F s(n Vertical transfer bars Seismic Prov. Sect. H5.5c(d) 

G Location of end vertical transfer bar and stiffener Seismic Prov. Sect. H5.5c(d) 

H, I 8(g) Embedment length Seismic Prov. Sect. H5.5c 

J 8(h) 
Clear span of beam: Link length Seismic Prov. Sect. F3.5b.3 

For calculation of embedment (definition of g) Seismic Prov. Sect. H5.5c(a) 

K - Stiffener welds Seismic Prov. Sect. F3.5b.4 

L - Wall pier axial load due to coupling action Seismic Prov. Sect. H5.5c 

- 9 Composite coupling beams Seismic Prov. Sect. H5.5d 

- 10 Demand critical welds Seismic Prov. Sect. H5.6a 

- 11 Column splices Seismic Prov. Sect. H5.6b 

- 12 Reinforced concrete walls ACI 318 Ch. 11 & Sect. 18.10 

*The referenced standards are in addition to the AISC Specification.

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



7-36 COMPOSITE BRACED FRAMES AND SHEAR WALLS 

(a) As stipulated in AISC Seismic Provisions Section H5.5c, for I-shaped beams,

with link lengths g <::; M
µ
IV

µ
, the steel beam flange may meet the width

to-thickness requirements for a moderately ductile element given in AISC

Seismic Provisions Table D 1.1; otherwise the requirements for highly ductile

elements must be met.

(b) As stipulated in AISC Seismic Provisions Section H5.5c, the steel beam web

must meet the width-to-thickness requirements for a highly ductile element

given in AISC Seismic Provisions Table D 1.1.

(c) As stipulated in AISC Seismic Provisions Section H5.5c, for links made of

built-up cross sections, complete-joint-penetration groove welds, partial

joint-penetration groove welds, or two-sided fillet welds may be used to

connect the web to the flanges.

( d) Intermediate web stiffeners are designed in accordance with AISC Seismic

Provisions Sections H5.5a, and Section H5.5c.

(e) Face bearing plates are designed in accordance with AISC Seismic Provisions

Sections H5.5c and F3.5b.4 by reference.

(f) Vertical transfer bars are designed in accordance with AISC Seismic

Provisions Section H5.5c.

(g) The embedment length is determined from AISC Seismic Provisions Section

H5.5c and Equation H5- l and is considered to begin inside the first layer of

confining reinforcement in the wall boundary layer.

(h) The link length is determined in accordance with AISC Seismic Provisions

Section H5.5c, by reference to Sections F3.5b and H4.5b.

Note 9. Composite coupling beams are designed in accordance with AISC Seismic 

Provisions Section H5.5d. 

Note 10. Demand critical welds are required as defined in AISC Seismic Provisions Section 

H5.6a. 

Note 11. Column splices are designed in accordance with the AISC Specification and AISC 

Seismic Provisions Section H5.6b. 

Note 12. Reinforced concrete walls are designed in accordance with AC! 318, Chapter 11, 

in addition to Section 18.10. 

Steel Coupling Beam Design 

The steel coupling beams used in C-SSW systems require special detailing as outlined in 

AISC Seismic Provisions Section H5.5c. The proportions of the beam cross sections must 

meet the requirements of Sections H5.5c(b), H5.5c(c) and F3.5 where the coupling beam is 

treated as a link in an eccentrically braced frame. The anticipated rotational demand of the 

beams in special systems is equal to or larger than 0.08 rad. 

Moment and shear strength is determined using AISC Specification Chapters F and G. The 

requirements of AISC Seismic Provisions Section H5 stipulate the transfer of the expected 

beam shear strength, amplified by a factor of 1. 1, to the wall piers. Therefore, it is advanta

geous to consider grouping beam strengths over the height of the building in an effort to 

reduce the walJ overstrength requirement as was discussed for C-OSW systems. 
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Flange and web width-to-thickness ratios must satisfy the requirements of AISC Seismic 

Provisions Section D 1.1 for highly ductile members, except that for shear-critical beams, 

flanges are permitted to be moderately ductile. 

Wall Overstrength 

From AISC Seismic Provisions HS .4(b ), the expected shear strength of the coupling beams, 

amplified by a factor of 1.1, must be considered as the shear required to be transferred to the 

wall piers. In addition, when computing the required embedment length for steel coupling 

beams, the Vn calculated using Equation H4-l must be amplified by 1.1 as indicated in AISC 

Seismic Provisions Section H5.5c. 

Beam Embedment Length 

The length of the steel coupling beam embedded into the wall pier is computed using AISC 

Seismic Provisions Equation H5-l .  The Vn term in this equation is the same expected beam 

shear strength used to determine wall overstrength for the C-SSW system. In this equation, 

the term g is the clear span of the beam. However, the embedment length, Le, is measured 

from the outer layer of boundary element wall reinforcement. Thus, the embedment length 

of the beam, from the face of the wall, is the length calculated using Equation H5-l plus the 

concrete cover on the boundary element reinforcement as illustrated in Figure 7-9. 

Intermediate Web Stiffeners 

From AISC Seismic Provisions Section H5.5c, web stiffeners must meet the requirements 

for intermediate link stiffeners given in AISC Seismic Provisions Section F3.5b.4. 

Vertical transfer 
bar (typ.) 

Stiffener same as 
face bearing plate; 
both sides of web 

>d/2

Le 

Total embedment 

Face of wall 
pier 

<t_beam 

Face bearing 
plate; both sides 
of web 

Aligned with outer 
layer of wall 
boundary steel 

Fig. 7-9. Placement of vertical tran.�fer bars and face bearing plates. 
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Face Bearing Plates 

From AISC Seismic Provisions Section H5.5c, face bearing plates (link stiffeners) are pro

vided on both sides of the beam web and located at the face of the wall pier. These plates 

should meet the requirements of stiffeners in links at "the diagonal brace ends" as required 

in AISC Seismic Provisions Section F3.5b.4. Figure 7-9 illustrates the placement of face 

bearing plates. 

Stiffeners within the Embedded Region 

Although not specifically required by the AISC Seismic Provisions, stiffeners on both sides 

of the web, aligned with the outermost pair of vertical transfer bars, provide significantly 

higher connection ductility than when these stiffeners are not present. The same size stiff

ener specified for the face bearing plate should be used and placed as shown in Figure 7-9. 

The AISC Seismic Provisions Commentary Section H5 discusses this further. 

Vertical Transfer Bars 

In C-SSW systems, reinforcing bars are attached to the flanges within the embedded region 

to improve the ductility and general hysteretic behavior of the connection region. The 

requirements for size and development of the transfer bars are specified in AISC Seismic 

Provisions Section H5 .Sc. Figure 7-9 illustrates the placement of these bars. A minimum of 

two bars are required on each flange in each embed region. At a minimum, one pair is placed 

near the face of the wall to coincide with the wall boundary steel, and one pair is placed 

near the end of the embed region no less than one-half the depth of the beam from the end. 

The AISC Seismic Provisions permit the attachment and development of these bars to be 

done mechanically. When mechanical devices are not used, weldable grade reinforcing bars 

(e.g., ASTM A706) may be welded directly to the flanges of the beam, and the development 

length is computed using the provisions of ACI 318 for the development length of straight 

reinforcement bars in tension. It should be noted that, depending on the diameter of the 

reinforcing bar used, the development length might be significant. Where geometry is tight, 

mechanical anchorage will reduce the space required for these bars. 

Example 7 .5.3. C-SSW Steel Coupling Beam Design 

Given: 

The sixth floor core plan of a 15-story core wall system is shown in Figure 7-10. The 

composite special shear wall system includes steel coupling beams. Table 7-7 tabulates the 

LRFD required shear strengths and Table 7-8 tabulates the nominal shear strengths of the 

coupling beams over the height of the building. At the sixth floor level, the LRFD required 

shear and moment strengths (determined using the equivalent lateral force procedure) on 

the coupling beams are 795 kips and 2,390 kip-ft, respectively. There is no axial load on 

the beams. 
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Table 7-7 

LRFD Beam Required Shear Strengths 

Floor Level Vu, kips 

11-15 340 

6-10 795 

1-5 318 

Table 7-8 

Nominal Beam Shear Strengths, Vn

Floor Level 

11-15

6-10

1-5

Concrete wall beyond 
Reinforcement not shown 

: ' 'IHIIIII llllflll 

A 

Le 

I (typ.) I 

1111111 I 111111 , . 

12·-o.. 1�1. 12·-o.. • I 

(a) 

Stiffener 
plate (typ.) 

Minimum 
concrete 

cover per 
ACI 318 

Transfer 
bar beyond in 

wall (typ.) 

Vn, kips 

404 

To be determined 

462 

16" 

(b) 

Fig. 7-10. (a) Core plan and (b) Section A-A-beam cross section. 
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7-40 COMPOSITE BRACED FRAMES AND SHEAR WALLS 

The structure is assigned to Seismic Design Category C. From ASCE/SEI 7, the following 

parameters apply: 

Response modification coefficient, R: 6 

Deflection amplification factor, Cd: 5 

Overstrength factor, 00 : 2½ 

Importance factor, le: 1.0 

The compressive strength of the wall pier concrete is 8 ksi, the steel reinforcement is ASTM 

A615 Grade 60, and the steel beams are built-up I-shapes of ASTM A572 Grade 50 plate 
material. The stiffener material is also ASTM A572 Grade 50 plate. The beam chord rota
tion demands are expected to be equal to or greater than 0.08 rad. The clear cover from the 

face of the wall to the reinforcement is ¾ in. The coupling beam dimensions are given in 

Figure 7- lO(b ). The coupling beams are considered shear-critical. 

Required for the coupling beam at the sixth floor: 

1. Check the width-to-thickness requirements for the flanges and web of the coupling beam
given in Figure 7- lO(b).

2. Determine if the clear span length of the beam is sufficient given the expected chord

rotation demands.

3. Determine the size and spacing of the web stiffeners over the clear span region of the beam.

4. Compute the required embedment length of the beam into the wall pier. The clear cover
from the face of the wall to the first layer of vertical reinforcement is ¾ in.

5. Specify the diameter, quantity and location of vertical transfer bars needed at the flanges

within the embedded regions of the beam. The ratio of longitudinal wall reinforcement
is 0.0025.

6. Detail the face bearing plates required at the face of the wall and stiffener near the end
of the embedded region.

7. Given the LRFD beam nominal shear strengths over the height of the building provided

in Table 7-8, determine the LRFD required axial strength at the base of the wall piers
due to coupling action.

Solution: 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A572 Grade 50 

Fy = 50 ksi 

F11 = 65 ksi 

From Figure 7-lO(b), the geometric properties of the built-up section are: 

bf = 16 in. 

d = 26 in. 

ff = 2 in. 

fw = 1 ¼ in. 
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A= 2b1t1 +(d-2tf )tw 

= 2(16 in.)(2 in.)+ [26 in.-2(2 in.)](11/4 in.) 

= 91.5 in.2

( 
d -t f 

J ( 
d -2t t 

J Zx =2bftf -
2
- +tw (d-2t1) 

4 
· 

(
26· 2· 

J 
26 in 2(2 in.) 

= 2(16 in.)(2 in.) m.
; m. + (1 1/4 in.)[26 in.-2(2 in.)]

· 4

=919 in.3

bh3 

ly = I:12

=2[
t1b/

]+ 
(d-2tt)tJ

12 12 

(2 in.)(16 in.)3 [26 in.-2(2 in.)](1¼ in.)3 

=2------+----------
12 12 

= 1,370 in.4

ry
=

fi 

1,370 in.4

91.5 in.2

= 3.87 in. 

Part 1: Local Buckling 

Check member ductility 

7-41

From AISC Seismic Provisions Table D 1.1 ,  the limiting width-to-thickness ratio for the 
flanges of a built-up I-shaped section that is moderately ductile (refer to the User Note in 
AISC Seismic Provisions Section H5.2 for the length limit of shear-critical beams, and refer 
to AISC Seismic Provisions Section H5.5c(c) for flanges in shear-critical beams) is: 

b 

= 0.40 
29, 000 ksi
1.1(50 ksi) 

= 9.18 
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b 

t 2tf 

16 in. 
2(2 in.) 

=4.00<9.18 o.k.

From AISC Seismic Provisions Table D 1.1, the limiting width-to-thickness ratio for the web 
of a highly ductile member (note that it was given that there is no axial load in the beam, 
and thus, Ca = 0) is: 

h 

h 

t 

= 2_57 29,000 ksi [i l.04 (o)]
1.1 ( 50 ksi) 

= 59.0 

22 in. 
1 ¼ in. 

= 17.6 < 59.0 o.k.

This member also meets the compact limits according to AISC Specification Table B4.1 b. 

Part 2: Beam Length 

Determine whether the limit state of lateral-torsional buckling applies. According to AISC 
Specification Section F2, Equation F2-5 gives the maximum unbraced length permitted for 
the beam to reach the plastic moment. Thus: 

LP = 1.76r
y 
O[. (Spec. Eq. F2-5) 

V Fy

= (1 ft/12 in.)(1.76)(3.87 in.) 29,000 ksi
50 ksi 

=13.7 ft 
Lb = 6 ft< 13.7 ft 
Lb < L

P
; therefore, the limit state of lateral-torsional buckling does not apply and yield

ing controls. 

From AISC Specification Section F2.1, the nominal flexural strength is: 

Mn 
= M

p
= FyZx 

= (so ksi)(919 in.3 )(1 ft/12 in.) 

= 3,830 kip-ft 
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From AISC Seismic Provisions Section F3.5b.2, noting that the area of the web in the beam 
of a special system is calculated as A iw = (d 2t1)tw : 

½, = 0.6FyA1w 

= 0.6(50 ksi)[26 in. 2(2 in.)](1¼ in.) 

= 825 kips 

(Prov. Eq. F3-2) 

For a shear-critical beam in a special system, Equation 7-3 can be used to check the length 
of the beam: 

l .6MpL<-�- V
p 

825 kips 
= 7.43 ft 

L = 6 ft < 7.43 ft o.k. 

Part 3: Size and Spacing of Web Stiffeners 

(7-3) 

AISC Seismic Provisions Section F3.5b.4 addresses provisions for stiffener thickness and 
spacing requirements as well as requirements for one- or two-sided stiffeners. Because the 
length of the beam is less than I.6MplVp, and the expected chord rotation is greater than or 
equal to 0.08 rad, part (a) of AISC Seismic Provisions Section F3.5b.4 is used to determine 
the stiffener requirements. 

Stiffener Spacing 

d 
5 

= 30(1 ¼ in.)-
26 in. 

5 
= 32.3 in. 

Use a minimum stiffener spacing of 32 in. 

Because the depth of the beam is 26 in. > 25 in., stiffeners are required on both sides of 
the web. 

Stiffener Thickness 

{
tw = 1 ¼ in. 

t,. > max · - 1/s in.

Use t5 = I¼ in. 
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Single Stiffener Width 

b,. > t,., . - 2 ,. 

16 in. 111 . = - /4 Ill. 

2 
= 6.75 in. 

Stiffener-to-Flange Weld 

COMPOSITE BRACED FRAMES AND SHEAR WALLS 

According to AISC Seismic Provisions Section F3.5b.4, the required strength of the stiff
ener-to-flange weld is determined as follows: 

FyAst 
Ruw 2 --4as

(so ksi)(l 1/4 in.)(6.75 in.) 
4(1.0) 

= 105 kips 

Assuming a 1-in. x 1-in. comer clip, the weld size is determined from AISC Manual Equa
tion 8-2a as follows: 

Ruw = (1.392 kip/in.)Dl 

105 kips = (1.392 kip/in.)D(5.75 in.)(2 sides) 

D = 6.56 sixteenths 

Use ½6-in. fillet weld on both sides of the stiffener. 

Stiffener-to-Web Weld 

According to AISC Seismic Provisions Section F3.5b.4, the required strength of the stiff
ener-to-web weld is determined as follows: 

Fy
A .51 

Ruw 2 -
<Xs 

l.O
= 422 kips 

Assuming a I-in. x I-in. comer clip at the flange-to-web comer of the stiffener, the weld 
size is determined from AISC Manual Equation 8-2a as follows: 

Ruw = (1.392 kip/in.)Dl 

422 kips= (1.392 kip/in.)D(20 in.)(2 sides) 

D = 7.58 sixteenths 

Use ½-in. fillet welds on both sides of the stiffener. 
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Provide 1 1/4-in. x 6¾-in. full-depth stiffeners on each side of the web spaced no farther apart 
than 32 in. See Figure 7-11 for final beam detailing. 

Part 4: Beam Embedment Length 

From AISC Seismic Provisions Section H5.5c(a), Le is determined from: 

where 

Jc!= 8 ksi 
�1 = 0.65 from ACI 318, Section 22.2.2.4.3 
g =L+2Cc 

= (6 ft)(l2 in./ft) + 2(¾ in.) 

= 73.5 in. 

(Prov. Eq. H5-1) 

As a C-SSW system, in accordance with the AISC Seismic Provisions Section H5.5c, the 
expected shear strength of the beam for which embedment length is calculated contains a 
factor of 1.1 to account for strain hardening. The expected shear strength of the steel coupling 
beam is: 

2 
V,1 = �-�-- s; ( I. lR

y
) V

P 

g 

(Prov. Eq. H5-2) 

Located at vertical reinforcement 
nearest face of wall end 

1 ¼" stiffener plate; full 
depth, both sides of web 

Le + Cc 
Note: The left end is detailed the same as the right end. 

16" 
I NI 

PL 1 ¼x6¾ x 1 '-1 O" ,---snr--.-r ::::I 
with 1"x1" corner clip 
(A572 Gr. 50) 

t:=::'.'.�=:j ::::I 

NI 
Section A-A 

(4) #9 Vertical transfer bars. See
Seismic Provisions Section H5.5c
for bar development requirements.

1" stiffener plate; 
full depth, both 
sides of web 

Fig. 7-11. Steel coupling beam detail for Example 7.5.3. 
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R
y

= 1.1 (from AISC Seismic Provisions Table A3. l )  

2(1.1)(1.1)(3,830 kip-ft)( l2  in./ft) 
( )( . )½, = --'-�--'--'-'------'-'------'- < 1. 1 1. 1 825 kips 

73.5 in. -

= 1,510 kips> 998 kips 

Use Vn = 998 kips. 

AISC Seismic Provisions Equation H5-1 gives: 

. . (24 in.J
0

·
66 

. 0.58 0.22(0.65) 
998 kips= 1.54�8 ks1 -.- (0.65)(16 m.)Le 

( )( . )16 Ill. 6 ft 12 m./ft 
0.88+···················�-�

2Le 

25.9Le 

0.88+ 36.0 

Le 

Le = 57.9 in. 

The total embedded length from the face of the wall is: 

Le +Cc= 57.9 in.+¾ in. 
= 58.7 in. 

Each end of the beam will be embedded a minimum of 60 in. beyond the face of the wall. 

Part 5: Vertical Transfer Bars 

From AISC Seismic Provisions Section H5.5c( d), the required cross-sectional area of verti
cal transfer reinforcement, attached to the top and bottom flanges of the beam, is determined 
using Equation H5-3. As calculated previously, the embedment length is 60 in. less the 
cover on the reinforcing. Here, the embedment length will conservatively be taken as 60 in. 

(Prov. Eq. H5-3) 

0.03
>----�--�--

60 ksi 
= 3.84 in.2

From requirements of AISC Seismic Provisions Section H5.5c(d), At11 is the area of vertical
transfer reinforcement required at the top and bottom flanges in each region of the embed
ded length. Assuming four bars will be used in each of the four required locations: 

A _ 3.84 in.2
req - 4 

= 0.960 in.2 per location 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



7.5 COMPOSITE SHEAR WALLS 7-47 

Thus, provide (4) No. 9 vertical transfer bars on each flange at each of the four regions of 
the embedment length. See Figure 7-11 for details of transfer bar arrangements. 

Another option is to use alternating U-shaped hairpins (see AISC Seismic Provisions Figure 
C-H5.4). The hairpins extending above (or below) the flange need to provide Ath· Limit the
bar size to No. 5 in order to ensure reasonable bend radii. U-shaped hairpins have two legs,
and the area of a No. 5 bar is 0.31 in.2 Therefore:

(3.84 in.2/2) 
N (number of No. 5 hairpins)= 

2 0.31 in. 
= 6.19; therefore, use 7 hairpins 

Note that the transfer bars must be developed in a manner consistent with AISC Seismic

Provisions Section H5.5c(d). Also note that AISC Seismic Provisions Equation H5-4 pro
vides an upper limit on Atb· The longitudinal wall reinforcement ratio is given as 0.0025. 
Therefore, the area of longitudinal wall reinforcement along the embedment length is: 

A., = 0.0025bwLe 

= 0.0025(24 in.)(60 in.) 

= 3.60 in.2

Use AISC Seismic Provisions Equation H5-4 to check the limit on A1b :

0.08Leb
w 

Asr =0.08(60 in.)(24 in.) 3.60 in.2 

= 112 in.2

The provided Aib for (4) No. 9 bars mechanically attached to the flanges is 4.00 in.2 The 
provided Aib for (7) No. 5 U-shaped hairpins is 4.34 in. 2 Either of these values is well below 
the limit of 112 in. 2

Part 6: Face Bearing Plates 

AISC Seismic Provisions Section H5.5c(b) requires face bearing plates at the faces of the 
wall piers. These face bearing plates must meet the detailing requirements of AISC Seismic

Provisions Section F3.5b.4 and must be placed on both sides of the beam web regardless 
of beam depth. 

The face bearing plate is located at the beam-wall interface, and, therefore, should satisfy 
the requirements for the "end of a link." 

Stiffeners are required at two locations: one pair at the beam-wall interface and one pair at 
the location of vertical transfer bars nearest the end of the embedded region. 

Stiffeners in the embedded region and at the beam-wall interface must be two-sided stiffeners. 

Stiffener Thickness 

{
0.75tw = 0.75(1 ¼in.)= 0.938 in. 

ts 2:'. max 
1/s in. 
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Stiffener Width 
hs,combined 2': bf - 2tw 

=16 in. 2(1¼in.) 
= 13.5 in. 

COMPOSITE BRACED FRAMES AND SHEAR WALLS 

Provide I in. x 6¾ in. full-depth stiffeners on each side of the web at the beam-wall inter
face and at the location of the vertical transfer bars nearest the end of the embedded region. 
See Figure 7-11 for final beam detailing. 

Part 7: Wall Pier Axial Load 

As discussed in AISC Seismic Provisions Section H5.5c, the embedded regions of the 
beams must transfer 1.1 V11 of beam shear strength in a composite special shear wall system. 
This expected shear strength, increased to account for strain hardening, is accounted for 
in the calculated expected beam shear strength AISC Seismic Provisions (Equation H5-2). 
The required axial strength resulting from the coupling action on the base wall piers is the 
accumulation of these amplified shear strengths over the height of the building. 

For the given core wall system, two coupling beams frame into each shear wall. The 
nominal beam shear strengths for floor levels 11-15 and 1-5 are provided in Table 7-8. The 
expected shear strength of the beams at levels 6-10 were calculated in Part 4 of this solu
tion (V11 = 998 kips) and already include this 1.1 factor. The total wall pier required axial 
strength at the base of the wall piers is determined as follows. 

Amplified shears at levels 11-15: 
(!.lV11 \

1_1 5 
=1.1(404kips) 
= 444 kips/floor/beam 

I:(1.IV,,\
1_1 5 

= (5 floors)(444 kips/floor/beam)(2 beams) 

= 4,440 kips 

Amplified shears at levels 6-10: 

(v,, )6_10 
= 998 kips/floor/beam 

I:(v
n
)
6

_
10 

= (5 floors)(998 kips/floor/beam)(2 beams)

= 9,980 kips 

Amplified shears at levels 1-5: 
(!. lV11 \_

5 
= 1.1( 462 kips) 

= 508 kips/floor/beam 
I:(!.lV,,\_

5 
= (5 floors)(508 kips/floor/beam)(2 beams) 

= 5,080 kips 
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The total axial load effect due to coupling is: 

Pu,wall,coupling = 4,440 kips+ 9,980 kips+ 5,080 kips

= 19,500 kips 

Thus, the 19,500 kips will be added to the force in the wall due to other loads. 

The final coupling beam with transfer bars and stiffeners is shown in Figure 7-11. 
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8.1 SCOPE 

The requirements and other design considerations summarized in this Part apply to elements 

and connections of buildings and of frames that are specifically detailed for seismic resis

tance (or other lateral loads) but are not covered in Parts 4, 5, 6 or 7. 

8.2 GENERAL DISCUSSION 

Seismic design requires that components of the structure be connected or tied together in 

such a manner that they behave as a unit. Diaphragms are an important structural element 

for creating this interconnection. Diaphragm elements: 

• connect the distributed mass of the building to the vertical elements of the lateral force

resisting system (braced frames, moment frames or shear walls);

• interconnect the vertical elements of the lateral force-resisting system, thus completing

the system for resistance to building torsion;

• provide lateral stability to columns and beams including nonlateral force-resisting

system columns and beams; and

• provide out-of-plane support for walls and cladding.

The elements that make up a diaphragm are generally already present in a building to 

carry other loads, such as gravity loads. 

Floors, roofs, and other membrane or bracing systems are generally used as diaphragm 

elements. Diaphragms are typically horizontally spanning members, analogous to deep 

beams, that distribute the seismic loads from their origin to the vertically oriented lateral 

force-resisting frames (braced frames, moment frames, etc.). Diaphragms are idealized 

as simple-span or continuous horizontally spanning deep beams, and hence are subject to 

shear, moment and axial forces, and the associated deformations. Figure 8-1 shows typi

cal loading, shear and moment diagrams for the analysis and design of a diaphragm. The 

floor- or roof-deck system is usually designed as the shear-resistant element (analogous to 

the web of a beam) and the beams or supplemental deck reinforcing at the boundaries of the 

diaphragm are designed to resist axial force (analogous to the flanges of a beam). 

Diaphragms act as beams on elastic supports, with the diaphragm acting as the beam and 

the vertical elements of the lateral force-resisting system acting as the supports. The rela

tive rigidity of the diaphragm and the vertical elements is used to classify diaphragms into 

one of three categories: rigid, flexible or semi-rigid. Rigid diaphragms are those in which 

the flexibility of the supports is far greater than the in-plane flexibility of the diaphragm. 

They also possess the strength and stiffness to distribute the lateral forces to the lateral 

force-resisting frames in proportion to the relative stiffness of the individual frames, without 

significant deformation in the diaphragm. Where the in-plane flexibility of the diaphragm 

is far greater than that of the vertical elements, the diaphragm is classified as flexible. A 

flexible diaphragm distributes the lateral forces to the lateral force-resisting frames in a 

manner analogous to a simple beam spanning between the lateral force-resisting elements. 

The distribution of the lateral forces through a flexible diaphragm is independent of the 

relative stiffness of the lateral force-resisting frames. Where the flexibility of the diaphragm 

and its supports (the vertical elements) is similar (or where the diaphragm cannot be uni

formly categorized as either rigid or flexible in all spans in each direction) the diaphragm 
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is considered semi-rigid. A semi-rigid diaphragm distributes lateral forces in proportion 

to the stiffness of the diaphragm and the relative stiffness of the lateral force-resisting 

frames. Semi-rigid diaphragms are analogous to a beam on elastic supports, where the beam 

represents the stiffness of the diaphragm and the elastic supports represent the stiffness of 

the lateral force-resisting frames. These diaphragms are often modeled using shell elements 

representing diaphragm stiffness as part of the three-dimensional model. ASCE/SEI 7, 

Section 12.3.1, provides requirements for modeling diaphragm rigidity. 

In a building with flexible diaphragms, the diaphragm is analyzed first (for diaphragm 

forces); the effect of the reactions on the supports is used in the design of the vertical ele

ments of the lateral force-resisting system. These reactions may need to be adjusted to be 

consistent with the base shear. In buildings with rigid or semi-rigid diaphragms, a full build

ing analysis is done (for seismic lateral forces), and the diaphragm is designed based on the 

forces from that analysis. These reactions are adjusted to be consistent with the required 

diaphragm forces. For more information, see Sabelli et al. (2011 ). 

Because many buildings have lateral force-resisting frames that are not uniformly spaced 

and continuous around the diaphragm boundaries, collector elements are utilized. Collector 

11111111111111111111111111111111111111111111111111111111111111111 � t� �
Diaphragm loading diagram 

Shear diagram 

"'-ll11JTIII 111111 [111D-LJY" "'lll111[11 I I I I I I
J11LLLD7

Moment diagram 

Fig. 8-1. Diaphragm force distribution. 
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elements are tension and compression members that deliver the diaphragm forces to the 

lateral force-resisting frames. A redistribution of collector forces can occur as ductile 

design mechanisms form in the lateral force-resisting frames. Collector forces in structures 

in Seismic Design Categories C through F are amplified using the overstrength factor, Q0• 

This is one of the few places that this factor is required to be applied in Seismic Design 

Categories below D. 

When horizontal truss bracing is used as a diaphragm, the chords should be regarded 

and designed as collectors using the appropriate load combinations. The diagonal and cross 

brace members can also be regarded and designed as collectors to ensure that they will 

not buckle or hinge before they deliver forces to the vertical lateral force-resisting frame. 

Alternatively, diagonal diaphragm braces can be allowed to buckle or hinge and be a source 

of additional energy absorption. Neither ASCE/SEI 7 nor the AISC Seismic Provisions 

provide prescriptive direction on how to consider horizontal truss bracing. For recommen

dations on the design of diaphragms, see Sabelli et al. (2011). 

Design of steel deck diaphragms is addressed in AISI S310-16 (AISI, 2016), and guid

ance can be found in AISI D310-17 (AISI, 2017). Attachment of the steel deck to chords and 

collectors can be accomplished by means of welds, screws, pins or other fasteners. At offset 

conditions, such as open-web joist seats supported on top of wide-flange beams, additional 

blocking elements may be required to complete the load path. 

8.3 FLEXURAL AND TORSIONAL BUCKLING OF 

COLLECTOR ELEMENTS 

Bracing and Compressive Strength of Collectors 

In buildings, collectors are typically floor or roof framing members that transfer loads to 

the seismic force-resisting system. In nonbuilding structures, collectors may be connected 

to horizontal bracing. In many of these conditions the effective lengths may be different 

for major axis flexural buckling, minor axis flexural buckling, and torsional buckling. 

Additionally, the torsional buckling strength determined in AISC Specification Section E4 

is not applicable to members constrained to twist about an axis other than the centroidal 

axis. This is the case for continuous lateral bracing of the beam top flange by the deck or 

slab and the bottom flange unbraced between lateral brace points. This condition is termed 

constrained-axis torsional buckling. The constrained-axis torsional buckling length is taken 

as the bottom-flange unbraced length. If the boundary conditions are such that constrained

axis torsional buckling is possible, then neither torsional buckling nor minor axis flexural 

buckling is possible. 

Designers often simplify the determination of the compressive strength of collectors with 

conservative assumptions and methods, such as neglecting the continuous bracing of the 

top flange and taking the minor axis unbraced length as the distance between bottom-flange 

lateral supports so that torsional and constrained-axis torsional buckling may be neglected. 

While such approaches are acceptable, they often indicate the need for additional braces or 

increases in beam size well beyond what is actually required. Note that AISC Specification 

Appendix 6 does not provide requirements for torsional bracing of compressive members. 

Criteria for torsional bracing of columns can be found in Helwig and Yura (1999). The 
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8.3 FLEXURAL AND TORSIONAL BUCKLING OF COLLECTOR ELEMENTS 8-5

following discussion provides guidance for a more explicit determination of the governing 
limit states and a more efficient design approach. 

Once the available axial compressive strength of the collector is determined, the com
bined effects of flexural and axial forces are evaluated per AISC Specification Chapter H. 
In many cases, a more detailed stability analysis than the following will permit even greater 
efficiency. Such approaches can include explicit consideration of the torsional bracing pro
vided by the steel or composite deck, or a beam-column stability analysis considering both 
flexure and axial forces simultaneously in lieu of the Chapter H interaction method. 

Major Axis Buckling 

For collectors, the major axis flexural buckling length is typically the full member length as 
described in AISC Specification Commentary Section 17, assuming webs are oriented verti
cally. Exceptions to this include certain cases in which braces may be considered to provide 
in-plane bracing under design conditions. For seismic loads, such cases include beams in 
eccentrically braced frames and beams in V- and inverted V-configuration braced frames 
not specifically detailed for seismic resistance; the diagonal braces in these systems provide 
a braced point. 

Minor Axis and Torsional Buckling 

Bare steel deck with ribs parallel to the beam is generally assumed not to provide lateral 
bracing. Lateral and torsional bracing may be provided by transverse members at points 
along the length of the beam. For this case the minor axis flexural buckling lengths and tor
sional buckling lengths are the same and equal to the distance between these bracing points; 
thus, the minor axis flexural buckling strength will be lower than the torsional buckling 
strength. 

Bare steel deck with ribs perpendicular to the beam is generally assumed to provide 
continuous lateral bracing to the top flange but not to the bottom flange. Bottom flange 
bracing may be provided at points along the beam length. For this case the compression 
strength may be governed by constrained-axis torsional buckling. Figure 8-2 shows minor 
axis flexural buckling, torsional buckling, and constrained-axis torsional buckling about the 
top flange. 
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-- \ 
I 
I 
I I 
I I 
l I 

'1 I 
I I 
I I 

I 

"-------1
------� ------ I-

--
L---

(b) Torsional buckling

--
-,

.,,.J_..,.-- I 

I ______ ,.' ______ I
\..------- \ '( 

I I 
I 
I 

I I 
I I 
I I 
I I 
I I 
I I 
I I 
I I 
I I 
l I ---, 

,____ 
__>

I _______ -----1-
L-----

( c) Constrained-axis torsional

buckling about the top flange

Fig. 8-2. Types of collector buckling. 
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8-6 DIAPHRAGMS, COLLECTORS AND CHORDS 

Collector beams with composite deck or slabs are likewise continuously braced for 
minor axis flexural buckling as noted in AISC Specification Commentary Section 17. The 
composite deck or slab also provides significant continuous torsional bracing. This continu
ous torsional bracing is often sufficient to preclude torsional buckling altogether. This can 
be verified using methods developed by Helwig and Yura (1999). Additional information 
is provided in AISC Specification Commentary Section E4. For simplicity, designers can 
conservatively compute the constrained-axis torsional buckling strength about the top flange 
and neglect the effect of the continuous torsional bracing. 

For collectors in diaphragms with horizontal diagonal bracing, if the brace connections 
provide torsional bracing such that both minor axis flexural buckling and torsional buck
ling lengths are equal, the compressive strength is likely governed by flexural buckling. 
Where the torsional and minor axis flexural buckling lengths are equal, the torsional buck
ling strength will exceed the minor axis flexural buckling strength for doubly symmetric 
I-shaped members. If the brace connections do not provide torsional bracing (for example,
bracing only one flange), the minor axis flexural buckling and torsional buckling lengths
are not equal and both limit states, in addition to major axis buckling, must be considered.

Methods for computing the compressive strength of members governed by torsional 
buckling about the centroidal axis are presented in the AISC Specification Section E4, and 
other axes of restraint are addressed in the Commentary. For constrained-axis torsional 
buckling, as shown in Figure 8-2(c), the Commentary gives the following expression: 

n2El
y [

h; 2) 
1 

Fe = co -- -+a +GI --
(L )2 4 Ar:2 

where 

CZ 
0 

A = gross cross-sectional area of member, in.2 
E = modulus of elasticity of steel, ksi 
G = shear modulus of elasticity of steel, ksi 
l

y 
= moment of inertia about the y-axis, in.4

J = torsional constant, in.4

(Spec. Eq. C-E4-1) 

Lcz
= effective length of member for buckling about longitudinal axis, in. 

a = distance from centroid to lateral restraint on the member minor axis, in. 
h0 = distance between flange centroids, in. 
r0 

= polar radius of gyration about the shear center, in. 

for restraint at a point on the minor axis 

rx = radius of gyration about the x-axis, in. 
ry = radius of gyration about the y-axis, in. 
co = factor to address the effects of bracing flexibility, taken as 0.9 
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8.3 FLEXURAL AND TORSIONAL BUCKLING OF COLLECTOR ELEMENTS 8-7

Table 8-1 

Summary of Unbraced Lengths and 
Restraint Conditions for Collector Beams 

(Compressive Strength) 

Major Axis Minor Axis Constrained-
Torsional 

Flexural Buckling Flexural Buckling Axis Torsional 
Buckling Length 

Condition Length Length Buckling Length 

Ribs parallel 
Full length 

Between lateral brace 
Not applicable 

Between torsional 

to beam points brace points 
Steel 

deck Ribs 
Not applicable Between torsional 

perpendicular Full length 
(continuously braced) brace points 

Not applicable 

to beam 

Composite deck or slab Full length 
Not applicable Between torsional 

Not applicable 1 
(continuously braced) brace points 1 

Horizontal diagonal Between lateral brace 
Not applicable 

Between torsional 

bracing 
Full length 

points 
(if braced at 

brace points 
centroid) 

1 The composite deck or slab provides some continuous torsional bracing. In some cases, this torsional bracing is sufficient 
to preclude constrained-axis torsional buckling. Methods for determining adequacy of such bracing are not presented in this 
Manual and for simplicity these effects are not considered. See Helwig and Yura (1999) for guidance on evaluating continuous 
torsional bracing. 

Inserting the expression for Ya in the denominator, the equation simplifies to: 

n2Eiy(h;/4+a2) 1 Fe = ffi - -�- - -�+ GJ1-- - - --
(Lcz )

2 Ix +Iy +Aa2

For a = d/2, the case for restraint at the top flange, Equation 8-1 simplifies to: 

n2Eiy(h; +d2) 1 Fe= 0.9 - -�- -�+GJ1-- - - - --
4(Lcz )

2 Ix +Iy +0.25Ad2

where 
d = member depth, in. 

The value of Fe is used in AISC Specification Equations E3-2 and E3-3. 

A summary of the buckling lengths and discussion is provided in Table 8-1. 
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8-8 DIAPHRAGMS, COLLECTORS AND CHORDS 

8.4 DESIGN EXAMPLES 

Example 8.4.1. Diaphragm Chord and Collector Design 

Given: 

Refer to Figure 8-3a for the plan and Figure 8-3b for the braced frame elevations called out 

on the plan. The braced frames are special concentrically braced frames (SCBF). Based on 

the following information given for a north-south motion, determine the required strengths 

of a collector and a chord at the third level and design the chord. (A similar calculation 

must be performed for east-west loading; this is not illustrated here.) Design the collector 

on grid 1 between grids C and D using ASTM A992 material. The diaphragm consists of 

2-in. metal deck with 2½-in. normal weight concrete topping (total slab thickness= 4½ in.)

with ¾-in.-diameter steel headed stud anchors spaced at 12 in. along the beam. The specified

compressive strength of the concrete is 4,000 psi and the metal-deck span is north-south.

The applicable building code specifies the use of ASCE/SEI 7 for calculation of loads. As

sume surface loads of D = 85 psf (includes interior and perimeter partitions) and L = 80 psf

(Lreduced = 50 psf) on typical levels, and Dr = 85 psf and Lr = 20 psf on the roof. Due to

seismic forces from an equivalent lateral force analysis (ASCE/SEI 7, Section 12.8), the

first-order interstory drift at level three, !'::,.H, is 0.375 in.

1 

30'-0" 
_ __ _  ___,_...,,___ _ _ _ __ ..., __ __ _ ____ f-__ __ _  _ 

0-r-t:t•�----4<lllt:t�-----

2 3 4 

f30'-0" 30'-0" 30'-0" 

<lllt:t� <lllt:t l:t 

0 
' 

LO 
N 

� -
_..__ ____ .....; ,----""ii<==;;li==::.,------; C-------+-:J: I 

I 

0 
' 

LO 
N 

I I 

I I 

,J::------

Jl ___ 
- -Braced frames -

Fig. 8-3a. Floor plan.for Example 8.4.1. 
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8.4 DESIGN EXAMPLES 8-9

For the collector beam at the third level along gridline 1 and between gridlines C and D, the 

gravity moments are: 

MD = 123 kip-ft 

ML = 96.2 kip-ft 

The gravity shears are: 

VD = 11.8 kips 

VL = 8.29 kips 

From ASCE/SEI 7, this structure is assigned to Seismic Design Category D, Q0 = 2, 

p = 1.3, le
= 1.0, R = 6, SDS = 1.0, k = 1.0 and Cs

= 0.167. The seismic base shear is: 

V= CsW 

= 0.167(4)(765 kips) 

= 511 kips 

� 
Roof

�Fourth

�Third

Second 

Base 

(ASCE/SEI 7, Eq. 12.8-1) 

(c B 

25'-0" 

<O 
I 

N 
-,-

<O 
I 

N 
-,-

<O 
I 

N 
-,-

-,-

Fig. 8-3b. SCBF elevation. 
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8-10 DIAPHRAGMS, COLLECTORS AND CHORDS 

where W is the effective seismic weight including the total dead load of the building as 

required by ASCE/SEI 7, Section 12.7.2 (assuming no other loading applies). The seismic 

forces in the north-south direction using the equivalent lateral force procedure of ASCE/ 

SEI 7 are: 

Level 

Roof 

4 

3 

2 

Solution: 

The diaphragm force is: 

L,F; 
F 

i=r px = -n---Wpx 

L,W; 
i=x 

Story Height 

H, ft 

12.5 

12.5 

12.5 

14.0 

Seismic Weight Force 

w;, kips F;, kips 

765 201 

765 152 

765 103 

765 55 

(ASCE/SEI 7, Eq. 12.10-1) 

However, ASCE/SEI 7 requires that this force must be greater than or equal to 0.2SDSleWpx, 
but need not exceed 0.4SDSleWpx· Values of Fpx are calculated in the following table. Shaded

values indicate the governing force, not including Q0• 

W; = Wpx LW; F; LF; Fpx QoFpx 0.2SvsleWpx 0.4SvsleWpx 
Level kips kips kips kips kips kips kips kips 

Roof 765 765 201 201 201 402 153 306 

4 765 1,530 152 353 177 354 153 306 

3 765 2,295 103 456 152 304 153 306 

2 765 3,060 55 511 128 256 151 306 

Chord Force at the Third Level 

The governing required strength for the diaphragm at the third level is 153 kips. Analyze the 

diaphragm as a uniformly loaded beam with a length, L, equal to 120 ft ( this is the distance 

between the braced frame along grid 1 and the braced frame along grid 5). The distributed 

load is equal to the diaphragm force, Fp, divided by the diaphragm length, as shown. 

F 
W= _E_ 

153 kips 

120 ft 

= 1.28 kip/ft 
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As shown in Figure 8-4, the maximum moment in the diaphragm at the third level is: 

wL
2 

M=-

( 1.28 kip/ft)( 120 ft )2

8 
= 2,300 kip-ft 

w = 1.28 kip/ft 

l�llllllllllllllllllllllllllllllllllllllllllllllllllllllllllll�R 1 Diaphragm loading diagram 5 

Shear diagram v = 76.5 kips 

�I I I I I I I I I I I I I I I I I I� 
M = 2,300 kip-ft 
Moment diagram 

cp cp cp 
0-�--·--- ----oll�----1-:-1 

Collector

� typ. 

Fig. 8-4. Diaphragm load, shear and moment diagram at the third level. 
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8-12 DIAPHRAGMS, COLLECTORS AND CHORDS 

The reactions at the braced frames should be consistent with the force distribution from the 

lateral analysis. In this case, due to symmetry, the maximum shear reactions may be taken 

as: 

V= Fp 
2 

153 kips 

2 

= 76.5 kips 

For unsymmetric cases, with rigid or semi-rigid diaphragms, the distribution should be 

determined from the lateral analysis. For more information, see Sabelli et al. (2011). 

Rigid diaphragm design also accounts for accidental torsion per ASCE/SEI 7, Section 

12.8.4.2. For this example, it is assumed that accidental torsion results in an increase to the 

maximum shear reactions of l 0%. The worst-case conditions for chord members do not 

include this accidental torsion. 

I.10V = 1.10(76.5 kips)

= 84.2 kips 

The diaphragm depth, d, is equal to 75 ft (the distance between grids A and D) and the 

moment is resisted by chord members along grid lines A and D. The maximum tension and 

compression force in the chords along gridlines A and D is: 

T=C 

M 

d 

2,300 kip-ft 

75 ft 

= 30.7 kips 

A chord member with adequate tensile strength to resist this force can be provided by the 

addition of supplemental slab reinforcement, such as ASTM A6 l 5 Grade 60 deformed 

reinforcing bars, or by the steel members alone. If the concrete slab is utilized as the collec

tor, the concrete chord must be designed using the strength design provisions of ACI 318, 

whether the structural steel is designed using LRFD or ASD. The governing load combina

tion is LRFD Load Combination 6 (the load factor on Lis permitted to equal 0.5 since the 

live load is less than 100 psf) from ASCE/SEI 7, Section 2.3.6: 

1.2D + E
v 
+ Eh + L + 0.2S 

where 

Ev
= 0.2SvsD 

Eh = pQE 

Therefore: 

(1.2 + 0.2SDS)D + pQE + L + 0.2S

(ASCE/SEI 7, Eq. 12.4-4a) 

(ASCE/SEI 7, Eq. 12.4-3) 
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The required tension force in the chord is: 

T,, = pQE 

= 1.3(30.7 kips) 
= 39.9 kips 

The required area of slab reinforcement is: 

TuAs req = 
<j)Fy 

39.9 kips 
0.90(60 ksi) 

= 0.739 in.2

8-13

Two No. 6 bars (As = 0.88 in.2) can provide this supplemental slab reinforcement at the
chord locations for the tension force in the chord. Per ACI 3 18, Section 18.12.7.5, additional 
transverse reinforcement to confine the concrete and reinforcement under compression 
forces is not required if the extreme compressive fiber stress in the concrete is equal to or 
less than 0.2f}. Because the deck span is perpendicular to the chord span, assume that only 
the concrete above the top of the metal deck is effective in resisting the chord force. The 
elastic section modulus of the diaphragm is: 

bd2 

S=-
6 

(2½ in.)(75 ft)2

6(12 in./ft) 

= 195 ft3

The extreme compressive fiber stress at the chord is: 

M 
fc

= 
S 

(2,300 kip-ft )(1,000 lb/kip) 

( 195 ft3 )( 12 in./ft )2

= 81.9 psi 

0.2fc'. = 0.2( 4,000 psi) 
= 800 psi 

fc < 0.2fc'.; therefore, additional transverse reinforcing is not required at the diaphragm 
chord. 
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8-14 DIAPHRAGMS, COLLECTORS AND CHORDS 

Provide two No. 6 continuous uncoated reinforcing bars at the edges of the concrete floor. 
Per ACI 318, Section 25.4, the development length, ld, is computed as: 

ld = [ Jy \JI1 \JI e ) db
25Afjf 

_ (60,000 psi)(1.0)(1.o)
( . )- ----,----,-----,======- 0. 7 5 m. 

25(I.o),J4, 000 psi 
= 28.5 in. 

Per ACI 318, Section 25.5.2.1, the minimum lap length for a Class B lap splice is: 

lap length 2 l .3ld
= 1.3 ( 28.5 in.) 
= 37.0 in.

Lap all splices a minimum of 37.0 in. 

The maximum shear in the diaphragm occurs at each end; therefore, the total shear force 
along grid 1, including the 10% increase for accidental torsion, is 84.2 kips. This shear 
force is uniformly distributed along the depth of the diaphragm (grid 1 ). This is a simple 
and rational approach to determine the required strength of the collector beam. Using a 
uniform distribution of shear along the depth of the diaphragm, the shear demand on the 
diaphragm is: 

I.IOV
v=--

84.2 kips 
75 ft 

= 1.12 kip/ft 

ASCE/SEI 7 requires that collector elements in structures assigned to Seismic Design 
Category C through F be designed to resist the overstrength seismic loads (Q0-level loads). 
The required strength per foot is: 

Vu= 2(1.12 kip/ft) 
= 2.24 kip/ft

A diaphragm should be selected that has a shear strength greater than 2.24 kip/ft. Since steel 
headed stud anchors are used, they must resist this shear strength. The diaphragm should be 
attached to the collector in order to transfer this shear. This may be accomplished by attach
ing the metal deck to the collector. Gravity loads should also be considered. 

Wide-Flange Collector Beam Between Grids C and D Along Gridline 1

The collector axial force diagram is shown in Figure 8-5. ASCE/SEI 7, Section 12.10.2.J, 
stipulates the load combination to use for collector elements in structures assigned to 
Seismic Design Category D. In this case, the load combination including overstrength 
seismic loads (Q0-level loads) controls; therefore, from ASCE/SEI 7, Section 2.3.6, the 
governing LRFD load combination is Load Combination 6 (the load factor on Lis permitted 
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to equal 0.5 since the live load is less than 100 psf) and from ASCE/SEI 7, Section 2.4.5, 
the governing ASD load combination is Load Combination 9, where Ev and Emh are defined 
in Sections 12.4.2 and 12.14.3.1, as follows: 

LRFD ASD 
1.2D +Ev+ Emh + L + 0.2S l .OD + 0.525Ev + 0.525Emh + 

0.75L + 0.75S 

where Ev = 0.2SDsD and Emh = O.oQE where Ev
= 0.2SDsD and Emh = O.oQE 

Therefore Therefore 
(1.2 + 0.2SDS)D + Q0QE + 0.5L + 0.2S (1.0 + 0.105SDs)D + 0.525Q0QE + 0.75L 

+ 0.75S

The required flexural strength is: 

LRFD ASD 

Mu
= [1.2+0.2(1.0)](123 kip-ft) Ma

= [1.0+0.105(1.0)](123 kip-ft) 

+o.5(96.2 kip-ft) +0.75(96.2 kip-ft) 
= 220 kip-ft = 208 kip-ft 

Using the shear demand along grid 1, the axial force in the collector due to the seismic load, 
at the intersection of grids C and 1 is: 

� 

@--rirl-====== 

p QE = 28.0 kips l_roiaphragm
T shear, V

P-&=--1 
1--1 

=:--- I 

P0E = 28.0 kips

Collector
force, E

Fig. 8-5. Collector axial load diagram for Example 8.4.1. 
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PQE = (25 ft)(I.12 kip/ft) 

= 28.0 kips (tension or compression) 

Therefore, the required first-order axial force in the beam is: 

LRFD ASD 

Pu
= (1.2+0.2SDs )D+Q0QE +0.5l Pa 

= (1.0+0.105SDs )D+0.525Q0QE

+0.2S + 0.75l+0.75S

= 2(28.0 kips) = 0.525(2)(28.0 kips) 

= 56.0 kips (tension or compression) = 29.4 kips (tension or compression) 

Try a W18x50. 

From AISC Manual Table 2-4, the material properties are as follows: 

ASTM A992 
F

y 
= 50 ksi 

Fu
= 65 ksi 

From AISC Manual Tables 1-1 and 6-2, the geometric properties are as follows: 

W18x50 
A = 14.7 in.2 d = 18.0 in. 
rx = 7.38 in. ry = 1.65 in.
Cw = 3,040 in.6 rxfry = 4.47 

tw = 0.355 in. 
Ix = 800 in.4

h0 = 17.4 in. 

Required Second-Order Axial Strength 

tf = 0.570 in. 
fy = 40. l in.4

hftw = 45.2 
J = 1.24 in.4

Consider second-order effects with l = 12.5 ft using AISC Specification Appendix 8. 

B2 is calculated based on an elastic analysis of the structure. Alternatively, a maximum 
permitted drift can be used to calculate B2. Note that B2 and Q0 apply to the forces derived 
from the base shear. They do not apply to the minimum diaphragm force from ASCE/SEI 
7, Equation 12.10-2. 

Calculate B2 with a first-order interstory drift, /j.H, of 0.375 in. 

H = 201 kips + 152 kips+ 103 kips 
= 456 kips 

L = 12.5 ft 
RM = I for braced frames 

Hl 
Pe story = RM /j. 

H 

= 1 
( 456 kips) ( 12.5 ft) 

( 12 in./ft) 
0.375 in. 

= 182,000 kips 
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8.4 DESIGN EXAMPLES 8-17

Calculate P srory, the total vertical load supported by the story. Use a surface area of 9,000 ft2 

on each floor and the following surface loads: 

Floor 
Roof 

D = 85 psf 
Dr

= 85 psf 
Lreduced = 50 psf 
Lr = 20 psf 

Using the ASCE/SEI 7, Sections 2.3 and 2.4, the governing load combinations are as follows: 

LRFD ASD 
Load Combination 6 from ASCE/SEI 7, Load Combination 9 from ASCE/SEI 7, 
Section 2.3.6 (including the permitted Section 2.4.5 
0.5 factor on L) 

Psrory = ( 1 kip/1,000 lb )(9,000 ft2 ) Psrory = ( l kip/l,000 lb )(9,000 ft2 ) 

x{[1.2+0.2(1.o)l[3(85 psf)] x{[1.o+o.105(1.o)l[3(85 psf)] 

+ 0.5[20 psf +2(50 psf)]} + 0.75[20 psf + 2(50 psf)]}

= 3,750 kips = 3,350 kips 

B2 is calculated from AISC Specification Equation A-8-6: 

LRFD 

a=l.0 
l 

B2 = -- - -;::,:l 
l--aP,1q2_ 

Pe story 

182,000 kips 
= 1.02 

a= 1.6 

B2 = 
l 

ASD 

1 
;::,: l 

aPsrory 

Pe story 

1 > 1
1.6(3,350 kips) -

1--�---� 
182,000 kips 

=1.03 

Determine the required second-order axial force, Pr, using AISC Specification Equation A-8-
2, with P1t equal to Pu and Pa for LRFD and ASD, respectively, as determined previously. 

LRFD ASD 

Pr = P,u + B2Pz1 Pr = Pnr + B2Pz1 
= 0 + 1.02(56.0 kips) = 0+1.03(29.4 kips) 
= 57.1 kips = 30.3 kips 
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Note: The amplification calculated here is for the lateral system and the force it delivers 
through the diaphragm to the collector beam. Amplification for member slenderness (B1) is 
addressed under Required Flexural Strength.

Compressive Strength of the W18 x50 

The W18x50 collector beam has the following unbraced lengths in compression (assume 
Kx = 1.0): 

Lex
= (KL)x 

= 1.0(25 ft) 
= 25.0 ft 

Ley = 0 ft (lateral movement is braced by the slab) 
Lcz 

= 12.5 ft 

For the compressive strength based on the limit state of flexural buckling, the composite slab 
fully braces the beam in the minor axis but not in the major axis. Calculate the major axis 
compressive strength using AISC Manual Table 6-2. Enter the table using Ley eq:

25.0 ft 
4.47 

= 5.59 ft, use 6 ft 

(Manual Eq. 4-1) 

From AISC Manual Table 6-2, the compressive strength due to major axis flexural buckling is: 

LRFD 

<pcPn = 551 kips P,, = 367 kips 
QC 

ASD 

Minor axis compressive strength due to flexural buckling will not govern (KL = 0). 

For the limit state of constrained-axis torsional buckling, the unbraced length is 12.5 ft. Use 
Equation 8-2 for Fe.

The W18 x 50 has a slender web in compression, as indicated in Table 1-1 of the AISC 
Manual. To determine the effective area of the beam, Ae , use AISC Specification Section 
E7. 
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(8-2) 

ln2 (29,000 ksi)( 40. l in.4 )[ (17.4 in.)2 + (18.0 in.)2 ] l= 0.9 2 + (11,200 ksi)(l .24 in.4) 
4[(12.5 ft)(12 in./ft)] 

x -----------------

800 in.4 +40.1 in.4 +0.25(14.7 in.2 )(18.0 in.)2

= 41.6 ksi 

Fy 50 ksi 
Fe 41.6 ksi 

= 1.20 < 2.25 

Therefore: 

I F, 1 Fer = 0.658F, 
J
Fv

= (o.6581 .20 )(50 ksi) 

= 30.3 ksi 

(Spec. Eq. E3-2) 

Because a W18 x 50 is slender for compression as noted in AISC Manual Table 1-1, deter
mine the effective width, be, of the web using AISC Specification Section E7 .1. 

A {F; [f {F; 
rv� 

= l .49
V Fv V�

= 1.49 /E. 
v� 

=l.49 29,000 ksi
30.3 ksi 

=46.1 

Because the actual web slenderness for the W18x50, hltw = 45.2, is less than this value, 
there is no reduction in the web width and be = b. Therefore, Ae = Ag . 

The available axial compressive strength is determined as follows: 

= (30.3 ksi)(14.7 in.2)

= 445 kips 
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LRFD ASD 

<pcPn = 0.90(445 kips) P,, -
445 kips 

QC 1.67 
= 401 kips = 266 kips 

The following is a summary of the limit states in compression on the collector. 

Major Axis Flexural Buckling 

Lex = 25.0 ft 

<J)cPn = 551 kips 

Pn = 367 kips 
QC 

Constrained-Axis Torsional Buckling 

Lcz = 12.5 ft 

<J)cPn = 401 kips 

P,, = 266 kips 
QC 

The available axial compressive strength of the section is governed by constrained-axis 
torsional buckling. 

Required Flexural Strength 

Calculate B i from AISC Specification Appendix 8, Section 8.2.1. 

n
2
EI* 

Pei = ---
(Lc1)

2 

n2 (29,000 ksi)(800 in.4) 

[ ( 25 ft )(12 in./ft )]2

= 2,540 kips 

(Spec. Eq. A-8-5) 

Because the beam is subject to transverse loading between supports: 

Cm
= 1.0 

Bi= 

--

LRFD 

·m >1
l- aPr - (Spec. Eq. A-8-3) 

1 

Pei 

1.0 >l
1.0(57.1 kips) -

2,540 kips 
=1.02 

Bi= 

1 

--

1 

ASD 

m >1 
aPr - (Spec. Eq. A-8-3) 

Pei 

1.0 > 1
1.6(30.3 kips) -

2,540 kips 
=1.02 
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From AISC Specification Equation A-8-1, the required second-order flexural strength is: 

LRFD ASD 

Mrx = B1Mn1 + B2M11 Mrx = B1Mn1 + B2M11 
= 1.02( 220 kip-ft)+ 1.02( 0 kip-ft) = 1.02( 208 kip-ft)+ 1.03( 0 kip-ft) 

= 224 kip-ft = 212 kip-ft 

Available Flexural Strength of the W18x50 Beam 

The composite flexural strength may be used for collectors. The following demonstrates that 
the noncomposite beam is adequate. Assuming it is fully braced and using AISC Manual

Table 6-2 for a W18x50, the available flexural strength is: 

LRFD ASD 

<phMnx = 379 kip-ft Mnx -= 252 kip-ft
Qh

Check combined loading of the W18x50 using AISC Specification Section HI. I. 

LRFD ASD 

57.1 kips 30.3 kips 
Pc 401 kips Pc- 266 kips 

= 0.142 = 0.114 
Because Prf Pc < 0.2, use AISC Specifica- Because Prf Pc < 0.2, use AISC Specifica-

tion Equation Hl-1 b. 

0.142 
+ 

224 kip-ft
= 0.662 < 1.0 

2 379 kip-ft 
o.k.

tion Equation HI-l b. 

0.114 
+ 

212 kip-ft
= 0.898 < 1.0 

2 252 kip-ft 
o.k.

Because the member does not require composite action, the studs are only required to resist 
the diaphragm shear transfer. Where composite flexural action is required, the shear studs 
may be considered fully effective for both flexural shear transfer and diaphragm shear trans
fer as described in Burmeister and Jacobs (2008). 

Use a W18x50 for the collector. 

Alternatively, a collector with adequate tensile strength to resist the diaphragm shear can be 
provided by the addition of supplemental slab reinforcement, such as ASTM A6 l 5 Grade 60 
deformed reinforcing bars. In this case, the required area of slab reinforcement is: 
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A.,· req = 
tt.F'Y y 

57.1 kips 
0.90(60 ksi) 

= 1.06 in.2

DIAPHRAGMS, COLLECTORS AND CHORDS 

Four No. 5 bars (As
= 1.24 in.2) can be used to provide this supplemental slab reinforcement 

at the collector location. Per ACI 318, Section 18.12.7.5, additional transverse reinforce
ment is not required if the extreme fiber stress in the concrete is kept below 0.2f}. Because 
the deck span is parallel to the collector axis, the concrete above and below the top of the 
metal deck will be effective in resisting the collector force. Assuming the metal deck profile 
is such that one-half of the area below the top of the metal deck is filled with concrete, the 
effective thickness of the concrete collector is 3½ in. The minimum width of slab required 
to resist the collector force is: 

b . - ___!l_ 
mm -

0 2 ,, 
. Jct 

57.1 kips 
0.2(4 ksi)(3½ in.) 

= 20.4 in. 

This collector width can be easily accommodated along grid A. Note that a mechanism 
needs to be provided to transfer the force from the slab reinforcement into the structure. 

Using the 0.2f
c
: compression limitation set forth in ACI 318, Section 18.12.7.5, in conjunc

tion with Q0-level forces may be conservative. Alternate approaches can also be used such 
as limiting compressive strains in the concrete collector to 0.003 (which is analogous to the 
strain limits for unconfined concrete resisting seismic loads), treating the collector as a short 
compression member, or any other rational design method that provides a load path between 
the inertial mass and the seismic force-resisting system. 

Provide a connection with adequate strength to resist the collector forces. As noted previ
ously, ASCE/SEI 7 requires that collector elements in structures assigned to Seismic Design 
Category C through F be designed to resist the seismic load effects including overstrength. 
For the design of a connection to support shear and axial beam end reactions, refer to the 
AISC Design Examples document found at www.aisc.org/manualresources. Single-plate 
connections, as illustrated in AISC Design Examples II.A-l 7B and II.A-l 9B, are commonly 
used for this application. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



PART 8 REFERENCES 8-23

PART 8 REFERENCES 

AISI (2016), North American Standard for the Design of Profiled Steel Diaphragm Panels, 

AISI S3 l 0-16, American Iron and Steel Institute, Washington DC. 

AISI (2017), Design Examples for the Design of Profiled Steel Diaphragm Panels Based on 

A/SI S310- I 6, AISI D3 l0- l 7, American Iron and Steel Institute, Washington DC. 

Burmeister, S. and Jacobs, W.P. (2008), "Under Foot: Horizontal Floor Diaphragm Load 
Effects on Composite Beam Design," Modern Steel Construction, AISC, December. 

Helwig, T.A. and Yura, J.A. (1999), "Torsional Bracing of Columns," Journal of Structural 

Engineering, ASCE, Vol. 125, No. 5, pp. 547-555. 

Sabelli, R., Sabol, T.A. and Easterling, S.W. (2011), NEHRP Seismic Design Technical

Brief No. 5 Seismic Design of Composite Steel Deck and Concrete-filled Diaphragms: 

A Guide for Practicing Engineers, NIST GCR 11-917-10, NEHRP Consultants Joint 
Venture, partnership of the Applied Technology Council and the Consortium of 
Universities for Research in Earthquake Engineering, National Institute of Standards 
and Technology, Gaithersburg, MD. 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



8-24 DIAPHRAGMS, COLLECTORS AND CHORDS 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



PART9 

PROVISIONS AND STANDARDS 

9.1 SEISMIC PROVISIONS FOR STRUCTURAL STEEL BUILDINGS, 

9-1

JULY 12, 2016 ..................................................... 9.1-i 

Preface . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 9. I -iii 

Table of Contents ................................................. 9.1-vii 

Symbols ........................................................ 9.1-xxxi 

Glossary ..................................................... 9.1-xxxviii 

Abbreviations .................................................... 9.1-xlv 

Provisions ........................................................ 9.1-1 

Commentary .................................................... 9.1-157 

9.2 PREQUALIFIED CONNECTIONS FOR SPECIAL AND INTERMEDIATE 

STEEL MOMENT FRAMES FOR SEISMIC APPLICATIONS, 

MAY 12, 2016 ..................................................... 9.2-i 

Preface .......................................................... 9.2-iii 

Table of Contents .................................................. 9.2-v 

Symbols ......................................................... 9.2-xiv 

Glossary. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 9 .2-xxiii 

Standard .......................................................... 9.2-1 

Commentary .................................................... 9.2-151 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9-2

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



ANSI/ AISC 341-16 

An American National Standard 

Seismic Provisions 

for Structural Steel Buildings 

July 12, 2016 

Supersedes the Seismic Provisions for Structural Steel Buildings 

dated June 22, 2010 and all previous versions 

Approved by the Committee on Specifications 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

130 East Randolph Street, Suite 2000, Chicago, Illinois 60601 

www.aisc.org 



9.1-ii 

© AISC 2016 

by 

American Institute of Steel Construction 

All rights reserved. This book or any part thereof must not be 

reproduced in any form without the written permission of the publisher. 

The A/SC logo is a registered trademark of A/SC. 

The information presented in this publication has been prepared by a balanced committee 

following American National Standards Institute (ANSI) consensus procedures and 

recognized principles of design and construction. While it is believed to be accurate, this 

information should not be used or relied upon for any specific application without compe

tent professional examination and verification of its accuracy, suitability and applicability by 

a licensed engineer or architect. The publication of this information is not a representation 

or warranty on the part of the American Institute of Steel Construction, its officers, agents, 

employees or committee members, or of any other person named herein, that this informa

tion is suitable for any general or particular use, or of freedom from infringement of any 

patent or patents. All representations or warranties, express or implied, other than as stated 

above, are specifically disclaimed. Anyone making use of the information presented in this 

publication assumes all liability arising from such use. 

Caution must be exercised when relying upon standards and guidelines developed by 

other bodies and incorporated by reference herein since such material may be modified or 

amended from time to time subsequent to the printing of this edition. The American Institute 

of Steel Construction bears no responsibility for such material other than to refer to it and 

incorporate it by reference at the time of the initial publication of this edition. 

Printed in the United States of America 

Revised June 2018 

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-iii 

PREFACE 

(This Preface is not a part of ANSI/ AISC 341-16, Seismic Provisions for Structural Steel 

Buildings, but is included for informational purposes only.) 

AISC 360, Spec(fication for Structural Steel Buildings (ANSI/ AISC 360-I 6) is intended to 

cover common design criteria. Accordingly, it is not feasible for it to also cover all of the 

special and unique problems encountered within the full range of structural design prac

tice. This document, Seismic Provisions for Structural Steel Buildings (ANSI/ AISC 341-16) 

(hereafter referred to as the Provisions), is a separate consensus standard that addresses one 

such topic: the design and construction of structural steel and composite structural steel/ 

reinforced concrete building systems specifically detailed for seismic resistance. 

The Symbols, Glossary, and Abbreviations are all considered part of this document. 

Accompanying the Provisions is a nonmandatory Commentary with background infor

mation and nonmandatory user notes interspersed throughout to provide guidance on the 

specific application of the document. 

A number of significant technical modifications have also been made since the 2010 edi

tion of the Provisions, including the following: 

• Inclusion of ASTM A I 085/ A 1085M material

• New provisions for diaphragms, chords and collectors, particularly horizontal

truss diaphragms

• Inclusion of R
y 

in Table D 1.1 for more accurate slenderness limits and to avoid

use of lower F
y 

values for dual-certified material

• Requirement that simultaneous inelasticity be considered for columns partici

pating in two or more seismic force resisting systems

• Clearer provisions on required strength of column splices and bases, including

a reduced shear for column bases, returning the requirements to closer to those

in the 2005 Provisions

• Allowance for non-full strength connections in special moment frames

• Option to use partial-joint-penetration groove welds in moment-frame column

splices

• Revised and clarified continuity plate, doubler plate, and associated welding

provisions

• Multi-tiered braced frame provisions for ordinary concentrically braced frames,

special concentrically braced frames, and buckling-restrained braced frames

• Numerous revisions to special plate shear wall requirements

• New application of composite plate shear wall system using concrete-filled

steel panel walls

• Power-actuated fasteners permitted in the protected zone up to a certain diameter

• New criteria to prequalify connections for composite moment frames

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 
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9.1-xxxi 

SYMBOLS 

The symbols listed below are to be used in addition to or replacements for those in the AISC 

Specification for Structural Steel Buildings. Where there is a duplication of the use of a sym

bol between the Provisions and the AISC Specification for Structural Steel Buildings, the 

symbol listed herein takes precedence. The section or table number in the righthand column 

refers to where the symbol is first used. 

Symbol 

Ab 
Ac 
Acw 
Af 
Ag 

Atw 
As 

Ase 

Ash 

Asp 

D 

D 

E 

E 

Ec1 

Emh 

Fer 

Fcre 

Definition Reference 

Cross-sectional area of a horizontal boundary element, in.
2 

(mm
2) . . . • •  F5.5b

Cross-sectional area of a vertical boundary element, in.
2 

(mm
2) . • • • . . • •  F5.5b

Area of concrete between web plates, in.
2 

(mm
2) • . . . • • . . . • • . . • • • . . •  H7.5b

Gross area of flange, in.
2 

(mm
2) . • • . . . • • . . . • • . . • • • . . • • • . . • • . . . • •  E4.4b

Gross area, in.
2 

(mm
2) . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .  E3.4a

Web area of link (excluding flanges), in.
2 

(mm
2) . . • • • . . • • . . . • • . . . • •  F3.5b

Cross-sectional area of the structural steel core, in.
2 

(mm
2) • . . . • • . . • •  DI .4b

Cross-sectional area of the yielding segment of steel core, in.
2 

(mm
2) . • •  F4.5b

Minimum area of tie reinforcement, in.
2 

(mm
2) • . . • • • . . • • . . . • • . . • •  Dl.4b

Horizontal area of stiffened steel plate in composite plate 

shear wall, in.
2 

(mm
2) • • . . • • • . . • • . . . • • . . . • • . . • • • . . • • • . . • • . . . •  H 6.3b

Area of transverse reinforcement in coupling beam, in.
2 

(mm
2) . • • • . . •  H 4.5b

Area of longitudinal wall reinforcement provided over the embedment 

length, Le, in.
2 

(mm
2) • • • . . • • . . . • • . . . • • . . • • • . . • • • . . • • . . . • • . . . •  H 5.5c

Horizontal cross-sectional area of the link stiffener, in.
2 

(mm
2) . • • • . . • •  F3.5b

Area of steel web plates, in.
2 

(mm
2) • . . . • • . . • • • . . • • • . . • • . . . • • . . • •  H7.5b

Area of transfer reinforcement required in each of the first and second 

regions attached to each of the top and bottom flanges, in.
2 

(mm
2) • . . •  H 5.5c

Area of steel beam web, in.
2 

(mm
2) • • . . • • • . . • • . . . • • . . . • • . . • • • . . •  H 5.5c

Area of steel beam web, in.
2 

(mm
2) • • . . • • • . . • • . . . • • . . . • • . . • • • . . •  H 4.5b

Ratio of required strength to available axial yield strength . . . . . . . Table D 1.1 

Coefficient relating relative brace stiffness and curvature . . . . . . . . . . . . D 1.2a 

Dead load due to the weight of the structural elements and permanent 

features on the building, kips (N) ............................... DI .4b 

Outside diameter of round HSS, in. (mm) .................... Table D 1.1 

Diameter of the holes, in. (mm) ................................. F5.7a 

Seismic load effect, kips (N) .................................... Fl.4a 

Modulus of elasticity of steel= 29,000 ksi ( 200 000 MPa) ....... Table Dl. l 

Capacity-limited horizontal seismic load effect ....................... B2 

Horizontal seismic load effect, including the overstrength factor, 

kips (N) or kip-in. (N-mm) ...................................... B2 

Critical stress, ksi (MPa) ...................................... Fl.6a 

Critical stress calculated from Specification Chapter E using expected 

yield stress, ksi (MPa) ......................................... Fl.6a 
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Fyb 

Fye 

Fysc 

Fysr 

Fysr 

l
y 

l
y 

K 

L 

L 

L 

L 

L 

Lb 

SYMBOLS 

Specified minimum yield stress, ksi (MPa). As used in the Specification, 

"yield stress" denotes either the minimum specified yield point (for those 

steels that have a yield point) or the specified yield strength (for those steels 

that do not have a yield point). . ................................ A3.2 

Specified minimum yield stress of beam, ksi (MPa) ................. E 3.4a 

Specified minimum yield stress of column, ksi (MPa) ............... E 3.4a 

Specified minimum yield stress of the steel core, or actual yield stress 

of the steel core as determined from a coupon test, ksi (MPa) ......... F4.5b 

Specified minimum yield stress of the ties, ksi (MPa) ............... DI .4b 

Specified minimum yield stress of transverse reinforcement, 

ksi (MPa) .................................................. H4.5b 

Specified minimum yield stress of transfer reinforcement, ksi (MPa) ... H5.5c 

Specified minimum yield stress of web skin plates, ksi (MPa) ........ H7 .5b 

Specified minimum tensile strength, ksi (MPa) ..................... A3.2 

Height of story, in. (mm) ..................................... D 2.5c 

Clear height of the column between beam connections, including a 

structural slab, if present, in. (mm) .............................. F2.6d 

Clear column (and web-plate) height between beam flanges, in. (mm) F5.7a.3 

Moment of inertia, in.4 (mm4) .................................. E 4.5c

Moment of inertia of a horizontal boundary element taken perpendicular 

to the plane of the web, in.4 (mm4) .............................. F5.4a

Moment of inertia of a vertical boundary element taken perpendicular 

to the plane of the web, in.4 (mm4) .............................. F5.4a

Moment of inertia about an axis perpendicular to the plane of the 

EBF, in.4 (mm4
) ........................................... F3.5b.l

Moment of inertia about an axis in the plane of the EBF in.4 (mm4) ..... F3.5b

Moment of inertia of the plate about the y-axis, in.4 (mm4
) ........... F5.7b

Effective length factor. ........................................ Fl .5b 

Live load due to occupancy and moveable equipment, kips (N) ....... DI .4b 

Length of column, in. (mm) .................................... E 3.4c 

Span length of the truss, in. (mm) ............................... E 4.5c 

Length of brace, in. (mm) ..................................... Fl .5b 

Distance between vertical boundary element centerlines, in. (mm) ...... F5.4a 

Length between points which are either braced against lateral displacement 

of compression flange or braced against twist of the cross section, 

in. (mm) .................................................. D l.2a 

Effective length= KL, in. (mm) ................................. Fl .5b 

Clear length of beam, in. (mm) .................................. El .6b 

Clear distance between column flanges, in. (mm) ................... F5.5b 

Embedment length of coupling beam, in. (mm) .................... H4.5b 

Distance between beam plastic hinge locations, as defined within the 

test report or AN S I/AISC 3 58, in. (mm) ........................... E 2.6d 

Length of the special segment, in. (mm) .......................... E 4.5c 

Required flexural strength, using ASD load combinations, 

kip-in. (N-mm) ............................................. DI .2c 
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Mpcc 

Mp,exp 

Mpr 
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Maximum probable moment at the column face, 

kip-in, (N-mm) , ........................................... E3.6f.1 

Nominal flexural strength of a chord member of the special segment, 

kip-in. (N-mm) .............................................. E 4.5c 

Nominal flexural strength of PR connection, kip-in. (N-mm) .......... El .6c 

Plastic bending moment, kip-in. (N-mm) ......................... El.6b 

Plastic bending moment of a link, kip-in. (N-mm) ................... F3.4a 

Plastic bending moment of the steel, concrete-encased or composite beam, 

kip-in. (N-mm) ............................................. G 2.6b 

Moment corresponding to plastic stress distribution over the composite 

cross section, kip-in. (N-mm) .................................. G4.6c 

Plastic bending moment of the column, kip-in. (N-mm) ............. D2.5c 

Plastic flexural strength of a composite column, kip-in. (N-mm) ....... G2.6f 

Expected flexural strength, kip-in. (N-mm) ....................... D1.2c 

Maximum probable moment at the location of the plastic hinge, as 

determined in accordance with ANSI/ AISC 3 58, or as otherwise 

determined in a connection prequalification in accordance with 

Section K 1, or in a program of qualification testing in accordance 

with Section K2, kip-in. (N-mm) ................................ E3.4a 

Required flexural strength, kip-in. (N-mm) ....................... D1.2a 

Required flexural strength, using LRFD load combinations, 

kip-in. (N-mm) ............................................. D1.2c 

Additional moment due to shear amplification from the location of the 

plastic hinge to the column centerline, kip-in. (N-mm) .............. G3.4a 

Additional moment due to shear amplification from the location of the 

plastic hinge to the column centerline based on LRFD or ASD load 

combinations, kip-in. (N-mm) .................................. E3.4a 

Yield moment corresponding to yielding of the steel plate in flexural 

tension and first yield in flexural compression ..................... H7.5a 

Projection of the expected flexural strength of the beam as defined in 

Section E3.4a, kip-in. (N-mm) .................................. E3.4a 

Projection of the nominal flexural strength of the column as defined in 

Section E3.4a, kip-in. (N-mm) ................................. E3.4a 

Projection of the nominal flexural strength of the composite or reinforced 

concrete column as defined in Section G3.4a, kip-in. (N-mm) .......... G3.4a 

Projection of the expected flexural strength of the steel or composite beam 

as defined in Section G3.4a, kip-in. (N-mm) ...................... G3.4a 

Number of horizontal rows of perforations ........................ F 5.7a 

Required axial strength using ASD load combinations, kips (N) ... Table D 1.1 

Required compressive strength using ASD load combinations, 

kips (N) ................................................... E3.4a 

Axial design strength of wall at balanced condition, kips (N) .......... H5.4 

Available axial strength, kips (N) ............................... E3.4a 

Nominal axial compressive strength, kips (N) ..................... DI .4b 
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Pnc 

Pnc 

P, 

P,c 

Pu 

Puc 

Pysc 

Pysc-mm 

Pysc-min 
R 

R 

Ry, 

Vcomp 

Vn,comp 

SYMBOLS 

Nominal axial compressive strength of the chord member at the ends, 
kips (N) ................................................... E 4.4c 
Nominal axial compressive strength of diagonal members of the special 
segment, kips (N) ............................................ E 4.5c 
Nominal axial tensile strength of a diagonal member of the special 
segment, kips (N) ............................................ E 4.5c 
Required axial compressive strength, kips (N) ..................... E 3.4a 
Required axial strength, kips (N) ................................ E 5.4a 
Required axial strength using LRFD load combinations, kips (N) Table D 1.1 
Required compressive strength using LRFD load combinations, 
kips (N) ................................................... E 3.4a 
Axial yield strength , kips (N) ............................. Table D 1.1 
Axial yield strength of steel core, kips (N) ........................ F4.2a 
Maximum specified axial yield strength of steel core, ksi (MPa) ....... F4.4d 
Minimum specified axial yield strength of steel core, ksi (MPa) ....... F4.4d 
Seismic response modification coefficient .......................... Al 
Radius of the cut-out, in. (mm) ................................. F5.7b 
Factor to account for expected strength of concrete = 1.5 ............ H5 .5d 
Nominal strength, kips (N) .................................... A 3.2 
Ratio of the expected tensile strength to the specified minimum tensile 
strength Fu ................................................. A3.2 
Ratio of the expected yield stress to the specified minimum yield 
stress, F

y 
................................................... A3.2 

Ratio of the expected yield stress of the transverse reinforcement 
material to the specified minimum yield stress .................... H5.5d 
Shortest center-to-center distance between holes, in. (mm) ........... F5.7a 
Tension force resulting from the locally buckled web plates developing 
plastic hinges on horizontal yield lines along the tie bars and at mid-vertical 
distance between tie bars ..................................... H7.4e 
Tension force that develops to prevent splitting of the concrete element 
on a plane parallel to the steel plate ............................. H7.4e 
Required shear strength using AS D load combinations, kips (N) ....... El .6b 
Limiting expected shear strength of an encased composite coupling 
beam, kips (N) ............................................. H4.5b 
Nominal shear strength of link, kips (N) ........................... F3.3 
Expected shear strength of a steel coupling beam, kips (N). . . . . . . . . . . H5 .5c 
Expected shear strength of an encased composite coupling beam, 
kips (N) . .................................................. H4.5b 

Vn, connection Nominal shear strength of coupling beam connection to wall pier, 
kips (N) .................................................. H4.5b 

Vne Expected vertical shear strength of the special segment, kips (N) . ...... E 4.5c 

½, Plastic shear strength of a link, kips (N) .......................... F3.4a 

V, Required shear strength using LRFD or AS D load combinations, 
kips (N) ................................................... F3.5b 

Vu Required shear strength using LRFD load combinations, kips (N) ...... El .6b 
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Vy Shear yield strength, kips (N) ................................. . F3.Sb

YC(m Distance from the top of the steel beam to the top of concrete slab or 
encasement, in. (mm) ........................................ G3.Sa

YPNA Maximum distance from the extreme concrete compression fiber 
to the plastic neutral axis, in. (mm) ............................. G3.Sa

Z Plastic section modulus about the axis of bending, in.3 (mm3
) ........ Dl.2a 

Zc Plastic section modulus of the column about the axis of bending, 
in.3 (mm3) .................................................. E3.4a 

Zx Plastic section modulus about x-axis, in.3 (mm3
) .................... E2.6g 

a Distance between connectors, in. (mm) .......................... . F2.Sb

b Width of compression element as defined in Specification 
Section B4. l ,  in. (mm) ................................... Table DI. I 

b Inside width of a box section, in. (mm) .......................... . F3.Sb

bbJ Width of beam flange, in. (mm) ................................. E3.6f 
bf Width of flange, in. (mm) .................................... D2.Sb

bw Thickness of wall pier, in. (mm) ............................... H4.Sb

bw Width of wall, in. (mm) ...................................... HS.Sc

bwc Width of concrete encasement, in. (mm) ......................... H4.Sb

d Overall depth of beam, in. (mm) ........................... Table DI. I 
d Nominal bolt diameter, in. (mm) ................................ D 2.2 
d Overall depth of link, in. (mm) ................................ . F3.Sb

de Effective depth of concrete encasement, in. (mm) .................. H4.Sb

dz d- 2lj of the deeper beam at the connection, in. (mm) ................ E3.6e 
d* Distance between centroids of beam flanges or beam flange connections 

to the face of the column, in. (mm) .............................. E3.6f 
e Length of EBF link, defined as the clear distance between the ends of 

two diagonal braces or between the diagonal brace and the column 
face, in. (mm) .............................................. . F3.Sb

f� Specified compressive strength of concrete, ksi (MPa) .............. DI .4b 
g Clear span of coupling beam, in. (mm) .......................... H4.Sb

h Clear distance between flanges less the fillet or corner radius for rolled 
shapes; and for built-up sections, the distance between adjacent lines of 
fasteners or the clear distance between flanges when welds are used; for 
tees, the overall depth; and for rectangular HSS, the clear distance between 
the flanges less the inside corner radius on each side, in. (mm) .... Table DJ .1 

h Distance between horizontal boundary element centerlines, 
in. (mm) .................................................. . FS.4a

h Overall depth of the boundary member in the plane of the wall, 
in. (mm) .................................................. HS.Sb

hcc Cross-sectional dimension of the confined core region in composite 
columns measured center-to-center of the tie reinforcement, 
in. (mm) .................................................. DJ .4b 

h0 Distance between flange centroids, in. (mm) ..................... DJ .2c 
r Governing radius of gyration, in. (mm) ........................... E3.4c 
ri Minimum radius of gyration of individual component, in. (mm) ....... . F2.Sb
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s 

t 

t 

t 

t 

lHSS 

lbf 

leff 

lj 
tum 

lp 

ls 

lw 

lw 

lw 
Wmin 
WJ 

WJ 

a 

a 

a 

SYMBOLS 

Radius of gyration about y-axis, in. (mm) ........................ D 1.2a 

Radius of gyration of individual components about their weak axis, 

in. (mm) ................................................... E4.5e 

Spacing of transverse reinforcement, in. (mm) .................... DI .4b 

Thickness of element, in. (mm) ............................ Table D 1.1 

Thickness of column web or individual doubler plate, in. (mm) ........ E3.6e 

Thickness of the steel web plate, in. (mm) ........................ H7.4a 

Thickness of the part subjected to through-thickness strain, in. (mm) ... J6.2c 

Thickness of HSS, in. (mm) .................................. H7.4c 

Thickness of beam flange, in. (mm) ............................. E3.4c 

Effective web-plate thickness, in. (mm) .......................... F5.7a 

Thickness of flange, in. (mm) ................................. D 2.5b 

Limiting column flange thickness, in. (mm) ...................... . E3.6f 

Thickness of the gusset plate, in. (mm) .......................... F2.6c.4 

Thickness of steel web plate, in. (mm) ........................... H7.4e 

Thickness of web, in. (mm) .................................... F3.5b 

Web-plate thickness, in. (mm) .................................. F5.7a 

Total thickness of wall, in. (mm) ............................... H7.4e 

Minimum ofw1 and w2, in. (mm) ............................... H7.4e 

Maximum spacing of tie bars in vertical and horizontal directions, 

in. (mm) .................................................. H7.4a 

Maximum spacing of tie bars or shear studs in vertical and horizontal 

directions, in. (mm) .......................................... H7.4b 

Vertical and horizontal spacing of tie bars, respectively, in. (mm) ...... H7.4e 

Width of panel zone between column flanges, in. (mm) ................ E3.6e 

Design story drift, in. (mm) .................................... F3.4a 

Deformation quantity used to control loading of test specimen (total 

brace end rotation for the subassemblage test specimen; total brace 

axial deformation for the brace test specimen), in. (mm) ............ K3.4b 

Value of deformation quantity, !:i.b, at least equal to that corresponding 

to the design story drift, in. (mm) ............................... K3.4c 

Value of deformation quantity, !:i.b, at first yield of test specimen, 

in. (mm) .................................................. K3.4c 

Safety factor ................................................ B3.2 

Safety factor for compression. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . Table D 1.1 

System overstrength factor ...................................... B2 

Safety factor for shear strength of panel zone of beam-to-column 

connections ................................................ E3.6e 

Angle of diagonal members with the horizontal, degrees .. ............ E4.5c 

Angle of web yielding, as measured relative to the vertical, degrees .... F5.5b 

Angle of the shortest center-to-center lines in the opening array to 

vertical, degrees ............................................. F5. 7 a 

LRFD-AS D force level adjustment factor= 1.0 for LRFD and 

1.5 for AS D ............................................... D l.2a 

Compression strength adjustment factor .......................... F4.2a 
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Factor relating depth of equivalent rectangular compressive stress 

block to neutral axis depth, as defined in ACI 3 18 .................. H4.5b 

Total link rotation angle, rad . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . K2.4c 

Story drift angle, rad ......................................... K2.4b 

Limiting slenderness parameter for highly and moderately ductile 

compression elements, respectively ............................. D 1.1 b 

Resistance factor ............................................ B3.2 

Resistance factor for compression .......................... Table D 1.1 

Resistance factor for shear ..................................... E3.6e 

Strength adjusted reinforcement ratio ............................ H7.5b 

Strain hardening adjustment factor .............................. F 4.2a 
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GLOSSARY 

The terms listed below are to be used in addition to those in the AISC Specification for 
Structural Steel Buildings. Some commonly used terms are repeated here for convenience. 

Notes: 

(1) Terms designated with t are common AISI-AISC terms that are coordinated between

the two standards developers.

(2) Terms designated with * are usually qualified by the type of load effect, for example,

nominal tensile strength, available compressive strength, and design flexural strength.

Adjusted brace strength. Strength of a brace in a buckling-restrained braced frame at defor

mations corresponding to 2.0 times the design story drift. 

Adjusted link shear strength. Link shear strength including the material overstrength and 

strain hardening. 

Allowable strength*t. Nominal strength divided by the safety factor, Rn/0.. 

Applicable building cadet. Building code under which the structure is designed. 

ASD ( allowable strength design)t. Method of proportioning structural components such that 

the allowable strength equals or exceeds the required strength of the component under the 

action of the ASD load combinations. 

ASD load combinationt. Load combination in the applicable building code intended for 

allowable strength design (allowable stress design). 

Authority having jurisdiction (AHJ). Organization, political subdivision, office or individ

ual charged with the responsibility of administering and enforcing the provisions of this 

Standard. 

Available strength*t. Design strength or allowable strength, as applicable. 

Boundary member. Portion along wall or diaphragm edge strengthened with structural steel 

sections and/or longitudinal steel reinforcement and transverse reinforcement. 

Brace test specimen. A single buckling-restrained brace element used for laboratory testing 

intended to model the brace in the prototype. 

Bracedframet. An essentially vertical truss system that provides resistance to lateral forces 

and provides stability for the structural system. 

Buckling-restrained brace. A pre-fabricated, or manufactured, brace element consisting of a 

steel core and a buckling-restraining system as described in Section F4 and qualified by 

testing as required in Section K3. 

Buckling-restrained braced frame (BRBF). A diagonally braced frame employing buckling

restrained braces and meeting the requirements of Section F4. 
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Buckling-restraining system. System of restraints that limits buckling of the steel core in 

BRBF. This system includes the casing surrounding the steel core and structural ele

ments adjoining its connections. The buckling-restraining system is intended to permit 

the transverse expansion and longitudinal contraction of the steel core for deformations 

corresponding to 2.0 times the design story drift. 

Casing. Element that resists forces transverse to the axis of the diagonal brace thereby 

restraining buckling of the core. The casing requires a means of delivering this force to the 

remainder of the buckling-restraining system. The casing resists little or no force along 

the axis of the diagonal brace. 

Capacity-limited seismic load. The capacity-limited horizontal seismic load effect, Ec1, 
determined in accordance with these Provisions, substituted for Emh, and applied as pre

scribed by the load combinations in the applicable building code. 

Collector. Also known as drag strut; member that serves to transfer loads between diaphragms 

and the members of the vertical force-resisting elements of the seismic force-resisting 

system. 

Column base. Assemblage of structural shapes, plates, connectors, bolts and rods at the base 

of a column used to transmit forces between the steel superstructure and the foundation. 

Complete loading cycle. A cycle of rotation taken from zero force to zero force, including 

one positive and one negative peak. 

Composite beam. Structural steel beam in contact with and acting compositely with a rein

forced concrete slab designed to act compositely for seismic forces. 

Composite brace. Concrete-encased structural steel section (rolled or built-up) or concrete

filled steel section used as a diagonal brace. 

Composite column. Concrete-encased structural steel section (rolled or built-up) or concrete

filled steel section used as a column. 

Composite eccentrically braced frame (C-EBF). Composite braced frame meeting the 

requirements of Section H3. 

Composite intermediate moment frame (C-IMF). Composite moment frame meeting the 

requirements of Section G2. 

Composite ordinary braced frame (C-OBF). Composite braced frame meeting the require

ments of Section HI. 

Composite ordinary moment frame (C-OMF). Composite moment frame meeting the 

requirements of Section G 1. 

Composite ordinary shear wall (C-OSW). Composite shear wall meeting the requirements 

of Section H4. 

Composite partially restrained moment frame (C-PRMF). Composite moment frame meet

ing the requirements of Section G4. 

Composite plate shear wall-concrete encased (C-PSWICE). Wall consisting of steel plate 

with reinforced concrete encasement on one or both sides that provides out-of-plane stiff

ening to prevent buckling of the steel plate and meeting the requirements of Section H6. 
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Composite plate shear wall-concrete filled (C-PSW!CF). Wall consisting of two planar 

steel web plates with concrete fill between the plates, with or without boundary elements, 

and meeting the requirements of Section H7. 

Composite shear wall. Steel plate wall panel composite with reinforced concrete wall panel 

or reinforced concrete wall that has steel or concrete-encased structural steel sections as 

boundary members. 

Composite slab. Reinforced concrete slab supported on and bonded to a formed steel deck 

that acts as a diaphragm to transfer load to and between elements of the seismic force 

resisting system. 

Composite special concentrically braced frame (C-SCBF). Composite braced frame meeting 

the requirements of Section H2. 

Composite special moment frame (C-SMF). Composite moment frame meeting the require

ments of Section G3. 

Composite special shear wall (C-SSW). Composite shear wall meeting the requirements of 

Section HS. 

Concrete-encased shapes. Structural steel sections encased in concrete. 

Continuity plates. Column stiffeners at the top and bottom of the panel zone; also known as 

transverse stiffeners. 

Coupling beam. Structural steel or composite beam connecting adjacent reinforced concrete 

wall elements so that they act together to resist lateral loads. 

Demand critical weld. Weld so designated by these Provisions. 

Design earthquake ground motion. The ground motion represented by the design response 

spectrum as specified in the applicable building code. 

Design story drift. Calculated story drift, including the effect of expected inelastic action, 

due to design level earthquake forces as determined by the applicable building code. 

Design strength*t. Resistance factor multiplied by the nominal strength, <pRn . 

Diagonal brace. Inclined structural member carrying primarily axial force in a braced frame. 

Ductile limit state. Ductile limit states include member and connection yielding, bearing 

deformation at bolt holes, as well as buckling of members that conform to the seismic 

compactness limitations of Table D 1.1. Rupture of a member or of a connection, or buck

ling of a connection element, is not a ductile limit state. 

Eccentrically braced frame ( EBF). Diagonally braced frame meeting the requirements of 

Section F3 that has at least one end of each diagonal brace connected to a beam with 

a defined eccentricity from another beam-to-brace connection or a beam-to-column 

connection. 

Encased composite beam. Composite beam completely enclosed in reinforced concrete. 

Encased composite column. Structural steel column completely encased in reinforced 

concrete. 

Engineer of record (EOR). Licensed professional responsible for sealing the contract 

documents. 

Exempted column. Column not meeting the requirements of Equation E3-l for SMF. 
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Expected tensile strength*. Tensile strength of a member, equal to the specified minimum 

tensile strength, Fu, multiplied by R1• 

Expected yield strength. Yield strength in tension of a member, equal to the expected yield 

stress multiplied by A
8

•

Expected yield stress. Yield stress of the material, equal to the specified minimum yield 

stress, F
y
, multiplied by R

y
. 

Face bearing plates. Stiffeners attached to structural steel beams that are embedded in rein

forced concrete walls or columns. The plates are located at the face of the reinforced 

concrete to provide confinement and to transfer loads to the concrete through direct 

bearing. 

Filled composite column. HSS filled with structural concrete. 

Fully composite beam. Composite beam that has a sufficient number of steel headed stud 

anchors to develop the nominal plastic flexural strength of the composite section. 

Highly ductile member. A member that meets the requirements for highly ductile members 

in Section D 1. 

Horizantal boundary element (HBE). A beam with a connection to one or more web plates 

in an SPSW. 

Intermediate boundary element (!BE). A member, other than a beam or column, that pro

vides resistance to web plate tension adjacent to an opening in an SPSW. 

Intermediate moment frame (IMF). Moment-frame system that meets the requirements of 

Section E2. 

Inverted-V-braced frame. See V-braced frame. 

k-area. The region of the web that extends from the tangent point of the web and the flange

web fillet (AISC "k" dimension) a distance of 1 ½ in. (38 mm) into the web beyond the k

dimension.

K-braced frame. A braced-frame configuration in which two or more braces connect to a

column at a point other than a beam-to-column or strut-to-column connection.

Link. In EBF, the segment of a beam that is located between the ends of the connections of 

two diagonal braces or between the end of a diagonal brace and a column. The length 

of the link is defined as the clear distance between the ends of two diagonal braces or 

between the diagonal brace and the column face. 

Link intermediate web stiffeners. Vertical web stiffeners placed within the link in EBF. 

Link rotation angle. Inelastic angle between the link and the beam outside of the link when 

the total story drift is equal to the design story drift. 

Link rotation angle, total. The relative displacement of one end of the link with respect to the 

other end (measured transverse to the longitudinal axis of the undeformed link), divided 

by the link length. The total link rotation angle includes both elastic and inelastic compo

nents of deformation of the link and the members attached to the link ends. 

Link design shear strength. Lesser of the available shear strength of the link based on the 

flexural or shear strength of the link member. 
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Load-carrying reinforcement. Reinforcement in composite members designed and detailed 

to resist the required loads. 

Lowest anticipated service temperature (LAST). Lowest daily minimum temperature, or 

other suitable temperature, as established by the engineer of record. 

LRFD (load and resistance factor design)t. Method of proportioning structural components 

such that the design strength equals or exceeds the required strength of the component 

under the action of the LRFD load combinations. 

LRFD load combinationt. Load combination in the applicable building code intended for 

strength design (load and resistance factor design). 

Material test plate. A test specimen from which steel samples or weld metal samples are 

machined for subsequent testing to determine mechanical properties. 

Member brace. Member that provides stiffness and strength to control movement of another 

member out-of-the plane of the frame at the braced points. 

Moderately ductile member. A member that meets the requirements for moderately ductile 

members in Section D l .  

Multi-tiered braced frame (MTBF). A braced-frame configuration with two or more levels of 

bracing between diaphragm levels or locations of out-of-plane bracing. 

Nominal strength*t. Strength of a structure or component (without the resistance factor 

or safety factor applied) to resist load effects, as determined in accordance with the 

Specification. 

Ordinary cantilever column system (OCCS). A seismic force-resisting system in which the 

seismic forces are resisted by one or more columns that are cantilevered from the founda

tion or from the diaphragm level below and that meets the requirements of Section E5. 

Ordinary concentrically braced frame (OCBF). Diagonally braced frame meeting the 

requirements of Section F l  in which all members of the braced-frame system are sub

jected primarily to axial forces. 

Ordinary moment frame (OMF). Moment-frame system that meets the requirements of Sec

tion El . 

Overstrength factor, Q0• Factor specified by the applicable building code in order to deter

mine the overstrength seismic load, where required by these Provisions. 

Overstrength seismic load. The horizontal seismic load effect including overstrength 

determined using the overstrength factor, Q0, and applied as prescribed by the load com

binations in the applicable building code. 

Partially composite beam. Steel beam with a composite slab with a nominal flexural strength 

controlled by the strength of the steel headed stud anchors. 

Partially restrained composite connection. Partially restrained (PR) connections as defined 

in the Specification that connect partially or fully composite beams to steel columns with 

flexural resistance provided by a force couple achieved with steel reinforcement in the 

slab and a steel seat angle or comparable connection at the bottom flange. 

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



GLOSSARY 9.1-xliii 

Plastic hinge. Yielded zone that forms in a structural member when the plastic moment is 

attained. The member is assumed to rotate further as if hinged, except that such rotation is 

restrained by the plastic moment. 

Power-actuated fastener. Nail-like fastener driven by explosive powder, gas combustion, or 

compressed air or other gas to embed the fastener into structural steel. 

Prequalified connection. Connection that complies with the requirements of Section K 1 or 

ANSI/AISC 358. 

Protected zane. Area of members or connections of members in which limitations apply to 

fabrication and attachments. 

Prototype. The connection or diagonal brace that is to be used in the building (SMF, IMF, 

EBF, BRBF, C-IMF, C-SMF and C-PRMF). 

Provisions. Refers to this document, the AISC Seismic Provisions for Structural Steel Build

ings (ANSI/AISC 341). 

Quality assurance plan. Written description of qualifications, procedures, quality inspec

tions, resources and records to be used to provide assurance that the structure complies 

with the engineer's quality requirements, specifications and contract documents. 

Reduced beam section. Reduction in cross section over a discrete length that promotes a zone 

of inelasticity in the member. 

Required strength*. Forces, stresses and deformations acting on a structural component, 

determined by either structural analysis, for the LRFD or ASD load combinations, as 

appropriate, or as specified by the Specification and these Provisions. 

Resistance factor, <)it. Factor that accounts for unavoidable deviations of the nominal strength 

from the actual strength and for the manner and consequences of failure. 

Risk category. Classification assigned to a structure based on its use as specified by the 

applicable building code. 

Safety factor, nt. Factor that accounts for deviations of the actual strength from the nominal 

strength, deviations of the actual load from the nominal load, uncertainties in the analysis 

that transforms the load into a load effect, and for the manner and consequences of failure. 

Seismic design category. A classification assigned to a structure based on its risk category 

and the severity of the design earthquake ground motion at the site. 

Seismic force-resisting system (SFRS). That part of the structural system that has been con

sidered in the design to provide the required resistance to the seismic forces prescribed in 

the applicable building code. 

Seismic response modification coefficient, R. Factor that reduces seismic load effects to 

strength level as specified by the applicable building code. 

Special cantilever column system (SCCS). A seismic force-resisting system in which the 

seismic forces are resisted by one or more columns that are cantilevered from the founda

tion or from the diaphragm level below and that meets the requirements of Section E6. 

Special concentrically braced frame (SCBF). Diagonally braced frame meeting the require

ments of Section F2 in which all members of the braced-frame system are subjected 

primarily to axial forces. 
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Special moment frame (SMF). Moment-frame system that meets the requirements of Section 

E3. 

Special plate shear wall (SPSW). Plate shear wall system that meets the requirements of 

Section F5. 

Special truss moment frame (STMF). Truss moment frame system that meets the require

ments of Section E4. 

Specification. Refers to the AISC Specification for Structural Steel Buildings (ANSI/ AISC 

360). 

Steel core. Axial-force-resisting element of a buckling-restrained brace. The steel core con

tains a yielding segment and connections to transfer its axial force to adjoining elements; 

it is permitted to also contain projections beyond the casing and transition segments 

between the projections and yielding segment. 

Story drift angle. Interstory displacement divided by story height. 

Strut. A horizontal member in a multi-tiered braced frame interconnecting brace connection 

points at columns. 

Subassemblage test specimen. The combination of members, connections and testing 

apparatus that replicate as closely as practical the boundary conditions, loading and defor

mations in the prototype. 

Test setup. The supporting fixtures, loading equipment and lateral bracing used to support 

and load the test specimen. 

Test specimen. A member, connection or subassemblage test specimen. 

Test subassemblage. The combination of the test specimen and pertinent portions of the test 

setup. 

V-bracedframe. Concentrically braced frame (SCBF, OCBF, BRBF, C-OBF or C-SCBF) in

which a pair of diagonal braces located either above or below a beam is connected to a

single point within the clear beam span. Where the diagonal braces are below the beam,

the system is also referred to as an inverted-V-braced frame.

Vertical boundary element (VBE). A column with a connection to one or more web plates in 

an SPSW. 

X-bracedframe. Concentrically braced frame (OCBF, SCBF, C-OBF or C-SCBF) in which a

pair of diagonal braces crosses near the midlength of the diagonal braces.

Yield length ratio. In a buckling-restrained brace, the ratio of the length over which the core 

area is equal to Ase, to the length from intersection points of brace centerline and beam or 

column centerline at each end. 
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ABBREVIATIONS 

The following abbreviations appear in the AISC Seismic Provisions for Structural Steel 

Buildings. The abbreviations are written out where they first appear within a Section. 

AC! (American Concrete Institute) 

A/SC (American Institute of Steel Construction) 

ANSI (American National Standards Institute) 

ASCE (American Society of Civil Engineers) 

ASD (allowable strength design) 

AWS (American Welding Society) 

BRBF (buckling-restrained braced frame) 

C-EBF ( composite eccentrically braced frame)

C-IMF ( composite intermediate moment frame)

CJP ( complete joint penetration)

C-OBF ( composite ordinary braced frame)

C-OMF (composite ordinary moment frame)

C-OSW ( composite ordinary shear wall)

C-PRMF (composite partially restrained moment frame)

CPRP ( connection prequalification review panel)

C-PSW ( composite plate shear wall)

C-SCBF ( composite special concentrically braced frame)

C-SM F ( composite special moment frame)

C-SSW (composite special shear wall)

CVN (Charpy V-notch)

EBF ( eccentrically braced frame)

FCAW (flux cored arc welding)

FEMA ( Federal Emergency Management Agency)

FR (fully restrained)

GMAW (gas metal arc welding)

HBE (horizantal boundary element)

HSS (hollow structural section)

!BE (intermediate boundary element)

IMF ( intermediate moment frame)

LAST (lowest anticipated service temperature)

LRFD (load and resistance factor design)

MT (magnetic particle testing)

MT-OCBF (multi-tiered ordinary concentrically braced frame)

MT-SCBF (multi-tiered special concentrically braced frame)

MT-BRBF (multi-tiered buckling-restrained braced frame)

NDT (nondestructive testing)

OCBF ( ordinary concentrically braced frame)

aces ( ordinary cantilever column system)
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OMF (ordinary moment frame) 

OVS ( oversized) 

P JP (partial joint penetration) 

PR (partially restrained) 

QA ( quality assurance) 

QC ( quality control) 

RBS (reduced beam section) 

ABBREVIATIONS 

RCSC (Research Council on Structural Connections) 

SCBF (special concentrically braced frame) 

SCCS ( special cantilever column system) 

SDC (seismic design category) 

SE/ (Structural Engineering Institute) 

SFRS ( seismic force-resisting system) 

SMAW (shielded metal arc welding) 

SMF (special moment frame) 

SPSPW (�pecial perforated steel plate wall) 

SPSW (�pecial plate shear wall) 

SRC ( steel-reinforced concrete) 

STMF (�pecial truss moment frame) 

UT (ultrasonic testing) 

VEE (vertical boundary element) 

WPQR (welder performance qualification records) 

WPS (welding procedure �pecification) 
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CHAPTER A 

GENERAL REQUIREMENTS 

9.1-1 

This chapter states the scope of the Provisions, summarizes referenced specification, code 

and standard documents, and provides requirements for materials and contract documents. 

The chapter is organized as follows: 

Al. Scope 

A2. Referenced Specifications, Codes and Standards 

A3. Materials 

A4. Structural Design Drawings and Specifications 

Al. SCOPE 

The Seismic Provisions for Structural Steel Buildings, hereafter referred to as these 

Provisions, shall govern the design, fabrication and erection of structural steel mem

bers and connections in the seismic force-resisting systems (SFRS), and splices and 

bases of columns in gravity framing systems of buildings and other structures with 

moment frames, braced frames and shear walls. Other structures are defined as those 

structures designed, fabricated and erected in a manner similar to buildings, with 

building-like vertical and lateral force-resisting elements. These Provisions shall 

apply to the design of seismic force-resisting systems of structural steel or of struc

tural steel acting compositely with reinforced concrete, unless specifically exempted 

by the applicable building code. 

Wherever these Provisions refer to the applicable building code and there is none, the 

loads, load combinations, system limitations, and general design requirements shall 

be those in ASCE/SEI 7. 

User Note: ASCE/SEI 7 (Table 12.2-1, Item H) specifically exempts structural 

steel systems in seismic design categories B and C from the requirements in these 

Provisions if they are designed in accordance with the AISC Specification for 

Structural Steel Buildings and the seismic loads are computed using a seismic 

response modification coefficient, R, of 3; composite systems are not covered by 

this exemption. These Provisions do not apply in seismic design category A. 

User Note: ASCE/SEI 7 (Table 15.4-1) permits certain nonbuilding structures 

to be designed in accordance with the AISC Specification for Structural Steel 

Buildings in lieu of the Provisions with an appropriately reduced R factor. 
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User Note: Composite seismic force-resisting systems include those systems 

with members of structural steel acting compositely with reinforced concrete, 

as well as systems in which structural steel members and reinforced concrete 

members act together to form a seismic force-resisting system. 

These Provisions shall be applied in conjunction with the AISC Spec(fication for 

Structural Steel Buildings, hereafter referred to as the Specification. All requirements 

of the Specification are applicable unless otherwise stated in these Provisions. Mem

bers and connections of the SFRS shall satisfy the requirements of the applicable 

building code, the Specification, and these Provisions. The phrases "is permitted" and 

"are permitted" in these Provisions identify provisions that comply with the Specifi

cation, but are not mandatory. 

In these Provisions, Building Code Requirements for Structural Concrete (ACI 318) 

and the Metric Building Code Requirements for Structural Concrete and Commen

tary (ACI 318M) are referred to collectively as ACI 318. ACI 318, as modified in 

these Provisions, shall be used for the design and construction of reinforced con

crete components in composite construction. For the SFRS in composite construction 

incorporating reinforced concrete components designed in accordance with ACI 318, 

the requirements of Specification Section B3.1, Design for Strength Using Load and 

Resistance Factor Design, shall be used. 

A2. REFERENCED SPECIFICATIONS, CODES AND STANDARDS 

The documents referenced in these Provisions shall include those listed in Specifica

tion Section A2 with the following additions: 

(a) American Institute of Steel Construction (AISC)

ANSI/ AISC 360-16 Specification for Structural Steel Buildings

ANSI/AISC 358-16 Prequalified Connections for Special and Intermediate

Steel Moment Frames.for Seismic Applications 

(b) American Welding Society (AWS)

AWS DI .8/Dl .8M:2016 Structural Welding Code-Seismic Supplement

AWS B4.0:2007 Standard Methods.for Mechanical Testing of Welds (U.S. Cus

tomary Units) 

AWS B4.0M:2000 Standard Methods for Mechanical Testing of Welds (Metric 

Customary Units) 

AWS DI .4/Dl .4M:20I 1 Structural Welding Code-Rein.forcing Steel 

( c) ASTM International (ASTM)

ASTM C3I/C31M-l 5  Standard Practice.for Making and Curing Concrete Test

Specimens in the Field 

ASTM C39/C39M-16 Standard Test Method.for Compressive Strength of Cylin

drical Concrete Specimens 

ASTM E8/E8M-15 Standard Test Methods for Tension Testing of Metallic 

Materials 
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A3. MATERIALS 

1. Material Specifications

MATERIALS 9.1-3 

Structural steel used in the seismic force-resisting system (SFRS) shall satisfy the

requirements of Specification Section A3 .1, except as modified in these Provisions.

The specified minimum yield stress of structural steel to be used for members in

which inelastic behavior is expected shall not exceed 50 ksi (345 MPa) for systems

defined in Chapters E ,  F, G and H, except that for systems defined in Sections E 1, Fl ,

G 1, Hl and H4, this limit shall not exceed 5 5  ksi (380 MPa). Either of these specified

minimum yield stress limits are permitted to be exceeded when the suitability of the

material is determined by testing or other rational criteria.

Exception: Specified minimum yield stress of structural steel shall not exceed 70 ksi

(485 MPa) for columns in systems defined in Sections E3 ,  E4, G3 ,  HI, H2 and H3

and for columns in all systems in Chapter F. 

The structural steel used in the SFRS described in Chapters E ,  F, G and H shall meet

one of the following ASTM Specifications:

(a) Hot-rolled structural shapes

ASTM A36/ A36M

ASTM A529/A529M

ASTM A572/A572M [Grade 42 (290), 50 (345) or 5 5  (380)]

ASTM A588/A588M

ASTM A913/A913M [Grade 50 (345), 60 (415), 6 5  (450) or 70 (485)]

ASTM A992/ A992M

(b) Hollow structural sections (HSS)

ASTM A500/A500M (Grade B or C)

ASTM A501/A501M

ASTM Al085/Al085M

ASTM A53/A5 3M

(c) Plates

ASTM A36/ A36M

ASTM A529/A529M

ASTM A572/A572M [Grade 42 (290), 50 (345) or 5 5  (380)]

ASTM A588/A588M

ASTM AlOl 1/AlOl l M  HSLAS Grade 5 5  (380)

ASTM Al043/Al043M

(d) Bars

ASTM A36/ A36M

ASTM A529/A529M

ASTM A572/A572M [Grade 42 (290), 50 (345) or 5 5  (380)]

ASTM A588/A588M

(e) Sheets

ASTM AlOl l /AlOl l M  HSLAS Gr. 5 5  (380)
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The structural steel used for column base plates shall meet one of the preceding 
ASTM specifications or ASTM A283/A283M Grade D. Other steels and nonsteel 
materials in buckling-restrained braced frames are permitted to be used subject to the 
requirements of Sections F4 and K3. 

User Note: This section only covers material properties for structural steel used 
in the SFRS and included in the definition of structural steel given in Section 2.1 
of the AISC Code of Standard Practice. Other steel, such as cables for permanent 
bracing, is not covered. Steel reinforcement used in components in composite 
SFRS is covered in Section A3.5. 

2. Expected Material Strength

When required in these Provisions, the required strength of an element (a member
or a connection of a member) shall be determined from the expected yield stress,
R

y
F

y
, of the member or an adjoining member, as applicable, where F

y 
is the specified

minimum yield stress of the steel to be used in the member and R
y 

is the ratio of the
expected yield stress to the specified minimum yield stress, F

y
, of that material.

When required to determine the nominal strength, Rn, for limit states within the same
member from which the required strength is determined, the expected yield stress,
R

y
F

y
, and the expected tensile strength, R1Fu, are permitted to be used in lieu of F

y

and Fu, respectively, where Fu is the specified minimum tensile strength and R1 is the
ratio of the expected tensile strength to the specified minimum tensile strength, Fu,

of that material.

User Note: In several instances, a member, or a connection limit state within 
that member, is required to be designed for forces corresponding to the expected 
strength of the member itself. Such cases include determination of the nominal 
strength, Rn, of the beam outside of the link in eccentrically braced frames, 
diagonal brace rupture limit states (block shear rupture and net section rupture 
in the diagonal brace in SCBF), etc. In such cases, it is permitted to use the 
expected material strength in the determination of available member strength. For 
connecting elements and for other members, specified material strength should 
be used. 

The values of R
y 

and R1 for various steel and steel reinforcement materials are given 
in Table A3. l. Other values of R

y 
and R1 are permitted if the values are determined 

by testing of specimens, similar in size and source to the materials to be used, con
ducted in accordance with the testing requirements per the ASTM specifications for 
the specified grade of steel. 

User Note: The expected compressive strength of concrete may be estimated 
using values from Seismic Rehabilitation of Existing Buildings (ASCE/SEI 41-13). 
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TABLE A3.1 

R
y 

and Rt Values for Steel and 

Steel Reinforcement Materials 
Application 

Hot-rolled stru ctural shapes and bars: 

• ASTM A36/A36M

• ASTM A1043/A1043M Gr. 36 (250)

• ASTM A992/A992M

• ASTM A572/A572M Gr. 50 (345) or 55 (380)

• ASTM A913/A913M Gr. 50 (345), 60 (415), 65 (450), or 70 (485) 

• ASTM A588/A588M

• ASTM A 1043/A 1043M Gr. 50 (345) 

• ASTM A529 Gr. 50 (345) 

• ASTM A529 Gr. 55 (380)

Hollow stru ctural se cti ons (HSS): 

• ASTM A500/A500M Gr. B

• ASTM A500/A500M Gr. C

• ASTM A501/A501 M

• ASTM A53/A53M

• ASTMA1085/A1085M

Pl ates, Strips and Sheets: 

• ASTM A36/A36M

• ASTM A 1043/A 1043M Gr. 36 (250)

• ASTM A1011/A1011M HSLAS Gr. 55 (380)

• ASTM A572/A572M Gr. 42 (290)

• ASTM A572/A572M Gr. 50 (345), Gr. 55 (380)

• ASTM A588/A588M

• ASTM A1043/A1043M Gr. 50 (345) 

Steel Reinforcement: 

• ASTM A615/A615M Gr. 60 (420)

• ASTM A615/A615M Gr. 75 (520) and Gr. 80 (550)

• ASTM A706/A706M Gr. 60 (420) and Gr. 80 (550)

3. Heavy Sections

9.1-5 

Ry Rt 

1.5 1.2 

1.3 1.1 

1.1 1.1 

1.1 1.1 

1.1 1.1 

1.1 1.1 

1.2 1.1 

1.2 1.2 

1.1 1.2 

1.4 1.3 

1.3 1.2 

1.4 1.3 

1.6 1.2 

1.25 1.15 

1.3 1.2 

1.3 1.1 

1.1 1.1 

1.3 1.0 

1.1 1.2 

1.1 1.2 

1.2 1.1 

1.2 1.2 

1.1 1.2 

1.2 1.2 

For structural steel in the SFRS, in addition to the requirements of Specification Sec

tion A3. l c, hot rolled shapes with flange thickness equal to or greater than l ½ in.

(38 mm) shall have a minimum Charpy V-notch (CVN) toughness of 20 ft-lb (27

J) at 70°F (21 °C), tested in the alternate core location as described in ASTM A6

Supplementary Requirement S30. Plates with thickness equal to or greater than 2 in.

(50 mm) shall have a minimum Charpy V-notch toughness of 20 ft-lb (27 J) at 70°F
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(21 °C), measured at any location permitted by ASTM A673, Frequency P, where the

plate is used for the following: 

(a) Members built up from plate

(b) Connection plates where inelastic strain under seismic loading is expected

( c) The steel core of buckling-restrained braces

4. Consumables for Welding

4a. Seismic Force-Resisting System Welds

All welds used in members and connections in the SFRS shall be made with filler

metals meeting the requirements specified in clauses 6.1, 6.2 and 6.3 of Structural

Welding Code-Seismic Supplement (AWS Dl.8/Dl.8M), hereafter referred to as

AWS Dl.8/Dl.8M. 

User Note: AWS Dl.8/Dl.8M clauses 6.2.1, 6 .2.2, 6.2.3, and 6.3.1 apply only to 

demand critical welds. 

4b. Demand Critical Welds 

Welds designated as demand critical shall be made with filler metals meeting the 

requirements specified in AWS Dl.8/Dl.8M clauses 6.1, 6.2 and 6.3. 

User Note: AWS Dl.8/Dl.8M requires that all seismic force-resisting system 

welds are to be made with filler metals classified using AWS AS standards that 

achieve the following mechanical properties: 

Filler Metal Classification Properties for Seismic 
Force-Resisting System Welds 

Classification 

70 ksi 80 ksi 90 ksi 
Property (480 MPa) (550 MPa) (620 MPa) 

Yield Strength, ksi 
58 (400) min. 68 (470) min. 78 (540) min. 

(MPa) 

Tensile Strength, ksi 
70 (480) min. 80 (550) min. 90 (620) min. 

(MPa) 

Elongation, % 22min. 19 min. 17 min. 

CVN Toughness, 
20 (27) min. @ 0°F (-18°Ct 

25 (34) min. @ 
ft-lb (J)• -20°F (-30°C)

a Filler metals classified as meeting 20 ft-lbf (27 J) min. at a temperature lower than 0°F (-18°C) 
also meet this requirement. 

In addition to the preceding requirements, AWS Dl.8/Dl.8M requires, unless 

otherwise exempted from testing, that all demand critical welds are to be made 

with filler metals receiving Heat Input Envelope Testing that achieve the following 

mechanical properties in the weld metal: 
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Mechanical Properties for Demand Critical Welds 

Classification 

70 ksi 80 ksi 90 ksi 
Property (480 MPa) (550 MPa) (620 MPa) 

Yield Strength, 58 (400) min. 68 (470) min. 78 (540) min. 
ksi (MPa) 

Tensile Strength, 70 (480) min. 80 (550) min. 90 (620) min. 
ksi (MPa) 

Elongation(%) 22min. 19min. 17 min. 

CVN Toughness, 40 (54) min. @ 70°F (20°C) 40 (54) min. @ 
ft-lb (Jjb, C 50°F (10°C) 

b For LAST of +50°F (+ 10°G). For LAST less than +50°F (+ 10°G), see AWS D1.8/D1.8M clause 
6.2.2. 

c Tests conducted in accordance with AWS D1.8/D1.8M Annex A meeting 40 ft-lb (54 J) min. at a 
temperature lower than +70°F (+20°C) also meet this requirement. 

5. Concrete and Steel Reinforcement

9.1-7 

Concrete and steel reinforcement used in composite components in composite inter

mediate or special SFRS of Sections 02, 03, 04, H2, H3, H5, H6 and H7 shall satisfy 

the requirements of ACI 318 Chapter 18. Concrete and steel reinforcement used in 

composite components in composite ordinary SFRS of Sections O 1, HJ and H4 shall 

satisfy the requirements of ACI 318 Section 18.2.1.4. 

A4. STRUCTURAL DESIGN DRAWINGS AND SPECIFICATIONS 

1. General

Structural design drawings and specifications shall indicate the work to be performed, 

and include items required by the Specification, the AISC Code of Standard Practice 

for Steel Buildings and Bridges, the applicable building code, and the following, as 

applicable: 

(a) Designation of the SFRS

(b) Identification of the members and connections that are part of the SFRS

( c) Locations and dimensions of protected zones

( d) Connection details between concrete floor diaphragms and the structural steel

elements of the SFRS

(e) Shop drawing and erection drawing requirements not addressed in Section Il

User Note: The Code of Standard Practice uses the term "design documents" 

in  place of "design drawings" to generalize the term and to reflect both paper 

drawings and electronic models. Similarly, "fabrication documents" is used in 

place of "shop drawings," and "erection documents" is used in place of "erection 

drawings". The use of "drawings" in this standard is not intended to create 

a conflict. 

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-8 STRUCTURAL DESIGN DRAWINGS AND SPECIFICATIONS [Sect. A4. 

2. Steel Construction

In addition to the requirements of Section A4. l ,  structural design drawings and speci
fications for steel construction shall indicate the following items, as applicable:

(a) Configuration of the connections
(b) Connection material specifications and sizes
( c) Locations of demand critical welds
(d) Locations where gusset plates are to be detailed to accommodate inelastic

rotation
(e) Locations of connection plates requiring Charpy V-notch toughness in accor

dance with SectionA3.3(b)
(f) Lowest anticipated service temperature of the steel structure, if the structure is

not enclosed and maintained at a temperature of 50°F ( 10°C) or higher
(g) Locations where weld backing is required to be removed
(h) Locations where fillet welds are required when weld backing is permitted to

remam
(i) Locations where fillet welds are required to reinforce groove welds or to

improve connection geometry

(j) Locations where weld tabs are required to be removed
(k) Splice locations where tapered transitions are required
(I) The shape of weld access holes, if a shape other than those provided for in the

Specification is required
(m) Joints or groups of joints in which a specific assembly order, welding sequence,

welding technique, or other special precautions are required, where such items
are designated to be submitted to the engineer of record

3. Composite Construction

In addition to the requirements of Section A4. l and the requirements of Section A4.2,
as applicable, for the steel components of reinforced concrete or composite elements,
structural design drawings and specifications for composite construction shall indi
cate the following items, as applicable:

(a) Bar placement, cutoffs, lap and mechanical splices, hooks and mechanical
anchorage, placement of ties, and other transverse reinforcement

(b) Requirements for dimensional changes resulting from temperature changes,
creep and shrinkage

(c) Location, magnitude and sequencing of any prestressing or post-tensioning
present

( d) Location of steel headed stud anchors and welded reinforcing bar anchors
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CHAPTER B 

GENERAL DESIGN REQUIREMENTS 

This chapter addresses the general requirements for the seismic design of steel structures 

that are applicable to all chapters of the Provisions. 

This chapter is organized as follows: 

B 1. General Seismic Design Requirements 

B2. Loads and Load Combinations 

B3. Design Basis 

B4. System Type 

B5. Diaphragms, Chords and Collectors 

Bl. GENERAL SEISMIC DESIGN REQUIREMENTS 

The required strength and other seismic design requirements for seismic design 

categories, risk categories, and the limitations on height and irregularity shall be as 

specified in the applicable building code. 

The design story drift and the limitations on story drift shall be determined as required 

in the applicable building code. 

B2. LOADS AND LOAD COMBINATIONS 

Where the required strength defined in these Provisions refers to the capacity

limited seismic load, the capacity-limited horizontal seismic load effect, Ec1, shall be 

determined in accordance with these Provisions, substituted for Emh, and applied as 

prescribed by the load combinations in the applicable building code. 

Where the required strength defined in these Provisions refers to the overstrength 

seismic load, the horizontal seismic load effect including overstrength, Emh, shall be 

determined using the overstrength factor, Q0, and applied as prescribed by the load 

combinations in the applicable building code. Where the required strength refers to 

the overstrength seismic load, it is permitted to use the capacity-limited seismic load 

instead. 

User Note: The seismic load effect including overstrength is defined in ASCE/ 

SEI 7 Section 12.4.3. InASCE/SEI 7 Section 12.4.3. l, the horizontal seismic load 

effect, Emh, is determined using Equation 12.4-7: Emh = Q0Q£. There is a cap on 

the value of Emh: it need not be taken larger than Eel· Thus, in effect, where these 

Provisions refer to overstrength seismic load, Emh is permitted to be based upon 

the overstrength factor, Q0, or Ec1. However, where capacity-limited seismic load 

is required, it is intended that Ec1 replace Emh as specified in ASCE/SEI 7 Section 

12.4.3.2 and use of ASCE/SEI 7 Equation 12.4-7 is not permitted. 
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In composite construction, incorporating reinforced concrete components designed 

in accordance with the requirements of ACI 318, the requirements of Specification 

Section B3. l ,  Design for Strength Using Load and Resistance Factor Design, shall be 

used for the seismic force-resisting system (SFRS). 

B3. DESIGN BASIS 

1. Required Strength

The required strength of structural members and connections shall be the greater of:

(a) The required strength as determined by structural analysis for the applicable load

combinations, as stipulated in the applicable building code, and in Chapter C

(b) The required strength given in Chapters D, E, F, G and H

2. Available Strength

The available strength is stipulated as the design strength, <pR11, for design in accor

dance with the provisions for load and resistance factor design (LRFD) and the

allowable strength, R11/Q, for design in accordance with the provisions for allowable

strength design (ASD). The available strength of systems, members and connections

shall be determined in accordance with the Specification, except as modified through

out these Provisions.

B4. SYSTEM TYPE

The seismic force-resisting system (SFRS) shall contain one or more moment-frame,

braced-frame or shear-wall system conforming to the requirements of one of the seis

mic systems designated in Chapters E, F, G and H.

BS. DIAPHRAGMS, CHORDS AND COLLECTORS

1. General

Diaphragms and chords shall be designed for the loads and load combinations in the

applicable building code. Collectors shall be designed for the load combinations in

the applicable building code, including overstrength.

2. Truss Diaphragms

When a truss is used as a diaphragm, all members of the truss and their connections

shall be designed for forces calculated using the load combinations of the applicable

building code, including overstrength.

Exceptions:

(a) The forces specified in this section need not be applied to the diagonal mem

bers of the truss diaphragms and their connections, where these members and

connections conform to the requirements of Sections F2.4a, F2.5a, F2.5b and

F2.6c. Braces in K- or V- configurations and braces supporting gravity loads

other than self-weight are not permitted under this exception.
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User Note: Chords in truss diaphragms serve a function analogous to 

columns in vertical special concentrically braced frames, and should meet 

the requirements for highly ductile members as required for columns in 

Section F2.5a. 

(b) The forces specified in this section need not be applied to truss diaphragms

designed as a part of a three-dimensional system in which the seismic

force-resisting system types consist of ordinary moment frames, ordinary con

centrically braced frames, or combinations thereof, and truss diagonal members

conform to Sections Fl .4b and Fl .5 and connections conform to Section Fl .6.
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CHAPTER C 

ANALYSIS 

This chapter addresses design related analysis requirements. The chapter is organized as 

follows: 

C l .  General Requirements 

C2. Additional Requirements 

C3. Nonlinear Analysis 

Cl. GENERAL REQUIREMENTS 

An analysis conforming to the requirements of the applicable building code and the 

Specification shall be performed for design of the system. 

When the design is based upon elastic analysis, the stiffness properties of component 

members of steel systems shall be based on elastic sections and those of composite 

systems shall include the effects of cracked sections. 

C2. ADDITIONAL REQUIREMENTS 

Additional analysis shall be performed as specified in Chapters E, F, G and Hof these 

Provisions. 

C3. NONLINEAR ANALYSIS 

When nonlinear analysis is used to satisfy the requirements of these Provisions, it 

shall be performed in accordance with the applicable building code. 

User Note: ASCE/SEI 7 permits nonlinear analysis by a response history 

procedure. Material and geometric nonlinearities are to be included in the analytical 

model. The main purpose is to determine expected member inelastic deformations 

and story drifts under representative ground motions. The analysis results also 

provide values of maximum expected internal forces at locations such as column 

splices, which can be used as upper limits on required strength for design. 
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DESIGN REQUIREMENTS 

9.1-13 

This chapter addresses general requirements for the design of members and connections. 

The chapter is organized as follows: 

D 1. Member Requirements 

D2. Connections 

D3. Deformation Compatibility of Non-SFRS Members and Connections 

D4. H-Piles 

Dl. MEMBER REQUIREMENTS 

Members of moment frames, braced frames and shear walls in the seismic force

resisting system (SFRS) shall comply with the Spec�fication and this section. 

1. Classification of Sections for Ductility

When required for the systems defined in Chapters E, F, G, H and Section D4, mem

bers designated as moderately ductile members or highly ductile members shall

comply with this section.

la. Section Requirements for Ductile Members

Structural steel sections for both moderately ductile members and highly ductile

members shall have flanges continuously connected to the web or webs.

Encased composite columns shall comply with the requirements of Section D 1 .4b. l

for moderately ductile members and Section D 1.4b.2 for highly ductile members.

Filled composite columns shall comply with the requirements of Section D 1 .4c for

both moderately and highly ductile members.

Concrete sections shall comply with the requirements of AC! 318 Section 18.4 for

moderately ductile members and AC! 318 Section 18.6 and 18.7 for highly ductile

members.

lb. Width-to-Thickness Limitations of Steel and Composite Sections

For members designated as moderately ductile members, the width-to-thickness

ratios of compression elements shall not exceed the limiting width-to-thickness

ratios, Amd, from Table D 1.1.

For members designated as highly ductile members, the width-to-thickness ratios of

compression elements shall not exceed the limiting width-to-thickness ratios, At,d,

from Table DJ .1.

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-14 MEMBER REQUIREMENTS [Sect. DI. 

TABLE D1.1 
Limiting Width-to-Thickness Ratios for 

Compression Elements for Moderately Ductile 
and Highly Ductile Members 

Description of 
Element 

Flanges of rolled or 
built-up I-shaped 
sections, channels 
and tees; legs 
of single angles 
or double-angle 

"' members withE 
Cl) separators; 
� outstanding legs of 
w pairs of angles in 
"5: continuous contact 
C: 

C: 
:::> 

Flanges of H-pile 
sections per 
Section D4 

Stems of tees 

Walls of rectangular 
HSS used as 
diagonal braces 

Flanges of boxed 
(/) 

E I-shaped sections 
Cl) 

� Side plates of 
w boxed I-shaped 
"5: sections and walls 
C: � of built-up box 
;;; shapes used as 

diagonal braces 

Flanges of built-up 
box shapes used 
as link beams 

Limiting 
Width-to-Thickness Ratio 

Width-to- Ahd 
Thickness Highly Ductile 

Ratio Members 

b/t 

b/t 

d/t 

b/t 

b/t 

h/t 

bft 

0.32) E 
Ryf:y 

not applicable 

[Ila]
0.32

V 
RyFy 

Amd 
Moderately 

Ductile Members 

0.40) E 
Ryf:y 

0.48) E 
Ryf:y 
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TABLE D1.1 (continued) 
Limiting Width-to-Thickness Ratios for 

Compression Elements for Moderately Ductile 
and Highly Ductile Members 

Description of 
Element 

Webs of rolled or 
built-up I shaped 
sections and 
channels used as 
diagonal braces 

Where used 
in beams or 
columns as 
flanges in uniform 
compression due 
to axial, flexure, or 
combined axial and 
flexure: 

1) Walls of
"' rectangular HSS
'E 
Cl) E 2) Flanges and 
� side plates of 
,, boxed I-shaped 
Cl) c sections, webs and 
! flanges of built-up
� box shapes

Where used in 
beams, columns, 
or links, as webs 
in flexure, or 
combined axial and 
flexure: 

1 ) Webs of rolled 
or built-up I-shaped 
sections or 
channels lbJ 

2) Side plates of
boxed I-shaped
sections

3) Webs of built-up
box sections 

Limiting 
Width-to-Thickness Ratio 

Width-to- 'A,hd 'Amd 
Moderately 

Ductile Members 
Thickness Highly Ductile 

Ratio Members 

b/t 

h/t 

h/t 

h/t 

ForCa:<;0.114 ForCa:<;0.114 

2.57) E (1-1.04C,) 3.96) E (1-3.04C,)R,F, R,F, 

For Ca > 0.114 

0.88) E (2.68-C,)R,F, 

?: 1.57) E R,F,

where 

c, = _F',,__ (LRFD) 
<i>,P, 

C,= rl,P, (ASD)
P, 

P, = R,F,A
g 

For Ca> 0.114 

1.29) E (2.12-C, )R,F, 

?: 1.57) E R,F,

where 

c - _F',,__ (LRFD)
a - <!>cPy 

C,= rl,P, (ASD)
P, 

P,= R,F,A
g 

Example 

b t 

�j, []} 

==------ - I -- ___ fw I h 

==-

h 
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ti) 
.... 

s:: 
Cl) 

E 
Cl) 

jjj 
"O 
Cl) 
s:: 

.... 

Cl) 

"iii 
0 

E 
0 

0 

TABLE D1.1 (continued) 
Limiting Width-to-Thickness Ratios for 

Compression Elements for Moderately Ductile 
and Highly Ductile Members 

Limiting 
Width-to-Thickness Ratio 

Width-to- Ahd Amd Moderately 
Description of Thickness Highly Ductile Ductile 
Element Ratio Members Members 

Webs of built-up 
box sections used hft 0.67 � E 1.75� E
as EBF links R

y
F

y 
R

y
F

y 

1.57 � E Webs of H-Pile 
hftw not applicable sections R

y
F

y 

0.053_I_ 0.062_I_ 
[c] 

Walls of round HSS Oft R
y
F

y 
R

y
F

y 

Walls of rectangular 
1.48� E 2.37 � Efilled composite bft R

y
F

y 
R

y
F

y members 

Walls of round 
0.085_I_ 0.17_I_ filled composite Oft 

members R
y
F

y 
R

y
F

y 
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TABLE D1.1 (continued) 
Limiting Width-to-Thickness Ratios for 

Compression Elements for Moderately Ductile 
and Highly Ductile Members 

9.1-l 7 

[al For tee-shaped compression members, the limiting width-to-thickness ratio for highly ductile members for 

the stem of the tee shall be 0.40 J E where either of the following conditions are satisfied:
RyFy

(1) Buckling of the compression member occurs about the plane of the stem.
(2) The axial compression load is transferred at end connections to only the outside face of the flange of the

tee resulting in an eccentric connection that reduces the compression stresses at the tip of the stem.

lbl For I-shaped beams in SMF systems, where Ca is less than or equal to 0.114, the limiting ratio h/tw shall 

not exceed 2.57 J E . For I-shaped beams in intermediate moment frame (IMF) systems, where Ca is less 
RyFy

�
than or equal to 0.114, the limiting width-to-thickness ratio shall not exceed 3.96 __E_____ 

RyFy 
1,1 The limiting diameter-to-thickness ratio of round HSS members used as beams or columns shall not exceed 

E 0.077-, 
RyFy

where 
E = modulus of elasticity of steel= 29,000 ksi (200 000 MPa) 
F

y 
= specified minimum yield stress, ksi (MPa) 

Pa = required axial strength using ASD load combinations, kips (N) 
Pu = required axial strength using LRF D load combinations, kips (N) 
R

y 
= ratio of the expected yield stress to the specified minimum yield stress 

<l>c = resistance factor for compression 
Q,, = safety factor for compression 

2. Stability Bracing of Beams

When required in Chapters E, F, G and H, stability bracing shall be provided as

required in this section to restrain lateral-torsional buckling of structural steel or

concrete-encased beams subject to flexure and designated as moderately ductile

members or highly ductile members.

User Note: In addition to the requirements in Chapters E, F, G and H to provide 

stability bracing for various beam members such as intermediate and special 

moment frame beams, stability bracing is also required for columns in the special 

cantilever column system (SCCS) in Section E6. 

2a. Moderately Ductile Members 

1. Steel Beams

The bracing of moderately ductile steel beams shall satisfy the following

requirements:

(a) Both flanges of beams shall be laterally braced or the beam cross section

shall be braced with point torsional bracing.
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(b) Beam bracing shall meet the requirements of Appendix 6 of the Specifi

cation for lateral or torsional bracing of beams, where Cd is 1.0 and the
required flexural strength of the member shall be:

(D 1-1) 

where 
Ry 

= ratio of the expected yield stress to the specified minimum yield 
stress 

Z = plastic section modulus about the axis of bending, in.3 (mm3) 
<Xs = LRFD-ASD force level adjustment factor 

= 1.0 for LRFD and 1.5 for ASD

( c) Beam bracing shall have a maximum spacing of

(Dl-2) 

where 
ry = radius of gyration about y-axis, in. (mm) 

2. Concrete-Encased Composite Beams

The bracing of moderately ductile concrete-encased composite beams shall sat
isfy the following requirements:

(a) Both flanges of members shall be laterally braced or the beam cross section
shall be braced with point torsional bracing.

(b) Lateral bracing shall meet the requirements of Appendix 6 of the Specifica

tion for lateral or torsional bracing of beams, where Mr = Mp.exp of the beam
as specified in Section G2.6d, and Cd= 1.0.

( c) Member bracing shall have a maximum spacing of

(Dl -3) 

using the material properties of the steel section and ry 
in the plane of buck

ling calculated based on the elastic transformed section. 

2b. Highly Ductile Members 

In addition to the requirements of Sections D1.2a. l(a) and (b), and D1.2a.2(a) and 
(b ), the bracing of highly ductile beam members shall have a maximum spacing of 
Lb= 0.095ryE/(RyFy

). For concrete-encased composite beams, the material properties 
of the steel section shall be used and the calculation for ry in the plane of buckling 
shall be based on the elastic transformed section. 

2c. Special Bracing at Plastic Hinge Locations 

Special bracing shall be located adjacent to expected plastic hinge locations where 
required by Chapters E, F, G or H. 
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1. Steel Beams

For structural steel beams, such bracing shall satisfy the following requirements:

(a) Both flanges of beams shall be laterally braced or the member cross section

shall be braced with point torsional bracing.

(b) The required strength of lateral bracing of each flange provided adjacent to

plastic hinges shall be:

(Dl-4) 

where 

h0 = distance between flange centroids, in. (mm) 

The required strength of torsional bracing provided adjacent to plastic 

hinges shall be: 

(Dl-5) 

(c) The required bracing stiffness shall satisfy the requirements of Appendix 6

of the Specification for lateral or torsional bracing of beams with Cd =1.0

and where the required flexural strength of the beam shall be taken as:

(Dl-6) 

2. Concrete-Encased Composite Beams

For concrete-encased composite beams, such bracing shall satisfy the following

requirements:

(a) Both flanges of beams shall be laterally braced or the beam cross section

shall be braced with point torsional bracing.

(b) The required strength of lateral bracing provided adjacent to plastic hinges

shall be

P,, = 0.06M
p
,ex

p
/ho (Dl-7) 

of the beam, where 

M
p
.ex

p 
= expected flexural strength of the steel, concrete-encased or 

composite beam, kip-in. (N-mm), determined in accordance 

with Section G2.6d. 

The required strength for torsional bracing provided adjacent to plastic 

hinges shall be Mu
= 0.06M

p
,ex

p 
of the beam. 

( c) The required bracing stiffness shall satisfy the requirements of Appendix 6

of the Specification for lateral or torsional bracing of beams, where Mr
=

Mu = M
p
,ex

p 
of the beam is determined in accordance with Section G2.6d,

and CJ= 1.0.
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3. Protected Zones

Discontinuities specified in Section I 2. l resulting from fabrication and erection

procedures and from other attachments are prohibited in the area of a member or

a connection element designated as a protected zone by these Provisions or ANSI/

AISC 358.

Exception: Welded steel headed stud anchors and other connections are permitted

in protected zones when designated in ANSI/AISC 358, or as otherwise determined

with a connection prequalification in accordance with Section Kl , or as determined

in a program of qualification testing in accordance with Sections K2 and K3.

4. Columns

Columns in moment frames, braced frames and shear walls shall satisfy the require

ments of this section.

4a. Required Strength

The required strength of columns in the SFRS shall be determined from the greater

effect of the following:

(a) The load effect resulting from the analysis requirements for the applicable sys

tem per Chapters E, F, G and H.

(b) The compressive axial strength and tensile strength as determined using the

overstrength seismic load. It is permitted to neglect applied moments in this

determination unless the moment results from a load applied to the column

between points of lateral support.

For columns that are common to intersecting frames, determination of the required 

axial strength, including the overstrength seismic load or the capacity-limited seismic 

load, as applicable, shall consider the potential for simultaneous inelasticity from 

all such frames. The direction of application of the load in each such frame shall be 

selected to produce the most severe load effect on the column. 

Exceptions: 

(a) It is permitted to limit the required axial strength for such columns based on a

three-dimensional nonlinear analysis in which ground motion is simultaneously

applied in two orthogonal directions, in accordance with Section C 3.

(b) Columns common to intersecting frames that are part of Sections El ,  F l ,  Gl ,

HI, H4 or combinations thereof need not be designed for these loads.

4b. Encased Composite Columns 

Encased composite columns shall satisfy the requirements of Specification Chapter I, 

in addition to the requirements of this section. Additional requirements, as specified 

for moderately ductile members and highly ductile members in Sections D l .4b. l and 

2, shall apply as required by Chapters G and H. 
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1. Moderately Ductile Members

Encased composite columns used as moderately ductile members shall satisfy
the following requirements:

(a) The maximum spacing of transverse reinforcement at the top and bottom
shall be the least of the following:
(I) One-half the least dimension of the section
(2) 8 longitudinal bar diameters
(3) 24 tie bar diameters
(4) 12 in. (300 mm)

(b) This spacing shall be maintained over a vertical distance equal to the great
est of the following lengths, measured from each joint face and on both
sides of any section where flexural yielding is expected to occur:
( 1) One-sixth the vertical clear height of the column
(2) Maximum cross-sectional dimension
(3) 18 in. (450 mm)

( c) Tie spacing over the remaining column length shall not exceed twice the
spacing defined in Section Dl.4b. l(a).

(d) Splices and end bearing details for encased composite columns in compos
ite ordinary SFRS of Sections G 1, HI and H4 shall satisfy the requirements
of the Specification and ACI 318 Section 10.7.5.3. The design shall com
ply with ACI 318 Sections 18.2.7 and 18.2.8. The design shall consider
any adverse behavioral effects due to abrupt changes in either the member
stiffness or the nominal tensile strength. Transitions to reinforced con
crete sections without embedded structural steel members, transitions to
bare structural steel sections, and column bases shall be considered abrupt
changes.

( e) Welded wire fabric shall be prohibited as transverse reinforcement.

2. Highly Ductile Members

Encased composite columns used as highly ductile members shall satisfy Sec
tion D l .4b.1 in addition to the following requirements:

(a) Longitudinal load-carrying reinforcement shall satisfy the requirements of
ACI 318 Section 18.7.4.

(b) Transverse reinforcement shall be hoop reinforcement as defined in
ACI 318 Chapter 18 and shall satisfy the following requirements:

( 1) The minimum area of tie reinforcement, Ash, shall be:

Ash = 0.09hccs(1- FyAs )( f/ )
Pn ) Fysr 
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where 
As = cross-sectional area of the structural steel core, in.2 (mm2) 
Fy = specified minimum yield stress of the structural steel core, ksi 

(MPa) 
Fysr = specified minimum yield stress of the ties, ksi (MPa) 
P,, = nominal axial compressive strength of the composite column 

calculated in accordance with the Specification, kips (N) 
hcc = cross-sectional dimension of the confined core measured 

center-to-center of the tie reinforcement, in. (mm) 

f� = specified compressive strength of concrete, ksi (MPa) 
s = spacing of transverse reinforcement measured along the 

longitudinal axis of the structural member, in. (mm) 

Equation D 1-8 need not be satisfied if the nominal strength of the con
crete-encased structural steel section alone is greater than the load effect 
from a load combination of 1 .OD+ 0.5L,

where 
D = dead load due to the weight of the structural elements and 

permanent features on the building, kips (N)

L = live load due to occupancy and moveable equipment, kips (N)

(2) The maximum spacing of transverse reinforcement along the length
of the column shall be the lesser of six longitudinal load-carrying bar
diameters or 6 in. (150 mm).

(3) Where transverse reinforcement is specified in Sections D J.4b. l ( c ),
D 1 .4b. l ( d), or D l .4b. l ( e ), the maximum spacing of transverse rein
forcement along the member length shall be the lesser of one-fourth the
least member dimension or 4 in. (100 mm). Confining reinforcement
shall be spaced not more than 14 in. (350 mm) on center in the trans
verse direction.

(c) Encased composite columns in braced frames with required compressive
strengths greater than 0.2Pn, not including the overstrength seismic load,
shall have transverse reinforcement as specified in Section Dl.4b.2(b)(3)
over the total element length. This requirement need not be satisfied if the
nominal strength of the concrete-encased steel section alone is greater than
the load effect from a load combination of I .OD+ 0.5L.

( d) Composite columns supporting reactions from discontinued stiff members,
such as walls or braced frames, shall have transverse reinforcement as spec
ified in Section DI .4b.2(b)(3) over the full length beneath the level at which
the discontinuity occurs if the required compressive strength exceeds 0.1 P n,

not including the overstrength seismic load. Transverse reinforcement shall
extend into the discontinued member for at least the length required to
develop full yielding in the concrete-encased steel section and longitudi
nal reinforcement. This requirement need not be satisfied if the nominal
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strength of the concrete-encased steel section alone is greater than the load 

effect from a load combination of I .OD+ 0.5L. 

(e) Encased composite columns used in a C-SMF shall satisfy the following

requirements:

(1) Transverse reinforcement shall satisfy the requirements in Section

D l.4b.2(2) at the top and bottom of the column over the region speci

fied in Section D l .4b. l (b ).

(2) The strong-column/weak-beam design requirements in Section G3.4a

shall be satisfied. Column bases shall be detailed to sustain inelastic

flexural hinging.

(3) The required shear strength of the column shall satisfy the requirements

of ACI 318 Section 18.7.6.1.1.

(f) When the column terminates on a footing or mat foundation, the transverse

reinforcement as specified in this section shall extend into the footing or

mat at least 12 in. (300 mm). When the column terminates on a wall, the

transverse reinforcement shall extend into the wall for at least the length

required to develop full yielding in the concrete-encased shape and longitu

dinal reinforcement.

4c. Filled Composite Columns 

This section applies to columns that meet the limitations of Specification Section 

I2.2. Filled composite columns shall be designed to satisfy the requirements of Speci

fication Chapter I, except that the nominal shear strength of the composite column 

shall be the nominal shear strength of the structural steel section alone, based on its 

effective shear area. 

5. Composite Slab Diaphragms

The design of composite floor and roof slab diaphragms for seismic effects shall meet

the following requirements.

Sa. Load Transfer

Details shall be provided to transfer loads between the diaphragm and boundary

members, collector elements, and elements of the horizontal framing system.

Sb. Nominal Shear Strength

The nominal in-plane shear strength of composite diaphragms and concrete slab on

steel deck diaphragms shall be taken as the nominal shear strength of the reinforced

concrete above the top of the steel deck ribs in accordance with ACI 318 excluding

Chapter 14. Alternatively, the composite diaphragm nominal shear strength shall be

determined by in-plane shear tests of concrete-filled diaphragms.
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6. Built-Up Structural Steel Members

This section addresses connections between components of built-up members where
specific requirements are not provided in the system chapters of these Provisions or
in ANSI/AISC 358.

Connections between components of built-up members subject to inelastic behavior
shall be designed for the expected forces arising from that inelastic behavior.

Connections between components of built-up members where inelastic behavior is
not expected shall be designed for the load effect including the overstrength seismic
load.

Where connections between elements of a built-up member are required in a protected
zone, the connections shall have an available tensile strength equal to R

y
F

y
t
p
/a.,. of the

weaker element for the length of the protected zone.

Built-up members may be used in connections requiring testing in accordance with
the Provisions provided they are accepted by ANSI/AISC 358 for use in a prequali
fied joint or have been verified in a qualification test.

D2. CONNECTIONS 

1. General

Connections, joints and fasteners that are part of the SFRS shall comply with Specifi

cation Chapter J, and with the additional requirements of this section.

Splices and bases of columns that are not designated as part of the SFRS shall satisfy
the requirements of Sections D2.5a, D2.5c and D2.6.

Where protected zones are designated in connection elements by these Provisions or
ANSI/AISC 358, they shall satisfy the requirements of Sections Dl.3 and I2. l .

2. Bolted Joints

Bolted joints shall satisfy the following requirements:

(a) The available shear strength of bolted joints using standard holes or short-slotted
holes perpendicular to the applied load shall be calculated as that for bearing
type joints in accordance with Specification Sections J3.6 and J3.10. The
nominal bolt bearing and tearout equations per Section J3.10 of the Specifica

tion where deformation at the bolt hole at service load is a design consideration
shall be used.

Exception: Where the required strength of a connection is based upon the
expected strength of a member or element, it is permitted to use the bolt bear
ing and tearout equations in accordance with Specification Section J3 .10 where
deformation is not a design consideration.

(b) Bolts and welds shall not be designed to share force in a joint or the same force
component in a connection.

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Sect. D2.] CONNECTIONS 9.1-25 

User Note: A member force, such as a diagonal brace axial force, must 

be resisted at the connection entirely by one type of joint (in other words, 

either entirely by bolts or entirely by welds). A connection in which bolts 

resist a force that is normal to the force resisted by welds, such as a moment 

connection in which welded flanges transmit flexure and a bolted web 

transmits shear, is not considered to be sharing the force. 

(c) Bolt holes shall be standard holes or short-slotted holes perpendicular to the

applied load in bolted joints where the seismic load effects are transferred by

shear in the bolts. Oversized holes or short-slotted holes are permitted in con

nections where the seismic load effects are transferred by tension in the bolts

but not by shear in the bolts.

Exception:

(I) For diagonal braces, oversized holes are permitted in one connection ply

only when the connection is designed as a slip-critical joint.

(2) Alternative hole types are permitted if designated in ANSI/AISC 358, or if

otherwise determined in a connection prequalification in accordance with

Section Kl , or if determined in a program of qualification testing in accor

dance with Section K2 or Section K3.

User Note: Diagonal brace connections with oversized holes must also 

satisfy other limit states including bolt bearing and bolt shear for the required 

strength of the connection as defined in Sections Fl, F2, F3 and F4. 

( d) All bolts shall be installed as pretensioned high-strength bolts. Faying surfaces 

shall satisfy the requirements for slip-critical connections in accordance with 

Specification Section 13.8 with a faying surface with a Class A slip coefficient 

or higher. 

Exceptions: Connection surfaces are permitted to have coatings with a slip coef

ficient less than that of a Class A faying surface for the following: 

(1) End plate moment connections conforming to the requirements of Section

El ,  or ANSI/AISC 358

(2) Bolted joints where the seismic load effects are transferred either by tension

in bolts or by compression bearing but not by shear in bolts

3. Welded Joints

Welded joints shall be designed in accordance with Specification Chapter J.

4. Continuity Plates and Stiffeners

The design of continuity plates and stiffeners located in the webs of rolled shapes

shall allow for the reduced contact lengths to the member flanges and web based on

the corner clip sizes in Section I2.4.
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5. Column Splices

Sa. Location of Splices

For all building columns, including those not designated as part of the SFRS, column
splices shall be located 4 ft (1.2 m) or more away from the beam-to-column flange
connections.

Exceptions:

(a) When the column clear height between beam-to-column flange connections is
less than 8 ft (2.4 m), splices shall be at half the clear height

(b) Column splices with webs and flanges joined by complete-joint-penetration
groove welds are permitted to be located closer to the beam-to-column flange
connections, but not less than the depth of the column

( c) Splices in composite columns

User Note: Where possible, splices should be located at least 4 ft (1.2 m) above 
the finished floor elevation to permit installation of perimeter safety cables prior 
to erection of the next tier and to improve accessibility. 

Sb. Required Strength 

(1) The required strength of column splices in the SFRS shall be the greater of:

(a) The required strength of the columns, including that determined from
Chapters E, F, G and H and Section D 1.4a; or,

(b) The required strength determined using the overstrength seismic load.

(2) In addition, welded column splices in which any portion of the column is sub
ject to a calculated net tensile load effect determined using the overstrength
seismic load shall satisfy all of the following requirements:

(a) The available strength of partial-joint-penetration (PJP) groove welded
joints, if used, shall be at least equal to 200% of the required strength.

Exception: Partial-joint-penetration (PJP) groove welds are excluded from
this requirement if the Exceptions in Sections E2.6g, E3.6g or E4.6c are
invoked.

(b) The available strength for each flange splice shall be at least equal to
O.SRyFybJfJ/ as,
where

Fy = specified minimum yield stress, ksi (MPa) 
Ry = ratio of expected yield stress to the specified minimum yield stress, 

Fy 

bf = width of flange, in. (mm) of the smaller column connected 
y = thickness of flange, in. (mm) of the smaller column connected 
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(c) Where butt joints in column splices are made with complete-joint

penetration groove welds and when tension stress at any location in the

smaller flange exceeds 0.30F
y
/as, tapered transitions are required between

flanges of unequal thickness or width. Such transitions shall be in accor

dance with AWS Dl.8/Dl.8M clause 4.2.

Sc. Required Shear Strength 

For all building columns, including those not designated as part of the SFRS, the 

required shear strength of column splices with respect to both orthogonal axes of the 

column shall be M
pc/(a.J{), where M

pc is the lesser plastic flexural strength of the 

column sections for the direction in question, and H is the height of the story, which 

is permitted to be taken as the distance between the centerline of floor framing at each 

of the levels above and below, or the distance between the top of floor slabs at each 

of the levels above and below. 

The required shear strength of splices of columns in the SFRS shall be the greater 

of the foregoing requirement or the required shear strength determined per Section 

D2.5b(l ). 

Sd. Structural Steel Splice Configurations 

Structural steel column splices are permitted to be either bolted or welded, or welded 

to one column and bolted to the other. Splice configurations shall meet all specific 

requirements in Chapters E, F, G or H. 

Splice plates or channels used for making web splices in SFRS columns shall be 

placed on both sides of the column web. 

For welded butt-joint splices made with groove welds, weld tabs shall be removed in 

accordance with AWS D 1.8/D 1.8M clause 6.16. Steel backing of groove welds need 

not be removed. 

Se. Splices in Encased Composite Columns 

For encased composite columns, column splices shall conform to Section Dl.4b and 

ACI 318 Section 18.7.4.2. 

6. Column Bases

The required strength of column bases, including those that are not designated as part

of the SFRS, shall be determined in accordance with this section.

The available strength of steel elements at the column base, including base plates,

anchor rods, stiffening plates, and shear lug elements shall be in accordance with the

Specification.

Where columns are welded to base plates with groove welds, weld tabs and weld

backing shall be removed, except that weld backing located on the inside of flanges

and weld backing on the web of I-shaped sections need not be removed if backing is

attached to the column base plate with a continuous ½6-in. (8 mm) fillet weld. Fillet
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welds of backing to the inside of column flanges are prohibited. Weld backing located 

on the inside of HSS and box-section columns need not be removed. 

The available strength of concrete elements and reinforcing steel at the column base 

shall be in accordance with ACI 318. When the design of anchor rods assumes that 

the ductility demand is provided for by deformations in the anchor rods and anchor

age into reinforced concrete, the design shall meet the requirements of ACI 318 

Chapter 17. Alternatively, when the ductility demand is provided for elsewhere, the 

anchor rods and anchorage into reinforced concrete are permitted to be designed for 

the maximum loads resulting from the deformations occurring elsewhere, including 

the effects of material overstrength and strain hardening. 

User Note: When using concrete reinforcing steel as part of the anchorage 

embedment design, it is important to consider the anchor failure modes and 

provide reinforcement that is developed on both sides of the expected failure 

surface. See ACI 318 Chapter 17, including Commentary. 

6a. Required Axial Strength 

The required axial strength of column bases that are designated as part of the SFRS, 

including their attachment to the foundation, shall be the summation of the vertical 

components of the required connection strengths of the steel elements that are con

nected to the column base, but not less than the greater of: 

(a) The column axial load calculated using the overstrength seismic load

(b) The required axial strength for column splices, as prescribed in Section D2.5

User Note: The vertical components can include both the axial load from columns 

and the vertical component of the axial load from diagonal members framing into 

the column base. Section D2.5 includes references to Section Dl.4a and Chapters 

E, F, G and H. Where diagonal braces frame to both sides of a column, the effects 

of compression brace buckling should be considered in the summation of vertical 

components. See Section F2.3. 

6b. Required Shear Strength 

The required shear strength of column bases, including those not designated as part 

of the SFRS, and their attachments to the foundations, shall be the summation of the 

horizontal component of the required connection strengths of the steel elements that 

are connected to the column base as follows: 

(a) For diagonal braces, the horizontal component shall be determined from the

required strength of diagonal brace connections for the SFRS.

(b) For columns, the horizontal component shall be equal to the lesser of the

following:
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(1) 2R
y
F

y
Z/(a,H) of the column

(2) The shear calculated using the overstrength seismic load.

( c) The summation of the required strengths of the horizontal components shall not

be less than 0.7 F
y
Z/(asH) of the column.

Exceptions: 

(a) Single story columns with simple connections at both ends need not comply

with Sections D2.6b(b) or D2.6b(c).

(b) Columns that are part of the systems defined in Sections El ,  F l ,  GI, HI, H4 or
combinations thereof need not comply with Section D2.6b( c ).

(c) The minimum required shear strength per Section D2.6b(c) need not exceed the

maximum load effect that can be transferred from the column to the foundation

as determined by either a nonlinear analysis per Section C3, or an analysis that

includes the effects of inelastic behavior resulting in 0.025H story drift at either

the first or second story, but not both concurrently.

User Note: The horizontal components can include the shear load from columns 

and the horizontal component of the axial load from diagonal members framing 

into the column base. Horizontal forces for columns that are not part of the SFRS 

determined in accordance with this section typically will not govern over those 

determined according to Section D2.6b( c ). 

6c. Required Flexural Strength 

Where column bases are designed as moment connections to the foundation, the 

required flexural strength of column bases that are designated as part of the SFRS, 

including their attachment to the foundation, shall be the summation of the required 
connection strengths of the steel elements that are connected to the column base as 

follows: 

(a) For diagonal braces, the required flexural strength shall be at least equal to the

required flexural strength of diagonal brace connections.

(b) For columns, the required flexural strength shall be at least equal to the lesser of

the following:

(I) l. lR
y
F

y
Z/as of the column; or

(2) The moment calculated using the overstrength seismic load, provided that

a ductile limit state in either the column base or the foundation controls the

design.

User Note: Moments at column to column base connections designed as simple 

connections may be ignored. 
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7. Composite Connections

This section applies to connections in buildings that utilize composite steel and
concrete systems wherein seismic load is transfen-ed between structural steel and
reinforced concrete components. Methods for calculating the connection strength
shall satisfy the requirements in this section. Unless the connection strength is deter
mined by analysis or testing, the models used for design of connections shall satisfy
the following requirements:

(a) Force shall be transfen-ed between structural steel and reinforced concrete
through:

(]) direct bearing from internal bearing mechanisms;

(2) shear connection;

(3) shear friction with the necessary clamping force provided by reinforcement
normal to the plane of shear transfer; or

( 4) a combination of these means.

The contribution of different mechanisms is permitted to be combined only if 
the stiffness and deformation capacity of the mechanisms are compatible. Any 
potential bond strength between structural steel and reinforced concrete shall be 
ignored for the purpose of the connection force transfer mechanism. 

(b) The nominal bearing and shear-friction strengths shall meet the requirements of
ACI 318. Unless a higher strength is substantiated by cyclic testing, the nominal
bearing and shear-friction strengths shall be reduced by 25% for the composite
seismic systems described in Sections G3, H2, H3, HS and H6.

(c) Face bearing plates consisting of stiffeners between the flanges of steel beams
shall be provided when beams are embedded in reinforced concrete columns or
walls.

( d) The nominal shear strength of concrete-encased steel panel zones in beam-to
column connections shall be calculated as the sum of the nominal strengths of
the structural steel and confined reinforced concrete shear elements as deter
mined in Section E3.6e and ACI 318 Section 18.8, respectively.

( e) Reinforcement shall be provided to resist all tensile forces in reinforced concrete
components of the connections. Additionally, the concrete shall be confined
with transverse reinforcement. All reinforcement shall be fully developed in
tension or compression, as applicable, beyond the point at which it is no lon
ger required to resist the forces. Development lengths shall be determined in
accordance with ACI 318 Chapter 25. Additionally, development lengths for the
systems described in Sections G3, H2, H3, H5 and H6 shall satisfy the require
ments of ACI 318 Section 18.8.5.

(f) Composite connections shall satisfy the following additional requirements:
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(1) When the slab transfers horizontal diaphragm forces, the slab reinforce

ment shall be designed and anchored to carry the in-plane tensile forces at

all critical sections in the slab, including connections to collector beams,

columns, diagonal braces and walls.

(2) For connections between structural steel or composite beams and reinforced

concrete or encased composite columns, transverse hoop reinforcement shall

be provided in the connection region of the column to satisfy the require

ments of ACI 318 Section 18.8, except for the following modifications:

(i) Structural steel sections framing into the connections are considered to

provide confinement over a width equal to that of face bearing plates

welded to the beams between the flanges.

(ii) Lap splices are permitted for perimeter ties when confinement of the

splice is provided by face bearing plates or other means that prevents

spalling of the concrete cover in the systems described in Sections O 1,

02, HI and H4.

(iii)The longitudinal bar sizes and layout in reinforced concrete and com

posite columns shall be detailed to minimize slippage of the bars through 

the beam-to-column connection due to high force transfer associated 

with the change in column moments over the height of the connection. 

User Note: The commentary provides guidance for determining panel-zone shear 

strength. 

8. Steel Anchors

Where steel headed stud anchors or welded reinforcing bar anchors are part of the

intermediate or special SFRS of Sections 02, 03, 04, H2, H3, H5 and H6, their shear

and tensile strength shall be reduced by 25% from the specified strengths given in

Specification Chapter I. The diameter of steel headed stud anchors shall be limited to

¾ in. (19 mm).

User Note: The 25% reduction is not necessary for gravity and collector 

components in structures with intermediate or special seismic force-resisting 

systems designed for the overstrength seismic load. 

D3. DEFORMATION COMPATIBILITY OF NON-SFRS MEMBERS AND 

CONNECTIONS 

Where deformation compatibility of members and connections that are not part 

of the seismic force-resisting system (SFRS) is required by the applicable build

ing code, these elements shall be designed to resist the combination of gravity load 

effects and the effects of deformations occurring at the design story drift calculated in 

accordance with the applicable building code. 

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-32 H-PILES [Sect. D4. 

User Note: ASCE/SEI 7 stipulates the preceding requirement for both structural 

steel and composite members and connections. Flexible shear connections that 

allow member end rotations in accordance with Specification Section Jl.2 should 

be considered to satisfy these requirements. Inelastic deformations are permitted 

in connections or members provided they are self-limiting and do not create 

instability in the member. See the Commentary for further discussion. 

D4. H-PILES 

1. Design Requirements

Design of H-piles shall comply with the requirements of the Specification regarding

design of members subjected to combined loads. H-piles located in site classes E or

F as defined by ASCE/SEI 7 shall satisfy the requirements for moderately ductile

members of Section D 1.1.

2. Battered H-Piles

If battered (sloped) and vertical piles are used in a pile group, the vertical piles shall

be designed to support the combined effects of the dead and live loads without the

participation of the battered piles.

3. Tension

Tension in each pile shall be transferred to the pile cap by mechanical means such

as shear keys, reinforcing bars, or studs welded to the embedded portion of the pile.

4. Protected Zone

At each pile, the length equal to the depth of the pile cross section located directly

below the bottom of the pile cap shall be designated as a protected zone meeting the

requirements of Sections D 1.3 and I2. l .
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This chapter provides the basis of design, the requirements for analysis, and the requirements 

for the system, members and connections for steel moment-frame systems. 

The chapter is organized as follows: 

E 1. Ordinary Moment Frames (OMF) 

E2. Intermediate Moment Frames (IMF) 

E3. Special Moment Frames (SMF) 

E4. Special Truss Moment Frames (STMF) 

E5. Ordinary Cantilever Column Systems (OCCS) 

E6. Special Cantilever Column Systems (SCCS) 

User Note: The requirements of this chapter are in addition to those required by 

the Specification and the applicable building code. 

El. ORDINARY MOMENT FRAMES (OMF) 

1. Scope

Ordinary moment frames (OMF) of structural steel shall be designed in conformance

with this section.

2. Basis of Design

OMF designed in accordance with these provisions are expected to provide minimal

inelastic deformation capacity in their members and connections.

3. Analysis

There are no requirements specific to this system.

4. System Requirements

There are no requirements specific to this system.

5. Members

Sa. Basic Requirements

There are no limitations on width-to-thickness ratios of members for OMF beyond

those in the Specification. There are no requirements for stability bracing of beams

or joints in OMF, beyond those in the Specification. Structural steel beams in OMF

are permitted to be composite with a reinforced concrete slab to resist gravity loads.
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Sb. Protected Zones 

There are no designated protected zones for OMF members. 

6. Connections

Beam-to-column connections are permitted to be fully restrained (FR) or partially

restrained (PR) moment connections in accordance with this section.

6a. Demand Critical Welds

Complete-joint-penetration (CJP) groove welds of beam flanges to columns are

demand critical welds, and shall satisfy the requirements of Sections A3.4b and I2.3.

6b. FR Moment Connections

FR moment connections that are part of the seismic force-resisting system (SFRS)

shall satisfy at least one of the following requirements:

(a) FR moment connections shall be designed for a required flexural strength that

is equal to the expected beam flexural strength, RyMp, multiplied by 1. 1 and

divided by a.,, where as = LRFD-ASD force level adjustment factor = 1.0 for

LRFD and 1.5 for ASD.

The required shear strength of the connection, Vu or Va, as applicable, shall be

determined using the capacity-limited seismic load effect. The capacity-limited

horizontal seismic load effect, Ec1, shall be determined as follows:

(El-1) 

where 

Lcf = clear length of beam, in. (mm) 

Mp = plastic bending moment, kip-in. (N-mm) 

Ry = ratio of expected yield stress to the specified minimum yield stress, Fy

(b) FR moment connections shall be designed for a required flexural strength and a

required shear strength equal to the maximum moment and corresponding shear

that can be transferred to the connection by the system, including the effects of

material overstrength and strain hardening.

User Note: Factors that may limit the maximum moment and corresponding 

shear that can be transferred to the connection include column yielding, 

panel zone yielding, the development of the flexural strength of the beam 

at some distance away from the connection when web tapered members are 

used, and others. Further discussion is provided in the commentary. 

(c) FR moment connections between wide-flange beams and the flange of wide

flange columns shall either satisfy the requirements of Section E2.6 or E3.6, or

shall meet the following requirements:
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(1) All welds at the beam-to-column connection shall satisfy the requirements

of Chapter 3 of ANSI/ AISC 358.

(2) Beam flanges shall be connected to column flanges using complete-joint
penetration groove welds.

(3 ) The shape of weld access holes shall be in accordance with clause 6.11.1.2 
of AWS Dl.8/Dl.SM. Weld access hole quality requirements shall be in 

accordance with clause 6.11.2 of AWS Dl.8/Dl.SM. 

(4) Continuity plates shall satisfy the requirements of Section E3.6f.

Exception: The welded joints of the continuity plates to the column flanges
are permitted to be complete-joint-penetration groove welds, two-sided
partial-joint-penetration groove welds with contouring fillets, two-sided fil
let welds, or combinations of partial-joint-penetration groove welds and

fillet welds. The required strength of these joints shall not be less than the
available strength of the contact area of the plate with the column flange.

(5 ) The beam web shall be connected to the column flange using either a CJP 

groove weld extending between weld access holes, or using a bolted single 
plate shear connection designed for the required shear strength given in

Section E l.6b(a). 

For options (a) and (b) in Section El .6b, continuity plates shall be provided as 
required by Specification Sections JI 0.1, Jl 0.2 and J 10.3. The bending moment used 
to check for continuity plates shall be the same bending moment used to design the 
beam-to-column connection; in other words, l.IR

y
Mn/as or the maximum moment 

that can be transferred to the connection by the system. 

User Note: For FR moment connections, panel zone shear strength should be 

checked in accordance with Specification Section Jl0.6. The required shear 
strength of the panel zone should be based on the beam end moments computed 
from the load combinations stipulated by the applicable building code, not 

including the overstrength seismic load. 

6c. PR Moment Connections 

PR moment connections shall satisfy the following requirements: 

(a) Connections shall be designed for the maximum moment and shear from the
applicable load combinations as described in Sections B2 and B3.

(b) The stiffness, strength and deformation capacity of PR moment connections
shall be considered in the design, including the effect on overall frame stability.

( c) The nominal flexural strength of the connection, Mn.PR, shall be no less than
50% of Mp of the connected beam.

Exception: For one-story structures, Mn.PR shall be no less than 50% of Mp of
the connected column.
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(d) Vu or Va, as applicable, shall be determined per Section E l. 6b(a) with M
p 

in

Equation E 1-1 taken as Mn,PR·

E2. INTERMEDIATE MOMENT FRAMES (IMF) 

1. Scope

Intermediate moment frames (IMF) of structural steel shall be designed in confor

mance with this section.

2. Basis of Design

IMF designed in accordance with these provisions are expected to provide limited

inelastic deformation capacity through flexural yielding of the IMF beams and col

umns, and shear yielding of the column panel zones. Design of connections of beams

to columns, including panel zones and continuity plates, shall be based on connection

tests that provide the performance required by Section E2.6b, and demonstrate this

conformance as required by Section E2.6c.

3. Analysis

There are no requirements specific to this system.

4. System Requirements

4a. Stability Bracing of Beams

Beams shall be braced to satisfy the requirements for moderately ductile members in

Section Dl.2a.

In addition, unless otherwise indicated by testing, beam braces shall be placed near

concentrated forces, changes in cross section, and other locations where analysis

indicates that a plastic hinge will form during inelastic deformations of the IMF.

The placement of stability bracing shall be consistent with that documented for a

prequalified connection designated in ANSI/AISC 358, or as otherwise determined

in a connection prequalification in accordance with Section Kl ,  or in a program of

qualification testing in accordance with Section K2.

The required strength of lateral bracing provided adjacent to plastic hinges shall be

as required by Section Dl.2c.

5. Members

Sa. Basic Requirements

Beam and column members shall satisfy the requirements of Section Dl for moder

ately ductile members, unless otherwise qualified by tests.

Structural steel beams in IMF are permitted to be composite with a reinforced con

crete slab to resist gravity loads.
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Sb. Beam Flanges 

Changes in beam flange area in the protected zones, as defined in Section E2.5c, 

shall be gradual. The drilling of flange holes or trimming of beam flange width is not 

permitted unless testing or qualification demonstrates that the resulting configura

tion is able to develop stable plastic hinges to accommodate the required story drift 

angle. The configuration shall be consistent with a prequalified connection desig

nated in ANSI/ AISC 358, or as otherwise determined in a connection prequalification 

in accordance with Section K 1, or in a program of qualification testing in accordance 

with Section K2. 

Sc. Protected Zones 

The region at each end of the beam subject to inelastic straining shall be designated as 

a protected zone and shall satisfy the requirements of Section D 1.3. The extent of the 

protected zone shall be as designated in ANSI/ AISC 358, or as otherwise determined 

in a connection prequalification in accordance with Section K 1, or as determined in a 

program of qualification testing in accordance with Section K2. 

User Note: The plastic hinging zones at the ends of IMF beams should be treated 

as protected zones. The plastic hinging zones should be established as part of a 

prequalification or qualification program for the connection, in accordance with 

Section E2.6c. In general, for unreinforced connections, the protected zone will 

extend from the face of the column to one half of the beam depth beyond the 

plastic hinge point. 

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds and shall satisfy the requirements of

Sections A3.4b and I2.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied.

(1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

(c) Complete-joint-penetration groove welds of beam flanges and beam webs to

columns, unless otherwise designated by ANSI/AISC 358, or otherwise deter

mined in a connection prequalification in accordance with Section Kl ,  or as

determined in a program of qualification testing in accordance with Section K2.
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User Note: For the designation of demand critical welds, standards such as 

ANSI/AISC 358 and tests addressing specific connections and joints should be 

used in lieu of the more general terms of these Provisions. Where these Provisions 

indicate that a particular weld is designated demand critical, but the more specific 

standard or test does not make such a designation, the more specific standard or 

test should govern. Likewise, these standards and tests may designate welds as 

demand critical that are not identified as such by these Provisions. 

6b. Beam-to-Column Connection Requirements 

Beam-to-column connections used in the SFRS shall satisfy the following 

requirements: 

(a) The connection shall be capable of accommodating a story drift angle of at least

0.02 rad.

(b) The measured flexural resistance of the connection, determined at the column

face, shall equal at least 0.80M
p 

of the connected beam at a story drift angle of

0.02 rad.

6c. Conformance Demonstration 

Beam-to-column connections used in the SFRS shall satisfy the requirements of Sec

tion E2.6b by one of the following: 

(a) Use of IMF connections designed in accordance with ANSI/AISC 358.

(b) Use of a connection prequalified for IMF in accordance with Section Kl .

(c) Provision of qualifying cyclic test results in accordance with Section K2.

Results of at least two cyclic connection tests shall be provided and are permit

ted to be based on one of the following:

( 1) Tests reported in the research literature or documented tests performed for

other projects that represent the project conditions, within the limits speci

fied in Section K2.

(2) Tests that are conducted specifically for the project and are representative

of project member sizes, material strengths, connection configurations, and

matching connection processes, within the limits specified in Section K2.

6d. Required Shear Strength 

The required shear strength of the connection shall be determined using the capacity

limited seismic load effect. The capacity-limited horizontal seismic load effect, Eel, 

shall be determined as: 
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where 

Lh = distance between beam plastic hinge locations, as defined within the test 

report or ANSI/AISC 358, in. (mm) 

M
p

= plastic bending moment, kip-in. (N-mm) 

R
y 

= ratio of the expected yield stress to the specified minimum yield stress, F
y

Exception: In lieu of Equation E2-1, the required shear strength of the connection 

shall be as specified in ANSI/AISC 358, or as otherwise determined in a connection 

prequalification in accordance with Section Kl , or in a program of qualification test

ing in accordance with Section K2. 

6e. Panel Zone 

There are no additional panel zone requirements. 

User Note: Panel zone shear strength should be checked in accordance with 

Section JI0.6 of the Specification. The required shear strength of the panel zone 

should be based on the beam end moments computed from the load combinations 

stipulated by the applicable building code, not including the overstrength seismic 

load. 

6f. Continuity Plates 

Continuity plates shall be provided in accordance with the provisions of Section 

E3.6f. 

6g. Column Splices 

Column splices shall comply with the requirements of Section E3.6g. 

E3. SPECIAL MOMENT FRAMES (SMF) 

1. Scope

Special moment frames (SMF) of structural steel shall be designed in conformance

with this section.

2. Basis of Design

SMF designed in accordance with these provisions are expected to provide signifi

cant inelastic deformation capacity through flexural yielding of the SMF beams

and limited yielding of column panel zones, or, where equivalent performance of

the moment-frame system is demonstrated by substantiating analysis and testing,

through yielding of the connections of beams to columns. Except where otherwise

permitted in this section, columns shall be designed to be stronger than the fully

yielded and strain-hardened beams or girders. Flexural yielding of columns at the

base is permitted. Design of connections of beams to columns, including panel zones

and continuity plates, shall be based on connection tests that provide the performance
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required by Section E3.6b, and demonstrate this conformance as required by Section 
E3.6c. 

3. Analysis

For special moment-frame systems that consist of isolated planar frames, there are no
additional analysis requirements.

For moment-frame systems that include columns that form part of two intersecting
special moment frames in orthogonal or multi-axial directions, the column analysis
of Section E3.4a shall consider the potential for beam yielding in both orthogonal
directions simultaneously.

User Note: For these columns, the required axial loads are defined in Section 
Dl.4a(b). 

4. System Requirements

4a. Moment Ratio

The following relationship shall be satisfied at beam-to-column connections:

where 

(E3-l )  

I.M;,c = sum of the projections of the nominal flexural strengths of the columns 
(including haunches where used) above and below the joint to the 
beam centerline with a reduction for the axial force in the column, 
kip-in. (N-mm). It is permitted to determine I.M;c as follows: 

2..M;c = I.Zc( Fye - a,Pr / Ag) (E3-2) 

When the centerlines of opposing beams in the same joint do not coincide, 
the mid-line between centerlines shall be used. 

I.M;,h = sum of the projections of the expected flexural strengths of the 
beams at the plastic hinge locations to the column centerline, kip-in. 
(N-mm). It is permitted to determine I.M;b as follows: 

2..M;b= 2..(M
pr + a,Mv) (E3-3) 

Ag 
= gross area of column, in.2 (mm2)

Fy
b = specified minimum yield stress of beam, ksi (MPa) 

Fye = specified minimum yield stress of column, ksi (MPa) 
M

pr = maximum probable moment at the location of the plastic hinge, as 
determined in accordance with ANSI/AISC 358, or as otherwise 
determined in a connection prequalification in accordance with Section 
Kl , or in a program of qualification testing in accordance with Section 
K2, kip-in. (N-mm) 

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Sect. E3.] SPECIAL MOMENT FRAMES (SMF) 9.1-41 

Mv = additional moment due to shear amplification from the location of the 
plastic hinge to the column centerline based on LRFD or ASD load 
combinations, kip-in. (N-mm) 

Pr = required axial compressive strength according to Section D 1.4a, kips (N) 

Zc = plastic section modulus of the column about the axis of bending, in.3 

(mm3
)

Exception: The requirement of Equation E3-l shall not apply if the following condi
tions in (a) or (b) are satisfied. 

(a) Columns with P,-c < 0.3Pc for all load combinations other than those determined
using the overstrength seismic load and that satisfy either of the following:

(I) Columns used in a one-story building or the top story of a multistory
building.

(2) Columns where (i) the sum of the available shear strengths of all exempted
columns in the story is less than 20% of the sum of the available shear
strengths of all moment frame columns in the story acting in the same
direction, and (ii) the sum of the available shear strengths of all exempted
columns on each moment frame column line within that story is less than
33% of the available shear strength of all moment frame columns on that
column line. For the purpose of this exception, a column line is defined as
a single line of columns or parallel lines of columns located within l 0% of
the plan dimension perpendicular to the line of columns.

User Note: For purposes of this exception, the available shear strengths 
of the columns should be calculated as the limit strengths considering 
the flexural strength at each end as limited by the flexural strength of 
the attached beams, or the flexural strength of the columns themselves, 
divided by H, where H is the story height. 

The nominal compressive strength, Pc, shall be determined as follows: 

(E3-5) 

and the required axial strength is P,c = Puc (LRFD) or Pre = Pac (ASD), as 
applicable. 

(b) Columns in any story that has a ratio of available shear strength to required
shear strength that is 50% greater than the story above.

4b. Stability Bracing of Beams 

Beams shalJ be braced to satisfy the requirements for highly ductile members in Sec
tion D1.2b. 
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In addition, unless otherwise indicated by testing, beam braces shall be placed near 
concentrated forces, changes in cross section, and other locations where analysis 
indicates that a plastic hinge will form during inelastic deformations of the SMF. 
The placement of lateral bracing shall be consistent with that documented for a 
prequalified connection designated in ANSI/AISC 358, or as otherwise determined 
in a connection prequalification in accordance with Section Kl , or in a program of 
qualification testing in accordance with Section K2. 

The required strength and stiffness of stability bracing provided adjacent to plastic 

hinges shall be as required by Section D 1.2c. 

4c. Stability Bracing at Beam-to-Column Connections 

1. Braced Connections

When the webs of the beams and column are coplanar, and a column is shown
to remain elastic outside of the panel zone, column flanges at beam-to-column
connections shall require stability bracing only at the level of the top flanges of
the beams. It is permitted to assume that the column remains elastic when the
ratio calculated using Equation E3- l is greater than 2.0.

When a column cannot be shown to remain elastic outside of the panel zone, the
following requirements shall apply:

(a) The column flanges shall be laterally braced at the levels of both the top
and bottom beam flanges. Stability bracing is permitted to be either direct
or indirect.

User Note: Direct stability bracing of the column flange is achieved 
through use of member braces or other members, deck and slab, attached 
to the column flange at or near the desired bracing point to resist lateral 

buckling. Indirect stability bracing refers to bracing that is achieved 
through the stiffness of members and connections that are not directly 

attached to the column flanges, but rather act through the column web 
or stiffener plates. 

(b) Each column-flange member brace shall be designed for a required strength
that is equal to 2% of the available beam flange strength, FybftbJ; divided by

as,

where
ht = width of flange, in. (mm) 

tbf = thickness of beam flange, in. (mm) 

2. Unbraced Connections

A column containing a beam-to-column connection with no member bracing
transverse to the seismic frame at the connection shall be designed using the
distance between adjacent member braces as the column height for buckling
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transverse to the seismic frame and shall conform to Specification Chapter H, 

except that: 

(a) The required column strength shall be determined from the load combina

tions in the applicable building code that include the overstrength seismic

load.

The overstrength seismic load, Emh, need not exceed 1 25% of the frame

available strength based upon either the beam available flexural strength or

panel-zone available shear strength.

(b) The slenderness L/r for the column shall not exceed 60,

where

L= length of column, in. (mm) 

r = governing radius of gyration, in. (mm) 

(c) The column required flexural strength transverse to the seismic frame shall

include that moment caused by the application of the beam flange force

specified in Section E3.4c(l )(b), in addition to the second-order moment

due to the resulting column flange lateral displacement.

5. Members

Sa. Basic Requirements

Beam and column members shall meet the requirements of Section D 1.1 for highly

ductile members, unless otherwise qualified by tests.

Structural steel beams in SMF are permitted to be composite with a reinforced con

crete slab to resist gravity loads.

Sb. Beam Flanges

Abrupt changes in beam flange area are prohibited in plastic hinge regions. The drill

ing of flange holes or trimming of beam flange width are not permitted unless testing

or qualification demonstrates that the resulting configuration can develop stable plas

tic hinges to accommodate the required story drift angle. The configuration shall be

consistent with a prequalified connection designated in ANSI/AISC 358, or as other

wise determined in a connection prequalification in accordance with Section Kl , or

in a program of qualification testing in accordance with Section K2.

Sc. Protected Zones

The region at each end of the beam subject to inelastic straining shall be designated as

a protected zone, and shall satisfy the requirements of Section D 1.3. The extent of the

protected zone shall be as designated in ANSI/ AISC 358, or as otherwise determined

in a connection prequalification in accordance with Section Kl, or as determined in a

program of qualification testing in accordance with Section K2.

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-44 SPECIAL MOMENT FRAMES (SMF) [Sect. E3. 

User Note: The plastic hinging zones at the ends of SMF beams should be treated 

as protected zones. The plastic hinging zones should be established as part of a 

prequalification or qualification program for the connection, per Section E3.6c. 

In general, for unreinforced connections, the protected zone will extend from the 

face of the column to one half of the beam depth beyond the plastic hinge point. 

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds, and shall satisfy the requirements of

Section A3.4b and I2.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied.

( 1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

(c) Complete-joint-penetration groove welds of beam flanges and beam webs to

columns, unless otherwise designated by ANSI/AISC 358, or otherwise deter

mined in a connection prequalification in accordance with Section Kl ,  or as

determined in a program of qualification testing in accordance with Section K2.

User Note: For the designation of demand critical welds, standards such as 

ANSI/ AISC 358 and tests addressing specific connections and joints should be 

used in lieu of the more general terms of these Provisions. Where these Provisions 

indicate that a particular weld is designated demand critical, but the more specific 

standard or test does not make such a designation, the more specific standard or 

test consistent with the requirements in Chapter K should govern. Likewise, these 

standards and tests may designate welds as demand critical that are not identified 

as such by these Provisions. 

6b. Beam-to-Column Connections 

Beam-to-column connections used in the seismic force-resisting system (SFRS) shall 

satisfy the following requirements: 

(a) The connection shall be capable of accommodating a story drift angle of at least

0.04 rad.
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(b) The measured flexural resistance of the connection, determined at the column
face, shall equal at least 0.80Mp of the connected beam at a story drift angle of
0.04 rad, unless equivalent performance of the moment frame system is dem
onstrated through substantiating analysis conforming to ASCE/SEI 7 Sections
12.2.1.1 or 12.2.1.2,
where

Mp = plastic bending moment, kip-in. (N-mm) 

6c. Conformance Demonstration 

Beam-to-column connections used in the SFRS shall satisfy the requirements of Sec
tion E3.6b by one of the following: 

(a) Use of SMF connections designed in accordance with ANSI/AISC 358.

(b) Use of a connection prequalified for SMF in accordance with Section Kl.

(c) Provision of qualifying cyclic test results in accordance with Section K2.
Results of at least two cyclic connection tests shall be provided and shall be
based on one of the following:

(1) Tests reported in the research literature or documented tests performed for
other projects that represent the project conditions, within the limits speci
fied in Section K2

(2) Tests that are conducted specifically for the project and are representative
of project member sizes, material strengths, connection configurations, and
matching connection processes, within the limits specified in Section K2

6d. Required Shear Strength 

The required shear strength of the connection shall be determined using the capacity
limited seismic load effect. The capacity-limited horizontal seismic load effect, Eel, 
shall be taken as: 

(E3-6) 

where 

Lh = distance between plastic hinge locations as defined within the test report or 
ANSI/AISC 358, in. (mm) 

Mpr = maximum probable moment at the plastic hinge location, as defined in 
Section E3.4a, kip-in. (N-mm) 

When Eel as defined in Equation E3-6 is used in ASD load combinations that are 
additive with other transient loads and that are based on ASCE/SEI 7, the 0.75 com
bination factor for transient loads shall not be applied to Eel. 

Where the exceptions to Equation E3-1 in Section E3.4a apply, the shear, Ec1, is 
permitted to be calculated based on the beam end moments corresponding to the 
expected flexural strength of the column multiplied by 1.1. 
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6e. Panel Zone 

1. Required Shear Strength

The required shear strength of the panel zone shall be determined from the sum
mation of the moments at the column faces as determined by projecting the
expected moments at the plastic hinge points to the column faces. The design

shear strength shall be <l>vRn and the allowable shear strength shall be R,,/Qv,

where
<!iv = 1.00 (LRFD) 
Qv = 1.50 (ASD) 

and the nominal shear strength, Rn, in accordance with the limit state of shear 

yielding, is determined as specified in Specification Section JI 0.6. 

Alternatively, the required thickness of the panel zone shall be determined in 
accordance with the method used in proportioning the panel zone of the tested 

or prequalified connection. 

Where the exceptions to Equation E3- l in Section E3.4a apply, the beam 
moments used in calculating the required shear strength of the panel zone need 
not exceed those corresponding to the expected flexural strength of the column 

multiplied by 1.1. 

2. Panel-Zone Thickness

The individual thicknesses, t, of column web and doubler plates, if used, shall
conform to the following requirement:

where 
d

2 
= d - 2yof the deeper beam at the connection, in. (mm) 

t = thickness of column web or individual doubler plate, in. (mm) 

Wz = width of panel zone between column flanges, in. (mm) 

(E3-7) 

When plug welds are used to join the doubler to the column web, it is permitted 

to use the total panel-zone thickness to satisfy Equation E3-7. Additionally, the 
individual thicknesses of the column web and doubler plate shall satisfy Equa
tion E3-7, where d

z 
and w

2 
are modified to be the distance between plug welds. 

When plug welds are required, a minimum of four plug welds shall be provided 

and spaced in accordance with Equation E3-7. 

3. Panel-Zone Doubler Plates

The thickness of doubler plates, if used, shall not be less than ¼ in. (6 mm).

When used, doubler plates shall meet the following requirements.

Where the required strength of the panel zone exceeds the design strength, or
where the panel zone does not comply with Equation E3-7, doubler plates shall
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be provided. Doubler plates shall be placed in contact with the web, or shall be 

spaced away from the web. Doubler plates with a gap of up to 1/16 in. (2 mm) 

between the doubler plate and the column web are permitted to be designed as 

being in contact with the web. When doubler plates are spaced away from the 

web, they shall be placed symmetrically in pairs on opposite sides of the column 

web. 

Doubler plates in contact with the web shall be welded to the column flanges 

either using partial-joint-penetration (PJP) groove welds in accordance with 

AWS D 1.8/D 1.8M clause 4.3 that extend from the surface of the doubler plate 

to the column flange, or by using fillet welds. Spaced doubler plates shall be 

welded to the column flanges using complete-joint-penetration (CJP) groove 

welds, PJP groove welds, or fillet welds. The required strength of partial-joint

penetration groove welds or fillet welds shall equal the available shear yielding 

strength of the doubler-plate thickness. 

(a) Doubler plates used without continuity plates

Doubler plates and the welds connecting the doubler plates to the column

flanges shall extend at least 6 in. (150 mm) above and below the top and

bottom of the deeper moment frame beam. For doubler plates in contact

with the web, if the doubler-plate thickness alone and the column-web

thickness alone both satisfy Equation E3-7, then no weld is required along

the top and bottom edges of the doubler plate. If either the doubler-plate

thickness alone or the column-web thickness alone does not satisfy Equa

tion E3-7, then a minimum size fillet weld, as stipulated in Specification

Table 12.4, shall be provided along the top and bottom edges of the doubler

plate. These welds shall terminate 1.5 in. (38 mm) from the toe of the col

umn fillet.

(b) Doubler plates used with continuity plates

Doubler plates are permitted to be either extended above and below the

continuity plates or placed between the continuity plates.

(1) Extended doubler plates

Extended doubler plates shall be in contact with the web. Extended

doubler plates and the welds connecting the doubler plates to the col

umn flanges shall extend at least 6 in. (150 mm) above and below the

top and bottom of the deeper moment frame beam. Continuity plates

shall be welded to the extended doubler plates in accordance with the

requirements in Section E3.6f.2(c). No welds are required at the top and

bottom edges of the doubler plate.

(2) Doubler plates placed between continuity plates

Doubler plates placed between continuity plates are permitted to be in

contact with the web or away from the web. Welds between the doubler

plate and the column flanges shall extend between continuity plates, but
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are permitted to stop no more than I in. (25 mm) from the continuity 
plate. The top and bottom of the doubler plate shall be welded to the 
continuity plates over the full length of the continuity plates in contact 
with the column web. The required strength of the doubler plate-to
continuity plate weld shall equal 75% of the available shear yield 
strength of the full doubler plate thickness over the contact length with 
the continuity plate. 

User Note: When a beam perpendicular to the column web 
connects to a doubler plate, the doubler plate should be sized based 
on the shear from the beam end reaction in addition to the panel zone 
shear. When welding continuity plates to extended doubler plates, 
force transfer between the continuity plate and doubler plate must be 
considered. See commentary for further discussion. 

6f. Continuity Plates 

Continuity plates shall be provided as required by this section. 

Exception: This section shall not apply in the following cases. 

(a) Where continuity plates are otherwise determined in a connection prequalifica
tion in accordance with Section K 1.

(b) Where a connection is qualified in accordance with Section K2 for conditions in
which the test assembly omits continuity plates and matches the prototype beam
and column sizes and beam span.

1. Conditions Requiring Continuity Plates

Continuity plates shall be provided in the following cases:

(a) Where the required strength at the column face exceeds the available col
umn strength determined using the applicable local limit states stipulated in
Specification Section JlO, where applicable. Where so required, continuity
plates shall satisfy the requirements of Spec(fication Section Jl0.8 and the
requirements of Section E3.6f.2.

For connections in which the beam flange is welded to the column flange,
the column shall have an available strength sufficient to resist an applied
force consistent with the maximum probable moment at face of column, Mf 

User Note: The beam flange force, Pf, corresponding to the maximum 
probable moment at the column face, Mr, may be determined as follows: 

For connections with beam webs with a bolted connection to the column, 
Pf may be determined assuming only the beam flanges participate in 
transferring the moment M( 
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For connections with beam webs welded to the column, Pt may be 
determined assuming that the beam flanges and web both participate in 
transferring the moment, Mt, as follows: 

where 

Pf 
__ 0._85_M_t� 

asd" 

Mt= maximum probable moment at face of column as defined in 
ANSI/AISC 358 for a prequalified moment connection or as 
determined from qualification testing, kip-in. (N-mm) 

Pt = required strength at the column face for local limit states in the 
column, kip (N) 

d* = distance between centroids of beam flanges or beam flange 
connections to the face of the column, in. (mm) 

(b) Where the column flange thickness is less than the limiting thickness, tum,
determined in accordance with this provision.
(]) Where the beam flange is welded to the flange of a W-shape or built-up

I-shaped column, the limiting column-flange thickness is:

t. 
-

bbf 
l,m 

- 6 
(E3-8) 

(2) Where the beam flange is welded to the flange of the I-shape in a boxed
wide-flange column, the limiting column-flange thickness is:

b1,1 tlim = -· 12
(E3-9) 

User Note: These continuity-plate requirements apply only to wide
flange column sections. Detailed formulas for determining continuity plate 
requirements for box-section columns have not been developed. It is noted 
that the performance of moment connections is dependent on the column 
flange stiffness in distributing the strain across the beam-to-column flange 
weld. Designers should consider the relative stiffness of the box-section 
column flange compared to those of tested assemblies in resisting the beam 
flange force to determine the need for continuity plates. 

2. Continuity-Plate Requirements

Where continuity plates are required, they shall meet the requirements of this
section.
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(a) Continuity-Plate Width

The width of the continuity plate shall be determined as follows:

(I) For W-shape columns, continuity plates shall, at a minimum, extend

from the column web to a point opposite the tips of the wider beam

flanges.

(2) For boxed wide-flange columns, continuity plates shall extend the full

width from column web to side plate of the column.

(b) Continuity-Plate Thickness

The minimum thickness of the plates shall be determined as follows:

(1) For one-sided connections, the continuity plate thickness shall be at

least 50% of the thickness of the beam flange.

(2) For two-sided connections, the continuity plate thickness shall be at

least equal to 75% of the thickness of the thicker beam flange on either

side of the column.

(c) Continuity-Plate Welding

Continuity plates shall be welded to column flanges using CJP groove

welds.

Continuity plates shall be welded to column webs or extended doubler

plates using groove welds or fillet welds. The required strength of the

welded joints of continuity plates to the column web or extended doubler

plate shall be the lesser of the following:

(1) The sum of the available tensile strengths of the contact areas of the

continuity plates to the column flanges that have attached beam flanges

(2) The available shear strength of the contact area of the plate with the

column web or extended doubler plate

(3) The available shear strength of the column web, when the continuity

plate is welded to the column web, or the available shear strength of

the doubler plate, when the continuity plate is welded to an extended

doubler plate

6g. Column Splices 

Column splices shall comply with the requirements of Section D2.5. 

Exception: The required strength of the column splice, including appropriate stress 

concentration factors or fracture mechanics stress intensity factors, need not exceed 

that determined by a nonlinear analysis as specified in Chapter C. 

1. Welded Column Flange Splices Using CJP Groove Welds

Where welds are used to make the flange splices, they shall be CJP groove

welds, unless otherwise permitted in Section E3.6g.2.
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2. Welded Column Flange Splices Using PJP Groove Welds

Where the specified minimum yield stress of the column shafts does not exceed

60 ksi (415 MPa) and the thicker flange is at least 5% thicker than the thinner

flange, PJP groove welds are permitted to make the flange splices, and shall

comply with the following requirements:

(a) The PJP flange weld or welds shall provide a minimum total effective throat

of 85% of the thickness of the thinner column flange.

(b) A smooth transition in the thickness of the weld is provided from the out

side of the thinner flange to the outside of the thicker flange. The transition

shall be at a slope not greater than 1 in 2.5, and may be accomplished by

sloping the weld surface, by chamfering the thicker flange to a thickness no

less than 5% greater than the thickness of the thinner flange, or by a combi

nation of these two methods.

( c) Tapered transitions between column flanges of different width shall be pro

vided in accordance with Section D2.5b(2)(c).

(d) Where the flange weld is a double-bevel groove weld (i.e., on both sides of

the flange):

(1) The unfused root face shall be centered within the middle half of the

thinner flange, and

(2) Weld access holes that comply with the Specification shall be provided

in the column section containing the groove weld preparation.

(e) Where the flange thickness of the thinner flange is not greater than 2½ in.

(63 mm), and the weld is a single-bevel groove weld, weld access holes

shall not be required.

3. Welded Column Web Splices Using CJP Groove Welds

The web weld or welds shall be made in a groove or grooves in the column web

that extend to the access holes. The weld end(s) may be stepped back from the

ends of the bevel(s) using a block sequence for approximately one weld size.

4. Welded Column Web Splices Using PJP Groove Welds

When PJP groove welds in column flanges that comply with Section E3.6g.2

are used, and the thicker web is at least 5% thicker than the thinner web, it is

permitted to use PJP groove welds in column webs that comply with the follow

ing requirements:

(a) The PJP groove web weld or welds provide a minimum total effective throat

of 85% of the thickness of the thinner column web.

(b) A smooth transition in the thickness of the weld is provided from the out

side of the thinner web to the outside of the thicker web.
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( c) Where the weld is a single-bevel groove, the thickness of the thinner web is
not greater than 2½ in. (63 mm).

(d) Where no access hole is provided, the web weld or welds are made in a
groove or grooves prepared in the column web extending the full length of
the web between the k-areas. The weld end(s) are permitted to be stepped
back from the ends of the bevel(s) using a block sequence for approxi
mately one weld size.

(e) Where an access hole is provided, the web weld or welds are made in a
groove or grooves in the column web that extend to the access holes. The
weld end(s) are permitted to be stepped back from the ends of the bevel(s)
using a block sequence for approximately one weld size.

S. Bolted Column Splices

Bolted column splices shall have a required flexural strength that is at least
equal to R

y
F

y
Zx/as of the smaller column, where Zx is the plastic section modu

lus about the x-axis. The required shear strength of column web splices shall be
at least equal to "i.M

pc/(asHJ, where "i.M
pc is the sum of the plastic flexural

strengths at the top and bottom ends of the column.

E4. SPECIAL TRUSS MOMENT FRAMES (STMF) 

1. Scope

Special truss moment frames (STMF) of structural steel shall satisfy the requirements
in this section.

2. Basis of Design

STMF designed in accordance with these provisions are expected to provide signifi
cant inelastic deformation capacity within a special segment of the truss. STMF shall
be limited to span lengths between columns not to exceed 65 ft (20 m) and overall
depth not to exceed 6 ft (1.8 m). The columns and truss segments outside of the spe
cial segments shall be designed to remain essentially elastic under the forces that are
generated by the fully yielded and strain-hardened special segment.

3. Analysis

Analysis of STMF shall satisfy the following requirements.

3a. Special Segment

The required vertical shear strength of the special segment shall be calculated for the
applicable load combinations in the applicable building code.

3b. Nonspecial Segment

The required strength of nonspecial segment members and connections, including
column members, shall be determined using the capacity-limited horizontal seismic
load effect. The capacity-limited horizontal seismic load effect, Ec1, shall be taken as
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the lateral forces necessary to develop the expected vertical shear strength of the spe
cial segment acting at mid-length and defined in Section E4.5c. Second-order effects 
at maximum design drift shall be included. 

4. System Requirements

4a. Special Segment

Each horizontal truss that is part of the SFRS shall have a special segment that is
located between the quarter points of the span of the truss. The length of the special
segment shall be between 0.1 and 0.5 times the truss span length. The length-to-depth
ratio of any panel in the special segment shall neither exceed 1.5 nor be less than 0.67.

Panels within a special segment shall either be all Vierendeel panels or all X-braced
panels; neither a combination thereof, nor the use of other truss diagonal configura
tions is permitted. Where diagonal members are used in the special segment, they
shall be arranged in an X-pattern separated by vertical members. Diagonal members
within the special segment shall be made of rolled flat bars of identical sections. Such
diagonal members shall be interconnected at points where they cross. The intercon
nection shall have a required strength equal to 0.25 times the nominal tensile strength
of the diagonal member. Bolted connections shall not be used for diagonal members
within the special segment.

Splicing of chord members is not permitted within the special segment, nor within
one-half the panel length from the ends of the special segment.

The required axial strength of the diagonal web members in the special segment due
to dead and live loads within the special segment shall not exceed 0.03FyAg/as.

4b. Stability Bracing of Trusses

Each flange of the chord members shall be laterally braced at the ends of the special
segment. The required strength of the lateral brace shall be determined as follows:

(E4-l) 

where 
A1 = gross area of the flange of the special segment chord member, in.2 (mm2) 

4c. Stability Bracing of Truss-to-Column Connections 

The columns shall be laterally braced at the levels of top and bottom chords of the 
trusses connected to the columns. The required strength of the lateral braces shall be 
determined as follows: 

(E4-2) 

where 
Pnc = nominal axial compressive strength of the chord member at the ends, kips (N) 
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4d. Stiffness of Stability Bracing 

The required brace stiffness shall meet the provisions of Specification Appendix 6, 
Section 6.2, where 

5. Members

Sa. Basic Requirements

(E4-3) 

Columns shall satisfy the requirements of Section D 1.1 for highly ductile members.

Sb. Special Segment Members

The available shear strength of the special segment shall be calculated as the sum of
the available shear strength of the chord members through flexure, and of the shear
strength corresponding to the available tensile strength and 0.3 times the available
compressive strength of the diagonal members, when they are used. The top and bot
tom chord members in the special segment shall be made of identical sections and
shall provide at least 25% of the required vertical shear strength.

The available strength, <PPn (LRFD) and Pn/0. (ASD), determined in accordance
with the limit state of tensile yielding, shall be equal to or greater than 2.2 times the
required strength, where

(j> = 0.90 (LRFD) Q = 1.67 (ASD) 

Sc. Expected Vertical Shear Strength of Special Segment 

(E4-4) 

The expected vertical shear strength of the special segment, V,,e, at mid-length, shall 
be determined as follows: 

where 
E = modulus of elasticity of steel= 29,000 ksi (200 000 MPa) 

(E4-5) 

I = moment of inertia of a chord member of the special segment, in.4 (mm4) 

L = span length of the truss, in. (mm) 

Ls = length of the special segment, in. (mm) 
Mnc = nominal flexural strength of a chord member of the special segment, kip

in. (N-mm) 
P nc = nominal axial compressive strength of a diagonal member of the special 

segment, kips (N) 
Pnt = nominal axial tensile strength of a diagonal member of the special 

segment, kips (N)

a = angle of diagonal members with the horizontal, degrees 
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Sd. Width-to-Thickness Limitations 

9.1-55 

Chord members and diagonal web members within the special segment shall 
satisfy the requirements of Section D 1.1 b for highly ductile members. The width-to

thickness ratio of flat bar diagonal members shall not exceed 2.5. 

Se. Built-Up Chord Members 

Spacing of stitching for built-up chord members in the special segment shall not 
exceed 0.04Er

y
/F

y
. where r

y 
is the radius of gyration of individual components about 

their minor axis. 

Sf. Protected Zones 

The region at each end of a chord member within the special segment shall be des

ignated as a protected zone meeting the requirements of Section Dl.3. The protected 

zone shall extend over a length equal to two times the depth of the chord member 

from the connection with the web members. Vertical and diagonal web members from 

end-to-end of the special segments shall be protected zones. 

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds and shall satisfy the requirements of

Sections A3.4b and 12.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied.

(1) Column hinging at, or near, the base plate is precluded by conditions of
restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

6b. Connections of Diagonal Web Members in the Special Segment 

The end connection of diagonal web members in the special segment shall have a 

required strength that is at least equal to the expected yield strength of the web mem

ber, determined as R
y
F

y
A

8
/a.,. 

6c. Column Splices 

Column splices shall comply with the requirements of Section E3.6g. 
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ES. ORDINARY CANTILEVER COLUMN SYSTEMS (OCCS) 

1. Scope

[Sect. ES. 

Ordinary cantilever column systems (OCCS) of structural steel shall be designed in
conformance with this section.

2. Basis of Design

OCCS designed in accordance with these provisions are expected to provide minimal
inelastic drift capacity through flexural yielding of the columns.

3. Analysis

There are no requirements specific to this system.

4. System Requirements

4a. Columns

Columns shall be designed using the load combinations including the overstrength
seismic load. The required axial strength, Pre, shall not exceed 15% of the available
axial strength, Pc, for these load combinations only.

4b. Stability Bracing of Columns

There are no additional requirements.

5. Members

Sa. Basic Requirements

There are no additional requirements.

Sb. Column Flanges

There are no additional requirements.

Sc. Protected Zones

There are no designated protected zones.

6. Connections

6a. Demand Critical Welds

No demand critical welds are required for this system.

6b. Column Bases

Column bases shall be designed in accordance with Section D2.6.
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E6. SPECIAL CANTILEVER COLUMN SYSTEMS (SCCS) 

1. Scope

9.1-57 

Special cantilever column systems (SCCS) of structural steel shall be designed in

conformance with this section.

2. Basis of Design

SCCS designed in accordance with these provisions are expected to provide limited

inelastic drift capacity through flexural yielding of the columns.

3. Analysis

There are no requirements specific to this system.

4. System Requirements

4a. Columns

Columns shall be designed using the load combinations including the overstrength

seismic load. The required strength, Pre, shall not exceed 15% of the available axial

strength, Pc, for these load combinations only.

4b. Stability Bracing of Columns

Columns shall be braced to satisfy the requirements applicable to beams classified as

moderately ductile members in Section D 1.2a.

5. Members

Sa. Basic Requirements

Column members shall satisfy the requirements of Section D 1.1 for highly ductile

members.

Sb. Column Flanges

Abrupt changes in column flange area are prohibited in the protected zone as desig

nated in Section E6.5c.

Sc. Protected Zones

The region at the base of the column subject to inelastic straining shall be designated

as a protected zone, and shall satisfy the requirements of Section D 1.3. The length of

the protected zone shall be two times the column depth.
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6. Connections

SPECIAL CANTILEVER COLUMN SYSTEMS (SCCS) 

6a. Demand Critical Welds

[Sect. E6. 

The following welds are demand critical welds, and shall satisfy the requirements of

Section A3.4b and 12.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

6b. Column Bases 

Column bases shall be designed in accordance with Section D2.6. 
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CHAPTER F 

BRACED FRAME AND SHEAR WALL SYSTEMS 

This chapter provides the basis of design, the requirements for analysis, and the requirements 

for the system, members and connections for steel braced-frame and shear-wall systems. 

The chapter is organized as follows: 

F l .  Ordinary Concentrically Braced Frames (OCBF) 

F2. Special Concentrically Braced Frames (SCBF) 

F3. Eccentrically Braced Frames (EBF) 

F4. Buckling-Restrained Braced Frames (BRBF) 

F5. Special Plate Shear Walls (SPSW) 

User Note: The requirements of this chapter are in addition to those required by 

the Specification and the applicable building code. 

Fl. ORDINARY CONCENTRICALLY BRACED FRAMES (OCBF) 

1. Scope

Ordinary concentrically braced frames (OCBF) of structural steel shall be designed

in conformance with this section.

2. Basis of Design

This section is applicable to braced frames that consist of concentrically connected

members. Eccentricities less than the beam depth are permitted if they are accounted

for in the member design by determination of eccentric moments using the over

strength seismic load.

OCBF designed in accordance with these provisions are expected to provide limited

inelastic deformation capacity in their members and connections.

3. Analysis

There are no additional analysis requirements.

4. System Requirements

4a. V-Braced and Inverted V-Braced Frames

Beams in V-type and inverted V-type OCBF shall be continuous at brace connections 

away from the beam-column connection and shall satisfy the following requirements: 

(a) The required strength of the beam shall be determined assuming that the braces

provide no support of dead and live loads. For load combinations that include
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earthquake effects, the seismic load effect, E, on the beam shall be determined 

as follows: 

( 1) The forces in braces in tension shall be assumed to be the least of the

following:

(i) The load effect based upon the overstrength seismic load

(ii) The maximum force that can be developed by the system

(2) The forces in braces in compression shall be assumed to be equal to 0.3Pn 

where

P n = nominal axial compressive strength, kips (N) 

(b) As a minimum, one set of lateral braces is required at the point of intersection of

the braces, unless the member has sufficient out-of-plane strength and stiffness

to ensure stability between adjacent brace points.

4b. K-Braced Frames

K-type braced frames shall not be used for OCBF.

4c. Multi-Tiered Braced Frames 

An ordinary concentrically braced frame is permitted to be configured as a multi

tiered braced frame (MT-OCBF) when the following requirements are met. 

(a) Braces shall be used in opposing pairs at every tier level.

(b) Braced frames shall be configured with in-plane struts at each tier level.

( c) Columns shall be torsionally braced at every strut-to-column connection

location.

User Note: The requirements for torsional bracing are typically satisfied by 

connecting the strut to the column to restrain torsional movement of the column. 

The strut must have adequate flexural strength and stiffness and an appropriate 

connection to the column to perform this function. 

( d) The required strength of brace connections shall be determined from the load

combinations of the applicable building code, including the overstrength seis

mic load, with the horizontal seismic load effect, E, multiplied by a factor of

1.5.

( e) The required axial strength of the struts shall be determined from the load com

binations of the applicable building code, including the overstrength seismic

load, with the horizontal seismic load effect, E, multiplied by a factor of 1.5. In

tension-compression X-bracing, these forces shall be determined in the absence

of compression braces.
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(f) The required axial strengths of the columns shall be determined from the load

combinations of the applicable building code, including the overstrength seis

mic load, with the horizontal seismic load effect, E, multiplied by a factor of

1.5.

(g) For all load combinations, columns subjected to axial compression shall

be designed to resist bending moments due to second-order and geometric

imperfection effects. As a minimum, imperfection effects are permitted to be

represented by an out-of-plane horizontal notional load applied at every tier

level and equal to 0.006 times the vertical load contributed by the compression

brace connecting the column at the tier level.

(h) When tension-only bracing is used, requirements (d), (e) and (f) need not be

satisfied if:

(I) All braces have a controlling slenderness ratio of 200 or more.

(2) The braced frame columns are designed to resist additional in-plane bend

ing moments due to the unbalanced lateral forces determined at every tier

level using the capacity-limited seismic load based on expected brace

strengths. The expected brace strength in tension is R
y
F

y
A

g
,

where

F
y 
= specified minimum yield stress, ksi (MPa) 

Ry 
= ratio of the expected yield stress to the specified minimum yield 

stress, F
y 

The unbalanced lateral force at any tier level shall not be less than 5% of the 

larger horizontal brace component resisted by the braces below and above 

the tier level. 

5. Members

Sa. Basic Requirements

Braces shall satisfy the requirements of Section D 1.1 for moderately ductile members.

Exception: Braces in tension-only frames with slenderness ratios greater than 200

need not comply with this requirement.

Sb. Slenderness

Braces in V or inverted-V configurations shall have

where 

E = modulus of elasticity of steel, ksi (MPa) 

Le = effective length of brace= KL, in. (mm) 

K = effective length factor 

r = governing radius of gyration, in. (mm) 
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Sc. Beams 

The required strength of beams and their connections shall be determined using the 
overstrength seismic load. 

6. Connections

6a. Brace Connections

The required strength of diagonal brace connections shall be determined using the
overstrength seismic load.

Exception: The required strength of the brace connection need not exceed the
following.

(a) In tension, the expected yield strength divided by as, which shall be determined
as R

y
FyA

g
/as, where as

= LRFD-ASD force level adjustment factor= 1.0 for
LRFD and 1.5 for ASD.

(b) In compression, the expected brace strength in compression divided by as,
which is permitted to be taken as the lesser of R

y
F

y
A

g
/as and I. lFcreAg

/as,
where Fcre is determined from Specification Chapter E using the equations for
Fer, except that the expected yield stress, R

y
F

y
, is used in lieu of F

y
. The brace

length used for the determination of Fcre shall not exceed the distance from
brace end to brace end.

( c) When oversized holes are used, the required strength for the limit state of bolt
slip need not exceed the seismic load effect based upon the load combinations
without overstrength as stipulated by the applicable building code.

7. Ordinary Concentrically Braced Frames above Seismic Isolation Systems

OCBF above the isolation system shall satisfy the requirements of this section and of
Section Fl, excluding Section Fl .4a.

7a. System Requirements

Beams in V-type and inverted V-type braced frames shall be continuous between
columns.

7b. Members

Braces shall have a slenderness ratio, Lc/r � 4.JE/ F
y

.

F2. SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF)

1. Scope

Special concentrically braced frames (SCBF) of structural steel shall be designed in
conformance with this section. Collector beams that connect SCBF braces shall be
considered to be part of the SCBF.
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2. Basis of Design

This section is applicable to braced frames that consist of concentrically connected

members. Eccentricities less than the beam depth are permitted if the resulting mem

ber and connection forces are addressed in the design and do not change the expected

source of inelastic deformation capacity.

SCBF designed in accordance with these provisions are expected to provide signifi

cant inelastic deformation capacity primarily through brace buckling and yielding of

the brace in tension.

3. Analysis

The required strength of columns, beams, struts and connections in SCBF shall be

determined using the capacity-limited seismic load effect. The capacity-limited hori

zontal seismic load effect, Ec1, shall be taken as the larger force determined from the

following analyses:

(a) An analysis in which all braces are assumed to resist forces corresponding to

their expected strength in compression or in tension

(b) An analysis in which all braces in tension are assumed to resist forces corre

sponding to their expected strength and all braces in compression are assumed

to resist their expected post-buckling strength

(c) For multi-tiered braced frames, analyses representing progressive yielding and

buckling of the braces from weakest tier to strongest. Analyses shall consider

both directions of frame loading.

Braces shall be determined to be in compression or tension neglecting the effects of 

gravity loads. Analyses shall consider both directions of frame loading. 

The expected brace strength in tension is R
y
F

y
A

g
, where A

g 
is the gross area, in.2

(mm2). 

The expected brace strength in compression is permitted to be taken as the lesser of 

R
y
F

y
A

g 
and (1/0.877)FcreAg

, where Fcre is determined from Specification Chapter E 

using the equations for Fer, except that the expected yield stress, R
y
F

y
, is used in lieu 

of F
y
. The brace length used for the determination of Fcre shall not exceed the distance 

from brace end to brace end. 

The expected post-buckling brace strength shall be taken as a maximum of 0.3 times 

the expected brace strength in compression. 

User Note: Braces with a slenderness ratio of 200 (the maximum permitted by 

Section F2.5b) buckle elastically for permissible materials; the value of 0.3Fcr for 

such braces is 2.1 ksi (14 MPa). This value may be used in Section F2.3(b) for 

braces of any slenderness and a liberal estimate of the required strength of framing 

members will be obtained. 
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Exceptions: 

(a) It is permitted to neglect flexural forces resulting from seismic drift in this

determination.

(b) The required strength of columns need not exceed the least of the following:

( 1) The forces corresponding to the resistance of the foundation to overturning

uplift

(2) Forces as determined from nonlinear analysis as defined in Section C3.

(c) The required strength of bracing connections shall be as specified in Section

F2.6c.

4. System Requirements

4a. Lateral Force Distribution

Along any line of braces, braces shall be deployed in alternate directions such that,

for either direction of force parallel to the braces, at least 30% but no more than 70%

of the total horizontal force along that line is resisted by braces in tension, unless the

available strength of each brace in compression is larger than the required strength

resulting from the overstrength seismic load. For the purposes of this provision, a line

of braces is defined as a single line or parallel lines with a plan offset of l 0% or less

of the building dimension perpendicular to the line of braces.

Where opposing diagonal braces along a frame line do not occur in the same bay,

the required strengths of the diaphragm, collectors, and elements of the horizontal

framing system shall be determined such that the forces resulting from the post

buckling behavior using the analysis requirements of Section F2.3 can be transferred

between the braced bays. The required strength of the collector need not exceed the

required strength determined by the load combinations of the applicable building

code, including the overstrength seismic load, applied to a building model in which

all compression braces have been removed. The required strengths of the collectors

shall not be based on a load less than that stipulated by the applicable building code.

4b. V- and Inverted V-Braced Frames

Beams that are intersected by braces away from beam-to-column connections shall 

satisfy the following requirements: 

(a) Beams shall be continuous between columns.

(b) Beams shall be braced to satisfy the requirements for moderately ductile mem

bers in Section D 1.2a.

As a minimum, one set of lateral braces is required at the point of intersection

of the V-type ( or inverted V-type) braced frames, unless the beam has sufficient

out-of-plane strength and stiffness to ensure stability between adjacent brace

points.
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User Note: One method of demonstrating sufficient out-of-plane strength 
and stiffness of the beam is to apply the bracing force defined in Equation 

A-6-7 of Appendix 6 of the Specification to each flange so as to form a
torsional couple; this loading should be in conjunction with the flexural
forces determined from the analysis required by Section F2.3. The stiffness

of the beam (and its restraints) with respect to this torsional loading should
be sufficient to satisfy Equation A-6-8 of the Specification.

4c. K-Braced Frames

K-type braced frames shall not be used for SCBF.

4d. Tension-Only Frames 

Tension-only frames shall not be used in SCBF. 

User Note: Tension-only braced frames are those in which the brace compression 
resistance is neglected in the design and the braces are designed for tension forces 
only. 

4e. Multi-Tiered Braced Frames 

A special concentrically braced frame is permitted to be configured as a multi-tiered 

braced frame (MT-SCBF) when the following requirements are satisfied. 

(a) Braces shall be used in opposing pairs at every tier level.

(b) Struts shall satisfy the following requirements:

(1) Horizontal struts shall be provided at every tier level.

(2) Struts that are intersected by braces away from strut-to-column connections
shall also meet the requirements of Section F2.4b. When brace buckling
occurs out-of-plane, torsional moments arising from brace buckling shall

be considered when verifying lateral bracing or minimum out-of-plane
strength and stiffness requirements. The torsional moments shall corre

spond to 1. lR
y
M

p
/as of the brace about the critical buckling axis, but need

not exceed forces corresponding to the flexural resistance of the brace con
nection, where M

p 
is the plastic bending moment, kip-in. (N-mm), and as

=

LRFD-ASD force level adjustment factor= 1.0 for LRFD and 1.5 for ASD.

(c) Columns shall satisfy the following requirements:

(I) Columns shall be torsionally braced at every strut-to-column connection
location.
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User Note: The requirements for torsional bracing are typically satisfied 
by connecting the strut to the column to restrain torsional movement of 
the column. The strut must have adequate flexural strength and stiffness 
and an appropriate connection to the column to perform this function. 

(2) Columns shall have sufficient strength to resist forces arising from brace
buckling. These forces shall correspond to 1. IR

y
M

p
/as of the brace about

the critical buckling axis, but need not exceed forces corresponding to the
flexural resistance of the brace connections.

(3) For all load combinations, columns subjected to axial compression shall
be designed to resist bending moments due to second-order and geometric
imperfection effects. As a minimum, imperfection effects are permitted to
be represented by an out-of-plane horizontal notional load applied at every
tier level and equal to 0.006 times the vertical load contributed by the com
pression brace intersecting the column at the tier level. In all cases, the
multiplier B1, as defined in Spec(fication Appendix 8, need not exceed 2.0.

( d) Each tier in a multi-tiered braced frame shall be subject to the drift limitations of
the applicable building code, but the drift shall not exceed 2% of the tier height.

5. Members

Sa. Basic Requirements 

Columns, beams and braces shall satisfy the requirements of Section D 1.1 for highly 
ductile members. Struts in MT-SCBF shall satisfy the requirements of Section D 1.1 
for moderately ductile members. 

Sb. Diagonal Braces 

Braces shall comply with the following requirements: 

(a) Slenderness: Braces shall have a slenderness ratio of Lc/r � 200,
where

Le= effective length of brace= KL, in. (mm) 
r = governing radius of gyration, in. (mm) 

(b) Built-up braces: The spacing of connectors shall be such that the slenderness
ratio, a/ri, of individual elements between the connectors does not exceed 0.4
times the governing slenderness ratio of the built-up member,
where

a = distance between connectors, in. (mm) 
r; = minimum radius of gyration of individual component, in. (mm) 

The sum of the available shear strengths of the connectors shall equal or exceed 
the available tensile strength of each element. The spacing of connectors shall 
be uniform. Not less than two connectors shall be used in a built-up member. 
Connectors shall not be located within the middle one-fourth of the clear brace 
length. 
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Exception: Where the buckling of braces about their critical bucking axis does 

not cause shear in the connectors, the design of connectors need not comply 

with this provision. 

( c) The brace effective net area shall not be less than the brace gross area. Where

reinforcement on braces is used, the following requirements shall apply:

( 1) The specified minimum yield strength of the reinforcement shall be at least

equal to the specified minimum yield strength of the brace.

(2) The connections of the reinforcement to the brace shall have sufficient

strength to develop the expected reinforcement strength on each side of a

reduced section.

Sc. Protected Zones 

The protected zone of SCBF shall satisfy Section DI .3, and shall include the 

following: 

(a) For braces, the center one-quarter of the brace length and a zone adjacent to

each connection equal to the brace depth in the plane of buckling

(b) Elements that connect braces to beams and columns

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds, and shall satisfy the requirements of

Section A3.4b and 12.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied.

( 1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

(c) Welds at beam-to-column connections conforming to Section F2.6b(c)

6b. Beam-to-Column Connections 

Where a brace or gusset plate connects to both members at a beam-to-column con

nection, the connection shall conform to one of the following: 

(a) The connection assembly shall be a simple connection meeting the require

ments of Specification Section B3.4a, where the required rotation is taken to be

0.025 rad; or
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(b) The connection assembly shall be designed to resist a moment equal to the
lesser of the following:

(I) A moment corresponding to the expected beam flexural strength, RyMp
,

multiplied by 1.1 and divided by a.,

(2) A moment corresponding to the sum of the expected column flexural
strengths, I( RyFyZ), multiplied by I. 1 and divided by as 

This moment shall be considered in combination with the required strength of 
the brace connection and beam connection, including the diaphragm collector 
forces determined using the overstrength seismic load. 

( c) The beam-to-column connection shall meet the requirements of Section
El.6b(c).

6c. Brace Connections 

The required strength in tension, compression and flexure of brace connections 
(including beam-to-column connections if part of the braced-frame system) shall be 
determined as required in the following. These required strengths are permitted to be 
considered independently without interaction. 

1. Required Tensile Strength

The required tensile strength shall be the lesser of the following:

(a) The expected yield strength in tension of the brace, determined as R
y
F

y
A

g
,

divided by as.

Exception: Braces need not comply with the requirements of Specification

Equation J4-l and J4-2 for this loading.

User Note: This exception applies to braces where the section is 
reduced or where the net section is effectively reduced due to shear lag. 
A typical case is a slotted HSS brace at the gusset plate connection. 
Section F2.5b requires braces with holes or slots to be reinforced such 
that the effective net area exceeds the gross area. 

The brace strength used to check connection limit states, such as brace 
block shear, may be determined using expected material properties as 
permitted by Section A3.2. 

(b) The maximum load effect, indicated by analysis, that can be transferred to
the brace by the system.

When oversized holes are used, the required strength for the limit state of bolt 
slip need not exceed the seismic load effect determined using the overstrength 
seismic loads. 
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User Note: For other limit states, the loadings of (a) and (b) apply. 

9.1-69 

2. Required Compressive Strength

Brace connections shall be designed for a required compressive strength, based
on buckling limit states, that is equal to the expected brace strength in com
pression divided by as, where the expected brace strength in compression is as
defined in Section F2.3.

3. Accommodation of Brace Buckling

Brace connections shall be designed to withstand the flexural forces or rotations

imposed by brace buckling. Connections satisfying either of the following pro
visions are deemed to satisfy this requirement:

(a) Required Flexural Strength: Brace connections designed to withstand the
flexural forces imposed by brace buckling shall have a required flexural
strength equal to the expected brace flexural strength multiplied by 1.1 and
divided by as. The expected brace flexural strength shall be determined as
R

y
M

p 
of the brace about the critical buckling axis.

(b) Rotation Capacity: Brace connections designed to withstand the rotations

imposed by brace buckling shall have sufficient rotation capacity to accom
modate the required rotation at the design story drift. Inelastic rotation of
the connection is permitted.

User Note: Accommodation of inelastic rotation is typically 
accomplished by means of a single gusset plate with the brace 
terminating before the line of restraint. The detailing requirements for 

such a connection are described in the Commentary. 

4. Gusset Plates

For out-of-plane brace buckling, welds that attach a gusset plate directly to

a beam flange or column flange shall have available shear strength equal to
0.6R

y
F

y
t
p
/as times the joint length,

where
F

y 
= specified minimum yield stress of the gusset plate, ksi (MPa) 

R
y

= ratio of the expected yield stress to the specified minimum yield stress 
of the gusset plate, F

y 

t
p 

= thickness of the gusset plate, in (mm) 

Exception: Alternatively, these welds may be designed to have available strength 
to resist gusset-plate edge forces corresponding to the brace force specified in 

Section F2.6c.2 combined with the gusset plate weak-axis flexural strength 
determined in the presence of those forces. 
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User Note: The expected shear strength of the gusset plate may be developed 
using double-sided fillet welds with leg size equal to 0.74t

p 
for ASTM A572 

Grade 50 plate and 0.62t
p 

for ASTM A36 plate and E70 electrodes. Smaller 
welds may be justified using the exception. 

6d. Column Splices 

Column splices shall comply with the requirements of Section D2.5. Where groove 
welds are used to make the splice, they shall be complete-joint-penetration groove 
welds. Column splices shall be designed to develop at least 50% of the lesser plastic 
flexural strength, M

p
, of the connected members, divided by a_, ..

The required shear strength shall be ('i..M
p/as)/R-, 

where 

He = clear height of the column between beam connections, including a 
structural slab, if present, in. (mm) 

I.M
p

= sum of the plastic flexural strengths, F
y
Z, of the top and bottom ends of the

column, kip-in. (N-mm) 

F3. ECCENTRICALLY BRACED FRAMES (EBF) 

1. Scope

Eccentrically braced frames (EBF) of structural steel shall be designed in confor
mance with this section.

2. Basis of Design

This section is applicable to braced frames for which one end of each brace intersects
a beam at an eccentricity from the intersection of the centerlines of the beam and an
adjacent brace or column, forming a link that is subject to shear and flexure. Eccen
tricities less than the beam depth are permitted in the brace connection away from the
link if the resulting member and connection forces are addressed in the design and do
not change the expected source of inelastic deformation capacity.

EBF designed in accordance with these provisions are expected to provide signifi
cant inelastic deformation capacity primarily through shear or flexural yielding in
the links.

Where links connect directly to columns, design of their connections to columns shall
provide the performance required by Section F3.6e. l and demonstrate this confor
mance as required by Section F3.6e.2.

3. Analysis

The required strength of diagonal braces and their connections, beams outside links,
and columns shall be determined using the capacity-limited seismic load effect. The
capacity-limited horizontal seismic load effect, Ec1, shall be taken as the forces devel
oped in the member assuming the forces at the ends of the links correspond to the
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adjusted link shear strength. The adjusted link shear strength shall be taken as R
y 

times the nominal shear strength of the link, Vn, given in Section F3.5b.2, multiplied 

by 1.25 for I-shaped links and 1.4 for box links. 

Exceptions: 

(a) The effect of capacity-limited horizontal forces, Ec1, is permitted to be taken as

0.88 times the forces determined in this section for the design of the portions of

beams outside links.

(b) It is pennitted to neglect flexural forces resulting from seismic drift in this

determination. Moment resulting from a load applied to the column between

points of lateral support must be considered.

( c) The required strength of columns need not exceed the lesser of the following:

(1) Forces corresponding to the resistance of the foundation to overturning

uplift

(2) Forces as determined from nonlinear analysis as defined in Section C3.

The inelastic link rotation angle shall be determined from the inelastic portion of the 

design story drift. Alternatively, the inelastic link rotation angle is permitted to be 

determined from nonlinear analysis as defined in Section C3. 

User Note: The seismic load effect, E, used in the design of EBF members, such 

as the required axial strength used in the equations in Section F3.5, should be 

calculated from the analysis in this section. 

4. System Requirements

4a. Link Rotation Angle

The link rotation angle is the inelastic angle between the link and the beam outside of

the link when the total story drift is equal to the design story drift,�- The link rotation

angle shall not exceed the following values:

(a) For links of length 1.6M
p
/V

p 
or less: 0.08 rad

(b) For links of length 2.6M
p
/V

p 
or greater: 0.02 rad

where 

M
p

= plastic bending moment of a link, kip-in. (N-mm)

V
P 

= plastic shear strength of a link, kips (N) 

Linear interpolation between the above values shall be used for links of length 

between I .6M
p
/V

p 
and 2.6M

p
/V

p
. 

4b. Bracing of Link 

Bracing shall be provided at both the top and bottom link flanges at the ends of the 

link for I-shaped sections. Bracing shall have an available strength and stiffness as 

required for expected plastic hinge locations by Section D 1.2c. 
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5. Members

Sa. Basic Requirements

Brace members shall satisfy width-to-thickness limitations in Section DI. I for mod
erately ductile members.

Column members shall satisfy width-to-thickness limitations in Section D 1.1 for
highly ductile members.

Where the beam outside of the link is a different section from the link, the beam
shall satisfy the width-to-thickness limitations in Section D 1.1 for moderately ductile
members.

User Note: The diagonal brace and beam segment outside of the link are intended 
to remain essentially elastic under the forces generated by the fully yielded and 
strain hardened link. Both the diagonal brace and beam segment outside of the link 
are typically subject to a combination of large axial force and bending moment, 
and therefore should be treated as beam-columns in design, where the available 
strength is defined by Chapter H of the Specification. 

Where the beam outside the link is the same member as the link, its strength may 
be determined using expected material properties as permitted by Section A3.2. 

Sb. Links 

Links subject to shear and flexure due to eccentricity between the intersections of 
brace centerlines and the beam centerline ( or between the intersection of the brace 
and beam centerlines and the column centerline for links attached to columns) shall 
be provided. The link shall be considered to extend from brace connection to brace 
connection for center links and from brace connection to column face for link-to
column connections, except as permitted by Section F3.6e. 

1. Limitations

Links shall be I-shaped cross sections (rolled wide-flange sections or built-up
sections), or built-up box sections. HSS sections shall not be used as links.

Links shall satisfy the requirements of Section D 1.1 for highly ductile members.

Exceptions: Flanges of links with I-shaped sections with link lengths,
e :':'. 1.6 M

p
/V

p
, are permitted to satisfy the requirements for moderately ductile

members. Webs of links with box sections with link lengths, e :':'. I .6M
p
/½,, are

permitted to satisfy the requirements for moderately ductile members.

The web or webs of a link shall be single thickness. Doubler-plate reinforcement
and web penetrations are not permitted.

For links made of built-up cross sections, complete-joint-penetration groove
welds shall be used to connect the web (or webs) to the flanges.
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Links of built-up box sections shall have a moment of inertia, l
y
, about an axis

in the plane of the EBF limited to l
y 

> 0.67 Ix, where Ix is the moment of inertia
about an axis perpendicular to the plane of the EBF.

2. Shear Strength

The link design shear strength, <l>v V11, and the allowable shear strength, V11/Qv,shall be the lower value obtained in accordance with the limit states of shear
yielding in the web and flexural yielding in the gross section. For both limit
states:

<l>v = 0.90 (LRFD) flv = 1.67 (ASD)

(a) For shear yielding

where
V

p 
= 0.6F

y
Atw for asPr/P

y 
� 0.15

½) 
= 0.6F

y
Azw �l-(asPr/P

y
)2 forasPr/P

y 
>0.15

A1w = (d -2t1)tw for I-shaped link sections
= 2(d -2t,r)tw for box link sections

P, = Pu (LRFD) or Pa (ASD), as applicable

(F3-l )

(F3-2)
(F3-3)
(F3-4)
(F3-5)

Pu = required axial strength using LRFD load combinations, kips (N)
Pa = required axial strength using ASD load combinations, kips (N)

P
y 

= axial yield strength= FyAg 
(F3-6)

d = overall depth of link, in. (mm)
tr = thickness of flange, in. (mm)
tw = thickness of web, in. (mm)

(b) For flexural yielding

where
M

p
= F

y
Z for a,Pr/P

y 
� 0.15

(1 asPr/P
y ) M

p
= F

y
Z - - -� forasPr /P

y >0.150.85 

(F3-7)

(F3-8)
(F3-9)

Z = plastic section modulus about the axis of bending, in.3 (mm3)

e = length of link, defined as the clear distance between the ends of
two diagonal braces or between the diagonal brace and the column
face, in. (mm)

3. Link Length

If asPr/P
y 

> 0.15, the length of the link shall be limited as follows:
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When p' � 0.5 

When p' > 0.5 

where 

p' = Pr /Py
Vr /Vy 

I.6Mp e:e:;- -�
VP 

l .6Mp ( )e ,:;-- l .15-0.3p' 
Vp 

Vr = Vu (LRFD) or Va (ASD), as applicable, kips (N)

[Sect. F3. 

(F3-10) 

(F3- l l )  

(F3-I 2) 

Vu = required shear strength using LRFD load combinations, kips (N)

Va = required shear strength using ASD load combinations, kips (N)

Vy = shear yield strength, kips (N)

= 0.6FyA1w (F3-I 3) 

User Note: For links with low axial force there is no upper limit on link 
length. The limitations on link rotation angle in Section F3.4a result in a 
practical lower limit on link length. 

4. Link Stiffeners for I-Shaped Cross Sections

Full-depth web stiffeners shall be provided on both sides of the link web at the
diagonal brace ends of the link. These stiffeners shall have a combined width
not less than (br-2tw) and a thickness not less than the larger of 0. 75tw or 1/s in.
(10 mm), where bf and fw are the link flange width and link web thickness,
respectively.

Links shall be provided with intermediate web stiffeners as follows:

(a) Links of lengths I .6Mp/Vp or less shall be provided with intermediate web
stiffeners spaced at intervals not exceeding (30tw -d/5) for a link rotation
angle of 0.08 rad or (52tw -d/5) for link rotation angles of 0.02 rad or less.
Linear interpolation shall be used for values between 0.08 and 0.02 rad.

(b) Links of length greater than or equal to 2.6Mp/Vp and less than 5Mp/Vp 

shall be provided with intermediate web stiffeners placed at a distance of
1.5 times bf from each end of the link.

(c) Links of length between I.6Mp/Vp and 2.6Mp/Vp shall be provided with
intermediate web stiffeners meeting the requirements of (a) and (b) in the
preceding.

Intermediate web stiffeners shall not be required in links of length greater than 
5Mp/'7i,. 
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Intermediate web stiffeners shall be full depth. For links that are less than 25 in. 
(630 mm) in depth, stiffeners shall be provided on only one side of the link web. 
The thickness of one-sided stiffeners shall not be less than tw or¾ in. ( l O mm), 
whichever is larger, and the width shall not be less than (bJ/2) - tw. For links 
that are 25 in. (630 mm) in depth or greater, intermediate stiffeners with these 
dimensions shall be provided on both sides of the web. 

The required strength of fillet welds connecting a link stiffener to the link web 
shall be F

y
As1/as, where Ast is the horizontal cross-sectional area of the link 

stiffener, F
y 

is the specified minimum yield stress of the stiffener, and as is the 
LRFD-ASD force level adjustment factor= 1.0 for LRFD and 1.5 for ASD. The 
required strength of fillet welds connecting the stiffener to the link flanges is 
F

y
Asi/( 4as)-

5. Link Stiffeners for Box Sections

Full-depth web stiffeners shall be provided on one side of each link web at the
diagonal brace connection. These stiffeners are permitted to be welded to the
outside or inside face of the link webs. These stiffeners shall each have a width
not less than b/2, where bis the inside width of the box section. These stiffeners
shall each have a thickness not less than the larger of 0.75tw or½ in. (13 mm).

Box links shall be provided with intermediate web stiffeners as follows:

(a) For links of length l .6M
p
/V

p 
or less, and with web depth-to-thickness ratio,

h/tw, greater than or equal to 0.67 AA, full-depth web stiffeners shall be

provided on one side of each link web, spaced at intervals not exceeding

20tw - (d - 2lj)/8.

(b) For links of length 1.6M
p
/V

p 
or less and with web depth-to-thickness ratio,

h/tw, less than 0.67) E , no intermediate web stiffeners are required.
R

y
F

y 

(c) For links of length greater than 1.6M
p
/½,, no intermediate web stiffeners

are required.

Intermediate web stiffeners shall be full depth, and are permitted to be welded 
to the outside or inside face of the link webs. 

The required strength of fillet welds connecting a link stiffener to the link web 
shall be F

y
As1/as, where Ast is the horizontal cross-sectional area of the link 

stiffener. 

User Note: Stiffeners of box links need not be welded to link flanges. 
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Sc. Protected Zones 

Links in EBF are protected zones, and shall meet the requirements of Section Dl.3. 

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds and shall meet the requirements of

Sections A3.4b and 12.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied:

(1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

(c) Welds at beam-to-column connections conforming to Section F3.6b(c)

(d) Where links connect to columns, welds attaching the link flanges and the link

web to the column

(e) In built-up beams, welds within the link connecting the webs to the flanges

6b. Beam-to-Column Connections 

Where a brace or gusset plate connects to both members at a beam-to-column con

nection, the connection shall conform to one of the following: 

(a) The connection assembly is a simple connection meeting the requirements of

Specification Section B3.4a where the required rotation is taken to be 0.025 rad;

or

(b) The connection assembly is designed to resist a moment equal to the lesser of

the following:

(I) A moment corresponding to the expected beam flexural strength, R
y
M

p
,

multiplied by I. I and divided by as,

where

M
p

= plastic bending moment, kip-in. (N-mm) 

(2) A moment corresponding to the sum of the expected column flexural

strengths, I,(R
y
F

y
Z), multiplied by I. I and divided by as,

where

F
y 

= specified minimum yield stress, ksi (MPa) 

Z = plastic section modulus about the axis of bending, in.3 (mm3) 
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This moment shall be considered in combination with the required strength 
of the brace connection and beam connection, including the diaphragm col
lector forces determined using the overstrength seismic load. 

(c) The beam-to-column connection satisfies the requirements of Section El.6b(c).

6c. Brace Connections 

When oversized holes are used, the required strength for the limit state of bolt slip 
need not exceed the seismic load effect determined using the overstrength seismic 
load. 

Connections of braces designed to resist a portion of the link end moment shall be 
designed as fully restrained. 

6d. Column Splices 

Column splices shall comply with the requirements of Section D2.5. Where groove 
welds are used to make the splice, they shall be complete-joint-penetration groove 
welds. Column splices shall be designed to develop at least 50% of the lesser plastic 
bending moment, M

p
, of the connected members, divided by CX8 • 

The required shear strength shall be 2..M
p
/(asHc), 

where 
He = clear height of the column between beam connections, including a 

structural slab, if present, in. (mm) 
2..M

p 
= sum of the plastic flexural strengths, F

y
Z, at the top and bottom ends of the 

column, kip-in. (N-mm) 

6e. Link-to-Column Connections 

1. Requirements

Link-to-column connections shall be fully restrained (FR) moment connections
and shall meet the following requirements:

(a) The connection shall be capable of sustaining the link rotation angle speci
fied in Section F3.4a.

(b) The shear resistance of the connection, measured at the required link rota
tion angle, shall be at least equal to the expected shear strength of the link,
R

y 
Vn, where Vn is determined in accordance with Section F3.5b.2.

(c) The flexural resistance of the connection, measured at the required link
rotation angle, shall be at least equal to the moment corresponding to the
nominal shear strength of the link, Vn, as determined in accordance with
Section F3.5b.2.

2. Conformance Demonstration

Link-to-column connections shall meet the preceding requirements by one of
the following:
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(a) Use a connection prequalified for EBF in accordance with Section Kl .

User Note: There are no prequalified link-to-column connections

(b) Provide qualifying cyclic test results in accordance with Section K2. Results

of at least two cyclic connection tests shall be provided and are permitted to

be based on one of the following:

(I) Tests reported in research literature or documented tests performed for

other projects that are representative of project conditions, within the

limits specified in Section K2.

(2) Tests that are conducted specifically for the project and are representative

of project member sizes, material strengths, connection configurations,

and matching connection material properties, within the limits specified

in Section K2.

Exception: Cyclic testing of the connection is not required if the following con

ditions are met. 

(1) Reinforcement at the beam-to-column connection at the link end precludes

yielding of the beam over the reinforced length.

(2) The available strength of the reinforced section and the connection equals

or exceeds the required strength calculated based upon adjusted link shear

strength as described in Section F3.3.

(3) The link length (taken as the beam segment from the end of the reinforce

ment to the brace connection) does not exceed l .6M
p
/V

p
.

(4) Full depth stiffeners as required in Section F3.5b.4 are placed at the link-to

reinforcement interface.

F4. BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 

1. Scope

Buckling-restrained braced frames (BRBF) of structural steel shall be designed in

conformance with this section.

2. Basis of Design

This section is applicable to frames with specially fabricated braces concentrically

connected to beams and columns. Eccentricities less than the beam depth are permit

ted if the resulting member and connection forces are addressed in the design and do

not change the expected source of inelastic deformation capacity.

BRBF designed in accordance with these provisions are expected to provide sig

nificant inelastic deformation capacity primarily through brace yielding in tension

and compression. Design of braces shall provide the performance required by Sec

tions F4.5b. l and F4.5b.2, and demonstrate this conformance as required by Section

F4.5b.3. Braces shall be designed, tested and detailed to accommodate expected
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deformations. Expected deformations are those corresponding to a story drift of at 
least 2% of the story height or two times the design story drift, whichever is larger, in 
addition to brace deformations resulting from deformation of the frame due to gravity 
loading. 

BRBF shall be designed so that inelastic deformations under the design earthquake 
will occur primarily as brace yielding in tension and compression. 

2a. Brace Strength 

The adjusted brace strength shall be established on the basis of testing as described 
in this section. 

Where required by these Provisions, brace connections and adjoining members shall 
be designed to resist forces calculated based on the adjusted brace strength. 

The adjusted brace strength in compression shall be f3roRy
P

ysc,
where 

P
ysc = axial yield strength of steel core, ksi (MPa) 

f3 = compression strength adjustment factor 
ro = strain hardening adjustment factor 

The adjusted brace strength in tension shall be roRy
P

ysc·

Exception: The factor Ry need not be applied if Pysc is established using yield stress
determined from a coupon test. 

2b. Adjustment Factors 

Adjustment factors shall be determined as follows: 

The compression strength adjustment factor, f3, shall be calculated as the ratio of the 
maximum compression force to the maximum tension force of the test specimen mea
sured from the qualification tests specified in Section K3.4c at strains corresponding 
to the expected deformations. The larger value of f3 from the two required brace quali
fication tests shall be used. In no case shall f3 be taken as less than 1.0. 

The strain hardening adjustment factor, ro, shall be calculated as the ratio of the maxi
mum tension force measured from the qualification tests specified in Section K3.4c at 
strains corresponding to the expected deformations to the measured yield force, P

ysc,
of the test specimen. The larger value of ro from the two required qualification tests 
shall be used. Where the tested steel core material of the subassemblage test specimen 
required in Section K3.2 does not match that of the prototype, ro shall be based on 
coupon testing of the prototype material. 

2c. Brace Deformations 

The expected brace deformation shall be determined from the story drift specified in 
Section F4.2. Alternatively, the brace expected deformation is permitted to be deter
mined from nonlinear analysis as defined in Section C3. 
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3. Analysis

The required strength of columns, beams, struts and connections in BRBF shall be

determined using the capacity-limited seismic load effect. The capacity-limited hori

zontal seismic load effect, Ec1, shall be taken as the forces developed in the member

assuming the forces in all braces correspond to their adjusted strength in compression

or in tension.

Braces shall be determined to be in compression or tension neglecting the effects of

gravity loads. Analyses shall consider both directions of frame loading.

The adjusted brace strength in tension shall be as given in Section F4.2a.

Exceptions:

(a) It is permitted to neglect flexural forces resulting from seismic drift in this

determination. Moment resulting from a load applied to the column between

points of lateral support, including Section F4.4d loads, must be considered.

(b) The required strength of columns need not exceed the lesser of the following:

( 1) The forces corresponding to the resistance of the foundation to overturning

uplift. Section F4.4d in-plane column load requirements shall apply.

(2) Forces as determined from nonlinear analysis as defined in Section C3.

4. System Requirements

4a. V- and Inverted V-Braced Frames

V-type and inverted-V-type braced frames shall satisfy the following requirements:

(a) The required strength of beams and struts intersected by braces, their connections

and supporting members shall be determined based on the load combinations

of the applicable building code assuming that the braces provide no support for

dead and live loads. For load combinations that include earthquake effects, the

vertical and horizontal earthquake effect, E, on the beam shall be determined

from the adjusted brace strengths in tension and compression.

(b) Beams and struts shall be continuous between columns. Beams and struts shall

be braced to meet the requirements for moderately ductile members in Section

Dl.2a.1.

As a minimum, one set of lateral braces is required at the point of intersection

of the V-type ( or inverted V-type) braces, unless the beam or strut has sufficient

out-of-plane strength and stiffness to ensure stability between adjacent brace

points.

User Note: The beam has sufficient out-of-plane strength and stiffness 

if the beam bent in the horizontal plane meets the required brace strength 

and required brace stiffness for column nodal bracing as prescribed in the 

Specification. Pr may be taken as the required compressive strength of the 

brace. 
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4b. K-Braced Frames

K-type braced frames shall not be used for BRBF.

4c. Lateral Force Distribution 

Where the compression strength adjustment factor, �- as determined in Section F4.2b 

exceeds 1.3, the lateral force distribution shall comply with the following: 

Along any line of braces, braces shall be deployed in alternate directions such that, 

for either direction of force parallel to the braces, at least 30%, but no more than 70%, 

of the total horizontal force along that line is resisted by braces in tension, unless the 

available strength of each brace is larger than the required strength resulting from 

the overstrength seismic load. For the purposes of this provision, a line of braces is 

defined as a single line or parallel lines with a plan offset of 10% or less of the build

ing dimension perpendicular to the line of braces. 

4d. Multi-Tiered Braced Frames 

A buckling-restrained braced frame is permitted to be configured as a multi-tiered 

braced frame (MT-BRBF) when the following requirements are satisfied. 

(a) The effects of out-of-plane forces due to the mass of the structure and supported

items as required by the applicable building code shall be combined with the

forces obtained from the analyses required by Section F4.3.

(b) Struts shall be provided at every brace-to-column connection location.

(c) Columns shall meet the following requirements:

(]) Columns of multi-tiered braced frames shall be designed as simply sup

ported for the height of the frame between points of out-of-plane support 

and shall satisfy the greater of the following in-plane load requirements at 

each tier: 

(i) Loads induced by the summation of frame shears from adjusted brace

strengths between adjacent tiers from Section F4.3 analysis. Analysis

shall consider variation in permitted core strength.

User Note: Specifying the BRB using the desired brace capacity, 

Pysc, rather than a desired core area is recommended for the multi

tiered buckling-restrained braced (BRB) frame to reduce the effect 

of material variability and allow for the design of equal or nearly 

equal tier capacities. 

(ii) A minimum notional load equal to 0.5% times the adjusted braced

strength frame shear of the higher strength adjacent tier. The notional

load shall be applied to create the greatest load effect on the column.

(2) Columns shall be torsionally braced at every strut-to-column connection

location.
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User Note: The requirements for torsional bracing are typically satisfied 
by connecting the strut to the column to restrain torsional movement of 
the column. The strut must have adequate flexural strength and stiffness 
and have an appropriate connection to the column to perform this 
function. 

( d) Each tier in a multi-tiered braced frame shall be subject to the drift limitations of
the applicable building code, but the drift shall not exceed 2% of the tier height.

5. Members

Sa. Basic Requirements

Beams and columns shall satisfy the requirements of Section D 1.1 for moderately
ductile members.

Sb. Diagonal Braces

1. Assembly

Braces shall be composed of a structural steel core and a system that restrains
the steel core from buckling.

(a) Steel Core

Plates used in the steel core that are 2 in. (50 mm) thick or greater shall
satisfy the minimum notch toughness requirements of Section A3.3.

Splices in the steel core are not permitted.

(b) Buckling-Restraining System

The buckling-restraining system shall consist of the casing for the steel
core. In stability calculations, beams, columns and gussets connecting the
core shall be considered parts of this system.

The buckling-restraining system shall limit local and overall buckling of the
steel core for the expected deformations.

User Note: Conformance to this provision is demonstrated by means of 
testing as described in Section F4.5b.3. 

2. Available Strength

The steel core shall be designed to resist the entire axial force in the brace.

The brace design axial strength, <pP
ysc (LRFD), and the brace allowable axial

strength, P
ysc/Q (ASD), in tension and compression, in accordance with the

limit state of yielding, shall be determined as follows:

Pysc = FyscAsc 

cp = 0.90 (LRFD) Q = 1.67 (ASD) 
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where 

Ase = cross-sectional area of the yielding segment of the steel core, in. 2 

(mm2) 

Fysc = specified minimum yield stress of the steel core, or actual yield stress 

of the steel core as determined from a coupon test, ksi (MPa) 

User Note: Load effects calculated based on adjusted brace strengths 

should not be based upon the overstrength seismic load. 

3. Conformance Demonstration

The design of braces shall be based upon results from qualifying cyclic tests in

accordance with the procedures and acceptance criteria of Section K3. Qualify

ing test results shall consist of at least two successful cyclic tests: one is required

to be a test of a brace subassemblage that includes brace connection rotational

demands complying with Section K3.2 and the other shall be either a uniaxial

or a subassemblage test complying with Section K3.3. Both test types shall be

based upon one of the following:

(a) Tests reported in research or documented tests performed for other projects

(b) Tests that are conducted specifically for the project

Interpolation or extrapolation of test results for different member sizes shall be 

justified by rational analysis that demonstrates stress distributions and magni

tudes of internal strains consistent with or less severe than the tested assemblies 

and that addresses the adverse effects of variations in material properties. 

Extrapolation of test results shall be based upon similar combinations of steel 

core and buckling-restraining system sizes. Tests are permitted to qualify a 

design when the provisions of Section K3 are met. 

Sc. Protected Zones 

The protected zone shall include the steel core of braces and elements that connect the 

steel core to beams and columns, and shall satisfy the requirements of Section Dl.3. 

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds and shall satisfy the requirements of

Section A3.4b and I2.3:

(a) Groove welds at column splices

(b) Welds at the column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied:
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(1) Column hinging at, or near, the base plate is precluded by conditions of
restraint.

(2) There is no net tension under load combinations including the overstrength
seismic load.

(c) Welds at beam-to-column connections conforming to Section F4.6b(c)

6b. Beam-to-Column Connections 

Where a brace or gusset plate connects to both members at a beam-to-column con
nection, the connection shall conform to one of the following: 

(a) The connection assembly shall be a simple connection meeting the require
ments of Specification Section B3.4a where the required rotation is taken to be
0.025 rad; or

(b) The connection assembly shall be designed to resist a moment equal to the
lesser of the following:

(1) A moment corresponding to the expected beam flexural strength, RyMp,
multiplied by 1.1 and divided by as,
where

Mp= plastic bending moment, kip-in. (N-mm) 

(2) A moment corresponding to the sum of the expected column flexural
strengths, I(RyFyZ), multiplied by 1.1 and divided by as,
where

Z = plastic section modulus about the axis of bending, in. 3 (mm3) 

as = LRFD-ASD force level adjustment factor= 1.0 for LRFD and 1.5 
forASD 

This moment shall be considered in combination with the required strength 
of the brace connection and beam connection, including the diaphragm col
lector forces determined using the overstrength seismic load. 

( c) The beam-to-column connection shall meet the requirements of Section
El.6b(c).

6c. Diagonal Brace Connections 

1. Required Strength

The required strength of brace connections in tension and compression (includ
ing beam-to-column connections if part of the braced-frame system) shall be the
adjusted brace strength divided by as, where the adjusted brace strength is as
defined in Section F4.2a.

When oversized holes are used, the required strength for the limit state of bolt
slip need not exceed Pysc/as.
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2. Gusset Plate Requirements

Lateral bracing consistent with that used in the tests upon which the design is

based shall be provided.

User Note: This provision may be met by designing the gusset plate for a 

transverse force consistent with transverse bracing forces determined from 

testing, by adding a stiffener to it to resist this force, or by providing a brace 

to the gusset plate. Where the supporting tests did not include transverse 

bracing, no such bracing is required. Any attachment of bracing to the steel 

core must be included in the qualification testing. 

6d. Column Splices 

Column splices shall comply with the requirements of Section D2.5. Where groove 

welds are used to make the splice, they shall be complete-joint-penetration groove 

welds. Column splices shall be designed to develop at least 50% of the lesser plastic 

bending moment, Mp, of the connected members, divided by <Xs.

The required shear strength, V,, shall be determined as follows: 

(F4-2) 

where 

He = clear height of the column between beam connections, including a 

structural slab, if present, in. (mm) 

2.Mp = sum of the plastic bending moments, FyZ, at the top and bottom ends of the 

column, kip-in. (N-mm) 

FS. SPECIAL PLATE SHEAR WALLS (SPSW) 

1. Scope

Special plate shear walls (SPSW) of structural steel shall be designed in conformance

with this section. This section is applicable to frames with steel web plates connected

to beams and columns.

2. Basis of Design

SPSW designed in accordance with these provisions are expected to provide sig

nificant inelastic deformation capacity primarily through web plate yielding and as

plastic-hinge formation in the ends of horizontal boundary elements (HBE). Vertical

boundary elements (VBE) are not expected to yield in shear; VBE are not expected to

yield in flexure except at the column base.

3. Analysis

The webs of SPSW shall not be considered as resisting gravity forces.
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(a) An analysis in conformance with the applicable building code shall be per
formed. The required strength of web plates shall be 100% of the required shear

strength of the frame from this analysis. The required strength of the frame
consisting ofVBE and HBE alone shall be not less than 25% of the frame shear
force from this analysis.

(b) The required strength of HBE, VBE, and connections in SPSW shall be deter

mined using the capacity-limited seismic load effect. The capacity-limited
horizontal seismic load effect, Eel, shall be determined from an analysis in
which all webs are assumed to resist forces corresponding to their expected
strength in tension at an angle, a, as determined in Section F5.5b and HBE are
resisting flexural forces at each end equal to l .1R

y
M

p
/as,

where
F

y 
= specified minimum yield stress, ksi (MPa) 

M
p
= plastic bending moment, kip-in. (N-mm) 

R
y 

= ratio of the expected yield stress to the specified minimum yield stress, 

F
y 

as = LRFD-ASD force level adjustment factor= 1.0 for LRFD and 1.5 for 

ASD 

Webs shall be determined to be in tension neglecting the effects of gravity loads. 

The expected web yield stress shall be taken as R
y
F

y
. When perforated walls 

are used, the effective expected tension stress is as defined in Section F5.7a.4. 

Exception: The required strength ofVBE need not exceed the forces determined 
from nonlinear analysis as defined in Section C3. 

User Note: Shear forces per Equation E l  -1 must be included in this analysis. 
Designers should be aware that in some cases forces from the analysis in the 
applicable building code will govern the design of HBE. 

User Note: Shear forces in beams and columns are likely to be high and 
shear yielding must be evaluated. 

4. System Requirements

4a. Stiffness of Boundary Elements 

The stiffness of vertical boundary elements (VBE) and horizontal boundary elements 
(HBE) shall be such that the entire web plate is yielded at the design story drift. 

VBE and HBE conforming to the following requirements shall be deemed to comply 
with this requirement. The VBE shall have moments of inertia about an axis taken 
perpendicular to the plane of the web, le, not less than 0.003 ltwh4/L. The HBE have 
moments of inertia about an axis taken perpendicular to the plane of the web, h, not 
less than 0.003IL4/h times the difference in web plate thicknesses above and below, 
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where 
L = distance between VBE centerlines, in. (mm) 
h = distance between HBE centerlines, in. (mm) 
tw = thickness of the web, in. (mm) 

4b. HBE-to-VBE Connection Moment Ratio 

9.1-87 

The moment ratio provisions in Section E3.4a shall be met for all HBE/VBE intersec
tions without including the effects of the webs. 

4c. Bracing 

HBE shall be braced to satisfy the requirements for moderately ductile members in 
Section D1.2a. 

4d. Openings in Webs 

Openings in webs shall be bounded on all sides by intermediate boundary elements 
extending the full width and height of the panel respectively, unless otherwise justi
fied by testing and analysis or permitted by Section F5.7. 

5. Members

Sa. Basic Requirements

HBE, VBE and intermediate boundary elements shall satisfy the requirements of Sec
tion D 1.1 for highly ductile members.

Sb. Webs

The panel design shear strength, <)>V11 (LRFD), and the allowable shear strength, V11/Q
(ASD), in accordance with the limit state of shear yielding, shall be determined as
follows:

where 

<)> = 0.90 (LRFD) Q = 1.67 (ASD) 

Let = clear distance between column flanges, in. (mm) 
tw = thickness of the web, in. (mm) 

(F5-l )  

a = angle of web yielding in degrees, as measured relative to the vertical. The 
angle of inclination, a, is permitted to be taken as 40°, or is permitted to be 
calculated as follows: 

I+ 
tw L 

4 2Ac tan a
= I+ twh(-�-b +-3-6

�-;-c-
L

)
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where 
Ab = cross-sectional area of an HBE, in.2 (mm2)

Ac = cross-sectional area of a VBE, in.2 (mm2)

[Sect. F5. 

Sc. HBE 

HBE shall be designed to preclude flexural yielding at regions other than near the 
beam-to-column connection. This requirement shall be met by one of the following: 

(a) HBE with available strength to resist twice the simple-span beam moment based
on gravity loading and web-plate yielding.

(b) HBE with available strength to resist the simple-span beam moment based on
gravity loading and web-plate yielding and with reduced flanges meeting the
requirements of ANSI/AISC 358 Section 5.8 Step l with c = 0.25bf 

Sd. Protected Zone 

The protected zone of SPSW shall satisfy Section D 1.3 and include the following: 

(a) The webs of SPSW

(b) Elements that connect webs to HBE and VBE

( c) The plastic hinging zones at each end of the HBE, over a region ranging from
the face of the column to one beam depth beyond the face of the column, or as
otherwise specified in Section E3.5c

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds and shall satisfy the requirements of
Section A3.4b and I2.3:

(a) Groove welds at column splices

(b) Welds at column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol
lowing conditions are satisfied.

(1) Column hinging at, or near, the base plate is precluded by conditions of
restraint.

(2) There is no net tension under load combinations including the overstrength
seismic load.

(c) Welds at HBE-to-VBE connections

6b. HBE-to-VBE Connections 

HBE-to-VBE connections shall satisfy the requirements of Section E l.6b. 
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1. Required Strength

The required shear strength of an HBE-to-VBE connection shall be determined
using the capacity-limited seismic load effect. The capacity-limited horizontal
seismic load effect, Ec1, shall be taken as the shear calculated from Equation
El -I together with the shear resulting from the expected yield strength in ten
sion of the webs yielding at an angle a.

2. Panel Zones

The VBE panel zone next to the top and base HBE of the SPSW shall comply
with the requirements in Section E3.6e.

6c. Connections of Webs to Boundary Elements 

The required strength of web connections to the surrounding HBE and VBE shall 
equal the expected yield strength, in tension, of the web calculated at an angle a. 

6d. Column Splices 

Column splices shall comply with the requirements of Section D2.5. W here welds 
are used to make the splice, they shall be complete-joint-penetration groove welds. 
Column splices shall be designed to develop at least 50% of the lesser plastic bending 
moment, Mp, of the connected members, divided by as. The required shear strength, 
V,, shall be determined by Equation F4-2. 

7. Perforated Webs

7a. Regular Layout of Circular Perforations

A perforated plate conforming to this section is permitted to be used as the web of
an SPSW. Perforated webs shall have a regular pattern of holes of uniform diameter
spaced evenly over the entire web-plate area in an array pattern so that holes align
diagonally at a unif01m angle to the vertical. A minimum of four horizontal and four
vertical Jines of holes shalJ be used. Edges of openings shall have a surface roughness
of 500 µ-in. (13 microns) or less.

1. Strength

The panel design shear strength, qiV11 (LRFD), and the allowable shear strength,
Vn/Q (ASD), in accordance with the limit state of shear yielding, shall be deter
mined as follows for perforated webs with holes that align diagonally at 45°

from the horizontal:

( 0.7D) V11 = 0.42FytwLcj 1- - -
Sdiag 

qi= 0.90 (LRFD) Q = 1.67 (ASD)
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where 
D = diameter of the holes, in. (mm) 

Sdiag 
= shortest center-to-center distance between the holes measured on the 

45° diagonal, in. (mm) 

2. Spacing

The spacing, Sdiag
, shall be at least 1.67 D.

The distance between the first holes and web connections to the HBE and VBE
shall be at least D, but shall not exceed D + 0.7Sdiag·

3. Stiffness

The stiffness of such regularly perforated infill plates shall be calculated using
an effective web-plate thickness, teff, given by:

teJf = (F5-4) 

1 

where 
He

= clear column (and web-plate) height between beam flanges, in. (mm) 
N, = number of horizontal rows of perforations 
tw = web-plate thickness, in. (mm) 
a = angle of the shortest center-to-center lines in the opening array to 

vertical, degrees 

User Note: Perforating webs in accordance with Section F5.7a forces 
the development of web yielding in a direction parallel to that of the holes 
alignment. As such, for the case addressed by Section F5.7a, a is equal to 
45°. 

4. Effective Expected Tension Stress

The effective expected tension for analysis is R
y
Fy(I - 0.7D/Sdiag

).

7b. Reinforced Corner Cut-Out 

Quarter-circular cut-outs are permitted at the corners of the webs provided that the 
webs are connected to a reinforcement arching plate following the edge of the cut
outs. The plates shall be designed to allow development of the full strength of the 
solid web and maintain its resistance when subjected to deformations corresponding 
to the design story drift. 
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1. Design for Tension

The arching plate shall have the available strength to resist the axial tension
force, Pr, resulting from web-plate tension in the absence of other forces:

where 
Fy = specified minimum yield stress of the web plate, in.2 (mm2)

R = radius of the cut-out, in. (mm) 

(F5-5) 

Ry
= ratio of the expected yield stress to the specified minimum yield stress, 

Fy

e = R ( I - -J2 /2 ), in. (mm) (F5-6) 

HBE and VBE shall be designed to resist the axial tension forces acting at the 
end of the arching reinforcement. 

2. Design for Combined Axial and Flexural Forces

The arching plate shall have the available strength to resist the combined effects
of axial force, Pr, and moment, Mr, in the plane of the web resulting from con
nection deformation in the absence of other forces:

Mr = Pre 

where 
E = modulus of elasticity, ksi (MPa) 
H = height of story, in. (mm) 
ly = moment of inertia of the plate about the y-axis, in.4 (mm4)

� = design story drift, in. (mm) 

(F5-7) 

(F5-8) 

HBE and VBE shall be designed to resist the combined axial and flexural 
required strengths acting at the end of the arching reinforcement. 
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CHAPTER G 

COMPOSITE MOMENT-FRAME SYSTEMS 

This chapter provides the basis of design, the requirements for analysis, and the requirements 

for the system, members and connections for composite moment-frame systems. 

The chapter is organized as follows: 

01. Composite Ordinary Moment Frames (C-OMF)

02. Composite Intermediate Moment Frames (C-IMF)

03. Composite Special Moment Frames (C-SMF)

04. Composite Partially Restrained Moment Frames (C-PRMF)

User Note: The requirements of this chapter are in addition to those required by the 

Specification and the applicable building code. 

Gl. COMPOSITE ORDINARY MOMENT FRAMES (C-OMF) 

1. Scope

Composite ordinary moment frames (C-OMF) shall be designed in conformance

with this section. This section is applicable to moment frames with fully restrained

(FR) connections that consist of either composite or reinforced concrete columns and

structural steel, concrete-encased composite, or composite beams.

2. Basis of Design

C-OMF designed in accordance with these provisions are expected to provide mini

mal inelastic deformation capacity in their members and connections.

The requirements of Sections Al ,  A2, A3.5, A4, Bl, B2, B3, B4, D2.7, and Chapter 

C apply to C-OMF. All other requirements in Chapters A, B, D, I, J and K are not 

applicable to C-OMF. 

User Note: Composite ordinary moment frames, comparable to reinforced 

concrete ordinary moment frames, are only permitted in seismic design categories 

B or below in ASCE/SEI 7. This is in contrast to steel ordinary moment frames, 

which are permitted in higher seismic design categories. The design requirements 

are commensurate with providing minimal ductility in the members and 

connections. 

3. Analysis

There are no requirements specific to this system.
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4. System Requirements

There are no requirements specific to this system.

5. Members

9.1-93 

There are no additional requirements for steel or composite members beyond those

in the Specification. Reinforced concrete columns shall meet the requirements of AC!

318, excluding Chapter 18.

Sa. Protected Zones

There are no designated protected zones.

6. Connections

Connections shall be fully restrained (FR) and shall satisfy the requirements of Sec

tion D2.7.

6a. Demand Critical Welds

There are no requirements specific to this system.

G2. COMPOSITE INTERMEDIATE MOMENT FRAMES (C-IMF) 

1. Scope

Composite intermediate moment frames (C-IMF) shall be designed in conformance

with this section. This section is applicable to moment frames with fully restrained

(FR) connections that consist of composite or reinforced concrete columns and struc

tural steel, concrete-encased composite, or composite beams.

2. Basis of Design

C-IMF designed in accordance with these provisions are expected to provide limited

inelastic deformation capacity through flexural yielding of the C-IMF beams and col

umns, and shear yielding of the column panel zones. Design of connections of beams

to columns, including panel zones, continuity plates and diaphragms shall provide

the performance required by Section G2.6b and demonstrate this conformance as

required by Section G2.6c.

User Note: Composite intermediate moment frames, comparable to reinforced 

concrete intermediate moment frames, are only permitted in seismic design 

categories C or below in ASCE/SEI 7. This is in contrast to steel intermediate 

moment frames, which are permitted in higher seismic design categories. The 

design requirements are commensurate with providing limited ductility in the 

members and connections. 

3. Analysis

There are no requirements specific to this system.
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4. System Requirements

4a. Stability Bracing of Beams

Beams shall be braced to satisfy the requirements for moderately ductile members in

Section D1.2a.

In addition, unless otherwise indicated by testing, beam braces shall be placed near

concentrated forces, changes in cross section, and other locations where analysis

indicates that a plastic hinge will form during inelastic deformations of the C-IMF.

The required strength and stiffness of stability bracing provided adjacent to plastic

hinges shall be in accordance with Section D1.2c.

5. Members

Sa. Basic Requirements

Steel and composite members shall satisfy the requirements of Section D 1.1 for mod

erately ductile members.

Sb. Beam Flanges

Abrupt changes in the beam flange area are prohibited in plastic hinge regions. The

drilling of flange holes or trimming of beam flange width is not permitted unless test

ing or qualification demonstrates that the resulting configuration is able to develop

stable plastic hinges to accommodate the required story drift angle.

Sc. Protected Zones

The region at each end of the beam subject to inelastic straining shall be designated

as a protected zone and shall satisfy the requirements of Section D 1.3.

User Note: The plastic hinge zones at the ends of C-IMF beams should be treated 

as protected zones. In general, the protected zone will extend from the face of the 

composite column to one-half of the beam depth beyond the plastic hinge point. 

6. Connections

Connections shall be fully restrained (FR) and shall satisfy the requirements of Sec

tion D2 and this section.

6a. Demand Critical Welds

There are no requirements specific to this system.

6b. Beam-to-Column Connections

Beam-to-composite column connections used in the SFRS shall satisfy the following

requirements:
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(a) The connection shall be capable of accommodating a story drift angle of at least
0.02 rad.

(b) The measured flexural resistance of the connection determined at the column
face shall equal at least 0.80M

p 
of the connected beam at a story drift angle

of 0.02 rad. where M
p 

is defined as the plastic bending moment of the steel,
concrete-encased or composite beams and shall meet the requirements of Speci

fication Chapter I.

6c. Conformance Demonstration 

Beam-to-column connections used in the SFRS shall satisfy the requirements of Sec
tion G2.6b by one of the following: 

(a) Use of C-IMF connections designed in accordance with ANSI/AISC 358.

(b) Use of a connection prequalified for C-IMF in accordance with Section K 1.

( c) Results of at least two qualifying cyclic test results conducted in accordance
with Section K2. The tests are permitted to be based on one of the following:

( 1) Tests reported in the research literature or documented tests performed for
other projects that represent the project conditions, within the limits speci
fied in Section K2.

(2) Tests that are conducted specifically for the project and are representative
of project member sizes, material strengths, connection configurations, and
matching connection processes, within the limits specified in Section K2.

( d) Calculations that are substantiated by mechanistic models and component limit
state design criteria consistent with these provisions.

6d. Required Shear Strength 

The required shear strength of the connection shall be determined using the capacity
limited seismic load effect. The capacity-limited horizontal seismic load effect, Eel, 
shall be taken as: 

(G2- l )  

where 
M

p
.ex

p 
= expected flexural strength of the steel, concrete-encased or composite 

beam, kip-in. (N-mm) 
L1i = distance between beam plastic hinge locations, in. (mm) 

For a concrete-encased or composite beam, M
p
.ex

p 
shall be calculated using the plastic 

stress distribution or the strain compatibility method. Applicable R
y 

and Re factors 
shall be used for different elements of the cross section while establishing section 
force equilibrium and calculating the flexural strength. 

User Note: For steel beams, M
p
.ex

p 
in Equation G2-1 may be taken as RyMp of 

the beam. 
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6e. Connection Diaphragm Plates 

Connection diaphragm plates are permitted for filled composite columns both exter
nal to the column and internal to the column. 

Where diaphragm plates are used, the thickness of the plates shall be at least the 
thickness of the beam flange. 

The diaphragm plates shall be welded around the full perimeter of the column using 
either complete-joint-penetration (CJP) groove welds or two-sided fillet welds. The 
required strength of these joints shall not be less than the available strength of the 
contact area of the plate with the column sides. 

Internal diaphragms shall have circular openings sufficient for placing the concrete. 

6f. Column Splices 

In addition to the requirements of Section D2.5, column splices shall comply with the 
requirements of this section. Where welds are used to make the splice, they shall be 
CJP groove welds. When column splices are not made with groove welds, they shall 
have a required flexural strength that is at least equal to the plastic flexural strength, 
M

pcc, of the smaller composite column. The required shear strength of column web 
splices shall be at least equal to 2.,M

pcc/H, 

where 
H = height of story, in. (mm) 
2.,M

pcc = sum of the plastic flexural strengths at the top and bottom ends of the 
composite column, kip-in. (N-mm) 

For composite columns, the plastic flexural strength shall satisfy the requirements of 

Spec(fication Chapter I including the required axial strength, Pre· 

G3. COMPOSITE SPECIAL MOMENT FRAMES (C-SMF) 

1. Scope

Composite special moment frames (C-SMF) shall be designed in conformance with
this section. This section is applicable to moment frames with fully restrained (FR)
connections that consist of either composite or reinforced concrete columns and
either structural steel or concrete-encased composite or composite beams.

2. Basis of Design

C-SMF designed in accordance with these provisions are expected to provide signifi
cant inelastic deformation capacity through flexural yielding of the C-SMF beams
and limited yielding of the column panel zones. Except where otherwise permitted
in this section, columns shall be designed to be stronger than the fully yielded and
strain-hardened beams or girders. Flexural yielding of columns at the base is permit
ted. Design of connections of beams to columns, including panel zones, continuity
plates and diaphragms, shall provide the performance required by Section G3.6b and
demonstrate this conformance as required by Section G3.6c.
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3. Analysis

For special moment-frame systems that consist of isolated planar frames, there are no
additional analysis requirements.

For moment-frame systems that include columns that form part of two intersecting
special moment frames in orthogonal or multi-axial directions, the column analysis
of Section G3.4a shall consider the potential for beam yielding in both orthogonal
directions simultaneously.

4. System Requirements

4a. Moment Ratio

The following relationship shall be satisfied at beam-to-column connections:

where 

(G3- l )  

2.,M*pcc = sum of the projections of the plastic flexural strengths, M
pcc, of the 

columns (including haunches where used) above and below the joint 
to the beam centerline with a reduction for the axial force in the 
column. For composite columns, the plastic flexural strength, M

pcc, 
shall satisfy the requirements of Specification Chapter I including 
the required axial strength, Pre · For reinforced concrete columns, 
the plastic flexural strength, M

pcc, shall be calculated based on the 
provisions of ACI 318 including the required axial strength, Pre · 
When the centerlines of opposing beams in the same joint do not 
coincide, the mid-line between centerlines shall be used. 

2..M;,ex
p 

= sum of the projections of the expected flexural strengths of the 
beams at the plastic hinge locations to the column centerline. It is 
permitted to take IM;,ex

p 
= 2.,(l. lM

p
,ex

p 
+ Muv), where M

p
,ex

p 
is 

calculated as specified in Section G2.6d. 

Muv = additional moment due to shear amplification from the location of 
the plastic hinge to the column centerline, kip-in. (N-mm) 

Exception: The exceptions of Section E3.4a shall apply, except that the force limit in 
Exception (a) shall be Pre < O.IPc. 

4b. Stability Bracing of Beams 

Beams shall be braced to meet the requirements for highly ductile members in Sec
tion D1.2b. 

In addition, unless otherwise indicated by testing, beam braces shall be placed near 
concentrated forces, changes in cross section, and other locations where analysis 
indicates that a plastic hinge will form during inelastic deformations of the C-SMF. 

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-98 COMPOSITE SPECIAL MOMENT FRAMES (C-SMF) [Sect. G3. 

The required strength and stiffness of stability bracing provided adjacent to plastic 

hinges shall be in accordance with Section D 1.2c. 

4c. Stability Bracing at Beam-to-Column Connections 

Composite columns with unbraced connections shall satisfy the requirements of Sec

tion E3.4c.2. 

5. Members

Sa. Basic Requirements

Steel and composite members shall meet the requirements of Section D 1.1 for highly

ductile members.

Exception: Reinforced concrete-encased beams shall meet the requirements for Sec

tion D 1.1 for moderately ductile members if the reinforced concrete cover is at least

2 in. (50 mm) and confinement is provided by hoop reinforcement in regions where

plastic hinges are expected to occur under seismic deformations. Hoop reinforcement

shall satisfy the requirements of ACI 318 Section 18.6.4.

Concrete-encased composite beams that are part of C-SMF shall also meet the fol

lowing requirement. The distance from the extreme concrete compression fiber to the

plastic neutral axis shall not exceed:

YPNA = --,----.,,..

I+ 

where 

E = modulus of elasticity of the steel beam, ksi (MPa) 
F

y 
= specified minimum yield stress of the steel beam, ksi (MPa) 

(03-2) 

Ycon = distance from the top of the steel beam to the top of the concrete, in. (mm) 

d = overall depth of the beam, in. (mm) 

Sb. Beam Flanges 

Abrupt changes in beam flange area are prohibited in plastic hinge regions. The drill

ing of flange holes or trimming of beam flange width is prohibited unless testing or 

qualification demonstrates that the resulting configuration can develop stable plastic 

hinges to accommodate the required story drift angle. 

Sc. Protected Zones 

The region at each end of the beam subject to inelastic straining shall be designated 

as a protected zone, and shall meet the requirements of Section D 1.3. 
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User Note: The plastic hinge zones at the ends of C-SMF beams should be treated 

as protected zones. In general, the protected zone will extend from the face of the 

composite column to one-half of the beam depth beyond the plastic hinge point. 

6. Connections

Connections shall be fully restrained (FR) and shall meet the requirements of Section

D2 and this section.

User Note: All subsections of Section D2 are relevant for C-SMF. 

6a. Demand Critical Welds 

The following welds are demand critical welds and shall meet the requirements of 

Section A3.4b and 12.3: 

(a) Groove welds at column splices

(b) Welds at the column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied

(]) Column hinging at, or near, the base plate is precluded by conditions of

restraint. 

(2) There is no net tension under load combinations including the overstrength

seismic load.

(c) Complete-joint-penetration groove welds of beam flanges to columns, dia

phragm plates that serve as a continuation of beam flanges, shear plates within

the girder depth that transition from the girder to an encased steel shape, and

beam webs to columns

6b. Beam-to-Column Connections 

Beam-to-composite column connections used in the SFRS shall satisfy the following 

requirements: 

(a) The connection shall be capable of accommodating a story drift angle of at least

0.04 rad.

(b) The measured flexural resistance of the connection, determined at the column

face, shall equal at least 0.80M
p 

of the connected beam at a story drift angle of

0.04 rad, where M
p 

is determined in accordance with Section G2.6b.

6c. Conformance Demonstration 

Beam-to-composite column connections used in the SFRS shall meet the require

ments of Section G3.6b by one of the following: 

(a) Use of C-SMF connections designed in accordance with ANSI/AISC 358
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(b) Use of a connection prequalified for C-SMF in accordance with Section K 1.

( c) The connections shall be qualified using test results obtained in accordance with
Section K2. Results of at least two cyclic connection tests shall be provided, and
shall be based on one of the following:

(1) Tests reported in research literature or documented tests performed for
other projects that represent the project conditions, within the limits speci
fied in Section K2.

(2) Tests that are conducted specifically for the project and are representative
of project member sizes, material strengths, connection configurations, and
matching connection processes, within the limits specified by Section K2.

(d) When beams are uninterrupted or continuous through the composite or rein
forced concrete column, beam flange welded joints are not used, and the
connection is not otherwise susceptible to premature fracture, other substantiat
ing data is permitted to demonstrate conformance.

Connections that accommodate the required story drift angle within the connection 
elements and provide the measured flexural resistance and shear strengths specified 
in Section G3.6d are permitted. In addition to satisfying the preceding requirements, 
the design shall demonstrate that any additional drift due to connection deforma
tion is accommodated by the structure. The design shall include analysis for stability 
effects of the overall frame, including second-order effects. 

6d. Required Shear Strength 

The required shear strength of the connection, Vu, shall be determined using the 
capacity-limited seismic load effect. The capacity-limited horizontal seismic load 
effect, Ec1, shall be taken as: 

where 

Lh = distance between beam plastic hinge locations, in. (mm) 

(G3-3) 

Mp,exp = expected flexural strength of the steel, concrete-encased or composite 
beams, kip-in. (N-mm). For concrete-encased or composite beams, Mp,exp 
shall be calculated according to Section G2.6d 

6e. Connection Diaphragm Plates 

The continuity plates or diaphragms used for infilled column moment connections 
shall satisfy the requirements of Section G2.6e. 

6f. Column Splices 

Composite column splices shall satisfy the requirements of Section G2.6f. 
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G4. COMPOSITE PARTIALLY RESTRAINED MOMENT FRAMES 

(C-PRMF) 

1. Scope

9.1-101 

Composite partially restrained moment frames (C-PRMF) shall be designed in con

formance with this section. This section is applicable to moment frames that consist

of structural steel columns and composite beams that are connected with partially

restrained (PR) moment connections that satisfy the requirements in Specification

Section B3.4b(b).

2. Basis of Design

C-PRMF designed in accordance with these provisions are expected to provide sig

nificant inelastic deformation capacity through yielding in the ductile components of

the composite PR beam-to-column moment connections. Flexural yielding of col

mnns at the base is permitted. Design of connections of beams to columns shall be

based on connection tests that provide the performance required by Section G4.6c

and demonstrate this conformance as required by Section G4.6d.

3. Analysis

Connection flexibility and composite beam action shall be accounted for in determin

ing the dynamic characteristics, strength and drift of C-PRMF.

For purposes of analysis, the stiffness of beams shall be determined with an effective

moment of inertia of the composite section.

4. System Requirements

There are no requirements specific to this system.

5. Members

Sa. Columns

Steel columns shall meet the requirements of Sections D 1.1 for moderately ductile

members.

Sb. Beams

Composite beams shall be unencased, fully composite, and shall meet the require

ments of Section D 1.1 for moderately ductile members. A solid slab shall be provided

for a distance of 12 in. (300 mm) from the face of the column in the direction of

moment transfer.

Sc. Protected Zones

There are no designated protected zones.
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6. Connections

Connections shall be partially restrained (PR) and shall meet the requirements of

Section D2 and this section.

User Note: All subsections of Section D2 are relevant for C-PRMF. 

6a. Demand Critical Welds 

The following welds are demand critical welds and shall satisfy the requirements of 

Section A3.4b and I2.3: 

(a) Groove welds at column splices

(b) Welds at the column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied.

(1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

6b. Required Strength 

The required strength of the beam-to-column PR moment connections shall be deter

mined including the effects of connection flexibility and second-order moments. 

6c. Beam-to-Column Connections 

Beam-to-composite column connections used in the SFRS shall meet the following 

requirements: 

(a) The connection shall be capable of accommodating a connection rotation of at

least 0.02 rad.

(b) The measured flexural resistance of the connection determined at the column

face shall increase monotonically to a value of at least 0.5M
p 

of the connected

beam at a connection rotation of 0.02 rad, where M
p 

is defined as the moment

corresponding to plastic stress distribution over the composite cross section,

and shall meet the requirements of Specification Chapter I.

6d. Conformance Demonstration 

Beam-to-column connections used in the SFRS shall meet the requirements of Sec

tion G4.6c by provision of qualifying cyclic test results in accordance with Section 

K2. Results of at least two cyclic connection tests shall be provided and shall be based 

on one of the following: 
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(a) Tests reported in research literature or documented tests performed for other

projects that represent the project conditions, within the limits specified in Sec

tion K2.

(b) Tests that are conducted specifically for the project and are representative of

project member sizes, material strengths, connection configurations, and match

ing connection processes, within the limits specified by Section K2.

6e. Column Splices 

Column splices shall meet the requirements of Section G2.6f. 
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CHAPTER H 

COMPOSITE BRACED-FRAME AND 

SHEAR-WALL SYSTEMS 

This chapter provides the basis of design, the requirements for analysis, and the requirements 

for the system, members and connections for composite braced-frame and shear-wall 

systems. 

The chapter is organized as follows: 

HI. Composite Ordinary Braced Frames (C-OBF) 

H2. Composite Special Concentrically Braced Frames (C-SCBF) 

H3. Composite Eccentrically Braced Frames (C-EBF) 

H4. Composite Ordinary Shear Walls (C-OSW) 

H5. Composite Special Shear Walls (C-SSW) 

H6. Composite Plate Shear Walls-Concrete Encased (C-PSW/CE) 

H7. Composite Plate Shear Walls-Concrete Filled (C-PSW/CF) 

User Note: The requirements of this chapter are in addition to those required by the 

Specification and the applicable building code. 

Hl. COMPOSITE ORDINARY BRACED FRAMES (C-OBF) 

1. Scope

Composite ordinary braced frames (C-OBF) shall be designed in conformance with

this section. Columns shall be structural steel, encased composite, filled composite

or reinforced concrete members. Beams shall be either structural steel or composite

beams. Braces shall be structural steel or filled composite members. This section is

applicable to braced frames that consist of concentrically connected members where

at least one of the elements (columns, beams or braces) is a composite or reinforced

concrete member.

2. Basis of Design

This section is applicable to braced frames that consist of concentrically connected

members. Eccentricities less than the beam depth are permitted if they are accounted

for in the member design by determination of eccentric moments.

C-OBF designed in accordance with these provisions are expected to provide limited

inelastic deformations in their members and connections.

The requirements of Sections Al ,  A2, A3.5, A4, B l ,  B2, B3, B4 and D2.7, and Chap

ter C apply to C-OBF. All other requirements in Chapters A, B, D, I, J and K do not 

apply to C-OBF. 
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User Note: Composite ordinary braced frames, comparable to other steel braced 

frames designed per the Specification using R = 3, are only permitted in seismic 

design categories A, B or C in ASCE/SEI 7. This is in contrast to steel ordinary 

braced frames, which are permitted in higher seismic design categories. The 

design requirements are commensurate with providing minimal ductility in the 

members and connections. 

3. Analysis

There are no requirements specific to this system.

4. System Requirements

There are no requirements specific to this system.

5. Members

Sa. Basic Requirements

There are no requirements specific to this system.

Sb. Columns

There are no requirements specific to this system. Reinforced concrete columns shall

satisfy the requirements of ACI 318, excluding Chapter 18.

Sc. Braces

There are no requirements specific to this system.

Sd. Protected Zones

There are no designated protected zones.

6. Connections

Connections shall satisfy the requirements of Section D2.7.

6a. Demand Critical Welds

There are no requirements specific to this system.

H2. COMPOSITE SPECIAL CONCENTRICALLY BRACED FRAMES 

(C-SCBF) 

1. Scope

Composite special concentrically braced frames (C-SCBF) shall be designed in con

formance with this section. Columns shall be encased or filled composite. Beams

shall be either structural steel or composite beams. Braces shall be structural steel

or filled composite members. Collector beams that connect C-SCBF braces shall be

considered to be part of the C-SCBF.
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2. Basis of Design

This section is applicable to braced frames that consist of concentrically connected
members. Eccentricities less than the beam depth are permitted if the resulting mem
ber and connection forces are addressed in the design and do not change the expected
source of inelastic deformation capacity.

C-SCBF designed in accordance with these provisions are expected to provide sig
nificant inelastic deformation capacity primarily through brace buckling and yielding
of the brace in tension.

3. Analysis

The analysis requirements for C-SCBF shall satisfy the analysis requirements of Sec
tion F2.3 modified to account for the entire composite section in determining the
expected brace strengths in tension and compression.

4. System Requirements

The system requirements for C-SCBF shall satisfy the system requirements of Sec
tion F2.4. Composite braces are not permitted for use in multi-tiered braced frames.

5. Members

Sa. Basic Requirements

Composite columns and steel or composite braces shall satisfy the requirements of
Section D 1.1 for highly ductile members. Steel or composite beams shall satisfy the
requirements of Section D 1.1 for moderately ductile members.

User Note: In order to satisfy this requirement, the actual width-to-thickness 
ratio of square and rectangular filled composite braces may be multiplied by a 
factor, (0.264 + 0.0082Lc/r), for Lc/r between 35 and 90; Lc/r being the effective 
slenderness ratio of the brace. 

Sb. Diagonal Braces 

Structural steel and filled composite braces shall satisfy the requirements for SCBF 
of Section F2.5b. The radius of gyration in Section F2.5b shall be taken as that of the 
steel section alone. 

Sc. Protected Zones 

The protected zone of C-SCBF shall satisfy Section D 1.3 and include the following: 

(a) For braces, the center one-quarter of the brace length and a zone adjacent to
each connection equal to the brace depth in the plane of buckling

(b) Elements that connect braces to beams and columns
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Design of connections in C-SCBF shall be based on Section D2 and the provisions

of this section.

6a. Demand Critical Welds

The following welds are demand critical welds, and shall satisfy the requirements of

Section A3.4b and I2.3:

(a) Groove welds at column splices

(b) Welds at the column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are met.

(1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

( c) Welds at beam-to-column connections conforming to Section H2.6b(b)

6b. Beam-to-Column Connections 

Where a brace or gusset plate connects to both members at a beam-to-column con

nection, the connection shall conform to one of the following: 

(a) The connection shall be a simple connection meeting the requirements of Speci

fication Section B3.4a where the required rotation is taken to be 0.025 rad; or

(b) Beam-to-column connections shall satisfy the requirements for fully-restrained

(FR) moment connections as specified in Sections D2, G2.6d and G2.6e.

The required flexural strength of the connection shall be determined from

analysis and shall be considered in combination with the required strength of

the brace connection and beam connection, including the diaphragm collector

forces determined using the overstrength seismic load.

6c. Brace Connections 

Brace connections shall satisfy the requirement of Section F2.6c, except that the 

required strength shall be modified to account for the entire composite section in 

determining the expected brace strength in tension and compression. Applicable R
y 

factors shall be used for different elements of the cross section for calculating the 

expected brace strength. The expected brace flexural strength shall be determined as 

Mp.exp, where Mp.exp is calculated as specified in Section G2.6d. 

6d. Column Splices 

In addition to the requirements of Section D2.5, column splices shall comply with 

the requirements of this section. Where welds are used to make the splice, they shall 

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-108 COMPOSITE ECCENTRICALLY BRACED FRAMES (C-EBF) [Sect. H3. 

be complete-joint-penetration groove welds. When column splices are not made with 
groove welds, they shall have a required flexural strength that is at least equal to the 
plastic flexural strength, M

pcc, of the smaller composite column. The required shear 
strength of column web splices shall be at least equal to 2..M

pcc/H, where 2..M
pcc is 

the sum of the plastic flexural strengths at the top and bottom ends of the composite 
column and H is the height of story, in. (mm). The plastic flexural strength shall meet 
the requirements of Specification Chapter I including the required axial strength, Pre·

H3. COMPOSITE ECCENTRICALLY BRACED FRAMES (C-EBF) 

1. Scope

Composite eccentrically braced frames (C-EBF) shall be designed in conformance
with this section. Columns shall be encased composite or filled composite. Beams
shall be structural steel or composite beams. Links shall be structural steel. Braces
shall be structural steel or filled composite members. This section is applicable to
braced frames for which one end of each brace intersects a beam at an eccentricity
from the intersection of the centerlines of the beam and an adjacent brace or column.

2. Basis of Design

C-EBF shall satisfy the requirements of Section F3.2, except as modified in this
section.

This section is applicable to braced frames for which one end of each brace intersects 
a beam at an eccentricity from the intersection of the centerlines of the beam and an 
adjacent brace or column, forming a link that is subject to shear and flexure. Eccen
tricities less than the beam depth are permitted in the brace connection away from the 
link if the resulting member and connection forces are addressed in the design and do 
not change the expected source of inelastic deformation capacity. 

C-EBF designed in accordance with these provisions are expected to provide sig
nificant inelastic deformation capacity primarily through shear or flexural yielding
in the links.

The available strength of members shall satisfy the requirements in the Specification, 

except as modified in this section. 

3. Analysis

The analysis of C-EBF shall satisfy the analysis requirements of Section F3.3.

4. System Requirements

The system requirements for C-EBF shall satisfy the system requirements of Section
F3.4.

5. Members

The member requirements of C-EBF shall satisfy the member requirements of Sec
tion F3.5.
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The connection requirements of C-EBF shall satisfy the connection requirements of

Section F3.6 except as noted in the following.

6a. Beam-to-Column Connections

Where a brace or gusset plate connects to both members at a beam-to-column con

nection, the connection shall conform to one of the following:

(a) The connection shall be a simple connection meeting the requirements of Speci

fication Section B3.4a where the required rotation is taken to be 0.025 rad; or

(b) Beam-to-column connections shall satisfy the requirements for FR moment

connections as specified in Section D2, and Sections G2.6d and G2.6e shall

apply.

The required flexural strength of the connection shall be determined from

analysis and shall be considered in combination with the required strength of

the brace connection and beam connection, including the diaphragm collector

forces determined using the overstrength seismic load.

H4. COMPOSITE ORDINARY SHEAR WALLS (C-OSW) 

1. Scope

Composite ordinary shear walls (C-OSW) shall be designed in conformance with this

section. This section is applicable to uncoupled reinforced concrete shear walls with

composite boundary elements, and coupled reinforced concrete shear walls, with or

without composite boundary elements, with structural steel or composite coupling

beams that connect two or more adjacent walls.

2. Basis of Design

C-OSW designed in accordance with these provisions are expected to provide limited

inelastic deformation capacity through yielding in the reinforced concrete walls and

the steel or composite elements.

Reinforced concrete walls shall satisfy the requirements of ACI 318 excluding Chap

ter 18, except as modified in this section. 

3. Analysis

Analysis shall satisfy the requirements of Chapter C as modified in this section.

(a) Uncracked effective stiffness values for elastic analysis shall be assigned in

accordance with ACI 318 Chapter 6 for wall piers and composite coupling

beams.

(b) When concrete-encased shapes function as boundary members, the analy

sis shall be based upon a transformed concrete section using elastic material

properties.
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4. System Requirements

In coupled walls, it is permitted to redistribute coupling beam forces vertically to
adjacent floors. The shear in any individual coupling beam shall not be reduced by
more than 20% of the elastically determined value. The sum of the coupling beam
shear resistance over the height of the building shall be greater than or equal to the
sum of the elastically determined values.

5. Members

Sa. Boundary Members

Boundary members shall satisfy the following requirements:

(a) The required axial strength of the boundary member shall be determined assum
ing that the shear forces are carried by the reinforced concrete wall and the
entire gravity and overturning forces are carried by the boundary members in
conjunction with the shear wall.

(b) When the concrete-encased structural steel boundary member qualifies as a
composite column as defined in Specification Chapter I, it shall be designed as a
composite column to satisfy the requirements of Chapter I of the Specification.

(c) Headed studs or welded reinforcement anchors shall be provided to transfer
required shear strengths between the structural steel boundary members and
reinforced concrete walls. Headed studs, if used, shall satisfy the requirements
of Specification Chapter I. Welded reinforcement anchors, if used, shall satisfy
the requirements of Structural Welding Code-Reinforcing Steel (AWS Dl.4/
Dl .4M).

Sb. Coupling Beams 

1. Structural Steel Coupling Beams

Structural steel coupling beams that are used between adjacent reinforced con
crete walls shall satisfy the requirements of the Specification and this section.
The following requirements apply to wide-flange steel coupling beams.

(a) Steel coupling beams shall be designed in accordance with Chapters F and
G of the Specification.

(b) The available connection shear strength, cp Vn,connection, shall be computed
from Equations H4-l and H4-1M, with cp = 0.90.

( )0.66 [ ]
, bw 0.58 - 0.22�1 

Vn,connection = I.54J}'[ - �JbfLe 
b1 o.ss+-1L 

2Le 
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( )0.66 [ ]
, bw o.s8 - o.22p1 V,,,connection = 4.04.Jl[ - P1bJLe 

bj 0.88+ 
2Le 

9.1-111 

(H4-1M) 

Le = embedment length of coupling beam measured from the face of the 
wall, in. (mm) 

bw = thickness of wall pier, in. (mm) 
ht = width of beam flange, in. (mm) 
fd = specified compressive strength of concrete, ksi (MPa) 
P1 = factor relating depth of equivalent rectangular compressive stress 

block to neutral axis depth, as defined in ACI 318 
g = clear span of coupling beam, in. (mm) 

( c) Vertical wall reinforcement with nominal axial strength equal to the required
shear strength of the coupling beam shall be placed over the embedment
length of the beam with two-thirds of the steel located over the first half of
the embedment length. This wall reinforcement shall extend a distance of
at least one tension development length above and below the flanges of the
coupling beam. It is permitted to use vertical reinforcement placed for other
purposes, such as for vertical boundary members, as part of the required
vertical reinforcement.

2. Composite Coupling Beams

Encased composite sections serving as coupling beams shall satisfy the follow
ing requirements:

(a) Coupling beams shall have an embedment length into the reinforced con
crete wall that is sufficient to develop the required shear strength, where the
connection strength is calculated with Equation H4- l or H4- l M.

The available shear strength of the composite beam, <pV11.comp, is computed
from Equation H4-2 and H4-2M, with cp = 0.90.

(H4-2) 

(H4-2M) 

where 
Asr = area of transverse reinforcement, in.2 (mm2) 

Fysr = specified minimum yield stress of transverse reinforcement, ksi (MPa) 
VP = 0.6FyAw, kips (N) 
Aw = area of steel beam web, in.2 (mm2)
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bwc = width of concrete encasement, in. (mm) 
de = effective depth of concrete encasement, in. (mm) 
s = spacing of transverse reinforcement, in. (mm) 

[Sect. HS. 

Sc. Protected Zones 

There are no designated protected zones. 

6. Connections

There are no additional requirements beyond Section H4.5.

6a. Demand Critical Welds

There are no requirements specific to this system.

HS. COMPOSITE SPECIAL SHEAR WALLS (C-SSW) 

1. Scope

Composite special shear walls (C-SSW) shall be designed in conformance with this
section. This section is applicable when reinforced concrete walls are composite with
structural steel elements, including structural steel or composite sections acting as
boundary members for the walls and structural steel or composite coupling beams
that connect two or more adjacent reinforced concrete walls.

2. Basis of Design

C-SSW designed in accordance with these provisions are expected to provide sig
nificant inelastic deformation capacity through yielding in the reinforced concrete
walls and the steel or composite elements. Reinforced concrete wall elements shall
be designed to provide inelastic deformations at the design story drift consistent with
ACI 318 including Chapter 18. Structural steel and composite coupling beams shall
be designed to provide inelastic deformations at the design story drift through yield
ing in flexure or shear. Coupling beam connections and the design of the walls shall
be designed to account for the expected strength including strain hardening in the
coupling beams. Structural steel and composite boundary elements shall be designed
to provide inelastic deformations at the design story drift through yielding due to
axial force.

C-SSW systems shall satisfy the requirements of Section H4 and the shear wall
requirements of ACI 318 including Chapter 18, except as modified in this section.

User Note: Steel coupling beams can be proportioned to be shear-critical or 
flexural-critical. Coupling beams with lengths g :S: l.6M

p
/V

p 
can be assumed to be 

shear-critical, where g, Mp and V
p 

are defined in Section H4.5b. l .  Coupling beams 
with lengths g ;:=: 2.6Mp/V

p 
may be considered to be flexure-critical. Coupling 

beam lengths between these two values are considered to yield in flexure and shear 
simultaneously. 
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Analysis requirements of Section H4.3 shall be met with the following exceptions:

(a) Cracked effective stiffness values for elastic analysis shall be assigned in accor

dance with ACI 318 Chapter 6 practice for wall piers and composite coupling

beams.

(b) Effects of shear distortion of the steel coupling beam shall be taken into account.

4. System Requirements

In addition to the system requirements of Section H4.4, the following shall be

satisfied:

(a) In coupled walls, coupling beams shall yield over the height of the structure

followed by yielding at the base of the wall piers.

(b) In coupled walls, the axial design strength of the wall at the balanced condition,

Pb, shall equal or exceed the total required compressive axial strength in a wall

pier, computed as the sum of the required strengths attributed to the walls from

the gravity load components of the lateral load combination plus the sum of the

expected beam shear strengths increased by a factor of 1.1 to reflect the effects

of strain hardening of all the coupling beams framing into the walls.

5. Members

Sa. Ductile Elements

Welding on steel coupling beams is permitted for attachment of stiffeners, as required

in Section F3.5b.4.

Sb. Boundary Members

Un encased structural steel columns shall satisfy the requirements of Section D 1.1 for

highly ductile members and Section H4.5a(a).

In addition to the requirements of Sections H4.3(b) and H4.5a(b), the requirements

in this section shall apply to walls with concrete-encased structural steel bound

ary members. Concrete-encased structural steel boundary members that qualify as

composite columns in Specification Chapter I shall meet the highly ductile mem

ber requirements of Section D 1.4b.2. Otherwise, such members shall be designed as

composite compression members to satisfy the requirements of ACI 318, including

the special seismic requirements for boundary members in ACI 318 Section 18.10.6.

Transverse reinforcement for confinement of the composite boundary member shall

extend a distance of 2h into the wall, where h is the overall depth of the boundary

member in the plane of the wall.

Headed studs or welded reinforcing anchors shall be provided as specified in Section

H4.5a(c).
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Vertical wall reinforcement as specified in Section H4.5b. l ( c) shall be confined by 
transverse reinforcement that meets the requirements for boundary members of ACI 
318 Section 18.10.6. 

Sc. Steel Coupling Beams 

The design and detailing of steel coupling beams shall satisfy the following: 

(a) The embedment length, Le, of the coupling beam shall be computed from Equa
tions H5-1 and H5-1M.

where 

V,, = l .54ff(!w )0.66 P1bJLe[
0.58-0.22P1

] 
f 0.88+ 

2Le 

V,, = 4.04f}7(b
� )

0.66 P1bJLe[
0.58-0.22P1

] 
b1 0.88+ 

2Le 

(H5-1) 

(H5-1M) 

Le = embedment length of coupling beam, considered to begin inside the 
first layer of confining reinforcement, nearest to the edge of the wall, 
in the wall boundary member, in, (mm) 

g = clear span of the coupling beam plus the wall concrete cover at each 
end of the beam, in, (mm) 

V11 = expected shear strength 
Equation H5-2, kips (N) 

of a steel coupling beam computed from 

where 

= 

2(1.IR
y 

)M
p :s; (1.IR

y 
)V

p 

g 

A1w
= area of steel beam web, in.2 (mm2)

F
y 

= specified minimum yield stress, ksi (MPa) 
M

p
= F

y
Z, kip-in. (N-mm) 

V
p 

= 0.6F
y
Atw, kips (N) 

Z = plastic section modulus about the axis of bending, in.3 (mm3)

(H5-2) 

(b) Structural steel coupling beams shall satisfy the requirements of Section F3.5b,
except that for built-up cross sections, the flange-to-web welds are permitted
to be made with two-sided fillet, partial-joint-penetration, or complete-joint
penetration groove welds that develop the expected strength of the beam. When
required in Section F3.5b.4, the coupling beam rotation shall be assumed as a
0.08 rad link rotation unless a smaller value is justified by rational analysis of
the inelastic deformations that are expected under the design story drift. Face
bearing plates shall be provided on both sides of the coupling beams at the face
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of the reinforced concrete wall. These plates shall meet the detailing require
ments of Section F3.5b.4. 

( c) Steel coupling beams shall comply with the requirements of Section D 1.1 for
highly ductile members. Flanges of coupling beams with I-shaped sections with
g S:: l.6Mp/Vp are permitted to satisfy the requirements for moderately ductile
members.

( d) Embedded steel members shall be provided with two regions of vertical transfer
reinforcement attached to both the top and bottom flanges of the embedded
member. The first region shall be located to coincide with the location of longi
tudinal wall reinforcing bars closest to the face of the wall. The second region
shall be placed a distance no less than d/2 from the termination of the embed
ment length. All transfer reinforcement bars shall be fully developed where they
engage the coupling beam flanges. It is permitted to use straight, hooked or
mechanical anchorage to provide development. It is permitted to use mechani
cal couplers welded to the flanges to attach the vertical transfer bars. The area
of vertical transfer reinforcement required is computed by Equation H5-3:

(H5-3) 

where 
Aib = area of transfer reinforcement required in each of the first and second 

regions attached to each of the top and bottom flanges, in.2 (mm2) 

Fysr = specified minimum yield stress of transfer reinforcement, ksi (MPa) 
hf = width of beam flange, in. (mm) 
f�- = specified compressive strength of concrete, ksi (MPa) 

The area of vertical transfer reinforcement shall not exceed that computed by 
Equation H5-4: 

(H5-4) 

where 
2Arb = total area of transfer reinforcement provided in both the first and 

second regions attached to either the top or bottom flange, in. 2 (mm2)

Air = area of longitudinal wall reinforcement provided over the embedment 
length, Le, in.2 (mm2)

hw = width of wall, in. (mm) 

5d. Composite Coupling Beams 

Encased composite sections serving as coupling beams shall satisfy the requirements 
of Section H5.5c, except the requirements of Section F3.5b.4 need not be met, and 
Equation H5-5 or H5-5M shall be used instead of Equation H4-2 or H4-2M. For all 
encased composite coupling beams, the limiting expected shear strength, Vcomp, is: 
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(H5-5M) 

Fysr = specified minimum yield stress of transverse reinforcement, ksi 

(MPa) 

Re = factor to account for expected strength of concrete = 1.5 

Ryr = ratio of the expected yield stress of the transverse reinforcement 

material to the specified minimum yield stress, Fysr 

Se. Protected Zones 

The clear span of the coupling beam between the faces of the shear walls shall be 

designated as a protected zone and shall satisfy the requirements of Section Dl.3. 

Attachment of stiffeners, and face bearing plates as required by Section H5.5c(b), 

are permitted. 

6. Connections

6a. Demand Critical Welds

The following welds are demand critical welds and shall meet the requirements of

Section A3.4b and 12.3.

(a) Groove welds at column splices

(b) Welds at the column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are satisfied.

(1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

6b. Column Splices 

Column splices shall be designed in accordance with the requirements of Section 

G2.6f. 

H6. COMPOSITE PLATE SHEAR WALLS-CONCRETE ENCASED 

(C-PSW/CE) 

1. Scope

Composite plate shear walls-concrete encased (C-PSW/CE) shall be designed in

accordance with this section. C-PSW/CE consist of steel plates with reinforced con

crete encasement on one or both sides of the plate and structural steel or composite

boundary members.
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C-PSW/CE designed in accordance with these provisions are expected to provide

significant inelastic deformation capacity through yielding in the plate webs. The

horizontal boundary elements (HBE) and vertical boundary elements (VBE) adja

cent to the composite webs shall be designed to remain essentially elastic under the

maximum forces that can be generated by the fully yielded steel webs along with

the reinforced concrete webs after the steel web has fully yielded, except that plastic

hinging at the ends of HBE is permitted.

3. Analysis

3a. Webs

The analysis shall account for openings in the web.

3b. Other Members and Connections

Columns, beams and connections in C-PSW/CE shall be designed to resist seismic

forces determined from an analysis that includes the expected strength of the steel

webs in shear, 0.6R
y
F

y
A.,p, and any reinforced concrete portions of the wall active at

the design story drift,

where

A.,p = horizontal area of the stiffened steel plate, in.2 (mm2) 

F
y 

= specified minimum yield stress, ksi (MPa) 
R

y
= ratio of the expected yield stress to the specified minimum yield stress, F

y 

The VBE are permitted to yield at the base. 

4. System Requirements

4a. Steel Plate Thickness

Steel plates with thickness less than¾ in. (10 mm) are not permitted.

4b. Stiffness of Vertical Boundary Elements

The VBEs shall satisfy the requirements of Section F5.4a.

4c. HBE-to-VBE Connection Moment Ratio

The beam-column moment ratio shall satisfy the requirements of Section F5.4b.

4d. Bracing

HBE shall be braced to satisfy the requirements for moderately ductile members.

4e. Openings in Webs

Boundary members shall be provided around openings in shear wall webs as required
by analysis.

5. Members
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Sa. Basic Requirements 

Steel and composite HBE and VBE shall satisfy the requirements of Section D 1.1 for 

highly ductile members. 

Sb. Webs 

The design shear strength, qi V11, for the limit state of shear yielding with a composite 

plate conforming to Section H6.5c, shall be: 

qi= 0.90 (LRFD) 

where 

F
y 

= specified minimum yield stress of the plate, ksi (MPa) 

Asp = horizontal area of the stiffened steel plate, in.2 (mm2)

(H6-l) 

The available shear strength of C-PSW/CE with a plate that does not meet the stiff

ening requirements in Section H6.5c shall be based upon the strength of the plate 

determined in accordance with Section F5.5 and shall satisfy the requirements of 

Specification Section 02. 

Sc. Concrete Stiffening Elements 

The steel plate shall be stiffened by encasement or attachment to a reinforced con

crete panel. Conformance to this requirement shall be demonstrated with an elastic 

plate buckling analysis showing that the composite wall is able to resist a nominal 

shear force equal to V11, as determined in Section H6.5b. 

The concrete thickness shall be a minimum of 4 in. (100 mm) on each side when con

crete is provided on both sides of the steel plate and 8 in. (200 mm) when concrete is 

provided on one side of the steel plate. Steel headed stud anchors or other mechanical 

connectors shall be provided to prevent local buckling and separation of the plate and 

reinforced concrete. Horizontal and vertical reinforcement shall be provided in the 

concrete encasement to meet or exceed the requirements in ACI 318 Sections 11.6 

and 11.7. The reinforcement ratio in both directions shall not be less than 0.0025. The 

maximum spacing between bars shall not exceed 18 in. (450 mm). 

Sd. Boundary Members 

Structural steel and composite boundary members shall be designed to resist the 

expected shear strength of steel plate and any reinforced concrete portions of the wall 

active at the design story drift. Composite and reinforced concrete boundary mem

bers shall also satisfy the requirements of Section HS.Sb. Steel boundary members 

shall also satisfy the requirements of Section F5. 

Se. Protected Zones 

There are no designated protected zones. 
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6. Connections
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6a. Demand Critical Welds
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The following welds are demand critical welds and shall satisfy the requirements of

Section A3.4b and 12.3:

(a) Groove welds at column splices

(b) Welds at the column-to-base plate connections

Exception: Welds need not be considered demand critical when both of the fol

lowing conditions are met.

( 1) Column hinging at, or near, the base plate is precluded by conditions of

restraint.

(2) There is no net tension under load combinations including the overstrength

seismic load.

( c) Welds at HBE-to-VBE connections

6b. HBE-to-VBE Connections 

HBE-to-VBE connections shall satisfy the requirements of Section F5.6b. 

6c. Connections of Steel Plate to Boundary Elements 

The steel plate shall be continuously welded or bolted on all edges to the structural 

steel framing and/or steel boundary members, or the steel component of the com

posite boundary members. Welds and/or slip-critical high-strength bolts required to 

develop the nominal shear strength of the plate shall be provided. 

6d. Connections of Steel Plate to Reinforced Concrete Panel 

The steel anchors between the steel plate and the reinforced concrete panel shall be 

designed to prevent its overall buckling. Steel anchors shall be designed to satisfy the 

following conditions: 

1. Tension in the Connector

The steel anchor shall be designed to resist the tension force resulting from

inelastic local buckling of the steel plate.

2. Shear in the Connector

The steel anchors collectively shall be designed to transfer the expected strength

in shear of the steel plate or reinforced concrete panel, whichever is smaller.

6e. Column Splices 

In addition to the requirements of Section D2.5, column splices shall comply with 

the requirements of this section. Where welds are used to make the splice, they shall 
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be complete-joint-penetration groove welds. When column splices are not made with 
groove welds, they shall have a required flexural strength that is at least equal to the 
plastic flexural strength, M

p
cc, of the smaller composite column. The required shear 

strength of column web splices shall be at least equal to 2..M
p
cc/H, where 2..M

pcc is 
the sum of the plastic flexural strengths at the top and bottom ends of the composite 
column and H is the height of story. For composite columns, the plastic flexural 
strength shall satisfy the requirements of Specification Chapter I with consideration 
of the required axial strength, Pre· 

H7. COMPOSITE PLATE SHEAR WALLS-CONCRETE FILLED 

(C-PSW/CF) 

1. Scope

Composite plate shear walls-concrete filled (C-PSW/CF) shall be designed in con
formance with this section. This section is applicable to composite plate shear walls
that consist of two planar steel web plates with concrete fill between the plates, with
or without boundary elements. Composite action between the plates and concrete fill
shall be achieved using either tie bars or a combination of tie bars and shear studs.
The two steel web plates shall be of equal thickness and shall be placed at a constant
distance from each other and connected using tie bars. When boundary members are
included, they shall be either a half circular section of diameter equal to the distance
between the two web plates or a circular concrete-filled steel tube.

2. Basis of Design

C-PSW/CF with boundary elements, designed in accordance with these provisions,
are expected to provide significant inelastic deformation capacity through developing
plastic moment strength of the composite C-PSW /CF cross section, by yielding of the
entire skin plate and the concrete attaining its compressive strength. The cross section
shall be detailed such that it is able to attain its plastic moment strength. Shear yield
ing of the steel web skin plates shall not be the governing mechanism.

C-PSW/CF without boundary elements designed in accordance to these provisions
are expected to provide inelastic deformation capacity by developing yield moment
strength of the composite C-PSW/CF cross section, by flexural tension yielding of
the steel plates. The walls shall be detailed such that flexural compression yielding
occurs before local buckling of the steel plates.

3. Analysis

Analysis shall satisfy the following:

(a) Effective flexural stiffness of the wall shall be calculated per Specification

Equation I2- l 2, with C3 taken equal to 0.40.

(b) The shear stiffness of the wall shall be calculated using the shear stiffness of the
composite cross section.
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The maximum spacing of tie bars in vertical and horizontal directions, w1, shall be:

where 

W1 = I.St Cf 
� F

y 

E = modulus of elasticity of steel= 29,000 ksi (200 000 MPa) 
F

y 
= specified minimum yield stress, ksi (MPa) 

t = thickness of the steel web plate, in. (mm) 

(H7-l ) 

When tie bars are welded with the web plate, the thickness of the plate shall develop 
the tension strength of the tie bars. 

4b. Steel Plate of C-PSW/CF without Boundary Elements 

The maximum spacing of tie bars in vertical and horizontal directions, w1, shall be: 

where 

w1 = l.Ot Cf
� Fy 

t = thickness of the steel web plate, in. (mm) 

(H7-2) 

4c. Half Circular or Full Circular End of C-PSW/CF with Boundary Elements 

The D/tHss ratio for the circular part of the C-PSW/CF cross section shall conform to: 

where 

D E -�0.044-
lHSs F

y 

D = outside diameter of round HSS, in. (mm) 
tHSs = thickness of HSS, in. (mm) 

(H7-3) 

4d. Spacing of Tie Bars in C-PSW/CF with or without Boundary Elements 

Tie bars shall be distributed in both vertical and horizontal directions, as specified in 
Equations H7-l and H7-2. 

4e. Tie Bar Diameter in C-PSW/CF with or without Boundary Elements 

Tie bars shall be designed to elastically resist the tension force, Treq, determined as 
follows: 
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T1 is the tension force resulting from the locally buckled web plates developing plas
tic hinges on horizontal yield lines along the tie bars and at mid-vertical distance 
between tie-bars, and is determined as follows: 

where 
ts = thickness of steel web plate provided, in. (mm)
w1, w2 = vertical and horizontal spacing of tie bars, respectively, in. (mm)

(H7-5) 

T2 is the tension force that develops to prevent splitting of the concrete element on a 
plane parallel to the steel plate. 

T2 = ( tsFy,�are
tw )( :� )[

6 
2 l

1s(�) +l 
Wmm 

where 
tw = total thickness of wall, in. (mm) 
Wmin = minimum of w1 and w2, in. (mm) 

(H7-6)

4f. Connection between Tie Bars and Steel Plates 

Connection of the tie bars to the steel plate shall be able to develop the full tension 
strength of the tie bar. 

4g. Connection between C-PSW/CF Steel Components 

Welds between the steel web plate and the half-circular or full-circular ends of the 
cross section shall be complete-joint-penetration groove welds. 

4h. C-PSW/CF and Foundation Connection

The connection between C-PSW/CF and the foundation shall be detailed such that 
the connection is able to transfer the base shear force and the axial force acting 
together with the overturning moment, corresponding to 1.1 times the plastic com
posite flexural strength of the wall, where the plastic flexural composite strength is 
obtained by the plastic stress distribution method described in Specification Section 
II .2a assuming that the steel components have reached a stress equal to the expected 
yield strength, Ry

F
y
, in either tension or compression and that concrete components 

in compression due to axial force and flexure have reached a stress off;.

5. Members

Sa. Flexural Strength 

The nominal plastic moment strength of the C-PSW/CF with boundary elements 
shall be calculated considering that all the concrete in compression has reached its 
specified compressive strength, f ;, and that the steel in tension and compression has 
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reached its specified minimum yield strength, F
y
, as determined based on the location 

of the plastic neutral axis. 

The nominal moment strength of the C-PSW/CF without boundary elements shall 
be calculated as the yield moment, M

y
, corresponding to yielding of the steel plate in 

flexural tension and first yield in flexural compression. The strength at first yield shall 
be calculated assuming a linear elastic stress distribution with maximum concrete 
compressive stress limited to 0.7 f; and maximum steel stress limited to F

y
. 

User Note: The definition and calculation of the yield moment, My, for C-PSW I 
CF without boundary elements is very similar to the definition and calculation 
of yield moment, M

y
, for noncompact filled composite members in Specification

Section I3.4b(b). 

Sb. Shear Strength 

The available shear strength of C-PSW/CF shall be determined as follows: 

(a) The design shear strength, <J>Vn;, of the C-PSW /CF with boundary elements shall
be determined as follows:

where 
K = 1.11 - 5.16p :s:; 1.0 

<j> = 0.90 (LRFD) 

p = strength adjusted reinforcement ratio 

Acw.Jl,OOOf/ 

I AswF
yw 

12 Acw .Jll 

Asw = area of steel web plates, in.2 (mm2) 

Acw = area of concrete between web plates, in.2 (mm2) 

F
yw = specified minimum yield stress of web skin plates, ksi (MPa) 

f; = specified compressive strength of concrete, ksi (MPa) 

User Note: For most cases, 0.9 :s:; K :s:; 1.0. 

(H7-7) 

(H7-8) 

(H7-9) 

(H7-9M) 

(b) The nominal shear strength of the C-PSW /CF without boundary elements shall
be calculated for the steel plates alone, in accordance with Section D1.4c.

Seismic Provisionsfor Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-124 

CHAPTERI 

FABRICATION AND ERECTION 

This chapter addresses requirements for fabrication and erection. 

User Note: All requirements of Specification Chapter M also apply, unless specifically 

modified by these Provisions. 

The chapter is organized as follows: 

II. Shop and Erection Drawings

12. Fabrication and Erection

11. SHOP AND ERECTION DRAWINGS

1. Shop Drawings for Steel Construction

Shop drawings shall indicate the work to be performed, and include items required

by the Specification, the AISC Code of Standard Practice for Steel Buildings and

Bridges, the applicable building code, the requirements of Sections A4. l and A4.2,

and the following, as applicable:

(a) Locations of pretensioned bolts

(b) Locations of Class A, or higher, faying surfaces

(c) Gusset plates drawn to scale when they are designed to accommodate inelastic

rotation

( d) Weld access hole dimensions, surface profile and finish requirements

(e) Nondestructive testing (NDT) where performed by the fabricator

2. Erection Drawings for Steel Construction

Erection drawings shall indicate the work to be performed, and include items required

by the Specification, the AISC Code of Standard Practice for Steel Buildings and

Bridges, the applicable building code, the requirements of Sections A4. l and A4.2,

and the following, as applicable:

(a) Locations of pretensioned bolts

(b) Those joints or groups of joints in which a specific assembly order, welding

sequence, welding technique or other special precautions are required

3. Shop and Erection Drawings for Composite Construction

Shop drawings and erection drawings for the steel components of composite steel

concrete construction shall satisfy the requirements of Sections II .1 and I 1.2. The
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shop drawings and erection drawings shall also satisfy the requirements of Section 

A4.3. 

User Note: For reinforced concrete and composite steel-concrete construction, 

the provisions of ACI 315 Details and Detailing of Concrete Reinforcement and 

ACI 315R Manual of Engineering and Placing Drawings for Reinforced Concrete 

Structures apply. 

12. FABRICATION AND ERECTION

1. Protected Zone

A protected zone designated by these Provisions or ANSI /AISC 358 shall comply

with the following requirements:

(a) Within the protected zone, holes, tack welds, erection aids, air-arc gouging,

and unspecified thermal cutting from fabrication or erection operations shall be

repaired as required by the engineer of record.

(b) Steel headed stud anchors shall not be placed on beam flanges within the pro

tected zone.

(c) Arc spot welds as required to attach decking are permitted.

( d) Decking attachments that penetrate the beam flange shall not be placed on beam

flanges within the protected zone, except power-actuated fasteners up to 0.18 in.

diameter are permitted.

( e) Welded, bolted, or screwed attachments or power-actuated fasteners for

perimeter edge angles, exterior facades, partitions, duct work, piping or other

construction shall not be placed within the protected zone.

Exception: Other attachments are permitted where designated or approved by the 

engineer of record. See Section D 1.3. 

User Note: AWS Dl.8/Dl.8M clause 6.18 contains requirements for weld 

removal and the repair of gouges and notches in the protected zone. 

2. Bolted Joints

Bolted joints shall satisfy the requirements of Section D2.2.

3. Welded Joints

Welding and welded connections shall be in accordance with AWS D 1.8/D I .SM and

Structural Welding Code-Steel (AWS Dl.1/Dl.lM), hereafter referred to as AWS

Dl.1/Dl.lM.

Welding procedure specifications (WPS) shall be approved by the engineer of record.
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Weld tabs shall be in accordance with A WS DI .SID I .SM clause 6.10, except at the 
outboard ends of continuity-plate-to-column welds, weld tabs and weld metal need 
not be removed closer than ¼ in. (6 mm) from the continuity plate edge. 

AWS DI .SID] .SM clauses relating to fabrication shall apply equally to shop fabrica
tion welding and to field erection welding. 

User Note: AWS Dl.S/Dl.SM was specifically written to provide additional 
requirements for the welding of seismic force-resisting systems, and has been 
coordinated wherever possible with these Provisions. AWS Dl.S/Dl.SM 
requirements related to fabrication and erection are organized as follows, including 
normative (mandatory) annexes: 

1. General Requirements
2. Normative References
3. Terms and Definitions
4. Welded Connection Details
5. Welder Qualification

6. Fabrication

Annex A. WPS Heat Input Envelope Testing of Filler Metals for Demand Critical
Welds 

Annex B. Intermix CVN Testing of Filler Metal Combinations (where one of the 
filler metals is FCA W-S) 

Annex D. Supplemental Welder Qualification for Restricted Access Welding 
Annex E. Supplemental Testing for Extended Exposure Limits for FCA W Filler 

Metals 

At continuity plates, these Provisions permit a limited amount of weld tab material 
to remain because of the reduced strains at continuity plates, and any remaining 
weld discontinuities in this weld end region would likely be of little significance. 
Also, weld tab removal sites at continuity plates are not subjected to MT. 

AWS Dl.S/Dl.SM clause 6 is entitled "Fabrication," but the intent of AWS is 
that all provisions of AWS Dl.S/Dl.SM apply equally to fabrication and erection 
activities as described in the Specification and in these Provisions. 

4. Continuity Plates and Stiffeners

Corners of continuity plates and stiffeners placed in the webs of rolled shapes shall be
detailed in accordance with AWS D l .S/D I .SM clause 4.1.
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CHAPTER J 

QUALITY CONTROL AND QUALITY ASSURANCE 

This chapter addresses requirements for quality control and quality assurance. 

User Note: All requirements of Specification Chapter N also apply, unless specifically 

modified by these Provisions. 

The chapter is organized as follows: 

J l .  Scope 

J2. Fabricator and Erector Documents 

J3. Quality Assurance Agency Documents 

J4. Inspection and Nondestructive Testing Personnel 

J5. Inspection Tasks 

J6. Welding Inspection and Nondestructive Testing 

J7. Inspection of High-Strength Bolting 

JS. Other Steel Structure Inspections 

J9. Inspection of Composite Structures 

JlO. Inspection of Piling 

Jl. SCOPE 

Quality Control (QC) as specified in this chapter shall be provided by the fabrica

tor, erector or other responsible contractor as applicable. Quality Assurance (QA) 

as specified in this chapter shall be provided by others when required by the author

ity having jurisdiction (AHJ), applicable building code (ABC), purchaser, owner or 

engineer of record (EOR). Nondestructive testing (NDT) shall be performed by the 

agency or firm responsible for Quality Assurance, except as permitted in accordance 

with Specification Section N6. 

User Note: The quality assurance plan of this section is considered adequate and 

effective for most seismic force-resisting systems and should be used without 

modification. The quality assurance plan is intended to ensure that the seismic 

force resisting system is significantly free of defects that would greatly reduce 

the ductility of the system. There may be cases (for example, nonredundant major 

transfer members, or where work is performed in a location that is difficult to 

access) where supplemental testing might be advisable. Additionally, where the 

fabricator's or erector's quality control program has demonstrated the capability 

to perform some tasks this plan has assigned to quality assurance, modification of 

the plan could be considered. 
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J2. FABRICATOR AND ERECTOR DOCUMENTS 

1. Documents to be Submitted for Steel Construction

In addition to the requirements of Spec(fication Section N3. l ,  the following docu

ments shall be submitted for review by the EOR or the EOR's designee, prior to

fabrication or erection of the affected work, as applicable:

(a) Welding procedure specifications (WPS)

(b) Copies of the manufacturer's typical certificate of conformance for all elec

trodes, fluxes and shielding gasses to be used

(c) For demand critical welds, applicable manufacturer's certifications that the

filler metal meets the supplemental notch toughness requirements, as appli

cable. When the filler metal manufacturer does not supply such supplemental

certifications, the fabricator or erector, as applicable, shall have the necessary

testing performed and provide the applicable test reports

(d) Manufacturer's product data sheets or catalog data for shielded metal arc weld

ing (SMAW), flux cored arc welding (FCAW), and gas metal arc welding

(GMAW) composite (cored) filler metals to be used

(e) Bolt installation procedures

(f) Specific assembly order, welding sequence, welding technique, or other special

precautions for joints or groups of joints where such items are designated to be

submitted to the engineer of record

2. Documents to be Available for Review for Steel Construction

Additional documents as required by the EOR in the contract documents shall be

available by the fabricator and erector for review by the EOR or the EOR's designee

prior to fabrication or erection, as applicable.

The fabricator and erector shall retain their document(s) for at least one year after

substantial completion of construction.

3. Documents to be Submitted for Composite Construction

The following documents shall be submitted by the responsible contractor for review

by the EOR or the EOR's designee, prior to concrete production or placement, as

applicable:

(a) Concrete mix design and test reports for the mix design

(b) Reinforcing steel shop drawings

( c) Concrete placement sequences, techniques and restriction

4. Documents to be Available for Review for Composite Construction

The following documents shall be available from the responsible contractor for

review by the EOR or the EOR's designee prior to fabrication or erection, as appli

cable, unless specified to be submitted:
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(a) Material test reports for reinforcing steel

(b) Inspection procedures

(c) Nonconformance procedure

(d) Material control procedure

9.1-129 

(e) Welder performance qualification records (WPQR) as required by Structural

Welding Code-Reinforcing Steel (AWS Dl.4/D1.4M)

(f) QC Inspector qualifications

The responsible contractor shall retain their document(s) for at least one year after 

substantial completion of construction. 

J3. QUALITY ASSURANCE AGENCY DOCUMENTS 

The agency responsible for quality assurance shall submit the following documents 

to the authority having jurisdiction, the EOR, and the owner or owner's designee: 

(a) QA agency's written practices for the monitoring and control of the agency's

operations. The written practice shall include:

(1) The agency's procedures for the selection and administration of inspection

personnel, describing the training, experience and examination require

ments for qualification and certification of inspection personnel; and

(2) The agency's inspection procedures, including general inspection, material

controls, and visual welding inspection

(b) Qualifications of management and QA personnel designated for the project

( c) Qualification records for inspectors and NDT technicians designated for the

project

( d) NDT procedures and equipment calibration records for NDT to be performed

and equipment to be used for the project

( e) For composite construction, concrete testing procedures and equipment

J4. INSPECTION AND NONDESTRUCTIVE TESTING PERSONNEL 

In addition to the requirements of Specification Sections N4. l and N4.2, visual weld

ing inspection and NDT shall be conducted by personnel qualified in accordance with 

AWS D1.8/Dl.8M clause 7.2. In addition to the requirements of Specification Sec

tion N4.3, ultrasonic testing technicians shall be qualified in accordance with AWS 

D1.8/Dl.8M clause 7.2.4. 

User Note: The recommendations of the International Code Council Model 

Program for Special Inspection should be considered a minimum requirement to 

establish the qualifications of a bolting inspector. 
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JS. INSPECTION TASKS 

Inspection tasks and documentation for QC and QA for the seismic force-resisting 

system (SFRS) shall be as provided in the tables in Sections J6, J7, JS, J9 and JlO. 

The following entries are used in the tables: 

1. Observe (0)

The inspector shall observe these functions on a random, daily basis. Operations need

not be delayed pending observations.

2. Perform (P)

These inspections shall be performed prior to the final acceptance of the item.

3. Document (D)

The inspector shall prepare reports indicating that the work has been performed in

accordance with the contract documents. The report need not provide detailed mea

surements for joint fit-up, WPS settings, completed welds, or other individual items

listed in the tables. For shop fabrication, the report shall indicate the piece mark of

the piece inspected. For field work, the report shall indicate the reference grid lines

and floor or elevation inspected. Work not in compliance with the contract documents

and whether the noncompliance has been satisfactorily repaired shall be noted in the

inspection report.

4. Coordinated Inspection

Where a task is stipulated to be performed by both QC and QA, coordination of the

inspection function between QC and QA is permitted in accordance with Specifica

tion Section N5.3.

J6. WELDING INSPECTION AND NONDESTRUCTIVE TESTING

Welding inspection and nondestructive testing shall satisfy the requirements of the

Specification, this section and AWS DI.SID I.SM.

User Note: AWS Dl.S/Dl.SM was specifically written to provide additional 

requirements for the welding of seismic force resisting systems, and has been 

coordinated when possible with these Provisions. AWS D l .S/D I .SM requirements 

related to inspection and nondestructive testing are organized as follows, including 

normative (mandatory) annexes: 

1. General Requirements

7. Inspection

Annex F. Supplemental Ultrasonic Technician Testing

Annex G. Supplemental Magnetic Particle Testing Procedures

Annex H. Flaw Sizing by Ultrasonic Testing
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All requirements of the Specification shall apply, except as specifically modified by

AWS Dl.8/D1.8M.

Visual welding inspection shall be performed by both quality control and quality

assurance personnel. As a minimum, tasks shall be as listed in Tables J6.1, J6.2 and

16.3.

2. NDT of Welded Joints

In addition to the requirements of Specification Section N5.5, nondestructive testing

of welded joints shall be as required in this section.

2a. CJP Groove Weld NDT

Ultrasonic testing (UT) shall be performed on 100% of complete-joint-penetration

(CJP) groove welds in materials 5/16 in. (8 mm) thick or greater. UT in materials less

than 5/16 in. (8 mm) thick is not required. Weld discontinuities shall be accepted or

rejected on the basis of AWS D 1.1 /D 1.1 M Table 6.2. Magnetic particle testing (MT)

shall be performed on 25% of all beam-to-column CJP groove welds. The rate of

UT and MT is permitted to be reduced in accordance with Sections J6.2g and J6.2h,

respectively.

Exception: For ordinary moment frames in structures in risk categories I or II, UT and

MT of CJP groove welds are required only for demand critical welds.

User Note: For structures in risk category III or IV, Specification Section NS.Sb 

requires that the UT be performed by QA on all CJP groove welds subject to 

transversely applied tension loading in butt, T- and comer joints, in material 3/16 in. 

(8 mm) thick or greater. 

2b. Column Splice and Column to Base Plate PJP Groove Weld NDT 

UT shall be performed by QA on 100% of partial-joint-penetration (PJP) groove 

welds in column splices and column to base plate welds. The rate of UT is permitted 

to be reduced in accordance with Section J6.2g. 

UT shall be performed using written procedures and UT technicians qualified in 

accordance with AWS D 1.8/D 1.8M. The weld joint mock-ups used to qualify proce

dures and technicians shall include at least one single-bevel PJP groove welded joint 

and one double-bevel PJP groove welded joint, detailed to provide transducer access 

limitations similar to those to be encountered at the weld faces and by the column 

web. Rejection of discontinuities outside the groove weld throat shall be consid

ered false indications in procedure and personnel qualification. Procedures qualified 

using mock-ups with artificial flaws 1/16 in. (1.5 mm) in their smallest dimension are

permitted. 
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TABLE J6.1 
Visual Inspection Tasks Prior to Welding 

QC QA 

Visual Inspection Tasks Prior to Welding Task Doc. Task Doc. 

Material identification (Type/Grade) 0 - 0 -

Welder identification system 0 - 0 -

Fit-up of Groove Welds (including joint geometry) 
-Joint preparation
-Dimensions (alignment, root opening, root face, bevel)

P/0** - 0 -

-Cleanliness (condition of steel surfaces)
-Tacking (tack weld quality and location)
-Backing type and fit (if applicable)

Configuration and finish of access holes 0 - 0 -

Fit-up of Fillet Welds 
-Dimensions (alignment, gaps at root)

P/0** - 0 -

-Cleanliness (condition of steel surfaces)
-Tacking (tack weld quality and location)

•• Following performance of this inspection task for ten welds to be made by a given welder, with the welder
demonstrating understanding of requirements and possession of skills and tools to verily these items, the
Perform designation of this task shall be reduced to Observe, and the welder shall perform this task. Should
the inspector determine that the welder has discontinued performance of this task, the task shall be returned to
Perform until such time as the Inspector has re-established adequate assurance that the welder will perform the
inspection tasks listed.

TABLE J6.2 
Visual Inspection Tasks During Welding 

QC 

Visual Inspection Tasks During Welding Task Doc. 

WPS followed 
-Settings on welding equipment
-Travel speed
-Selected welding materials
-Shielding gas type/flow rate 0 -

-Preheat applied
-lnterpass temperature maintained (min/max.)
-Proper position (F, V, H, OH)
-Intermix of filler metals avoided unless approved

Use of qualified welders 0 -

Control and handling of welding consumables 
-Packaging 0 -

-Exposure control

Environmental conditions 
-Wind speed within limits 0 -

-Precipitation and temperature

Welding techniques 
-lnterpass and final cleaning

0 -

-Each pass within profile limitations
-Each pass meets quality requirements

No welding over cracked tacks 0 -
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0 -

0 -

0 -

0 -

0 -
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TABLE J6.3 
Visual Inspection Tasks After Welding 

QC QA 

Visual Inspection Tasks After Welding Task Doc. Task Doc. 

Welds cleaned 0 - 0 -

Size, length, and location of welds p - p -

Welds meet visual acceptance criteria 
-Crack prohibition
-Weld/base-metal fusion
-Crater cross section p D p D 
-Weld profiles and size
-Undercut
-Porosity

k-area1 p D p D 

Placement of reinforcing or contouring fillet welds (if required) p D p D 

Backing removed, weld tabs removed and finished, and fillet 
p D p D 

welds added (if required) 

Repair activities p - p D 

1 When welding of doubler plates, continuity plates or stiffeners has been performed in the k-area, visually
inspect the web k-area for cracks within 3 in. (75 mm) of the weld. The visual inspection shall be performed no 
sooner than 48 hours following completion of the welding. 

UT examination of welds using alternative techniques in compliance with A WS D 1.1/ 

D 1.1 M Annex Q is permitted. 

Weld discontinuities located within the groove weld throat shall be accepted or 

rejected on the basis of criteria of AWS Dl.1/Dl.lM Table 6.2, except when alter

native techniques are used, the criteria shall be as provided in A WS D 1.1 /D 1.1 M 

Annex Q. 

2c. Base Metal NDT for Lamellar Tearing and Laminations 

After joint completion, base metal thicker than 1 ½ in. (38 mm) loaded in tension in 

the through-thickness direction in T- and comer-joints, where the connected material 

is greater than ¾ in. ( 19 mm) and contains CJP groove welds, shall be ultrasonically 

tested for discontinuities behind and adjacent to the fusion line of such welds. Any 

base metal discontinuities found within t/4 of the steel surface shall be accepted or 

rejected on the basis of criteria of AWS Dl.1/Dl.IM Table 6.2, where tis the thick

ness of the part subjected to the through-thickness strain. 

2d. Beam Cope and Access Hole NDT 

At welded splices and connections, thermally cut surfaces of beam copes and access 

holes shall be tested using magnetic particle testing or penetrant testing, when the 

flange thickness exceeds 1 ½ in. (38 mm) for rolled shapes, or when the web thickness 

exceeds 1 ½ in. (38 mm) for built-up shapes. 
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2e. Reduced Beam Section Repair NDT 

MT shall be performed on any weld and adjacent area of the reduced beam section 

(RBS) cut surface that has been repaired by welding, or on the base metal of the RBS 

cut surface if a sharp notch has been removed by grinding. 

2f. Weld Tab Removal Sites 

At the end of welds where weld tabs have been removed, MT shall be performed on 

the same beam-to-column joints receiving UT as required under Section J6.2a. The 

rate of MT is permitted to be reduced in accordance with Section J6.2h. MT of con

tinuity plate weld tab removal sites is not required. 

2g. Reduction of Percentage of Ultrasonic Testing 

The reduction of percentage of UT is permitted to be reduced in accordance with 

Specification Section N5.5e, except no reduction is permitted for demand critical 

welds. 

2h. Reduction of Percentage of Magnetic Particle Testing 

The amount of MT on CJP groove welds is permitted to be reduced if approved by the 

engineer of record and the authority having jurisdiction. The MT rate for an individ

ual welder or welding operator is permitted to be reduced to 10%, provided the reject 

rate is demonstrated to be 5% or less of the welds tested for the welder or welding 

operator. A sampling of at least 20 completed welds for a job shall be made for such 

reduction evaluation. Reject rate is the number of welds containing rejectable defects 

divided by the number of welds completed. This reduction is prohibited on welds in 

the k-area, at repair sites, backing removal sites, and access holes. 

J7. INSPECTION OF HIGH-STRENGTH BOLTING 

Bolting inspection shall satisfy the requirements of Specification Section N5.6 and 

this section. Bolting inspection shall be performed by both quality control and quality 

assurance personnel. As a minimum, the tasks shall be as listed in Tables J7 .1, J7 .2 

and 17.3. 

J8. OTHER STEEL STRUCT URE INSPECTIONS 

Other inspections of the steel structure shall satisfy the requirements of Specification 

Section N5.8 and this section. Such inspections shall be performed by both quality 

control and quality assurance personnel. Where applicable, the inspection tasks listed 

in Table J8. l shall be performed. 

User Note: The protected zone should be inspected by others following 

completion of the work of other trades, including those involving curtainwall, 

mechanical, electrical, plumbing and interior partitions. See Section A4.1. 
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TABLE J7.1 
Inspection Tasks Prior To Bolting 

QC 

Inspection Tasks Prior To Bolting Task Doc. 

Proper fasteners selected for the joint detail 0 -

Proper bolting procedure selected for joint detail 0 -

Connecting elements, including the faying surface condi-
tion and hole preparation, if specified, meet applicable 0 -

requirements 

Pre-installation verification testing by installation personnel 
p D 

observed for fastener assemblies and methods used 

Proper storage provided for bolts, nuts, washers and other 
0 -

fastener components 

TABLE J7.2 
Inspection Tasks During Bolting 

QC 

Inspection Tasks During Bolting Task Doc. 

Fastener assemblies placed in all holes and washers 
0 -

(if required) are positioned as required 

Joint brought to the snug tight condition prior to the 
0 -

pretensioning operation 

Fastener component not turned by the wrench prevented 
0 -

from rotating 

Bolts are pretensioned progressing systematically from the 
0 -

most rigid point toward the free edges 

TABLE J7.3 
Inspection Tasks After Bolting 

QC 

Inspection Tasks After Bolting Task Doc. 

Document accepted and rejected connections p D 

TABLE J8.1 
Other Inspection Tasks 

QC 

Other Inspection Tasks Task Doc 

RBS requirements, if applicable 
-Contour and finish p D 
-Dimensional tolerances

Protected zone-no holes and unapproved attachments made 
p D 

by fabricator or erector, as applicable 
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QA 

Task Doc. 

0 -

0 -

0 -

0 D 

0 -

QA 

Task Doc. 

0 -

0 -

0 -

0 -

QA 

Task Doc. 

p D 

QA 

Task Doc. 

p D 

p D 
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J9. INSPECTION OF COMPOSITE STRUCTURES 

Where applicable, inspection of composite structures shall satisfy the requirements 

of the Specification and this section. These inspections shall be performed by the 

responsible contractor's quality control personnel and by quality assurance personnel. 

Where applicable, inspection of structural steel elements used in composite structures 

shall comply with the requirements of this Chapter. Where applicable, inspection 

of reinforced concrete shall comply with the requirements of ACI 318, and inspec

tion of welded reinforcing steel shall comply with the applicable requirements of 

Section 16.1. 

Where applicable to the type of composite construction, the minimum inspection 

tasks shall be as listed in Tables 19.1, 19.2 and 19.3. 

JlO. INSPECTION OF H-PILES 

Where applicable, inspection of piling shall satisfy the requirements of this section. 

These inspections shall be performed by both the responsible contractor's quality 

control personnel and by quality assurance personnel. Where applicable, the inspec

tion tasks listed in Table JI 0.1 shall be performed. 
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TABLE J9.1 
Inspection of Composite Structures 

Prior to Concrete Placement 

Inspection of Composite Structures Prior to QC 

Concrete Placement Task Doc. 

Material identification of reinforcing steel (Type/Grade) 0 -

Determination of carbon equivalent for reinforcing steel other 
0 -

than ASTM A706/A706M 

Proper reinforcing steel size, spacing and orientation 0 -

Reinforcing steel has not been rebent in the field 0 -

Reinforcing steel has been tied and supported as required 0 -

Required reinforcing steel clearances have been provided 0 -

Composite member has required size 0 -

TABLE J9.2 
Inspection of Composite Structures 

during Concrete Placement 

Inspection of Composite Structures during QC 

Concrete Placement Task Doc. 

Concrete: Material identification (mix design, compressive 
0 D 

strength, maximum large aggregate size, maximum slump) 

Limits on water added at the truck or pump 0 D 

Proper placement techniques to limit segregation 0 -

TABLE J9.3 
Inspection of Composite Structures 

after Concrete Placement 

Inspection of Composite Structures After QC 

Concrete Placement Task Doc 

Achievement of minimum specified concrete compressive 
- D 

strength at specified age 

TABLE J10.1 
Inspection of H-Piles 

QC 

Inspection of Piling Task Doc. 

Protected zone-no holes and unapproved attachments made 
p D 

by the responsible contractor, as applicable 
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QA 

Task Doc. 

0 -

0 -

0 -

0 -

0 -

0 -

0 -

QA 

Task Doc. 

0 D 

0 D 

0 -

QA 

Task Doc. 

- D 

QA 

Task Doc. 

p D 
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CHAPTER K 

PREQUALIFICATION AND CYCLIC 

QUALIFICATION TESTING PROVISIONS 

This chapter addresses requirements for qualification and prequalification testing. 

This chapter is organized as follows: 

Kl. Prequalification of Beam-to-Column and Link-to-Column Connections 

K2. Cyclic Tests for Qualification of Beam-to-Column and Link-to-Column 

Connections 

K3. Cyclic Tests for Qualification of Buckling Restrained Braces 

Kl. PREQUALIFICATION OF BEAM-TO-COLUMN AND LINK-TO

COLUMN CONNECTIONS 

1. Scope

This section contains minimum requirements for prequalification of beam-to-column

moment connections in special moment frames (SMF), intermediate moment frames

(IMF), composite special moment frames (C-SMF), and composite intermediate

moment frames (C-IMF), and link-to-column connections in eccentrically braced

frames (EBF). Prequalified connections are permitted to be used, within the appli

cable limits of prequalification, without the need for further qualifying cyclic tests.

When the limits of prequalification or design requirements for prequalified connec

tions conflict with the requirements of these Provisions, the limits of prequalification

and design requirements for prequalified connections shall govern.

2. General Requirements

2a. Basis for Prequalification

Connections shall be prequalified based on test data satisfying Section Kl.3, sup

ported by analytical studies and design models. The combined body of evidence for

prequalification must be sufficient to ensure that the connection is able to supply the

required story drift angle for SMF, IMF, C-SMF, and C-IMF systems, or the required

link rotation angle for EBF, on a consistent and reliable basis within the specified

limits of prequalification. All applicable limit states for the connection that affect the

stiffness, strength and deformation capacity of the connection and the seismic force

resisting system (SFRS) must be identified. The effect of design variables listed in

Section K 1 .4 shall be addressed for connection prequalification.

2b. Authority for Prequalification

Prequalification of a connection and the associated limits of prequalification shall be
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established by a connection prequalification review panel (CPRP) approved by the 
authority having jurisdiction. 

3. Testing Requirements

Data used to support connection prequalification shall be based on tests conducted
in accordance with Section K2. The CPRP shall determine the number of tests and
the variables considered by the tests for connection prequalification. The CPRP shall
also provide the same information when limits are to be changed for a previously
prequalified connection. A sufficient number of tests shall be performed on a suf
ficient number of nonidentical specimens to demonstrate that the connection has the
ability and reliability to undergo the required story drift angle for SMF, IMF, C-SMF,
and C-IMF, and the required link rotation angle for EBF, where the link is adjacent to
columns. The limits on member sizes for prequalification shall not exceed the limits
specified in Section K2.3b.

4. Prequalification Variables

In order to be prequalified, the effect of the following variables on connection perfor
mance shall be considered. Limits on the permissible values for each variable shall be
established by the CPRP for the prequalified connection.

4a. Beam and Column Parameters for SMF and IMF, Link and Column

Parameters for EBF

(a) Cross-section shape: wide flange, box or other

(b) Cross-section fabrication method: rolled shape, welded shape or other

(c) Depth

( d) Weight per foot

( e) Flange thickness

(f) Material specification

(g) Beam span-to-depth ratio (for SMF or IMF), or link length (for EBF)

(h) Width-to-thickness ratio of cross-section elements

(i) Lateral bracing

(j) Column orientation with respect to beam or link: beam or link is connected to 
column flange; beam or link is connected to column web; beams or links are 
connected to both the column flange and web; or other 

(k) Other parameters pertinent to the specific connection under consideration

4b. Beam and Column Parameters for C-SMF and C-IMF 

(a) For structural steel members that are part of a composite beam or column: spec
ify parameters required in Section Kl.4a

(b) Overall depth of composite beam and column

( c) Composite beam span-to-depth ratio
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(d) 

(e) 

(f) 

(g) 

(h) 

(i) 

(j) 

PREQUALIFICATION OF BEAM-TO-COLUMN AND 

LINK-TO-COLUMN CONNECTIONS 

Reinforcing bar diameter 

Reinforcement material specification 

Reinforcement development and splice requirements 

Transverse reinforcement requirements 

Concrete compressive strength and density 

Steel anchor dimensions and material specification 

[Sect. Kl. 

Other parameters pertinent to the specific connection under consideration 

4c. Beam-to-Column or Link-to-Column Relations 

(a) Panel zone strength for SMF, IMF, and EBF

(b) Joint shear strength for C-SMF and C-IMF

(c) Doubler plate attachment details for SMF, IMF and EBF

(d) Joint reinforcement details for C-SMF and C-IMF

(e) Column-to-beam (or column-to-link) moment ratio

4d. Continuity and Diaphragm Plates 

(a) Identification of conditions under which continuity plates or diaphragm plates

are required

(b) Thickness, width and depth

(c) Attachment details

4e. Welds 

(a) Location, extent (including returns), type (CJP, PJP, fillet, etc.) and any rein-

forcement or contouring required

(b) Filler metal classification strength and notch toughness

( c) Details and treatment of weld backing and weld tabs

(d) Weld access holes: size, geometry and finish

(e) Welding quality control and quality assurance beyond that described in Chapter

J, including nondestructive testing (NDT) method, inspection frequency, accep

tance criteria and documentation requirements

4f. Bolts 

(a) Bolt diameter

(b) Bolt grade: ASTM F3125 Grades A325, A325M, A490, A490M, F l  852, F2280

or other

(c) Installation requirements: pretensioned, snug-tight or other

(d) Hole type: standard, oversize, short-slot, long-slot or other

(e) Hole fabrication method: drilling, punching, sub-punching and reaming, or

other
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(f) Other parameters pertinent to the specific connection under consideration

4g. Reinforcement in C-SMF and C-IMF 

(a) Location of longitudinal and transverse reinforcement

(b) Cover requirements

( c) Hook configurations and other pertinent reinforcement details

4h. Quality Control and Quality Assurance 

Requirements that exceed or supplement requirements specified in Chapter J, if any. 

4i. Additional Connection Details 

All variables and workmanship parameters that exceed AISC, RCSC and A WS 
requirements pertinent to the specific connection under consideration, as established 
by the CPRP. 

5. Design Procedure

A comprehensive design procedure must be available for a prequalified connection.
The design procedure must address all applicable limit states within the limits of
prequalification.

6. Prequalification Record

A prequalified connection shall be provided with a written prequalification record
with the following information:

(a) General description of the prequalified connection and drawings that clearly
identify key features and components of the connection

(b) Description of the expected behavior of the connection in the elastic and inelastic
ranges of behavior, intended location(s) of inelastic action, and a description of
limit states controlling the strength and deformation capacity of the connection

( c) Listing of systems for which connection is prequalified: SMF, IMF, EBF,
C-SMF, or C-IMF.

( d) Listing of limits for all applicable prequalification variables listed in Section
Kl.4

(e) Listing of demand critical welds

(f) Definition of the region of the connection that comprises the protected zone

(g) Detailed description of the design procedure for the connection, as required in

Section Kl .5

(h) List of references of test reports, research reports and other publications that
provided the basis for prequalification

(i) Summary of quality control and quality assurance procedures
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K2. CYCLIC TESTS FOR QUALIFICATION OF BEAM-TO-COLUMN AND 

LINK-TO-COLUMN CONNECTIONS 

1. Scope

This section provides requirements for qualifying cyclic tests of beam-to-column

moment connections in SMF, IMF, C-SMF, and C-IMF; and link-to-column connec

tions in EBF, when required in these Provisions. The purpose of the testing described

in this section is to provide evidence that a beam-to-column connection or a link

to-column connection satisfies the requirements for strength and story drift angle or

link rotation angle in these Provisions. Alternative testing requirements are permitted

when approved by the engineer of record and the authority having jurisdiction.

2. Test Subassemblage Requirements

The test subassemblage shall replicate, as closely as is practical, the conditions that

will occur in the prototype during earthquake loading. The test subassemblage shall

include the following features:

(a) The test specimen shall consist of at least a single column with beams or links

attached to one or both sides of the column.

(b) Points of inflection in the test assemblage shall coincide with the anticipated

points of inflection in the prototype under earthquake loading.

( c) Lateral bracing of the test subassemblage is permitted near load application or

reaction points as needed to provide lateral stability of the test subassemblage.

Additional lateral bracing of the test subassemblage is not permitted, unless it

replicates lateral bracing to be used in the prototype.

3. Essential Test Variables

The test specimen shall replicate as closely as is practical the pertinent design, detail

ing, construction features and material properties of the prototype. The following

variables shall be replicated in the test specimen.

3a. Sources of Inelastic Rotation

The inelastic rotation shall be computed based on an analysis of test specimen defor

mations. Sources of inelastic rotation include, but are not limited to, yielding of

members, yielding of connection elements and connectors, yielding of reinforcing

steel, inelastic deformation of concrete, and slip between members and connec

tion elements. For beam-to-column moment connections in SMF, IMF, C-SMF and

C-IMF, inelastic rotation is computed based upon the assumption that inelastic action

is concentrated at a single point located at the intersection of the centerline of the

beam with the centerline of the column. For link-to-column connections in EBF,

inelastic rotation shall be computed based upon the assumption that inelastic action is

concentrated at a single point located at the intersection of the centerline of the link

with the face of the column.
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Inelastic rotation shall be developed in the test specimen by inelastic action in the 

same members and connection elements as anticipated in the prototype (in other 

words, in the beam or link, in the column panel zone, in the column outside of the 

panel zone, or in connection elements) within the limits described below. The per

centage of the total inelastic rotation in the test specimen that is developed in each 

member or connection element shall be within 25% of the anticipated percentage 

of the total inelastic rotation in the prototype that is developed in the corresponding 

member or connection element. 

3b. Members 

The size of the beam or link used in the test specimen shall be within the following 

limits: 

(a) The depth of the test beam or link shall be no less than 90% of the depth of the

prototype beam or link.

(b) For SMF, IMF and EBF, the weight per foot of the test beam or link shall be no

less than 75% of the weight per foot of the prototype beam or link.

(c) For C-SMF and C-IMF, the weight per foot of the structural steel member that

forms part of the test beam shall be no less than 75% of the weight per foot of

the structural steel member that forms part of the prototype beam.

The size of the column used in the test specimen shall correctly represent the inelastic 

action in the column, as per the requirements in Section K2.3a. In addition, in SMF, 

IMF and EBF, the depth of the test column shall be no less than 90% of the depth of 

the prototype column. In C-SMF and C-IMF, the depth of the structural steel member 

that forms part of the test column shall be no less than 90% of the depth of the struc

tural steel member that forms part of the prototype column. 

The width-to-thickness ratios of compression elements of steel members of the test 

specimen shall meet the width-to-thickness limitations as specified in these Provi

sions for members in SMF, IMF, C-SMF, C-IMF or EBF, as applicable. 

Exception: The width-to-thickness ratios of compression elements of members in the 

test specimen are permitted to exceed the width-to-thickness limitations specified in 

these Provisions if both of the following conditions are met: 

(a) The width-to-thickness ratios of compression elements of the members of the

test specimen are no less than the width-to-thickness ratios of compression ele

ments in the corresponding prototype members.

(b) Design features that are intended to restrain local buckling in the test specimen,

such as concrete encasement of steel members, concrete filling of steel mem

bers, and other similar features are representative of the corresponding design

features in the prototype.

Extrapolation beyond the limitations stated in this section is permitted subject to 

qualified peer review and approval by the authority having jurisdiction. 
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3c. Reinforcing Steel Amount, Size and Detailing 

The total area of the longitudinal reinforcing bars shall not be less than 75% of the 
area in the prototype, and individual bars shall not have an area Jess than 70% of the 
maximum bar size in the prototype. 

Design approaches and methods used for anchorage and development of reinforce
ment, and for splicing reinforcement in the test specimen shall be representative of 
the prototype. 

The amount, arrangement and hook configurations for transverse reinforcement shall 
be representative of the bond, confinement and anchorage conditions of the prototype. 

3d. Connection Details 

The connection details used in the test specimen shall represent the prototype connec
tion details as closely as possible. The connection elements used in the test specimen 
shall be a full-scale representation of the connection elements used in the prototype, 
for the member sizes being tested. 

3e. Continuity Plates 

The size and connection details of continuity plates used in the test specimen shall be 
proportioned to match the size and connection details of continuity plates used in the 
prototype connection as closely as possible. 

3f. Steel Strength for Steel Members and Connection Elements 

The following additional requirements shall be satisfied for each steel member or 
connection element of the test specimen that supplies inelastic rotation by yielding: 

(a) The yield strength shall be determined as specified in Section K2.6a. The use of
yield stress values that are reported on certified material test reports in lieu of
physical testing is prohibited for the purposes of this section.

(b) The yield strength of the beam flange as tested in accordance with Section
K2.6a shall not be more than 15% below R

y
F

y 
for the grade of steel to be used

for the corresponding elements of the prototype.

( c) The yield strength of the columns and connection elements shall not be more
than 15% above or below R

y
F

y 
for the grade of steel to be used for the cor

responding elements of the prototype. R
y
F

y 
shall be determined in accordance

with Section A3.2.

User Note: Based upon the preceding criteria, steel of the specified grade 
with a specified minimum yield stress, Fy, of up to and including 1.15 
times the R

y
Fy for the steel tested should be permitted in the prototype. In 

production, this limit should be checked using the values stated on the steel 
manufacturer's material test reports. 
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Reinforcing steel in the test specimen shall have the same ASTM designation as the 

corresponding reinforcing steel in the prototype. The specified minimum yield stress 

of reinforcing steel in the test specimen shall not be less than the specified minimum 

yield stress of the corresponding reinforcing steel in the prototype. 

3h. Concrete Strength and Density 

The specified compressive strength of concrete in members and connection elements 

of the test specimen shall be at least 75% and no more than 125% of the specified 

compressive strength of concrete in the corresponding members and connection ele

ments of the prototype. 

The compressive strength of concrete in the test specimen shall be determined in 

accordance with Section K2.6d. 

The density classification of the concrete in the members and connection elements 

of the test specimen shall be the same as the density classification of concrete in 

the corresponding members and connection elements of the prototype. The density 

classification of concrete shall correspond to either normal weight, lightweight, all

lightweight, or sand-lightweight as defined in AC! 318. 

3i. Welded Joints 

Welds on the test specimen shall satisfy the following requirements: 

(a) Welding shall be performed in conformance with Welding Procedure Specifi

cations (WPS) as required in AWS Dl.1/Dl.lM. The WPS essential variables

shall satisfy the requirements in AWS Dl.1/Dl .lM and shall be within the

parameters established by the filler-metal manufacturer. The tensile strength

and Charpy V-notch (CVN) toughness of the welds used in the test specimen

shall be determined by tests as specified in Section K2.6e, made using the same

filler metal classification, manufacturer, brand or trade name, diameter, and

average heat input for the WPS used on the test specimen. The use of tensile

strength and CVN toughness values that are reported on the manufacturer's typ

ical certificate of conformance, in lieu of physical testing, is not permitted for

purposes of this section.

(b) The specified minimum tensile strength of the filler metal used for the test spec

imen shall be the same as that to be used for the welds on the corresponding

prototype. The tensile strength of the deposited weld as tested in accordance

with Section K2.6c shall not exceed the tensile strength classification of the

filler metal specified for the prototype by more than 25 ksi ( 170 MPa).
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User Note: Based upon the criteria in (b ), should the tested tensile strength 
of the weld metal exceed 25 ksi (170 MPa) above the specified minimum 
tensile strength, the prototype weld should be made with a filler metal and 
WPS that will provide a tensile strength no less than 25 ksi (170 MPa) below 
the tensile strength measured in the material test plate. When this is the case, 
the tensile strength of welds resulting from use of the filler metal and the 
WPS to be used in the prototype should be determined by using an all-weld
metal tension specimen. The test plate is described in AWS Dl.8/Dl.8M 
clause A6 and shown in AWS D 1.8/D 1.8M Figure A. I. 

( c) The specified minimum CVN toughness of the filler metal used for the test
specimen shall not exceed that to be used for the welds on the corresponding
prototype. The tested CVN toughness of the weld as tested in accordance with
Section K2.6c shall not exceed the minimum CVN toughness specified for the
prototype by more than 50%, nor 25 ft-lb (34 J), whichever is greater.

User Note: Based upon the criteria in ( c ), should the tested CVN toughness 
of the weld metal in the material test specimen exceed the specified CVN 
toughness for the test specimen by 25 ft-lb (34 J) or 50%, whichever is 
greater, the prototype weld can be made with a filler metal and WPS that will 
provide a CVN toughness that is no less than 25 ft-lb (34 J) or 33% lower, 
whichever is lower, below the CVN toughness measured in the weld metal 
material test plate. When this is the case, the weld properties resulting from 
the filler metal and WPS to be used in the prototype can be determined using 
five CVN test specimens. The test plate is described in AWS Dl.8/Dl.8M 
clauseA6 and shown inAWS Dl.8/Dl.8M Figure A.I. 

(d) The welding positions used to make the welds on the test specimen shall be the
same as those to be used for the prototype welds.

( e) Weld details such as backing, tabs and access holes used for the test specimen
welds shall be the same as those to be used for the corresponding prototype
welds. Weld backing and weld tabs shall not be removed from the test specimen
welds unless the corresponding weld backing and weld tabs are removed from
the prototype welds.

(f) Methods of inspection and nondestructive testing and standards of acceptance
used for test specimen welds shall be the same as those to be used for the proto
type welds.

User Note: The filler metal used for production of the prototype may be of a 
different classification, manufacturer, brand or trade name, and diameter, if 
Sections K2.3i(b) and K2.3i( c) are satisfied. To qualify alternate filler metals, the 
tests as prescribed in Section K2.6e should be conducted. 
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The bolted portions of the test specimen shall replicate the bolted portions of the 

prototype connection as closely as possible. Additionally, bolted portions of the test 

specimen shall satisfy the following requirements: 

(a) The bolt grade (for example, ASTM F3125 Grades A325, A325M, A490,

A490M, F l  852, F2280) used in the test specimen shall be the same as that to be

used for the prototype, except that heavy hex bolts are permitted to be substi

tuted for twist-off-type tension control bolts of equal specified minimum tensile

strength, and vice versa.

(b) The type and orientation of bolt holes (standard, oversize, short slot, long slot

or other) used in the test specimen shall be the same as those to be used for the

corresponding bolt holes in the prototype.

( c) When inelastic rotation is to be developed either by yielding or by slip within a

bolted portion of the connection, the method used to make the bolt holes ( drill

ing, sub-punching and reaming, or other) in the test specimen shall be the same

as that to be used in the corresponding bolt holes in the prototype.

(d) Bolts in the test specimen shall have the same installation (pretensioned or

other) and faying surface preparation (no specified slip resistance, Class A or

B slip resistance, or other) as that to be used for the corresponding bolts in the

prototype.

3k. Load Transfer Between Steel and Concrete 

Methods used to provide load transfer between steel and concrete in the members and 

connection elements of the test specimen, including direct bearing, shear connection, 

friction and others, shall be representative of the prototype. 

4. Loading History

4a. General Requirements

The test specimen shall be subjected to cyclic loads in accordance with the require

ments prescribed in Section K2.4b for beam-to-column moment connections in SMF,

IMF, C-SMF, and C-IMF, and in accordance with the requirements prescribed in Sec

tion K2.4c for link-to-column connections in EBF.

Loading sequences to qualify connections for use in SMF, IMF, C-SMF or C-IMF

with columns loaded orthogonally shall be applied about both axes using the loading

sequence specified in Section K2.4b. Beams used about each axis shall represent the

most demanding combination for which qualification or prequalification is sought.

In lieu of concurrent application about each axis of the loading sequence specified

in Section K2.4b, the loading sequence about one axis shall satisfy requirements of

Section K2.4b, while a concurrent load of constant magnitude, equal to the expected

strength of the beam connected to the column about its orthogonal axis, shall be

applied about the orthogonal axis.
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Loading sequences other than those specified in Sections K2.4b and K2.4c are per
mitted to be used when they are demonstrated to be of equivalent or greater severity. 

4b. Loading Sequence for Beam-to-Column Moment Connections 

Qualifying cyclic tests of beam-to-column moment connections in SMF, IMF, C-SMF 
and C-IMF shall be conducted by controlling the story drift angle, 0, imposed on the 
test specimen, as specified below: 

(a) 6 cycles at 0 = 0.00375 rad

(b) 6 cycles at 0 = 0.005 rad

(c) 6 cycles at 0 =0.0075 rad

(d) 4 cycles at 0 = 0.01 rad

(e) 2 cycles at 0 = 0.015 rad

(f) 2 cycles at 0 = 0.02 rad

(g) 2 cycles at 0 = 0.03 rad

(h) 2 cycles at 0 = 0.04 rad

Continue loading at increments of 0 = 0.01 rad, with two cycles of loading at each 
step. 

4c. Loading Sequence for Link-to-Column Connections 

Qualifying cyclic tests of link-to-column moment connections in EBF shall be con
ducted by controlling the total link rotation angle, Ytotal, imposed on the test specimen, 
as follows: 

(a) 

(b) 

(c) 

(d) 

(e) 

(f) 

(g) 

(h) 

(i) 

(j) 

(k) 

6 cycles at Ytotal = 0.00375 rad 

6 cycles at Ytotal = 0.005 rad 

6 cycles at Ytotal = 0.0075 rad 

6 cycles at Ytotal = 0.01 rad 

4 cycles at Ytotal = 0.015 rad 

4 cycles at Ytotal = 0.02 rad 

2 cycles at Ytotal = 0.03 rad 

1 cycle at Ytotal = 0.04 rad 

1 cycle at Ytotal = 0.05 rad 

l cycle at Ytotal = 0.07 rad 

1 cycle at Ytotal = 0.09 rad 

Continue loading at increments of Ytotal = 0.02 rad, with one cycle of loading at each 
step. 
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Sufficient instrumentation shall be provided on the test specimen to permit measure

ment or calculation of the quantities listed in Section K2. 7.

6. Testing Requirements for Material Specimens

6a. Tension Testing Requirements for Structural Steel Material Specimens

Tension testing shall be conducted on samples taken from material test plates in

accordance with Section K2.6c. The material test plates shall be taken from the steel

of the same heat as used in the test specimen. Tension-test results from certified mate

rial test reports shall be reported, but shall not be used in lieu of physical testing for

the purposes of this section. Tension testing shall be conducted and reported for the

following portions of the test specimen:

(a) Flange(s) and web(s) of beams and columns at standard locations

(b) Any element of the connection that supplies inelastic rotation by yielding

6b. Tension Testing Requirements for Reinforcing Steel Material Specimens 

Tension testing shall be conducted on samples of reinforcing steel in accordance with 

Section K2.6c. Samples of reinforcing steel used for material tests shall be taken from 

the same heat as used in the test specimen. Tension-test results from certified material 

test reports shall be reported, but shall not be used in lieu of physical testing for the 

purposes of this section. 

6c. Methods of Tension Testing for Structural and Reinforcing Steel Material 

Specimens 

Tension testing shall be conducted in accordance with ASTM A6/ A6M, ASTM A370, 

and ASTM ES, as applicable, with the following exceptions: 

(a) The yield strength, F
y
, that is reported from the test shall be based upon the

yield strength definition in ASTM A370, using the offset method at 0.002 in.fin.

strain.

(b) The loading rate for the tension test shall replicate, as closely as practical, the

loading rate to be used for the test specimen.

6d. Testing Requirements for Concrete 

Test cylinders of concrete used for the test specimen shall be made and cured in 

accordance with ASTM C3 l .  At least three cylinders of each batch of concrete used 

in a component of the test specimen shall be tested within five days before or after of 

the end of the cyclic qualifying test of the test specimen. Tests of concrete cylinders 

shall be in accordance with ASTM C39. The average compressive strength of the 

three cylinders shall be no less than 90% and no greater than 150% of the specified 

compressive strength of the concrete in the corresponding member or connection 

element of the test specimen. In addition, the average compressive strength of the 

three cylinders shall be no more than 3000 psi (20.7 MPa) greater than the specified 
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compressive strength of the concrete in the corresponding member or connection ele

ment of the test specimen. 

Exception: If the average compressive strength of three cylinders is outside of these 

limits, the specimen is still acceptable if supporting calculations or other evidence is 

provided to demonstrate how the difference in concrete strength will affect the con

nection performance. 

6e. Testing Requirements for Weld Metal Material Specimens 

Weld metal testing shall be conducted on samples extracted from the material test 

plate, made using the same filler metal classification, manufacturer, brand or trade 

name and diameter, and using the same average heat input as used in the welding of 

the test specimen. The tensile strength and CVN toughness of weld material speci

mens shall be determined in accordance with Standard Methods for Mechanical 

Testing of Welds (AWS B4.0/B4.0M). The use of tensile strength and CVN toughness 

values that are reported on the manufacturer's typical certificate of conformance in 

lieu of physical testing is not permitted for use for purposes of this section. 

The same WPS shall be used to make the test specimen and the material test plate. 

The material test plate shall use base metal of the same grade and type as was used 

for the test specimen, although the same heat need not be used. If the average heat 

input used for making the material test plate is not within ±20% of that used for the 

test specimen, a new material test plate shall be made and tested. 

7. Test Reporting Requirements

For each test specimen, a written test report meeting the requirements of the authority

having jurisdiction and the requirements of this section shall be prepared. The report

shall thoroughly document all key features and results of the test. The report shall

include the following information:

(a) A drawing or clear description of the test subassemblage, including key dimen

sions, boundary conditions at loading and reaction points, and location of lateral

braces.

(b) A drawing of the connection detail showing member sizes, grades of steel, the

sizes of all connection elements, welding details including filler metal, the size

and location of bolt holes, the size and grade of bolts, specified compressive

strength and density of concrete, reinforcing bar sizes and grades, reinforcing

bar locations, reinforcing bar splice and anchorage details, and all other perti

nent details of the connection.

( c) A listing of all other essential variables for the test specimen, as listed in Section

K2.3.

( d) A listing or plot showing the applied load or displacement history of the test

specimen.

(e) A listing of all welds to be designated demand critical.
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(f) Definition of the region of the member and connection to be designated a pro
tected zone.

(g) A plot of the applied load versus the displacement of the test specimen. The
displacement reported in this plot shall be measured at or near the point of load
application. The locations on the test specimen where the loads and displace
ments were measured shall be clearly indicated.

(h) A plot of beam moment versus story drift angle for beam-to-column moment
connections; or a plot of link shear force versus link rotation angle for link
to-column connections. For beam-to-column connections, the beam moment
and the story drift angle shall be computed with respect to the centerline of the
column.

(i) The story drift angle and the total inelastic rotation developed by the test speci
men. The components of the test specimen contributing to the total inelastic
rotation shall be identified. The portion of the total inelastic rotation contributed
by each component of the test specimen shall be reported. The method used to
compute inelastic rotations shall be clearly shown.

(j) A chronological listing of test observations, including observations of yielding, 
slip, instability, cracking and rupture of steel elements, cracking of concrete, 
and other damage of any portion of the test specimen as applicable. 

(k) The controlling failure mode for the test specimen. If the test is terminated prior
to failure, the reason for terminating the test shall be clearly indicated.

(1) The results of the material specimen tests specified in Section K2.6.

(m) The welding procedure specifications (WPS) and welding inspection reports.

Additional drawings, data, and discussion of the test specimen or test results are per
mitted to be included in the report. 

8. Acceptance Criteria

The test specimen must satisfy the strength and story drift angle or link rotation angle
requirements of these Provisions for the SMF, IMF, C-SMF, C-IMF or EBF connec
tion, as applicable. The test specimen must sustain the required story drift angle or
link rotation angle for at least one complete loading cycle.

K3. CYCLIC TESTS FOR QUALIFICATION OF BUCKLING

RESTRAINED BRACES 

1. Scope

This section includes requirements for qualifying cyclic tests of individual buckling
restrained braces and buckling-restrained brace subassemblages, when required in
these Provisions. The purpose of the testing of individual braces is to provide evi
dence that a buckling-restrained brace satisfies the requirements for strength and
inelastic deformation by these provisions; it also permits the determination of maxi
mum brace forces for design of adjoining elements. The purpose of testing of the
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brace subassemblage is to provide evidence that the brace-design is able to satis
factorily accommodate the deformation and rotational demands associated with the 
design. Further, the subassemblage test is intended to demonstrate that the hysteretic 
behavior of the brace in the subassemblage is consistent with that of the individual 
brace elements tested uniaxially. 

Alternative testing requirements are permitted when approved by the engineer of 
record and the authority having jurisdiction. This section provides only minimum 
recommendations for simplified test conditions. 

2. Subassemblage Test Specimen

The subassemblage test specimen shall satisfy the following requirements:

(a) The mechanism for accommodating inelastic rotation in the subassemblage test
specimen brace shall be the same as that of the prototype. The rotational defor
mation demands on the subassemblage test specimen brace shall be equal to or
greater than those of the prototype.

(b) The axial yield strength of the steel core, Pysc, of the brace in the subassemblage
test specimen shall not be less than 90% of that of the prototype where both
strengths are based on the core area, Ase, multiplied by the yield strength as
determined from a coupon test.

( c) The cross-sectional shape and orientation of the steel core projection of the
subassemblage test specimen brace shall be the same as that of the brace in the
prototype.

( d) The same documented design methodology shall be used for design of the sub
assemblage as used for the prototype, to allow comparison of the rotational
deformation demands on the subassemblage brace to the prototype. In stability
calculations, beams, columns and gussets connecting the core shall be consid
ered parts of this system.

( e) The calculated margins of safety for the prototype connection design, steel
core projection stability, overall buckling and other relevant subassemblage
test specimen brace construction details, excluding the gusset plate, for the
prototype, shall equal or exceed those of the subassemblage test specimen con
struction. If the qualification brace test specimen required in Section K3.3 was
also tested including the subassemblage requirements of this section, the lesser
safety factor for overall buckling between that required in Section K3.3a(a) and
that required in this section may be used.

(f) Lateral bracing of the subassemblage test specimen shall replicate the lateral
bracing in the prototype.

(g) The brace test specimen and the prototype shall be manufactured in accordance
with the same quality control and assurance processes and procedures.

Extrapolation beyond the limitations stated in this section is permitted subject to 
qualified peer review and approval by the authority having jurisdiction. 
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The brace test specimen shall replicate as closely as is practical the pertinent design,

detailing, construction features and material properties of the prototype.

3a. Design of Brace Test Specimen

The same documented design methodology shall be used for the brace test specimen

and the prototype. The design calculations shall demonstrate, at a minimum, the fol

lowing requirements:

(a) The calculated margin of safety for stability against overall buckling for the

prototype shall equal or exceed that of the brace test specimen.

(b) The calculated margins of safety for the brace test specimen and the prototype

shall account for differences in material properties, including yield and ultimate

stress, ultimate elongation, and toughness.

3b. Manufacture of Brace Test Specimen 

The brace test specimen and the prototype shall be manufactured in accordance with 

the same quality control and assurance processes and procedures. 

3c. Similarity of Brace Test Specimen and Prototype 

The brace test specimen shall meet the following requirements: 

(a) The cross-sectional shape and orientation of the steel core shall be the same as

that of the prototype.

(b) The axial yield strength of the steel core, Pysc, of the brace test specimen shall

not be less than 30% nor more than 120% of the prototype where both strengths

are based on the core area, Ase, multiplied by the yield strength as determined

from a coupon test.

(c) The material for, and method of, separation between the steel core and the buck

ling restraining mechanism in the brace test specimen shall be the same as that

in the prototype.

Extrapolation beyond the limitations stated in this section is permitted subject to 

qualified peer review and approval by the authority having jurisdiction. 

3d. Connection Details 

The connection details used in the brace test specimen shall represent the prototype 

connection details as closely as practical. 

3e. Materials 

1. Steel Core

The following requirements shall be satisfied for the steel core of the brace test

specimen:
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(a) The specified minimum yield stress of the brace test specimen steel core
shall be the same as that of the prototype.

(b) The measured yield stress of the material of the steel core in the brace test
specimen shall be at least 90% of that of the prototype as determined from
coupon tests.

( c) The specified minimum ultimate stress and strain of the brace test specimen
steel core shall not exceed those of the prototype.

2. Buckling-Restraining Mechanism

Materials used in the buckling-restraining mechanism of the brace test specimen
shall be the same as those used in the prototype.

3f. Connections 

The welded, bolted and pinned joints on the test specimen shall replicate those on the 
prototype as close as practical. 

4. Loading History

4a. General Requirements

The test specimen shall be subjected to cyclic loads in accordance with the require
ments prescribed in Sections K3.4b and K3.4c. Additional increments of loading
beyond those described in Section K3.4c are permitted. Each cycle shall include a
full tension and full compression excursion to the prescribed deformation.

4b. Test Control

The test shall be conducted by controlling the level of axial or rotational deformation,
l'lh, imposed on the test specimen. As an alternate, the maximum rotational deforma
tion is permitted to be applied and maintained as the protocol is followed for axial
deformation.

4c. Loading Sequence

Loads shall be applied to the test specimen to produce the following deformations,
where the deformation is the steel core axial deformation for the test specimen and
the rotational deformation demand for the subassemblage test specimen brace:

(a) 2 cycles of loading at the deformation corresponding to l'lh = l'lhy

(b) 2 cycles of loading at the deformation corresponding to l'lh = 0.50 l'lhm

( c) 2 cycles of loading at the deformation corresponding to l'lh = l .O l'lhm

( d) 2 cycles of loading at the deformation corresponding to l'lh = 1.5 l'lhm

( e) 2 cycles of loading at the deformation corresponding to l'lh = 2.0 l'lhm

(f) Additional complete cycles of loading at the deformation corresponding to l'lh =

1.5 l'lhm, as required for the brace test specimen to achieve a cumulative inelastic
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axial deformation of at least 200 times the yield deformation (not required for 

the subassemblage test specimen) 

where 

llbm = value of deformation quantity, llb, at least equal to that corresponding 

to the design story drift, in. (mm) 

fl.by = value of deformation quantity, llb, at first yield of test specimen, in. 

(mm) 

The design story drift shall not be taken as less than 0.01 times the story height for 

the purposes of calculating llbm· Other loading sequences are permitted to be used to 

qualify the test specimen when they are demonstrated to be of equal or greater sever

ity in terms of maximum and cumulative inelastic deformation. 

5. Instrumentation

Sufficient instrumentation shall be provided on the test specimen to permit measure

ment or calculation of the quantities listed in Section K3. 7.

6. Materials Testing Requirements

6a. Tension Testing Requirements

Tension testing shall be conducted on samples of steel taken from the same heat of

steel as that used to manufacture the steel core. Tension test results from certified

material test reports shall be reported but are prohibited in place of material specimen

testing for the purposes of this Section. Tension test results shall be based upon test

ing that is conducted in accordance with Section K3.6b.

6b. Methods of Tension Testing

Tension testing shall be conducted in accordance with ASTM A6, ASTM A370 and

ASTM E8, with the following exceptions:

(a) The yield stress that is reported from the test shall be based upon the yield

strength definition in ASTM A370, using the offset method of 0.002 strain.

(b) The loading rate for the tension test shall replicate, as closely as is practical, the

loading rate used for the test specimen.

(c) The coupon shall be machined so that its longitudinal axis is parallel to the

longitudinal axis of the steel core.

7. Test Reporting Requirements

For each test specimen, a written test report meeting the requirements of this section

shall be prepared. The report shall thoroughly document all key features and results

of the test. The report shall include the following information:

(a) A drawing or clear description of the test specimen, including key dimensions,

boundary conditions at loading and reaction points, and location of lateral brac

ing, if any.
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(b) A drawing of the connection details showing member sizes, grades of steel, the

sizes of all connection elements, welding details including filler metal, the size

and location of bolt or pin holes, the size and grade of connectors, and all other

pertinent details of the connections.

(c) A listing of all other essential variables as listed in Sections K3.2 or K3.3.

(d) A listing or plot showing the applied load or displacement history.

(e) A plot of the applied load versus the deformation, f..h. The method used to

determine the deformations shall be clearly shown. The locations on the test

specimen where the loads and deformations were measured shall be clearly

identified.

( f) A chronological listing of test observations, including observations of yielding,

slip, instability, transverse displacement along the test specimen and rupture of

any portion of the test specimen and connections, as applicable.

(g) The results of the material specimen tests specified in Section K3.6.

(h) The manufacturing quality control and quality assurance plans used for the

fabrication of the test specimen. These shall be included with the welding pro

cedure specifications and welding inspection reports.

Additional drawings, data and discussion of the test specimen or test results are per

mitted to be included in the report. 

8. Acceptance Criteria

At least one subassemblage test that satisfies the requirements of Section K3.2 shall

be performed. At least one brace test that satisfies the requirements of Section K3.3

shall be performed. Within the required protocol range, all tests shall satisfy the fol

lowing requirements:

(a) The plot showing the applied load versus displacement history shall exhibit

stable, repeatable behavior with positive incremental stiffness.

(b) There shall be no rupture, brace instability, or brace end connection failure.

(c) For brace tests, each cycle to a deformation greater than f..by, the maximum ten

sion and compression forces shall not be less than the nominal strength of the

core.

( d) For brace tests, each cycle to a deformation greater than f..by, the ratio of the

maximum compression force to the maximum tension force shall not exceed

1.5.

Other acceptance criteria are permitted to be adopted for the brace test specimen or 

subassemblage test specimen subject to qualified peer review and approval by the 

authority having jurisdiction. 
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COMMENTARY 
on the Seismic Provisions 
for Structural Steel Buildings 

July 12, 2016 

(The Commentary is not a part of ANSI/AISC 341-16, Seismic Provisions for Structural 

Steel Buildings, and is included for informational purposes only.) 

INTRODUCTION 

The Provisions are intended to be complete for normal design usage. 

The Commentary furnishes background information and references for the benefit of the 

design professional seeking further understanding of the basis, derivations and limits of the 

Provisions. 

The Provisions and Commentary are intended for use by design professionals with demon

strated engineering competence. 
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COMMENTARY PREFACE 

Experience from the 1994 Northridge and 1995 Kobe earthquakes significantly expanded 
knowledge regarding the seismic response of structural steel building systems, particularly 
welded steel moment frames. Shortly after the Northridge earthquake, the SAC Joint Venture* 
initiated a comprehensive study of the seismic performance of steel moment frames. Funded 
by the Federal Emergency Management Agency (FEMA), SAC developed guidelines for 
structural engineers, building officials and other interested parties for the evaluation, repair, 
modification and design of welded steel moment frame structures in seismic regions. AISC 
actively participated in the SAC activities. 

These 2016 AISC Seismic Provisions for Structural Steel Buildings, hereinafter referred to as 
the Provisions, continues the practice of incorporating recommendations from the NEHRP 
Provisions, most recently FEMA P-750 (FEMA, 2009a), and other research. While research 
is ongoing, the Committee has prepared this revision of the Provisions using the best avail
able knowledge to date. These Provisions were being developed in the same time frame 
as a revision of Minimum Design Loads and Associated Criteria for Buildings and Other 

Structures, ASCE/SEI 7 (ASCE, 2016) was being accomplished. 

It is also anticipated that these Provisions will be adopted by the 2018 International Building 

Code (IBC), and the National Fire Protection Association (NFPA) Building Construction 
and Safety Code, NFPA 5000 (NFPA, 2018). It is expected that both of these model building 
codes will reference ASCE/SEI 7 for seismic loading and neither code will contain seismic 
requirements. 

Where there is a desire to use these Provisions with a model code that has not yet adopted 
these Provisions, it is essential that the AISC Specification for Structural Steel Buildings 

(AISC, 2016a), hereafter referred to as the Specification, be used in conjunction with these 
Provisions, as they are companion documents. Where the provisions for intermediate or spe
cial moment frame systems are used, the use of AISC Prequalified Connections for Special 

and Intermediate Moment Frames for Seismic Applications, ANSI/ AISC 358 (AISC, 2016b) 
may be warranted. In addition, users should also concurrently use ASCE/SEI 7 for a fully 
coordinated package. 

* A joint venture of the Structural Engineers Association of California (SEAOC), Applied Technology

Council (ATC), and California Universities for Research in Earthquake Engineering (CUREe ).
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GENERAL REQUIREMENTS 
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The scope of the Specification and the Provisions includes buildings and other 

structures designed, fabricated and erected in a manner similar to buildings, with 

building-like vertical and lateral force-resisting elements. For simplicity, the com

mentary refers to steel buildings and structures interchangeably. 

However, it should be noted that these provisions were developed specifically for 

buildings. The Provisions, therefore, may not be applicable, in whole or in part, 

to some nonbuilding structures that do not have the building-like characteristics 

described in the preceding paragraph. Extrapolation of their use to such nonbuilding 

structures should be done with due consideration of the inherent differences between 

the response characteristics of buildings and these non building structures. 

Structural steel systems in seismic regions are generally expected to dissipate seismic 

input energy through controlled inelastic deformations of the structure. The Provi

sions supplement the Specification for such applications. The seismic design loads 

specified in the building codes have been developed considering the energy dissipa

tion generated during inelastic response. 

The Provisions are intended to be mandatory for structures where they have been 

specifically referenced when defining a seismic response modification coefficient, R, 

in Minimum Design Loads for Buildings and Other Structures, ASCE/SEI 7 (ASCE, 

2016). For steel structures, typically this occurs in seismic design category D, E and 

F, where R is greater than 3. However, there are instances where R of less than 3 is 

assigned to a system and the Provisions are still required. These limited cases occur in 

ASCE/SEI 7 Table 12.2-1 for cantilevered column systems and Table 15 .4-1 for non

building structures similar to buildings. For these systems with R less than 3, the use 

of the Provisions is required. In general, for structures in seismic design categories 

B and C, the designer is given a choice to either solely use the Specification and the 

R given for structural steel buildings not specifically detailed for seismic resistance 

(typically, a value of 3) or the designer may choose to assign a higher R to a system 

detailed for seismic resistance and follow the requirements of the Provisions. Addi

tionally, for composite steel-concrete structures, there are cases where the Provisions 

are required in seismic design categories B and C, as specified in Table 12.2-1 of 

ASCE/SEI 7. This typically occurs for composite systems designated as "ordinary" 

where the counterpart reinforced concrete systems have designated R and design 

requirements for seismic design categories B and C. 

The Provisions include requirements for columns not part of the seismic force-resist

ing system (SFRS) in Sections D2.5 and D2.6. 
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The provisions for the seismic design of composite structural steel and reinforced 

concrete buildings are based upon the 1994 NEHRP Provisions (FEMA, 1994) and 

subsequent modifications made in later editions of those provisions and in ASCE/SEI 

7. Because composite systems are assemblies of steel and concrete components, the

portions of these Provisions pertaining to steel, the Specification and Building Code

Requirements for Structural Concrete, ACI 318-14 (ACI, 2014), form an important

basis for provisions related to composite construction.

There is at present limited experience in the U.S. with composite building systems 

subjected to extreme seismic loads and many of the recommendations herein are 

necessarily of a conservative and/or qualitative nature. Extensive design and perfor

mance experience with this type of building in Japan clearly indicates that composite 

systems, due to their inherent rigidity and toughness, can equal or exceed the perfor

mance of reinforced concrete only or structural steel only buildings (Deierlein and 

Noguchi, 2004; Yamanouchi et al., 1998). Composite systems have been extensively 

used in tall buildings throughout the world. 

Careful attention to all aspects of the design is necessary in the design of compos

ite systems, particularly with respect to the general building layout and detailing of 

members and connections. Composite connection details are illustrated throughout 

this Commentary to convey the basic character of the force transfer in composite 

systems. However, these details should not necessarily be treated as design standards. 

The cited references provide more specific information on the design of compos

ite connections. For a general discussion of these issues and some specific design 

examples, refer to Viest et al. (1997). 

The design and construction of composite elements and systems continues to evolve 

in practice. Except where explicitly stated, these Provisions are not intended to limit 

the application of new systems for which testing and analysis demonstrates that the 

structure has adequate strength, ductility and toughness. It is generally anticipated 

that the overall behavior of the composite systems herein will be similar to that for 

counterpart structural steel systems or reinforced concrete systems and that inelastic 

deformations will occur in conventional ways, such as flexural yielding of beams in 

fully restrained (FR) moment frames or axial yielding and/or buckling of braces in 

braced frames. However, differential stiffness between steel and concrete elements is 

more significant in the calculation of internal forces and deformations of composite 

systems than for structural steel only or reinforced concrete only systems. For exam

ple, deformations in composite elements can vary considerably due to the effects of 

cracking. 

When systems have both ductile and nonductile elements, the relative stiffness of 

each should be properly modeled; the ductile elements can deform inelastically while 

the nonductile elements remain nominally elastic. When using elastic analysis, mem

ber stiffness should be reduced to account for the degree of cracking at the onset of 

significant yielding in the structure. Additionally, it is necessary to account for mate

rial overstrength that may alter relative strength and stiffness. 
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A2. REFERENCED SPECIFICATIONS, CODES AND STANDARDS 
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The specifications, codes and standards referenced herein are listed with the appro

priate revision date in this section or in Specification Section A2. Since the Provisions 

act as a supplement to the Specification, the references listed in Specification Section 

A2 are not repeated again in the Provisions. 

A3. MATERIALS 

1. Material Specifications

The structural steels that are explicitly permitted for use in seismic applications have

been selected based upon their inelastic properties and weldability. In general, they

meet the following characteristics: (l) a pronounced stress-strain plateau at the yield

stress; (2) a large inelastic strain capability [e.g., tensile elongation of 20% or greater

in a 2 in. (50 mm) gage length]; and (3) good weldability. Other steels should not

be used without evidence that the above criteria are met. For structural wide-flange

shapes, ASTM A992/A992M and ASTM A913/A913M contain additional supple

mentary requirements that provide a limitation on the ratio of yield stress to tensile

stress to be not greater than 0.85.

The limitation on the specified minimum yield stress for members expecting inelastic

action refers to inelastic action under the effects of the design earthquake. The 50

ksi (345 MPa) limitation on the specified minimum yield stress for members was

restricted to those systems in Chapters E, F, G and H expected to undergo moderate

to significant inelastic action, while a 55 ksi (380 MPa) limitation was assigned to

the systems in Sections E l ,  F l ,  GI, HI and H4, since those systems are expected

to undergo limited inelastic action. The listed steels conforming to ASTM A 1011/

A lOl lM with a specified minimum yield stress of 55 ksi (380 MPa) are included as

they have adequate ductility considering their limited thickness range. This steel is

commonly used by the metal building industry in built-up sections.

An exception allows the yield stress limits to be exceeded where testing or rational

criteria permit. An example of testing that would permit higher strength steels for ele

ments would be cyclic tests per Sections K2 and K3 where the element is subject to

the anticipated level of inelastic strain for the intended use.

Modern steels of higher strength, such as ASTM A9 l 3/ A9 l 3M Grades 65 ( 450) and

70 ( 485), are generally considered to have properties acceptable for seismic column

applications where limited inelastic action may occur. An exception permits struc

tural steel with a specified minimum yield stress up to 70 ksi (485 MPa) for columns

in those designated systems where the anticipated level of inelastic yielding will be

mmor.

Conf01mance with the material requirements of the Specification is satisfied by the

testing performed in accordance with ASTM provisions by the manufacturer. Supple

mental or independent material testing is only required for material that cannot be

identified or traced to a material test report and materials used in qualification testing,

according to Section K2.
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While ASTM A 709/ A 709M steel is primarily used in the design and construction 

of bridges, it could also be used in building construction. Written as an umbrella 

specification, its grades are essentially the equivalent of other approved ASTM speci

fications. For example, ASTM A709/A709M Grade 50 (345) is essentially ASTM 

A572/ A572M Grade 50 (345) and ASTM A 709/ A 709M Grade SOW (345W) is 

essentially ASTM A588/ A588M Grade 50 (345). Thus, if used, ASTM A 709/ A 709M 

material should be treated as would the corresponding approved ASTM material 

grade. 

ASTM A 1085/ A 1085M, a new specification for the production of hollow structural 

sections (HSS) has been added as an approved steel for the SFRS. Benefits of this new 

material specification include tighter mass tolerances, a maximum specified yield 

stress, minimum specified CVN requirements, and a reduced variability of material 

yield strength and tensile stress versus the ASTM A500/ A500M Grades B and C HSS 

and ASTM A53/ A53M Grade B pipe materials. 

For rotary-straightened W-shapes, an area of reduced notch toughness has been docu

mented in a limited region of the web immediately adjacent to the flange/web fillet 

as illustrated in Figure C-A3.1. Recommendations issued by AISC (AISC, 1997a) 

were followed up by a series of industry sponsored research projects (Kaufmann 

et al., 2001; Uang and Chi, 2001; Kaufmann and Fisher, 2001; Lee et al., 2002; 

Bartlett et al., 2001 ). This research generally corroborates AISC's initial findings and 

recommendations. 

2. Expected Material Strength

The Provisions employ a methodology for many seismic systems (e.g., special

moment frames, special concentrically braced frames, and eccentrically braced

frames) that can be characterized as "capacity design." That is, the required strength

of elements which are intended to behave essentially elastically is defined by forces

corresponding to the capacity (expected strength) of certain members or components

intended to undergo inelastic deformations (e.g., the link in eccentrically braced

1 

(38 mm) 

Area of potentially lower 
notch toughness in rotary� 
.,trtiint,t,:,r,.,.rt W�shapes

Fig. C-A3. I. "k-area." 
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frames). This methodology serves to confine ductility demands to members or com

ponents that have specific requirements to ensure their ductile behavior. Furthermore, 

the methodology serves to ensure that within that member or component the desired 

ductile mode of yielding governs and other nonductile modes are precluded. 

Such a capacity-design methodology requires a realistic estimate of the expected 

strength of the members or components intended to undergo inelastic deformations 

(designated yielding members). To this end, the expected yield stresses of various 

steel materials have been established by a survey of mill certificates, and the ratio 

of expected to nominal yield stress has been included in the Provisions as Ry. The 

expected capacity of the designated yielding member is defined as Ry times the nomi

nal strength of the member based on the desired yield mode. This expected strength 

is amplified to account for strain-hardening in some cases. For determination of the 

required strength of adjoining elements and their connection to the designated yield

ing members, neither the resistance factor (LRFD), nor the safety factor (ASD), are 

applied to the strength of the designated yielding members. 

Where the capacity-design methodology is employed to preclude nonductile or 

unintended yielding modes of failure within the designated yielding member, it is 

reasonable to use the expected material strength in the determination of the element 

capacity. For unintended yield limit states, the factor Ry applies to the determination 

of available strength just as it applies to the determination capacity for the designated 

yielding member capacity used to compute the required strength and to the strength 

with respect to the limit states to be precluded. An example of this condition is the 

design of the beam outside the link in an eccentrically braced frame for the yield limit 

states. The required strength is based on the capacity of the link beam. The yield limit 

states of the beam outside the link, such as combined flexure and compression, can 

be expected to be similarly affected by increased material strength, thus the factor 

Ry is applied when determining the available strength. The factor Ry is not applied to 

elements other than the designated yielding element. 

Similarly, rupture limit states within the designated yielding element are affected by 

increased material strength. An example of such limit states include block shear rup

ture and net section rupture of braces in special concentrically braced frames, where 

the required strength is calculated based on the brace capacity in tension. The ratio of 

expected tensile strength to specified minimum tensile strength is often different from 

that of expected yield stress to specified minimum yield stress, so a separate factor 

was created called R1• This factor applies only to rupture limit states in designated 

yielding members. As is the case with Ry, R1 is applied in the determination of the 

expected strength of designated yielding members and not the available strength of 

other members. 

The specified values of Ry for rolled shapes are somewhat lower than those that can 

be calculated using the mean values reported in a survey conducted by the Structural 

Shape Producers Council. Those values were skewed somewhat by the inclusion of 

a large number of smaller members, which typically have a higher measured yield 

stress than the larger members common in seismic design. The given values are 
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considered to be reasonable averages, although it is recognized that they are not 

maxima. The expected yield stress, RyFy, can be determined by testing conducted in 

accordance with the requirements for the specified grade of steel. Such an approach 

should only be followed in unusual cases where there is extensive evidence that the 

values of Ry are significantly unconservative. It is not expected that this would be 

the approach followed for typical building projects. Refer to ASTM A370 for test

ing requirements. The higher values of Ry for ASTM A36/A36M (Ry
= 1.5) shapes 

are indicative of the most recently reported properties of these grades of steel. The 

values of Ry will be periodically monitored to ensure that current production practice 

is properly reflected. 

Two studies (Liu et al., 2007 and Liu, 2016) were used in determining the Rt val

ues shown in Table A3.l. These values are based on the mean value of Rt/Ry for 

individual samples. Mean values are considered to be sufficiently conservative for 

these calculations considering that they are applied along with a <jl factor of 0.75. 

An additional analysis of tensile data was carried out (Harrold, 2004) to determine 

appropriate Ry and Rt factors for ASTM A529/ A529M Grade 50 (345), A529/ A529M 

Grade 55 (380), AIOI 1/AlOl l M  HSLAS Grade 55 (380), and A572/A572M Grade 

55 (380) steels that were added to Table A3.1. 

In this edition of the Provisions, Ry and Rt values for HSS members have been refined 

based on the most recent research (Liu, 2016). ASTM A500/ A500M Grade B, ASTM 

A500/A500M Grade C, and ASTM A501/A501M have been given individual val

ues and ASTM A1085/AI085M has been added to Table A3.l .  ASTM A501/A501M 

material has shown through limited testing to have Ry values less than those specified 

in Table A3.1 as this material is not cold worked as is ASTM A500/A500M mate

rial. Presently, ASTM A501/A501M material is not as commonly used nor as readily 

available as ASTM A500/ A500M (Grades B or C). Due to the limited production data 

available for ASTM A501/A501M, these Provisions continue to conservatively use 

Ry and Rt values for ASTM A501/A501M based primarily on ASTM A500/A500M 

(Grades B or C) production data. 

ASTM A572/A572M Grade 42 (290) shapes are no longer commonly produced. 

However, thick plate sections of this material grade are still used for connections, 

built-up shapes, and column bases. As limited production data is available for plates 

of this material grade, a value of Ry of 1.3 is specified corresponding to approxi

mately the same 55 ksi (380 MPa) expected yield stress as ASTM A572/A572M 

Grade 50 (345) plate. The Rt value of 1.0 specified for plates of this material grade 

considers the expected tensile strength, RtFu, of the material to be the same as the 

specified tensile strength, Fu, which is conservative when used for determining nomi

nal strength, Rn, limit states. 

Values of Ry and Rt for ASTM AI043/A1043M Grades 36 (250) and 50 (345) are 

included based on a survey of production data. 

Recent extensive unpublished data from American reinforcing bar producers indicate 

Ry
= 1.18, Rt = 1.17, and Fu/Fy = 1.50 for A615/A615M Grade 60 (420), and Ry

= 

1.11, Rt = 1.16, and Fu/Fy = 1.39 for A615/A615M Grade 75 (520). Similarly, Ry
= 
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1.14, R1 = 1.18, and Fu/Fy 
= 1.38 for A706/A706M Grade 60 (420) are expected. 

These values are meant for new construction and American-produced bars, and do not 
apply to other grades or specifications. 

3. Heavy Sections

The Specification requirements for notch toughness cover hot-rolled shapes with a

flange thickness exceeding 2 in. (50 mm) and plate elements with thickness that is
greater than or equal to 2 in. (50 mm) in tension applications. In the Provisions, this

requirement is extended to cover: (1) shapes that are part of the SFRS with flange

thickness greater than or equal to 1 ½ in. (38 mm); and (2) plate elements with thick

ness greater than or equal to 2 in. (50 mm) that are part of the SFRS, such as the

flanges of built-up girders and connection material subject to inelastic strain under

seismic loading. Because smaller shapes and thinner plates are generally subjected to

sufficient cross-sectional reduction during the rolling process such that the resulting

notch toughness will exceed that required (Cattan, 1995), specific requirements have
not been included herein.

Connection plates in which inelastic strain under seismic loading may be expected

include, but are not limited to:

1. Gusset plates for diagonal braces that are designed to allow rotation capacity per

Section F2.6c.3(b)

2. Bolted flange plates for moment connections such as per ANSI/AISC 358

Chapter 7 (bolted flange plate moment connection) and similar flange plate

moment connections in ordinary moment frame (OMF) systems

3. Bolted end plates for moment connections such as per ANSI/ AISC 358 Chapter 6

4. Base plates of column bases designed to yield inelastically to limit forces on

anchor rods or to allow column rotation

Early investigations of connection fractures in the 1994 Northridge earthquake 

identified a number of fractures that some speculated were the result of inadequate 

through-thickness strength of the column flange material. As a result, in the period 

immediately following the Northridge earthquake, a number of recommendations 

were promulgated that suggested limiting the value of through-thickness stress 
demand on column flanges to ensure that through-thickness yielding did not initiate 

in the column flanges. This limit state often controlled the overall design of these 

connections. However, the actual cause for the fractures that were initially thought to 

be through-thickness failures of the column flange are now considered to be unrelated 
to this material property. Detailed fracture mechanics investigations conducted as 

part of the FEMA/SAC project confirm that damage initially identified as through

thickness failures is likely to have occurred as a result of certain combinations of 

filler metal and base material strength and notch toughness, conditions of stress in 

the connection, and the presence of critical flaws in the welded joint. In addition 
to the analytical studies, extensive through-thickness testing conducted specifically 

to determine the susceptibility to through-thickness failures of column materials 
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meeting ASTM A572/A572M Grade 50 and ASTM A913/A913M Grade 65 speci

fications did not result in significant through-thickness fractures (FEMA, 2000g). 

In addition, none of the more than 100 full-scale tests on "post-Northridge" connection 

details have demonstrated any through-thickness column fractures. This combined 

analytical and laboratory research clearly shows that due to the high restraint inher

ent in welded beam flange-to-column flange joints, the through-thickness yield and 

tensile strengths of the column material are significantly elevated in the region of the 

connection. For the materials tested, these strengths significantly exceed those loads 

that can be delivered to the column by the beam flange. For this reason, no limits are 

suggested for the through-thickness strength of the base material by the FEMNSAC 

program or in these Provisions. 

The preceding discussion assumes that no significant laminations, inclusions or other 

discontinuities occur in regions adjacent to welded beam flange-to-column flange 

joints and other tee and corner joints. Section J6.2c checks the integrity of this mate

rial after welding. A more conservative approach would be to ultrasonically test the 

material for laminations prior to welding. A similar requirement has been included in 

the Los Angeles City building code since 1973; however, in practice the base mate

rial prior to welding generally passes the ultrasonic examination, and interior defects, 

if any, are found only after heating and cooling during the weld process. Should 

a concern exist, the ultrasonic inspection prior to welding should be conducted in 

accordance with ASTM A435/A435M for plates and ASTM A898/A898M, level 1, 

for shapes. 

4. Consumables for Welding

As in previous Provisions, specified levels of filler metal and weld metal Charpy

V-notch (CVN) toughness are required in all member and connection welds in the

load path of the SFRS.

The Provisions designate certain welds as demand critical welds, and require that 

these welds be made with filler metals that meet minimum levels of CVN toughness 

using two different test temperatures and specified test protocols, unless otherwise 

exempted from testing. Welds designated as demand critical welds are identified in 

the section of the Provisions applicable to the specific SFRS. Demand critical welds 

are generally complete-joint-penetration groove (CJP) welds so designated because 

they are subjected to yield level or higher stress demand and located in a joint whose 

failure would result in significant degradation in the strength or stiffness of the SFRS. 

For demand critical welds, FEMA 350 (FEMA, 2000a) and 353 (FEMA, 2000b) 

recommended filler metal that complied with minimum Charpy V-notch (CVN) 

requirements using two test temperatures and specified test protocols. Previous edi

tions of the Provisions included the dual CVN requirement suggested in the FEMA 

documents but required a lower temperature than the FEMA recommendations for 

the filler metal classification [-20°F (-29°C) rather than 0°F (-l 8°C)]. The use of

this lower temperature was consistent with the filler metal used in the SAC/FEMA 

tests and matched the filler metals frequently used for such welds at the time the 
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testing was conducted. The filler metal classification requirement was revised in the 

2010 edition of the Provisions to reflect the original FEMA recommendation and 

AWS D 1.8/D I .SM requirements because filler metals classified at either temperature 

ensure that some ductile tearing would occur before final fracture, and because the 

more critical CVN weld metal property is the minimum of 40 ft-lb (54 J) at 70°F

(21 °C), as determined in AWS Dl.8/Dl.SM Annex A. This change now permits the

use of common welding processes and filler metals, such as GMA W and SAW filler 

metals that are frequently classified for 20 ft-lb (27 J) at 0°F (- l 8°C).

In a structure with exposed structural steel, an unheated building, or a building used 

for cold storage, the demand critical welds may be subject to service temperatures 

less than 50°F (10°C) on a regular basis. In these cases, the Provisions require that

the minimum qualification temperature for AWS Dl .8/Dl.SM Annex A be adjusted 

such that the test temperature for the Charpy V-notch toughness qualification tests be 

no more than 20°F (11 °C) above the lowest anticipated service temperature (LAST).

For example, weld metal in a structure with a LAST of 0°F (-l 8°C) would need to be

qualified at a test temperature less than or equal to 20°F (-7°C) and -50°F (-46°C)

in lieu of 70°F (21 °C) and 0°F (-l 8°C), respectively. For purposes of the Provisions,

the LAST may be considered to be the lowest one-day mean temperature (LODMT) 

compiled from National Oceanic and Atmospheric Administration (NOAA) data. 

All other welds in members and connections in the load path of the SFRS require 

filler metal with a minimum specified CVN toughness of 20 ft-lbs (27 J) at 0°F

(-l 8°C) using the AWS A5 classification. Manufacturer certification may also be

used to meet this CVN requirement. Welds carrying only gravity loads, such as filler 

beam connections and welds for collateral members of the SFRS such as deck welds, 

minor collectors, and lateral bracing, do not require filler metal meeting these notch 

toughness requirements. 

It is not the intent of the Provisions to require project-specific CVN testing of either 

the welding procedure specification ( WPS) or any production welds. Further, these 

weld notch toughness requirements are not intended to apply to electric resistance 

welding (ERW) and submerged arc welding (SAW) when these welding processes 

are used in the production of hollow structural sections and pipe, such as ASTM 

A500/A500M and A53/A53M. 

5. Concrete and Steel Reinforcement

The limitations on structural steel grades used in composite construction are the 

same as those given in Sections A3. l and D2. The limitations in Section A3.5 on 

concrete and reinforcing bars are the same as those specified for the seismic design 

of reinforced concrete structures in the Building Code Requirements for Structural 

Concrete, ACI 318 Chapter 18 (ACI, 2014). While these limitations are particularly 

appropriate for construction in seismic design categories D, E and F, they apply in any 

seismic design category when systems are designed with the assumption that inelastic 

deformation will be required. 
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A4. STRUCTURAL DESIGN DRAWINGS AND SPECIFICATIONS 

1. General

To ensure proper understanding of the contract requirements and the application of

the design, it is necessary to identify the specific types of seismic force-resisting sys

tem (SFRS) or systems used on the project.

The special design, construction and quality requirements of the Provisions Chapter J,

compared to the general requirements of the Specification Chapter N, are applicable

to the SFRS. The additional quality control and quality assurance requirements of

Chapter J are prepared to address the additional requirements for the SFRS, not the

structure as a whole. Therefore, it is necessary to clearly designate which members

and connections comprise the SFRS.

The protected zone includes regions anticipated to undergo significant inelastic

deformations and often the areas immediately around those regions. Unanticipated

connections, attachments or notches may interfere with the anticipated location and

distribution of inelastic deformations, or initiate a fracture. Because the location of

the protected zone may vary depending on member and connection configuration, the

extent of the protected zone must be identified.

Fabricators commonly have shop drawings that show the locations of the protected

zones with the piece during the time on the shop floor. Those working on the piece

are expected to be knowledgeable of protected zones and their restrictions. Simi

larly, the locations of protected zones are shown on the erection drawings. Should

the fabricator's or erector's personnel fail to heed the protected zone restrictions, the

quality control inspector (QCI) is expected to identify the error. When required, qual

ity assurance (QA) inspection of protected zones also is performed, using the design

drawings that identify the protected zones.

AISC Code of Standard Practice for Steel Buildings and Bridges, ANSI/AISC 303

(AISC, 2016c) Section 1.11 requires that protected zones be permanently marked by

the fabricator and re-marked by the owner's designated representative for construc

tion if those markings are obscured in the field, such as by application of fireproofing.

Marking and re-marking is important because the structural steel quality control

inspector (QCI) and quality assurance inspector (QAI) have finished their tasks and

are no longer present as the work of other trades (e.g., curtainwall, plumbing, electri

cal, HVAC, column covers, and partitions) is being performed. It also is important for

subsequent remodeling or renovation of the structure over its life, particularly when

design drawings are no longer available.

Floor and roof decks may be designed to serve as diaphragms and transfer seismic

loads, and additional connection details may be needed to provide this load transfer.

Consideration should also be made for other floor and roof deck connections when

the deck has not been specifically designed and detailed as a diaphragm, as the sys

tem may behave as one.
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2. Steel Construction
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(a) It is necessary to designate working points and connection types, and any other
detailing requirements for the connections in the SFRS.

(b) Information should be provided as to the steel specification and grade of the
steel elements that comprise the connection, the size and thickness of those ele
ments, weld material size, strength classification and required CVN toughness,
and bolt material diameter and grade, as well as bolted joint type.

(c) Demand critical welds are identified in the Provisions for each type of SFRS.
Demand critical welds have special Charpy V-notch (CVN) toughness and test
ing requirements to ensure that this notch toughness will be provided.

( d) Where SCBF brace connections are designed to provide rotation capacity to
accommodate buckling in accordance with Section F2.6c.3(b), special detail
ing is required. These connections must be identified in the structural design
drawings.

(f) The majority of welded connection applications in buildings are in tempera
ture-controlled settings. Where connections are subjected to temperatures of
less than 50°F ( l 0°C) during service, additional requirements for welding filler
metals are necessary for demand critical welds to ensure adequate resistance to
fracture at the lower service temperatures.

(g) The presence of backing may affect the flow of stresses within the connec
tion and contribute to stress concentrations. Therefore, backing removal may be
required at some locations. Removal of backing should be evaluated on a joint
specific basis, based upon connection prequalification requirements or qualifi
cation testing. AWS Dl.8/Dl.8M provides details for weld backing removal,
additional fillet welds, weld tab removal, tapered transitions, and weld access
holes.

(h) Where steel backing remains in place in tee and corner joints with the load
applied perpendicular to the weld axis, a fillet weld between the backing and
the flange element of the tee or corner joint reduces the stress concentration at
the weld root. The requirement for this fillet weld should be evaluated on a joint
specific basis, based upon connection prequalification requirements or qualifi
cation testing for moment connections, and the requirements of the Provisions
for column-to-base plate connections. AWS Dl.8/Dl.8M provides details for
additional fillet welds at weld backing.

(i) In tee and corner joints where loads are perpendicular to the weld axis, a rein
forcing fillet weld applied to a CJP groove weld reduces the stress concentration
at the corner between the weld face or root and the member. AWS Dl.8/Dl.8M
provides details for reinforcing fillet welds. Such reinforcement is not required
for most groove welds in tee or corner joints.

(j) The presence of weld tabs may affect the flow of stresses within the connection 
and contribute to stress concentrations. In addition, weld starts and stops made 
on weld tabs typically contain welds of lesser quality and are not subjected to 
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nondestructive testing. Therefore, complete or partial weld tab removal may 

be required at some locations. Removal of weld tabs should be evaluated on 

a joint-specific basis, based upon connection prequalification requirements or 

qualification testing. AWS Dl.8/Dl.8M provides details for weld tab removal. 

(k) AWS Dl.8/Dl.8M provides details for tapered transition when required for

welded butt joints between parts of unequal thickness and width.

(1) Analysis and research regarding the use of weld access holes have shown that

the shape of the weld access hole can have a significant effect on the behavior

of moment connections. The selection of weld access hole configuration should

be evaluated on a joint-specific basis, based upon connection prequalification

requirements or qualification testing. The use of different weld access holes

other than those prescribed by AWS Dl.1/Dl.IM or the Specification has not

been found necessary for specific moment connection types, nor necessary for

locations such as column splices and column-to-base plate connections. Care

should be exercised to avoid specifying special weld access hole geometries

when not justified. In some situations, weld access holes are undesirable, such

as in end plate moment connections.

(m) In typical structural frame systems, the specification of specific assembly order,

welding sequence, welding technique, or other special precautions beyond those

provided in this document should not be necessary. Such additional require

ments would only be required for special cases, such as those of unusually high

restraint.

3. Composite Construction

Structural design drawings and specifications, shop drawings and erection drawings

for composite steel-concrete construction are basically similar to those given for all

steel structures. For the reinforced concrete portion of the work, in addition to the

requirements in ACI 318 Chapter 26, attention is called to the ACI Detailing Manual

(ACI, 2004b ), with emphasis on Section 2.10, which contains requirements for seis

mic design of frames, joints, walls, diaphragms and two-way slabs.
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When designing structures to resist earthquake motions, each structure is categorized 

based upon its occupancy and use to establish the potential earthquake hazard that 

it represents. Determining the available strength differs significantly in each spec

ification or building code. The primary purpose of these Provisions is to provide 

information necessary to determine the required and available strengths of steel struc

tures. The following discussion provides a basic overview of how several seismic 

codes or specifications categorize structures and how they determine the required 

strength and stiffness. For the variables required to assign seismic design catego

ries, limitations of height, vertical and horizontal irregularities, site characteristics, 

etc., the applicable building code should be consulted. In Minimum Design loads for 

Buildings and Other Structures, ASCE/SEI 7 (ASCE, 2016), structures are assigned 

to one of four risk categories. Category IV, for example, includes essential facilities. 

Structures are then assigned to a seismic design category based upon the risk catego

ries and the seismicity of the site adjusted by soil type. Seismic design categories B 

and C are generally applicable to structures with moderate seismic risk, and special 

seismic provisions like those in these Provisions are optional. However, special seis

mic provisions are mandatory in seismic design categories D, E and F, which cover 

areas of high seismic risk, unless stated otherwise in ASCE/SEI 7. 

B2. LOADS AND LOAD COMBINATIONS 

The Provisions give member and element load requirements that supplement those 

in the applicable building code. In order to accommodate both LRFD and ASD, the 

2005 edition of the Provisions (AISC, 2005) was the first to provide two "available 

strengths," one for LRFD and one for ASD. "Available strength" is the term used 

in the Specification to cover both design strength (LRFD) and allowable strength 

(ASD). 

In some instances, the load effect defined in the Provisions must be combined with 

other loads. In such cases, the Provisions simply define the seismic load effect, which 

is combined with other loads using the appropriate load factor from the seismic load 

combinations in the applicable building code, and thus both LRFD and ASD are 

supported. 

The Provisions are intended for use with load combinations given in the applicable 

building code. However, since they are written for consistency with the load combi

nations given in ASCE/SEI 7 and the 2018 International Building Code (ICC, 20 l 8), 

consistency with the applicable building code should be confirmed if another building 

code is applicable. 
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The engineer is expected to use these Provisions in conjunction with the Specifica

tion. Typically, the Provisions do not define available strengths as these are given 

in the Specification. Additionally, the designer is directed to specific limit states or 

provisions in the Specification in certain cases. 

An overstrength factor, Q0, applied to the horizontal portion of the earthquake load, 

E, is prescribed in ASCE/SEI 7, the IBC, the NEHRP Provisions (FEMA, 2015) and 

the Building Construction and Safety Code, NFPA 5000 provisions (NFPA, 2018). 

However, these codes do not all express the load combinations that incorporate this 

factor in exactly the same format. In the future, if all codes adopt ASCE/SEI 7 by 

reference, it will be possible to directly reference the appropriate combinations within 

these Provisions. 

These Provisions require the consideration of system overstrength for many ele

ments. System overstrength effects on the required strength of such elements are 

addressed in two ways. For some elements, it is sufficient to approximate the effect 

using the overstrength factor for the system given in ASCE/SEI 7 Table 12.2-1. For 

other elements, this approximate method is not sufficient and a more explicit calcu

lation of required strength based on the expected or probable strength of adjoining 

elements is required. This latter approach has been used in previous editions of these 

Provisions and is now addressed by ASCE/SEI 7 Section 12.4.3.2 and termed the 

"capacity-limited horizontal seismic load effect." Per ASCE/SEI 7 Section 12.4.3.1, 

where consideration of overstrength is required but the capacity-limited seismic load 

is not, the approximate method based on the system's overstrength factor is permit

ted. Loads determined using this approximate method need never be taken as larger 

than those calculated using the capacity-limited seismic load. In either method of 

addressing system overstrength, the horizontal seismic load effects are combined 

with vertical seismic and gravity load effects using the load combinations in ASCE/ 

SEI 7 to obtain the required strength. The capacity-limited horizontal seismic load 

effect, Ec1, is intended to have a load factor of 1.0 for LRFD and 0.7 for ASD applied 

in the applicable ASCE/SEI 7 load combinations. 

In some cases, the total load on an element (typically a connection) is limited by the 

yielding of an adjacent member. In such cases, these provisions directly specify the 

required strength of the element (both for ASD and for LRFD terms) and no combina

tion is made with gravity loads. 

The calculation of seismic loads for composite systems per the ASCE/SEI 7 provi

sions is the same as is described previously for steel structures. The seismic response 

modification coefficient, R, and the deflection amplification factor, Cd, for some 

structural systems have been changed in ASCE/SEI 7 to make them more consistent 

with similar systems in structural steel only and reinforced concrete only systems. 

This is based on the fact that, when carefully designed and detailed according to 

these Provisions, the overall inelastic response for composite systems should be simi

lar to comparable steel and reinforced concrete systems. Therefore, where specific 

loading requirements are not specified in the applicable building code for composite 

systems, appropriate values for the seismic response modification coefficient can be 
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inferred from specified values for steel and/or reinforced concrete systems. These 

are predicated upon meeting the design and detailing requirements for the composite 

systems specified in these Provisions. Unlike the requirements for steel systems, for 

composite systems that include reinforced concrete members, the design loads and 

the corresponding design strengths are limited to those defined based on load and 

resistance factor design. This is done to ensure consistency between provisions for 

steel, composite and reinforced concrete members that are designed in accordance 

with the Specification and the Building Code Requirements for Structural Concrete, 

ACI 318 (ACI, 2014). 

B3. DESIGN BASIS 

2. Available Strength

It is intended that nominal strengths, resistance and safety factors, and available

strengths of steel and composite members in the seismic force resisting system

(SFRS) be determined in accordance with the Specification, unless noted otherwise

in the Provisions. For reinforced concrete members in the SFRS, it is intended that

they be designed in accordance with ACI 318.

BS. DIAPHRAGMS, CHORDS AND COLLECTORS

1. General

Seismic design requires that components of the structure be connected or tied together

in such a manner that they behave as a unit. Diaphragms and their connections are an

important structural element for creating this interconnection and contribute to lateral

force resisting system performance in the following ways:

• connect the distributed mass of the building to the vertical elements of the seis

mic force resisting system (braced frames, moment frames or shear walls);

• interconnect the vertical elements of the seismic force resisting system, thus

completing the system for resistance to building torsion;

• provide lateral stability to columns and beams including non-seismic force-

resisting system columns and beams; and

• provide out-of-plane support for walls and cladding.

The elements that make up a diaphragm are generally already present in a building to 

carry other loads, such as gravity loads. 

For recommendations on the design of diaphragms, see Sabelli et al. (2011). 

In order for the seismic systems defined in the Provisions to provide ductility, the 

system must have capacity to deliver forces to the frames corresponding to the frame 

strength. For this reason ASCE/SEI 7 requires collectors to be designed for the over

strength seismic load in seismic design categories C through F. 
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2. Truss Diaphragms

In some structure types, a horizontal truss is used in lieu of a steel deck or compos

ite diaphragm. In such cases, there is typically an orthogonal grid of beams with

diaphragm-shear deformations resisted by members that are diagonal in plan.

ASCE/SEI 7 does not provide prescriptive direction on how to consider horizontal

truss diaphragms. Although there is a school of thought that diagonal and cross brace

members could be allowed to buckle or hinge as a source of additional energy absorp

tion, the Provisions requires that these elements be designed for the overstrength

seismic load in accordance with the capacity-limited design approach of the Provi

sions, unless the exceptions of Section B5.2 are met.

Two exceptions are provided to the requirement in Section B5.2. In the first excep

tion, the horizontal truss is expected to provide ductility. In this case the members that

are diagonal in plan are treated similarly to braces in SCBF, with the orthogonal beam

system acting as the SCBF beams and columns. Under this exception, the beams

are designed using the overstrength seismic load and the diagonal members for the

basic load combinations. The second exception is for a three-dimensional analysis for

ordinary systems (OMF and OCBF) in which the diaphragm is treated similarly to an

OCBF and the diagonal members are treated similarly to braces.
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For nonseismic applications, story drift limits like deflection limits are commonly 

used in design to ensure the serviceability of the structure. These limits vary because 

they depend upon the structural usage and contents. As an example, for wind loads 

such serviceability limit states are regarded as a matter of engineering judgment 

rather than absolute design limits (Fisher and West, 1990) and no specific design 

requirements are given in the Specification. 

The situation is somewhat different when considering seismic effects. Research has 

shown that story drift limits improve frame stability (P-1:!,. effects) and seismic per

formance because of the resulting strength and stiffness. Although some building 

codes, load standards, and resource documents contain specific seismic drift limits, 

there are major differences among them as to how the limit is specified and applied. 

Nevertheless, drift control is important to both the serviceability and the stability of 

the structure. As a minimum, the designer should use the drift limits specified in the 

applicable building code. 

The analytical model used to estimate building drift should accurately account for the 

stiffness of the frame elements and connections and other structural and nonstructural 

elements that materially affect the drift. Recent research on steel moment frame con

nections indicates that in most cases the effect of panel zone deformations on elastic 

drift can be adequately accounted for by modeling beams to extend between column 

centerlines without rigid end offsets, and that explicit panel zone modeling is not 

required (FEMA, 2000f). In cases where nonlinear element deformation demands 

are of interest, panel zone shear behavior should be represented in the analytical 

model whenever it significantly affects the state of deformation at a beam-to-column 

connection. Mathematical models for the behavior of the panel zone in terms of 

shear force-shear distortion relationships have been proposed by many researchers. 

FEMA 355C presents a good discussion of how to incorporate panel zone deforma

tions into the analytical model (FEMA, 2000d). 

Adjustment of connection stiffness is usually not required for connections tradition

ally considered as fully restrained, although FEMA 350 (FEMA, 2000a) contains 

recommendations for adjusting calculated drift for frames with reduced beam sec

tions. Nonlinear models should contain nonlinear elements where plastic hinging is 

expected to properly capture the inelastic deformation of the frame. Where partially 

restrained connections are used, analytical models must adequately reflect connec

tion stiffness in both the elastic and inelastic range. 

For composite systems that include composite members or steel members combined 

with reinforced concrete, the properties of the composite and concrete members 
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should be modeled to represent the effects of concrete cracking. For design by elastic 

analysis, the composite and concrete member properties should reflect the effective 

stiffness of the members at the onset of significant yielding. The following guidance 

is provided for calculating effective stiffness values for design by elastic analysis: 

(I) In concrete beam and column members, stiffness properties for elastic analy-

sis are typically specified as a fraction of the flexural stiffness, Elg, where E

is the elastic modulus of concrete and lg is the gross moment of inertia. For

concrete frames, ACI 318 Section 6.6.3.1.1 (ACI, 2014) recommends effective

stiffness values (Eleffective) in the range of 0.25 to 0.50Elg for beams and 0.35

to 0.875Elg for columns, or as justified by rigorous analysis. More detailed

recommendations that account explicitly for axial load are given in ASCE 41,

Seismic Evaluation and Retrofit of Existing Buildings (ASCE, 2013) which rec

ommends effective stiffness values of (a) 0.70Elg for columns with unfactored

gravity compressive loads that are greater than 0.5AgfJ. (where Ag is the gross

member area and fJ. is the concrete compressive strength) and (b) 0.30Elg for

columns (and beams) with axial gravity loads less than O. IAgJJ.. Linear interpo

lation of stiffness is suggested for axial loads between 0.1 and 0.5Agf J..

(2) For concrete walls, ACI 318 Section 6.6.3.1.1 recommends effective stiffness

values between 0.35Elg and 0.875Elg, or as justified by rigorous analysis. The

walls above the hinged region are typically expected to remain essentially elas

tic. For these regions and walls that are anticipated to remain in the elastic range,

the cracked section properties for the walls may be taken as 0.70Elg and l .OEAg.

ASCE 41 also includes recommendations, which are deemed to be conservative

for new composite ordinary shear walls.

(3) For concrete-encased or concrete-filled beam-columns, the effective stiffness

may be specified based on the use of a cracked transformed section [see, e.g.,

Rides and Paboojian (1994); Varma et al. (2002)]. Attention should be paid to

the relative values of the girder versus beam-column effective stiffnesses.

(4) For steel beams with composite slabs in which the shear connection between

the beam and slab is such that the contribution of the composite slab can be

included in the stiffness and subject to reverse curvature due to earthquake load

ing, a reasonable assumption is to specify a flexural stiffness that is equal to

the average of the composite beam stiffness in positive bending and bare steel

beam stiffness in negative bending. Assuming that the beams are designed to

have full composite action, it is suggested to take the effective stiffness as equal

to 0.5(Esfs + Esf1,.), where Es is the steel modulus, /., is the moment of inertia of

the bare steel beam, and /1,. is the transformed moment of inertia of the beam

and slab. The effective width of the slab can be determined in accordance with

Specification Chapter H.

Any of the elastic methods in Specification Chapter C or Appendix 7 can be used 

to assess the stability of frames in high seismic regions. When using the equivalent 

lateral load procedure for seismic design and the direct analysis provisions in Speci

fication Chapter C, the reduced stiffness and notional load provisions should not be 
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included in the calculation of the fundamental period of vibration or the evaluation 

of seismic drift limits. 

Like most of the provisions in the Specification, the stability requirements are intended 

for cases where the strength limit state is based on the nominal elastic-plastic limit in 

the most critical members and connections (e.g., the "first hinge" limit point), not to 

ensure stability under seismic loads where large inelastic deformations are expected. 

Thus, the provisions of Specification Chapter C do not alone ensure stability under 

seismic loads. Stability under seismic loads is synonymous with collapse prevention, 

which is provided for in the prescriptive design requirements given for each system, 

including such elements as: 

(]) The basic determination of the seismic design force (R factors, site effects, p 

factors, etc.) 

(2) The drift limits under the seismic lateral load (a factor of both the limiting drift

and the specified Cd factor)

(3) The "theta" limits (sidesway stability collapse prevention)

(4) Other design requirements, such as strong-column weak-beam requirements,

limitations on bracing configurations, etc.

C2. ADDITIONAL REQUIREMENTS 

The analysis requirements of ASCE/SEI 7 are general with the primary intent of pro

visioning for stability, in part by developing minimum design forces for a variety of 

systems. Required strength relates to a sufficient first-yield strength within the system. 

While limitations on system irregularity help to avoid unexpected or known undesir

able behavior, the requirements of ASCE/SEI 7 do not ensure a well-proportioned 

system with controlled or distributed yielding. The Provisions are intended to expand 

on the basic requirements of ASCE/SEI 7 to provide a well-proportioned system with 

controlled yielding and large inelastic drift capacity. This is accomplished to varying 

degrees depending on the intended ductility of the system by promoting inelastic 

activity in designated components, while limiting inelastic activity elsewhere. The 

required strength of designated yielding members (DYM) or components is deter

mined by elastic analysis methods for the prescribed load combinations, while that 

of other elements which are intended to remain essentially elastic is determined by 

pseudo-capacity design approach which varies from system to system. 

An alternative to using elastic analysis is to use the plastic design method as a more 

direct way to achieve the objective of a desired yield mechanism for the structural 

system (Goel and Chao, 2008). In the plastic design approach, the desired yield mech

anism is first selected by identifying the DYM and those that are intended to remain 

elastic, designated as non-DYM. The required strength of the DYM is determined 

by using a mechanism-based plastic analysis for each appropriate load combination. 

Any expected overstrength of the DYM or structure beyond the elastic limit up to the 

formation of targeted yield mechanism (within its maximum deformation limit) must 
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be properly considered in the analysis. The second step of determining the required 

strength of non-DYM can be carried out by one of the following possible methods: 

(1) A static elastic analysis of suitably selected structural subassemblages con-

sisting of non-DYM with loads applied to keep them in equilibrium under the

expected forces from the DYM and other applicable loads.

(2) A nonlinear static pushover analysis of the entire structure up to a target drift

level by modeling the DYM to behave inelastically. while the non-DYM are

modeled ( or "forced'") to behave elastically in order to be able to determine their

required strength.

(3) A nonlinear dynamic analysis of the structure as modeled for the pushover anal

ysis mentioned previously, using an appropriately selected ensemble of ground

motions.

Typical seismic analysis of structures uses applied external loads. The Specification 

requires that second-order effects be considered in order to arrive at appropriate mem

ber design forces. These second-order effects consist of magnification of member 

forces due to the presence of gravity load acting through the sidesway displacement 

of the structure (P-ti effect) and magnification of member moments due to the pres

ence of member axial force (P-o effect). 

Determining the required strength of non-DYM is the same in the capacity design 

and plastic mechanism design methods. In a static elastic analysis approach, a set of 

forces that represent the fully yielded capacity of the DYM, applicable gravity loads, 

and lateral forces (as required for equilibrium) are applied on appropriately selected 

portions of the structure. P-ti corrections (such as notional lateral loads or the B2 

factor) are not applicable as those effects are represented in the calculated lateral 

forces. The P-ti effect can be thought of as having contributed to the formation of the 

fully yielded condition. P-o effects are not relieved by the formation of the plastic 

mechanism, and where such effects occur, adjustments (such as the B1 factor) must 

be applied in order to arrive at appropriate design forces. 

C3. NONLINEARANALYSIS 

Nonlinear analysis may be used in the Provisions in certain situations (e.g., exception 

in Section E3.6g). Procedures such as those given in ASCE/SEI 7 should be followed 

unless a more rational method can be justified. 
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Members of the seismic force-resisting system (SFRS) that are anticipated to undergo

inelastic deformation have been classified as either moderately ductile members or

highly ductile members. During the design earthquake, moderately ductile mem

bers are anticipated to undergo moderate plastic rotation of 0.02 rad or less, whereas

highly ductile members are intended to withstand significant plastic rotation of 0.04

rad or more. Member rotations result from either flexure or flexural buckling. The

requirements for moderately ductile and highly ductile members apply only to those

members designated as such in the Provisions.

la. Section Requirements for Ductile Members

To provide for reliable inelastic deformations in those SFRS members that require

moderate to high levels of inelasticity, the member flanges must be continuously con

nected to the web(s). This requirement does not preclude the use of members built up

from plates or shapes. Built-up members shall comply with the requirements in the

Specification and any additional requirements of these Provisions or ANSI/AISC 358

(AISC, 2016b) that are specific to the system or connection type being used.

lb. Width-to-Thickness Limitations of Steel and Composite Sections

Local buckling can result in very high localized strains that when repeated, such

as in low-cycle fatigue caused by an earthquake, can result in premature fracture

of a member that is intended to behave in a ductile manner. To provide for reliable

inelastic deformations in those members of the SFRS that require moderate to high

levels of inelasticity, the width-to-thickness ratios of compression elements should

be less than or equal to those that are resistant to local buckling when stressed into

the inelastic range. Table D 1.1 provides width-to-thickness ratios that coJTespond

to the anticipated level of inelastic behavior for both moderately ductile and highly

ductile members. The limiting width-to-thickness ratios for moderately ductile mem

bers generally coJTespond to A
p 

values in Specification Table B4.1 b with exceptions

for round and rectangular HSS, stems of WTs, and webs in flexural compression.

Although the limiting width-to-thickness ratios for compact compression elements,

A
p
, given in Specification Table B4.1 b, are sufficient to prevent local buckling before

the onset of strain-hardening, the available test data suggests that these limits are

not adequate for the required inelastic performance of highly ductile members in the

SFRS. The limiting width-to-thickness ratios for highly ductile members, Ahd, given
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in Table Dl .l are deemed adequate for the large ductility demands to which these 

members may be subjected (Sawyer, 1961; Lay, 1965; Kemp, 1986; Bansal, 1971). 

This edition of the Provisions adds the R
y 

term to adjust the material strength to the 

expected material strength in the width-to-thickness equations in Table D 1.1. It is 

common practice for materials to be certified for various material grades, some of 

which have significantly different yield strengths. I-shaped beams can be obtained 

with "dual certification" both as ASTM A36/ A36M products and A992/ A992M prod

ucts. A36/A36M material that is not certified with multiple grades is still likely to 

have a yield stress near 50 ksi (345 MPa). A member sized using A36/ A36M specified 

minimum yield stress might use a shape that meets width-to thickness requirements 

for a steel with F
y 

= 36 ksi (250 MPa), but not for a steel with F
y 

= 50 ksi (345 MPa). 

Given the likelihood the shape used in a structure might have an actual yield stress 

near 50 ksi (345 MPa), it could be subject to premature local buckling when expe

riencing inelastic deformations due to a significant seismic event. To account for 

this possibility, the R
y 

term has been incorporated into the width-to-thickness limits. 

The width-to-thickness equations have been recalibrated to provide nearly identical 

results with the expected yield strengths of the commonly used materials such as 

ASTM A572/A572M Grade 50 (345), ASTM A992/A992M, ASTM A913/A913M 

Grades 65 (450) and 70 (485), and ASTM A500/A500M Grade B. 

For highly ductile members, the limiting width-to-thickness ratios for webs of rolled 

or I-shaped built-up beams and webs of built-up shapes used as beams or columns are 

based primarily on research on the effects of web slenderness on ductility under com

bined bending and axial compression under monotonic loading. The basis includes 

work by Haaijer and Thurlimann (1958), Perlynn and Kulak (1974), and Dawe and 

Kulak (1986). The current web slenderness limits were chosen to be consistent with 

those suggested by Dawe and Kulak (1986) with minor modifications. 

For special moment frame (SMF) beams, the modifications provide results consistent 

with the recommendations of Uang and Fan (2001) and FEMA 350 (FEMA, 2000a) 

for cases where the axial force is zero. The limiting width-to-thickness ratios of stiff

ened webs for moderately ductile beam or column members correspond to those in 

Specification Appendix 1. For I-shaped beams in SMF and intermediate moment 

frames (IMF), the effects of axial compression on the limiting web slenderness ratio 

can be neglected when Ca is less than or equal to 0.114 (see footnote b of Table Dl .  l ). 

This exception is provided because it is believed that small levels of axial compres

sion, and its consequent effect on web buckling in beams, will be less detrimental to 

system performance than in columns. 

Axial forces caused by the design earthquake ground motion may approach the avail

able tensile strength of diagonal braces. In order to preclude local buckling of the 

webs of I-shaped members used as diagonal braces, the web width-to-thickness limit 

for nonslender elements for members subject to axial compression per Specification 

Table B4. l a  must be met. 

HSS members used as beams or columns designated as moderately ductile mem

bers are not anticipated to experience flexural buckling. Therefore, exceptions have 
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been added relaxing the width-to-thickness ratios to the A
p 

values of Specification 

Table B4. lb (see footnote c of Table Dl .  l). 

A small relaxation in the width-to-thickness ratio of the stem of tees used as highly 

ductile members is permitted for two cases (see footnote a of Table D 1.1 ). The 

relaxed value corresponds to the A
p 

value in Specification Table B4. I b. For the first 

case, where buckling is anticipated to occur about the plane of the stem, little inelas

tic deformation should occur in the stem itself. The second case takes advantage of 

a common practice for the connection of tees which is to bolt or weld a connection 

plate only to the outside of the flange of the tee with no connection to the web. 

Because the axial load is applied eccentrically to the neutral axis of the tee, a bending 

stress occurs that reduces the compressive stresses at the tip of the stem. Currently 

there is insufficient data or research on buckling of stems of tees to permit a more 

substantial relaxation for highly ductile members, nor to permit a relaxation for tees 

used as moderately ductile members. 

During the service life of a steel H-pile, it is primarily subjected to axial compres

sion and acts as an axially loaded column. Therefore, the b/t ratio limitations given 

in Specification Table B4. l suffice. During a major earthquake, because of lateral 

movements of the pile cap and foundation, the steel H-pile becomes a beam-column 

and may have to resist large bending moments and uplift. Cyclic tests (Astaneh-Asl 

and Ravat, 1997) indicated that local buckling of piles satisfying the width-to

thickness limitations in Table D 1.1 occurred after many cycles of loading. However, 

this local buckling did not have much effect on the cyclic performance of the pile dur

ing cyclic testing or after cyclic testing stopped and the piles were once again under 

only axial load. Previous editions of these Provisions required highly ductile sections 

for H-pile members. This requirement has been relaxed in this edition of the Provi

sions based on the width-to-thickness ratios of H-pile sections that performed well 

in tests (Astaneh-Asl et al., 1994; Astaneh-Asl and Ravat, 1997). See Commentary 

Section D4. l for further discussion. 

Previous editions of these Provisions required the link cross section in eccentrically 

braced frames (EBF) to meet the same width-to-thickness criteria as is specified for 

beams in SMF. Exceptions have been provided in Section F3.5b. l that allow links to 

meet the width-to-thickness limits for moderately ductile members in certain condi

tions. See Commentary Section F3.5b. l for further discussion. 

The width-to-thickness criteria for composite members remain unchanged from the 

requirements in the 2010 Provisions. 

2. Stability Bracing of Beams

The requirements for stability bracing of beams designated as moderately ductile

members and highly ductile members are a function of the anticipated levels of

inelastic yielding as discussed in Commentary Section D 1.1 for members with these

two designations.
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2a. Moderately Ductile Members 

The limiting requirement for spacing of stability bracing of O. l 7r
y
E/F

y 
for mod

erately ductile beam members has been modified to O. l 9r
y
E /(R

y
F

y
). For materials 

with an R
y 

of 1.1, there will be minimal change. For materials with a higher R
y
, the 

equation will increase the requirement to reflect the higher expected yield stress. The 
revised equation results in the same limit specified in the 2010 Provisions for IMF 
beams, as the level of inelastic behavior in IMF beams is considered representative of 
moderately ductile beams. Since the minimum required story drift angle of an SMF 
system is twice that of an IMF system, the use of a less severe maximum stability 
spacing requirement for IMF beams that is twice that of SMF beams is appropriate. 

The commentary to Section D 1.2b gives further discussion on stability bracing of 
beams. 

In addition to point bracing, these provisions allow both point torsional bracing and 
panel bracing per Specification Appendix 6. While point torsional bracing is appro
priate for beams with minimal or no compressive axial loads, beams with significant 
axial loads may require lateral bracing or lateral bracing combined with point tor
sional bracing to preclude axial buckling. 

For calculating required bracing strength according to Equations A-6-5 and A-6-7 
of Specification Appendix 6, the use of Cd = l is justified because the Appendix 6 
equations have an implicit assumption that the beams will be subjected to top flange 
loading. One can see this by comparing the Specification Equations A-6-5 and A-6-7 
to the Specification Commentary Equations C-A-6-8a and C-A-6-8b, where the Spec
ification equations are based on a conservative assumption of Cr = 2. In the case of 
seismic frames, where the moments are introduced via the beam-column connections, 
Cr

= 1. Strictly speaking, the correct solution would be to use the commentary equa
tion with C1 = 1 and Cc1 = 1 at all locations except for braces at the inflection point 
where Cd = 2. The current Provisions imply that the product of Cr(Cc1) = 2 by the 

implied value of Cr = 2 and Cc1 = 1. 

2b. Highly Ductile Members 

Spacing of stability braces for highly ductile members is specified not to exceed 
0.095r

y
E/(R

y
F

y
). The R

y 
modifier has been incorporated to decrease the spacing of 

materials with R
y 

factors greater than 1. 1 to adjust for their higher expected yield 
stress. This adjusted limitation provides identical results to the requirement in previ
ous Provisions for beams in SMF as the degree of inelastic behavior is representative 
of highly ductile members. The spacing requirement for beams in SMF was originally 
based on an examination of lateral bracing requirements from early work on plastic 
design and based on limited experimental data on beams subject to cyclic loading. 
Lateral bracing requirements for SMF beams have since been investigated in greater 
detail in Nakashima et al. (2002). This study indicates that a beam lateral support 
bracing of 0.095Er

y
/(R

y
F

y
) is appropriate, and slightly conservative, to achieve a 

story drift angle of 0.04 rad. 
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2c. Special Bracing at Plastic Hinge Locations 

9.1-183 

In addition to bracing along the beam length, the provisions of this section call for 

the placement of stability bracing to be near the location of expected plastic hinges of 

highly ductile members. Such guidance dates to the original development of plastic 

design procedures in the early 1960s. In moment frame structures, many connection 

details attempt to move the plastic hinge a short distance away from the beam-to

column connection. Testing carried out as part of the SAC program (FEMA, 2000a) 

indicated that the bracing provided by typical composite floor slabs is adequate to 

avoid excessive strength deterioration up to the required story drift angle of 0.04 

rad. Therefore, the FEMA recommendations do not require the placement of supple

mental lateral bracing at plastic hinge locations adjacent to column connections for 

beams with composite floor construction. These provisions allow the placement of 

lateral or torsional braces to be consistent with the tested connections that are used to 

justify the design. For conditions where drifts larger than 0.04 rad are anticipated or 

improved performance is desired, the designer may decide to provide additional sta

bility bracing near these plastic hinges. If lateral braces are used, they should provide 

an available strength of 6% of the expected strength of the beam flange at the plas

tic hinge location. If a reduced beam section connection detail is used, the reduced 

flange width may be considered in calculating the bracing force. If point torsional 

braces are used, they should provide an available strength of 6% of the expected 

flexural strength of the beam at the plastic hinge. Placement of bracing connections 

should consider the protected zone requirements of Section D 1.3. 

3. Protected Zones

The FEMA/SAC testing has demonstrated the sensitivity of regions undergoing large

inelastic strains to discontinuities caused by welding, rapid change of section, pen

etrations, or flaws caused during construction. For this reason, operations as specified

in Section 12.1 that cause discontinuities are prohibited in regions subject to large

inelastic strains. These provisions designate these regions as protected zones. The

protected zones are designated in the Provisions in the sections applicable to the des

ignated type of system and in ANSI/AISC 358. Some examples of protected zones

include moment frame hinging zones, links of eccentrically braced frames (EBF),

and the ends and center of SCBF diagonal braces.

Not all regions experiencing inelastic deformation are designated protected zones.

For example, the beam-column panel zone of moment frame systems is not a pro

tected zone. It should be noted that yield level strains are not strictly limited to the

plastic hinge zones and caution should also be exercised in creating discontinuities

in all regions.

4. Columns

4a. Required Strength

Columns in the SFRS are required to have adequate strength to resist specific load

ing requirements where specified in the applicable system chapter. Where the system
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chapter does not have specific requirements, the columns must be adequate for load 

combinations of the applicable building code. In addition to meeting the system chap

ter and/or applicable building code requirements, the columns must also satisfy the 

requirements of Section D l .4a(b ). 

It is imperative that columns that are part of the SFRS have adequate strength to 

avoid global buckling or tensile rupture. Since the late 1980s, previous editions of 

the Provisions and other codes and standards have included requirements that are 

similar to those included in this section. The required forces for design of the col

umns are intended to represent reasonable limits on the axial forces that can be 

imposed. Design for these forces is expected to prevent global column failure. These 

axial forces are permitted to be applied without consideration of concurrent bending 

moments that may occur at column ends. Research has shown that columns can with

stand high axial forces (up to 0.75F
y
) with significant end rotations due to story drift 

(Newell and Uang, 2008). The column design using these forces is typically checked 

using K = 1.0. This approach is based on the recognition that in the SFRS, column 

bending moments would be largest at the column ends and would normally result in 

reverse curvature in the column. This being the case, the bending moments would not 

contribute to column buckling, and the assumption of K = 1.0 would be conservative. 

However, bending moments resulting from a load applied between points of lateral 

support can contribute to column buckling and are therefore required to be considered 

concurrently with axial loads. 

Clearly, the previously described approach provides no assurance that columns will 

not yield and the combination of axial load and bending is often capable of causing 

yielding at the ends of columns. Column yielding may be caused by a combination 

of high bending moments and modest axial loads, as is normal in moment frames; or 

by a combination of high axial load and bending due to the end rotations from story 

drift, as is normal in braced frame structures. While yielding of columns may result 

in damage that is significant and difficult to repair, it is judged that, in general, it will 

not result in column ruptures or global buckling, either of which would threaten life 

safety. 

Although the provisions in Section D 1.4a are believed to provide reasonable assurance 

of adequate performance, it should be recognized that these are minimum standards 

and there may be additional concerns where higher levels of performance, or greater 

levels of reliability are merited. For example, nonlinear analyses often indicate condi

tions wherein column end moments are not reversed and may contribute to buckling. 

Where columns are part of intersecting frames in seismic design category (SDC) 

D, E and F, ASCE/SEI 7 requires that analyses include the effects of 100% of the 

design motions in one direction in conjunction with 30% of those in the orthogo

nal direction, or the simultaneous application of orthogonal pairs of ground motion 

acceleration histories. For systems with high R values, even the 30% design motion 

is likely capable of yielding the structure, and considering that the 100% motion may 

occur in any direction relative to a given axis of the structure, it is clear that simulta

neous yielding of orthogonal systems is likely and should be considered in the design. 
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Determination of the need to combine axial forces from simultaneous yielding of 

intersecting frames is left as a matter of judgment. The extent to which simultaneous 

yielding of orthogonal lateral frames is of concern is a matter of configuration and 

design, and depends upon the expected deformations and the story drift at which the 

system used is expected to start yielding. Depending upon stiffness and overstrength, 

moment frames generally remain elastic until they reach I% story drift, whereas 

braced frames generally will yield before reaching half that drift. 

4b. Encased Composite Columns 

The basic requirements and limitations for determining the design strength of rein

forced concrete encased composite columns are the same as those in the Specification. 

Additional requirements for reinforcing bar details of composite columns that are 

not covered in the Specification are included based on provisions in ACI 318 (ACI, 

2014 ). Examples for determining the effective shear width, bw, of the reinforced con

crete encasement are given in Figure C-D 1.1. 

Composite columns can be an ideal solution for use in seismic regions because of their 

inherent structural redundancy (Viest et al., 1997; El-Tawil and Deierlein, 1999). For 

example, if a composite column is designed such that the structural steel can carry 

most or all of the dead load acting alone, then an extra degree of protection and safety 

is afforded, even in a severe earthquake where excursions into the inelastic range 

can be expected to deteriorate concrete cover and buckle reinforcing steel. However, 

as with any column of concrete and reinforcement, the designer should be aware of 

the constructability concerns with the placement of reinforcement and potential for 

congestion. This is particularly true at beam-to-column connections where potential 

interference between a steel spandrel beam, a perpendicular floor beam, vertical bars, 

joint ties, and stud anchors can cause difficulty in reinforcing bar placement and a 

potential for honeycombing of the concrete. 

The required level of detailing is specified in Chapters G and H of the Provisions. 

Moderately ductile requirements are intended for seismic systems permitted in 

seismic design category C, and highly ductile requirements are intended for seis

mic systems permitted in seismic design categories D, E and F. Note that the highly 

Fig. C-Dl.l. Effective widths for shear strength calculation of encased composite columns. 
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ductile requirements apply to members of special seismic systems permitted in seis

mic design category D, E and F even if the systems are employed for use in lower 

seismic design categories. 

1. Moderately Ductile Members

The more stringent tie spacing requirements for moderately ductile encased

composite columns follow those for reinforced concrete columns in regions of

moderate seismicity as specified in ACI 318 Chapter 18. These requirements are

applied to all composite columns for systems permitted in seismic design cate

gory C to make the composite column details at least equivalent to the minimum

level of detailing for columns in intermediate moment frames of reinforced con

crete (FEMA, 2000e; ICC, 2015).

2. Highly Ductile Members

The additional requirements for encased composite columns used in special

seismic systems are based upon comparable requirements for structural steel and

reinforced concrete columns in composite systems permitted in seismic design

categories D, E and F (FEMA, 2009a; ICC, 2015). For additional explanation

of these requirements, see Commentary Section D 1.4a and ACI 318 Chapter 18.

The minimum area of tie reinforcement requirement in Equation D 1-8 is based

upon a similar provision in ACI 318 Chapter 18, except that the required tie area

is reduced to take into account the steel core. The tie area requirement in Equa

tion D 1-8 and related tie detailing provisions are waived if the steel core of the

composite member can alone resist the expected ( arbitrary point in time) gravity

load on the column because additional confinement of the concrete is not nec

essary if the steel core can inhibit collapse after an extreme seismic event. The

load combination of 1.0D + 0.5L is based upon a similar combination proposed

as loading criteria for structural safety under fire conditions (Ellingwood and

Corotis, 1991).

The requirements for composite columns in composite special moment frames

(C-SMF) are based upon similar requirements for steel and reinforced concrete

columns in SMF (FEMA, 2009a; ICC, 2015). For additional commentary, see

Commentary Section E3 and ASCE/SEI 7.

The strong-column/weak-beam concept follows that used for steel and rein

forced concrete columns in SMF. Where the formation of a plastic hinge at the

column base is likely or unavoidable, such as with a fixed base, the detailing

should provide for adequate plastic rotational ductility. For seismic design cat

egory E, special details, such as steel jacketing of the column base, should be

considered to avoid spalling and crushing of the concrete.

Closed hoops are required to ensure that the concrete confinement and nomi

nal shear strength are maintained under large inelastic deformations. The hoop

detailing requirements are equivalent to those for reinforced concrete columns in

SMF. The transverse reinforcement provisions are considered to be conservative
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since composite columns generally will perform better than comparable rein

forced concrete columns with similar confinement. However, further research is 

required to determine to what degree the transverse reinforcement requirements 

can be reduced for composite columns. It should be recognized that the closed 

hoop and cross-tie requirements for C-SMF may require special details such as 

those suggested in Figure C-Dl.2 to facilitate the placement of the reinforce

ment around the steel core. Ties are required to be anchored into the confined 

core of the column to provide effective confinement. 

4c. Filled Composite Columns 

The basic requirements and limitations for detailing and determining the design 

strength of filled composite columns are the same as those in Specification Chapter I. 

The shear strength of the filled member is conservatively limited to the nominal shear 

yield strength of the hollow structural section (HSS) because the actual shear strength 

contribution of the concrete fill has not yet been determined in testing. This approach 

is recommended until tests are conducted (Furlong, 1997; ECS, 1994). Even with this 

conservative approach, shear strength rarely governs the design of typical filled com

posite columns with cross-sectional dimensions up to 30 in. (750 mm). Alternatively, 

the shear strength for filled tubes can be determined in a manner that is similar to that 

for reinforced concrete columns with the steel tube considered as shear reinforcement 

and its shear yielding strength neglected. However, given the upper limit on shear 

strength as a function of concrete crushing in ACI 318, this approach would only be 

advantageous for columns with relatively low ratios of structural steel to concrete 

areas (Furlong, 1997). 

5. Composite Slab Diaphragms

In composite construction, floor and roof slabs typically consist of either composite

or noncomposite metal deck slabs that are connected to the structural framing to

provide an in-plane composite diaphragm that collects and distributes seismic loads.

Generally, composite action is distinguished from noncomposite action on the basis

of the out-of-plane shear and flexural behavior and design assumptions.

Load-carrying 

Steel anchors 

Restraining 

Fig. C-Dl.2. Example of a closed hoop detail for an encased composite column. 
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Composite metal deck slabs are those for which the concrete fill and metal deck work 
together to resist out-of-plane bending and out-of-plane shear due to vertical floor 
and roof loads. Design procedures for determining flexural and shear strength and 
codes of practice for such slabs are well established (ASCE, 1991a, 1991b; AISI, 
2007; SDI, 2001, 2007, 201 l ). 

Noncomposite metal deck slabs are one-way or two-way reinforced concrete slabs for 
which the metal deck acts as formwork during construction, but is not relied upon for 
composite action. Noncomposite metal deck slabs, particularly those used as roofs, 
can be formed with metal deck that is capable of carrying all vertical loads and is 
overlaid with insulating concrete fill that is not relied upon for out-of-plane strength 
and stiffness. The concrete fill inhibits buckling of the metal deck, increasing the in
plane strength and stiffness of the diaphragm over that of the bare steel deck. 

The diaphragm plays a key role in collecting and distributing seismic loads to the 
seismic force-resisting systems and its design requires careful attention to establish
ing proper load paths and coherent detailing (Sabelli et al., 20 l l ). In some cases, 
loads from other floors should also be included, such as at a level where a change 
in the structural stiffness results in redistribution. Recommended diaphragm (in
plane) shear strength and stiffness values for metal deck and composite diaphragms 
are available for design from industry sources that are based upon tests and recom
mended by the applicable building code (SDI, 2001, 2004, 2007, 2011). In addition, 
research on composite diaphragms has been reported in the literature (Easterling and 
Porter, 1994). 

As the thickness of concrete over the steel deck is increased, the shear strength can 
approach that for a concrete slab of the same thickness. For example, in composite 
floor deck diaphragms having cover depths between 2 in. (50 mm) and 6 in. (150 mm), 
measured shear stresses on the order of 3.5..Ji' (where ..Ji' is in units of psi) have 
been reported. In such cases, the diaphragm strength of concrete metal deck slabs can 
be conservatively based on the principles of reinforced concrete design (ACI, 2014) 
using the concrete and reinforcement above the metal deck ribs and ignoring the ben
eficial effect of the concrete in the flutes. 

Shear forces are typically transferred through welds and/or shear anchors in the col
lector and boundary elements. Where concrete fill is present, it is generally advisable 
to use mechanical devices such as steel headed stud anchors to transfer diaphragm 
forces between the slab and collector/boundary elements, particularly in complex 
shaped diaphragms with discontinuities. However, in low-rise buildings without 
abrupt discontinuities in the shape of the diaphragms or in the seismic force-resisting 
system, the standard metal deck attachment procedures may be acceptable. 

6. Built-Up Structural Steel Members

Shapes and plates may be joined to form built-up shapes where the combined shape
behaves as an integral member for the magnitude and type of loading expected. ANSI/
AISC 358 provides direction for built-up I-shapes and box columns when forming
part of moment connections using prequalified connections. Section F2 provides
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direction for built-up diagonal braces. Section F3 provides direction for built-up 

I-shaped and built-up box sections used as links.

Other systems may use built-up members comprised of joined plates and/or shapes 

provided that their connections are designed for the anticipated forces. Where 

inelastic deformation is expected in a member during a significant earthquake, the 

connections between elements shall be based on the forces due to that inelastic force 

level. The basis of design section in the system chapters typically indicates when 

inelastic deformation is expected and in which members or elements. 

For example, an SCBF diagonal brace is typically required to be connected for its 
expected axial tension strength, R

y
F

y
A

g
/a,. Furthermore, connections must accom

modate brace buckling. Therefore, the direction of brace buckling must be determined. 

Interconnection of brace elements must address both the magnitude of load and the 

direction of loading. 

The connection design strength requirement of diagonal braces in an ordinary con

centrically braced frame (OCBF) is typically governed by forces arising from the 

load combinations including the overstrength seismic load. These end connection 

forces can therefore be used to determine the interconnection between the elements. 

Brace end gussets are not required to be designed for buckling in or out of plane. 

For moment frames subject primarily to flexure, the horizontal shear between ele

ments is a function of the vertical shear at the connection to the column face. The 

system chapters provide direction to determine this force. For example, Section El 

provides direction to determine the shear in the beam at the column face. This shear 

force can be used to determine the horizontal shear force between the flanges and 

web. Connections between elements of columns in moment frames must also be 

designed both for the horizontal shears between floors, and for the high horizontal 

shear in the column panel zone. 

Where protected zones are specified, inelastic deformation is typically expected at 

that location. An example is the protected zone in a moment frame beam near the 

column face. The connection should develop the strength of the weaker element, typi

cally the beam web. This can be accomplished by complete-joint-penetration groove 

welds or by two-sided fillet welds proportioned to develop the expected strength of 

the weaker element. Note that the fillet weld option is not permitted for built up 

shapes in moment connections governed by ANSI/AISC 358. An example of where 

fillet welds are permitted is in the protected zone of a special cantilever column sys

tems column per Section E6. 

D2. CONNECTIONS 

1. General

Adequate behavior of connections of members in various systems in the SFRS is 

ensured by satisfying one of the following general conditions: 
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(1) Connections in some systems are verified by testing to ensure adequate per

formance (IMF, SMF beam-to-column connections, and BRBF brace-to-gusset

connections, for example).

(2) Connections of members in some systems are designed to resist the required

strength of the connected member or an adjoining member and therefore the

maximum connection forces are limited by expected strength of a member

(SCBF and BRBF diagonal braces and EBF links, for example).

(3) Connections of some members must be designed to resist forces based on the

load combinations including the overstrength seismic load (column splices, col

lectors, and OCBF diagonal braces, for example).

A review of the requirements of these Provisions and ASCE/SEI 7 indicates that con

nections in the SFRS satisfy at least one of the preceding conditions. Therefore, the 

requirement in the 2005 Provisions that the design of a connection ensures a ductile 

limit state was deleted in the 2010 Provisions. 

2. Bolted Joints

The potential for full reversal of design load and the likelihood of inelastic deforma

tions of members and/or connected parts necessitates that pretensioned bolts be used

in bolted joints in the SFRS. However, earthquake motions are such that slip cannot

and need not be prevented in all cases, even with slip-critical connections. Accord

ingly, the Provisions call for bolted joints to be proportioned as pretensioned bearing

joints but with faying surfaces prepared as for Class A or better slip-critical connec

tions. That is, bolted connections can be proportioned with available strengths for

bearing connections as long as the faying surfaces are still prepared to provide a mini

mum slip coefficient, µ = 0.30. The resulting nominal amount of slip resistance may

minimize damage in more moderate seismic events. This requirement is intended

for joints where the faying surface is primarily subjected to shear. Where the faying

surface is primarily subjected to tension or compression from seismic load effects, for

example, in a bolted end plate moment connection, the requirement for preparation of

the faying surfaces may be relaxed.

I t  is an acceptable practice to designate bolted joints as slip-critical as a simplified

means of specifying the requirements for pretensioned bolts with slip-critical fay

ing surfaces. However when the fabricator is permitted to design the connections,

specifying that bolted joints must be designed as slip-critical may result needlessly in

additional and/or larger bolts.

To prevent excessive deformations of bolted joints due to slip between the connected

plies under earthquake motions, the use of holes in bolted joints in the SFRS is lim

ited to standard holes (including the new standard 1/s-in. hole clearance for bolts 1-in.

diameter and larger) and short-slotted holes with the direction of the slot perpen

dicular to the line of force. For connections where there is no transfer of seismic

load effect by shear in the bolts in the joint, oversized holes, short-slotted holes, and

slotted holes are permitted. An example is a collector beam end connection using
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an end-plate connection. The axial force in the beam due to seismic load effects is 

transferred by either tension in the end connection or by bearing of the beam end 

through the connection. Gravity loads are transferred by bolt shear, but not seismic 

load effects. 

An exception is provided for alternative hole types that are justified as a part of a 

tested assembly. Additionally, an exception allows the use of oversized holes in one 

ply of connections of diagonal bracing members in Sections F l ,  F2, F3 and F4 when 

the connection is designed as a slip-critical joint. The required strength for the limit 

state of bolt slip for the connection is specified in the applicable section. As reported 

in FEMA 355D (FEMA, 2000d), bolted joints with oversized holes in tested moment 

connections were found to behave as fully restrained connections for most practi

cal applications. Bolted connections of diagonal bracing with oversized holes should 

behave similarly. Oversized holes in diagonal bracing connections with slip-critical 

bolts will provide additional tolerance for field connections, yet should remain as 

slip-resistant for most seismic events. If the bolts did slip in the oversized holes in 

an extreme situation, the connections should still behave similarly to fully restrained 

connections. Story drifts may also increase slightly if bolts slip, and the effect of 

bolt slip should be considered in drift calculations. In order to minimize the amount 

of slip, oversized holes for bolts are limited to one ply of the connection. For large 

diameter bolts, the amount of slippage can also be minimized by limiting the over

sized bolt hole size to a maximum of 1/16 in. (5 mm) greater than the bolt diameter, 

rather than the maximum diameter permitted by the Specification. The available slip 

resistance of bolts in oversized holes is reflected in the reduced available strength for 

oversized holes per Specification Section 13.8. While there is no loss of pretension 

with bolts properly installed in oversized holes, the Specification for static applica

tions reduces the available strength because of the larger slip that occurs at strength 

loads. The overall behavior of connections with oversized holes has been shown to be 

similar to those with standard holes (Kulak et al., 1987). 

To prevent excessive deformations of bolted joints due to bearing on the connected 

material, the bearing and tearout strengths are limited to the option where deforma

tion is a design consideration in Specification Section J3.10. The philosophical intent 

of this limitation in the Specification is to limit the bearing/tearout deformation to an 

approximate maximum of¼ in. (6 mm). It should be recognized, however, that the 

actual bearing load in a seismic event may be much larger than that anticipated in 

design and the actual deformation of holes may exceed this theoretical limit. None

theless, this limit should effectively minimize damage in moderate seismic events. 

An exception is permitted for those bolted connections where the required force is 

determined by the capacity of a member or an adjacent one. For this condition the 

connection force is unlikely to be exceeded significantly. Therefore for this restric

tion, the bearing and tearout strengths may be increased to the values allowed in 

Specification Section 13.10 where deformation is not a design consideration. The 

consequences of the additional deformation should still be considered. For example, 

additional frame drift could occur in a moment frame with shallow beams and bolted 
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flange plate connections where additional beam rotation is caused by the increased 

bolt deformation. 

Connections or joints in which bolts in combination with welds resist a common force 

in a common shear plane are prohibited. Due to the potential for full load reversal 

and the likelihood of inelastic deformations in connecting plate elements, bolts may 

exceed their slip resistances under significant seismic loads. Welds that are in a com

mon shear plane to these bolts will likely not deform sufficiently to allow the bolts 

to slip into bearing, particularly if subject to cyclic load reversal. Consequently, the 

welds will tend to resist the entire force and may fail if they are not designed as such. 

These provisions prohibit bolts from sharing a force with welds in a common shear 

plane in all situations. In addition to prohibiting sharing of loads on a common faying 

surface, sharing of a common force between different elements in other conditions is 

also prohibited. For example, bracing connections at beam-to-column joints are often 

configured such that the vertical component of the brace is resisted by a combination 

of both the beam web and the gusset connections to the columns (see Figure C-D2. l 

for desirable details and Figure C-D2.2 for problematic connections). Since these 

two elements are in a common shear plane with limited deformation capability, if one 

element were welded and the other bolted, the welded joint would likely resist all the 

force. By making the connections of these elements to the column either both bolted 

or both welded when considering an individual shear plane, both elements would 

likely participate in resisting the force. Similarly, wide-flange bracing connections 

should not be designed such that bolted web connections share in resisting the axial 

loads with welded flanges (or vice versa). 

Bolts in one element of a member may be designed to resist a force in one direction 

while other elements may be connected by welds to resist a force in a different direc

tion or shear plane. For example, a beam-to-column moment connection may use 

welded flanges to transfer flexure and/or axial loads, while a bolted web connection 

transfers the beam shear. Similarly, column splices may transfer axial loads and/or 

flexure through flange welds with horizontal shear in the column web transferred 

through a bolted web connection. In both of these cases there should be adequate 

deformation capability between the flange and web connections to allow the bolts to 

resist loads in bearing independent of the welds. 

The Provisions do not prohibit the use of erection bolts on a field-welded connection 

such as a shear tab in the web of a wide-flange beam moment connection. In this 

instance the bolts would resist the temporary erection loads, but the welds would need 

to be designed to resist the entire anticipated force in that element. 

3. Welded Joints

The general requirements for design of welded joints are specified in Spec�fication 

Chapter J. Additional design requirements for specific systems or connection types 

are specified elsewhere in the Provisions. The 2005 Provisions also invoked certain 

requirements for weld filler metal toughness and welding procedures. In these Provi

sions, the requirements are specified in Sections A3.4 and 12.3. 
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CJP 

flanges 

@ A bolted web connection may be designed to resist column shear

while welded flanges resist axial and/or flexural forces. 

@ Connection using both gusset and beam web welded to column

allows both elements to participate in resisting the vertical com

ponent of the brace force. Note that erection bolts may be used to 

support beam temporarily. 

© Flanges and web are both welded to resist axial force in combina

tion. Bolts are for erection only. 

@ Both web of beam and gusset are bolted to column allowing shar

ing of vertical and horizontal forces. 

@ A stub detail allows both gusset and beam web to be shop welded

to column. Flanges of supported beam may be welded to transfer 

flexural and axial forces. 

® For beam moment connections, bolted webs can resist shear

while welded flanges resist flexural and axial forces. (Moment con

nections must meet the requirements of Chapter E of the Seismic 

Provisions, as required.) 

Fig. C-D2.l. Desirable details that avoid shared forces between welds and bolts. 
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4. Continuity Plates and Stiffeners

The available lengths for welds of continuity plates and stiffeners to the web and

flanges of rolled shapes are reduced by the detailing requirements of AWS Dl.8/

Dl .SM clause 4.1 as specified in Section I2.4 of the Provisions. See Figures C-D2.3(a)

and (b). These large corner clips are necessary to avoid welding into the k-area of

wide-flange shapes. See Commentary Section A3.1 and AWS Dl.8/Dl.SM clause 4

commentary for discussion.

5. Column Splices

Sa. Location of Splices

Column splices should be located away from the beam-to-column connection to

reduce the effects of flexure. For typical buildings, the 4 ft (1.2 m) minimum distance

requirement will control. When splices are located 4 to 5 ft (1.2 to 1.5 m) above the

floor level, field erection and construction of the column splice will generally be

® 

® 

Brace or column members should not be designed with a combi

nation of bolted web and welded flanges resisting axial forces. 

Brace connections to columns with gussets welded to the column 

and the beam web bolted to the column will transfer forces differ

ently from all-welded or all-bolted connections. The welded joint of 

the gusset to the column will tend to resist the entire vertical force 

at the column face (the vertical component of the brace force, plus 

the beam reaction). Also, the transfer of horizontal force through 

the bolted web to the column face will be precluded by the stiffer 

path through the welded joints of the gusset, so the gusset-to

beam joint will tend to resist the entire horizontal component of the 

brace force. Pass-through forces at beam-column connection will 

bypass the shear plate and go through the gusset. Equilibrium of 

the connection requires additional moments in both the beam and 

column, as well as higher forces in the welds of the gusset to the 

column and to the beam to transfer these forces. 

Fig. C-D2.2. Problematic bolted/welded member connections. 
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simplified due to improved accessibility and convenience. In general, it is recom

mended that the splice be within the middle third of the story height from a design 

perspective. For less typical buildings, where the floor-to-floor height is insufficient 

to accommodate this requirement, the splice should be placed as close as practicable 

to the midpoint of the clear distance between the finished floor and the bottom flange 

of the beam above. It is not intended that these column splice requirements be in 

conflict with applicable safety regulations, such as the OSHA Safety Standards for 

Steel Erection (OSHA, 2010) developed by the Steel Erection Negotiated Rulemak

ing Advisory Committee (SENRAC). This requirement is not intended to apply at 

columns that begin at a floor level, such as a transfer column, or columns that are 

interrupted at floor levels by cantilevered beams. However, the splice connection 

strength requirements of Section D2.5 still apply. 

Sb. Required Strength 

Except for moment frames, the available strength of a column splice is required 

to equal or exceed both the required strength determined in Section D2.5b and the 

required strength for axial, flexural and shear effects at the splice location determined 

from load combinations stipulated by the applicable building code. 

Partial-joint-penetration groove welded splices of thick column flanges exhibit vir

tually no ductility under tensile loading (Popov and Stephen, 1977; Bruneau et al., 

1987). Consequently, column splices made with partial-joint-penetration groove 

welds require a I 00% increase in required strength and must be made using weld 

metal with minimum Charpy V-notch (CVN) toughness properties. 

The calculation of the minimum available strength in Section D2.5b(2)(b) includes 

the ratio R
y
, This results in a minimum available strength that is not less than 50% 

of the expected yield strength of the column flanges. A complete-joint-penetration 

(CJP) groove weld may be considered as satisfying this requirement. However, when 

in. 

(13 mm) 
max. 

(a) Straight corner clip

in. 

(13 mm) 
max. 

in. 

(13 mm) 
radius min.'-----"'----------'..______, 

(b) Curved corner clip

Fig. C-D2.3. Configuration of continuity plates. 
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applicable, tapered transitions are required in order to relieve stress concentrations 

where local yielding could occur at changes in column flange width or thickness per 

Section D2.5b(2)(c). Tensile stresses are to be calculated by adding the uniform axial 

stress with the elastic bending stress or stresses, using the elastic section modulus, S. 

The possible occurrence of tensile loads in column splices utilizing partial-joint

penetration (PJP) groove welds during a maximum considered earthquake should be 

evaluated. When tensile loads are possible, it is suggested that some restraint be pro

vided against relative lateral movement between the spliced column shafts because 

the strength of the PJP welds is potentially exhausted in resisting the tensile forces. 

For example, this can be achieved with the use of flange splice plates. Alternatively, 

web splice plates that are wide enough to maintain the general alignment of the 

spliced columns can be used. Shake-table experiments have shown that when col

umns that are unattached at the base reseat themselves after lifting, the performance 

of a steel frame remains tolerable (Huckelbridge and Clough, 1977). 

These provisions are applicable to common frame configurations. Additional con

siderations may be necessary when flexure dominates over axial compression in 

columns in moment frames, and in end columns of tall narrow frames where over

turning forces can be very significant. The designer should review the conditions 

found in columns in buildings with tall story heights when large changes in column 

sizes occur at the splice, or when the possibility of column buckling in single cur

vature over multiple stories exists. In these and similar cases, special column splice 

requirements may be necessary. 

Where CJP groove welds are not used, the connection is likely to consist of PJP

groove welds. The unwelded portion of the PJP groove weld forms a discontinuity 

that acts like a notch that can induce stress concentrations. A PJP groove weld made 

from one side could produce an edge crack-like notch (Barsom and Rolfe, 1999). 

A PJP groove weld made from both sides would produce a buried crack-like notch. 

The strength of such internal crack-like notches may be computed by using fracture 

mechanics methodology. Depending on the specific characteristics of the particular 

design configuration, geometry and deformation, the analysis may warrant elastic

plastic or plastic finite element analysis of the joint. The accuracy of the computed 

strength will depend on the finite element model and mesh size used, the assumed 

strength and fracture toughness of the base metal, heat affected zone and weld metal, 

and on the residual stress magnitude and distribution in the joint. 

Sc. Required Shear Strength 

Inelastic analyses (FEMA, 2000f) of moment frame buildings have shown the impor

tance of the columns that are not part of the SFRS in helping to distribute the seismic 

shears between the floors. Even columns that have beam connections considered to 

be pinned connections may develop large bending moments and shears due to non

uniform drifts of adjacent levels. For this reason, it is recommended that splices of 

such columns be adequate to develop the shear forces corresponding to these large 

column moments in both orthogonal directions. Accordingly, columns that are part of 
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the SFRS must be connected for the greater of the forces resulting from these drifts, 

or the requirements specific to the applicable system in Chapters E, F, G or H. 

FEMA 350 (FEMA, 2000a) recommends that: "Splices of columns that are not part 
of the seismic force-resisting system should be made in the center one-third of the 

column height, and should have sufficient shear capacity in both orthogonal direc

tions to maintain the alignment of the column at the maximum shear force that the 
column is capable of producing." The corresponding commentary suggests that this 

shear should be calculated assuming plastic hinges at the ends of the columns in both 

orthogonal directions. 

Further review (Krawinkler, 2001) of nonlinear analyses cited in FEMA 355C 

(FEMA, 2000d) showed that, in general, shears in such columns will be Jess than one

half of the shear calculated from 2M
pc/H, where M

pc is the nominal plastic flexural 

strength of the column and H is the height of the story. For this reason, Section D2.5c 
requires that the calculated shear in the splices be M

pc/(a.,H). 

Sd. Structural Steel Splice Configurations 

Bolted web connections are preferred by many engineers and contractors because 

they have advantages for erection, and when plates are placed on both sides of the 

web, whether they are bolted or welded, they are expected to maintain alignment of 

the column in the event of a flange splice fracture. A one-sided web plate may be used 

when it is designed as a back-up plate for a CJP web weld. This plate is also com

monly used as a column erection aid. In most cases, partial-joint-penetration (PJP) 

groove welded webs are not recommended because fracture of a flange splice would 

likely lead to fracture of the web splice, considering the stress concentrations inherent 

in such welded joints. An exception allowing the use of PJP groove welds at the web 

splice in IMF, SMF and special truss moment frames (STMF) is given. 

Weld backing for groove welds in column splices may remain. The justification for 

this is that unlike beam-to-column connections, splices of column flanges and webs 

using weld backing result in no transversely loaded notch. 

6. Column Bases

Column bases must have adequate strength to permit the expected ductile behav

ior for which the system is designed in order for the anticipated performance to be

achieved.

Column bases are required to be designed for the same forces as those required for

the members and connections framing into them. If the connections of the system are

required to be designed for the amplified seismic loads or loads based on member

strengths, the connection to the column base must also be designed for those loads.

Column bases are considered to be column splices. The required strength of column

bases includes the requirements prescribed in Section D2.5.

It is necessary to decompose the required tension strength of connections of diagonal

brace members to determine the axial and shear forces imparted on the column base.
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The requirement for removal of weld tabs and weld backing at column-to-base plate 

connections made with groove welds has been added to Section D2.6 as it is appli

cable to all SFRS systems in Chapters E, F, G and H. The use of weld backing for a 

CJP weld of a column to a base plate creates a transverse notch. Consequently, weld 

backing must be removed. For OMF, IMF and SMF systems, weld backing is allowed 

to remain at the CJP welds of the top flange of beam-to-column moment connections 

if a fillet weld is added per ANSI/AISC 358 Chapter 3 (AISC, 2016b). Similarly, an 

exception has been added for column bases to permit weld backing to remain at the 

inside flanges and at the webs of wide-flange shapes when a reinforcing fillet weld is 

added between the backing bar and the base plate. 

6a. Required Axial Strength 

The required axial (vertical) strength of the column base is computed from the col

umn required strength in Sections D 1.4a and D2.5b, in combination with the vertical 

component of the required connection strength of any braces present. 

6b. Required Shear Strength 

The required shear (horizontal) strength of the column base in the SFRS is computed 

from a mechanism in which the column forms plastic hinges at the top and bottom 

of the first story, in combination with the horizontal component of the required con

nection strength of any braces present. The component of shear in the column need 

not exceed the load effect corresponding to the overstrength seismic load. As noted 

in Commentary Section D2.5c, columns that are not part of the SFRS may be subject 

to significant shear loads from relative displacement between floors particularly if 

there are nonuniform drifts between floors. Similarly, bases of columns that are not 

part of the SFRS will be subject to high shear demand. A minimum shear require

ment is present for all column bases including columns that are not part of the SFRS.

The required shear force for column bases is less than that for column splices given 

that the base level of gravity columns is typically pinned. This allows the column to 

develop a lesser shear from building drift than a column with fixity at both ends. An 

exception to the shear force per Section D2.6b is allowed for single-story columns 

with simple connections at both ends as shear from story drift will not develop in 

columns where flexure cannot occur at either end. 

An additional exception is added to reduce the minimum required shear force at the 

column base due to column flexure. The forces determined from a nonlinear analysis 

in accordance with Section C3 may be used to determine shear in the column. 

Systems in Sections El , F l ,  Gl, Hl and H4 are expected to have limited inelastic 

behavior. Consequently, in these systems, shear forces in columns that are not part of 

the SFRS due to nonuniform drifts between the first and second story of a structure 

are expected to be minimal. Therefore, the minimum shear force is not required for 

these systems. 

Alternatively, shear forces in the columns can be determined by an analysis that con

siders a drift of 0.025 times the story height at either the first level or the second level, 
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but not both concurrently. This can be performed using a simple model of a cantilever 

column with a single backspan as illustrated in Figure C-D2.4. The shear developed 

at the column base due to a deflection of 0.025h can be determined. Of note, the shear 

forces caused by a given drift about the column weak axis are typically less than the 

strong axis. 

There are several possible mechanisms for shear forces to be transferred from the col

umn base into the supporting concrete foundation. Surface friction between the base 

plate and supporting grout and concrete is probably the initial load path, especially 

if the anchor rods have been pretensioned. Unless the shear force is accompanied 

by enough tension to completely overcome the dead loads on the base plate, this 

mechanism will probably resist some or all of the shear force. However, many build

ing codes prescribe that friction cannot be considered when resisting code prescribed 

earthquake loads, and another design calculation method must be utilized. The other 

potential mechanisms are anchor rod bearing against the base plates, shear keys bear

ing on grout in the grout pocket, or bearing of the column embedded in a slab or grade 

beam. See Figure C-D2.5. 

Fig. C-D2.4. Model to determine column drifts. 
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Anchor rod bearing is usually considered in design and is probably sufficient con

sideration for light shear loads. It represents the shear limit state if the base plate 

has overcome friction and has displaced relative to the anchor rods. The anchor rods 

are usually checked for combined shear and tension. Anchor rod bearing on the base 

plate may also be considered, but usually the base plate is so thick that this is not 

a problem. Note that oversize holes are typically used for anchor rods, and a weld 

washer may be required to transmit forces from the base plate to the anchor rods. 

Where shear is transferred through the anchor rods, anchor rods are subject to flexure. 

A shear key should be considered for heavy shear loads, although welding and con

struction issues must be considered. If tension and/or overturning loads are present, 

anchor rods must also be provided to resist tension forces. 

For foundations with large free edge distances, concrete blowout strength is controlled 

by concrete fracture; and the concrete capacity design (CCD) method prescribed in 

ACI 318 Chapter 17 provides a relatively accurate estimate of shear key concrete 

strength. For foundations with smaller edge distances, shear key concrete blowout 

strength is controlled by concrete tensile strength; and the 45° cone method pre

scribed in ACI 349 (ACI, 2006) and AISC Design Guide 1, Base Plate and Anchor 

Rod Design (AISC, 2010b) provides a reasonable estimate of shear key concrete 

strength. In recognition of limited physical testing of shear keys, it is recommended 

that the shear key concrete blowout strength be estimated by the lower of these two 

methods (Gomez et al., 2009). 

Where columns are embedded, the bearing strength of the surrounding concrete can 

be utilized. Note that the concrete element must then be designed to resist this force 

and transfer it into other parts of the foundation or into the soil. 

Base 
plate 

Anchor 

rod 

Grout 

Anchor 

rod 

Grout 

Fig. C-D2.5. Shear transfer mechanisms-column supported by foundation. 
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When the column base is embedded in the foundation, it can serve as a shear key to 

transfer shear forces. It is sometimes convenient to transfer shear forces to concrete 

grade beams through reinforcing steel welded to the column. Figure C-D2.6 shows 

two examples of shear transfer to a concrete grade beam. The reinforcing steel must 

be long enough to allow a splice with the grade beam reinforcing steel, allowing 

transfer of forces to additional foundations. 

6c. Required Flexural Strength 

Column bases for moment frames can be of several different types, as follows: 

(1) A rigid base assembly may be provided which is strong enough to force yield

ing in the column. The designer should employ the same guidelines as given for

the rigid fully restrained connections. Such connections may employ thick base

plates, haunches, cover plates, or other strengthening as required to develop

the column hinge. Where haunched-type connections are used, hinging occurs

above the haunch, and appropriate consideration should be given to the stabil

ity of the column section at the hinge. See Figure C-D2.7 for examples of rigid

base assemblies that can be designed to be capable of forcing column hinging.

In some cases, yielding can occur in the concrete grade beams rather than in the

column. In this case the concrete grade beams should be designed in confor

mance with ACI 318 Chapter 18.

(2) Large columns may be provided at the bottom level to limit the drift, and a

"pinned base" may be utilized. The designer should ensure that the required

shear capacity of the column, base plate and anchor rods can be maintained

up to the maximum rotation that may occur. It should be recognized, however,

that without taking special measures, column base connections will generally

provide partial rotational fixity.

(3) According to the requirements of Section D2.6c(b)(2), the column base moment

must be equal to or greater than the moment calculated using the overstrength

seismic load. Since this moment is less than the flexural strength of the column,

(a) (b) 

Fig. C-D2.6. Examples of shear transfer to a concrete grade beam. 
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there is a need to ensure that a ductile limit state will occur in either the connec

tion or the foundation to avoid connection failure. A connection which provides 

"partial fixity" may be provided, such that the column behaves as a fixed col

umn up to some moment, whereupon the column base yields prior to the column 

hinging. This can be achieved through flexural bending of the base plate similar 

to an end plate connection, bending of elements used as anchor chairs, ductile 

yielding of the foundation, uplift of the foundation or elongation of the anchor 

rods. For the latter, ACI 318 Chapter 17, provides guidance to ensure anchor rod 

elongation prior to concrete breakout. 

(4) The column may continue below the assumed seismic base (e.g., into a base

ment, crawl space or grade beam) in such a way that column fixity is assured

without the need for a rigid base plate connection. The designer should recog

nize that hinging will occur in the column, just above the seismic base or in

the grade beam. If hinging is considered to occur in the grade beam, then the

grade beam should be designed in conformance with ACI 318 Chapter 18. The

horizontal shear to be resisted at the ends of the column below the seismic base

should be calculated considering the expected strength, R
y
F

y
, of the framing.

See Figure C-D2.8 for examples of a column base fixed within a grade beam.

Based on experimental observations, the ultimate strength of the column base will 

be reached when any one of the following yielding scenarios is activated (Gomez et 

al., 2010): 

Anchor 
rod 

foundation 

Column 

Base 

plate 

Concrete 
foundation 

Fig. C-D2.7. Example of "rigid base" plate assembly for moment frames. 
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( 1) Flexural yielding of both the tension side and compression side of the base plate

(2) Axial yielding of the anchor rods on the tension side

(3) Crushing of the concrete or grout

HistoricalJy, both triangular concrete stress blocks and rectangular concrete stress 

blocks have been used for the analysis of column base plates; the rectangular stress 

blocks give the best agreement with test results (Gomez et al., 2010). 

7. Composite Connections

The use of composite connections often simplifies some of the special chalJenges

associated with traditional steel and concrete construction. For example, compared to

structural steel, composite connections often avoid or minimize the use of field weld

ing, and compared to reinforced concrete, there are fewer instances where anchorage

and development of primary beam reinforcement is a problem.

Given the many alternative configurations of composite structures and connections,

there are few standard details for connections in composite construction (Griffis,

1992; Goel, 1992a; Goel, 1993). However, tests are available for several connection

details that are suitable for seismic design. References are given in this section and

Commentary Chapters G and H. In most composite structures built to date, engineers

have designed connections using basic mechanics, equilibrium, existing standards for

steel and concrete construction, test data, and good judgment. The provisions in this

section are intended to help standardize and improve design practice by establishing

basic behavioral assumptions for developing design models that satisfy equilibrium

of internal forces in the connection for seismic design.

foundation 

(a) 

· Embedded ru::;;1m-

moment connected to

column

Column 

foundation 

(b) 

Fig. C-D2.8. Examples of column base fixity in a grade beam. 
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General Requirements 

The requirements for deformation capacity apply to both connections designed for 

gravity load only and connections that are part of the SFRS. The ductility requirement 

for gravity load only connections is intended to avoid failure in gravity connections 

that may have rotational restraint but limited rotation capacity. For example, Fig

ure C-D2.9 shows a connection between a reinforced concrete wall and steel beam 

that is designed to resist gravity loads and is not considered to be part of the SFRS.

However, this connection is required to be designed to maintain its vertical shear 

strength under rotations and/or moments that are imposed by inelastic seismic defor

mations of the structure. 

In calculating the required strength of connections based on the nominal strength of 

the connected members, allowance should be made for all components of the mem

bers that may increase the nominal strength above that usually calculated in design. 

For example, this may occur in beams where the negative moment strength provided 

by slab reinforcement is often neglected in design but will increase the moments 

applied through the beam-to-column connection. Another example is in filled HSS

braces where the increased tensile and compressive strength of the brace due to con

crete should be considered in determining the required connection strength. Because 

the evaluation of such conditions is case specific, these provisions do not specify any 

allowances to account for overstrength. However, as specified in Section A3.2, calcu

lations for the required strength of connections should, as a minimum, be made using 

the expected yield strength of the connected steel member or of the reinforcing bars 

in the connected concrete or composite member. 

Nominal Strength of Connections 

In general, forces between structural steel and concrete will be transferred by a combi

nation of bond, adhesion, friction and direct bearing. Transfers by bond and adhesion 

are not permitted for nominal strength calculation purposes because: (1) these 

Reinforced ,...,...,,...,...,..,.,.,. wall 

Steel floor 

Fig. C-D2.9. Steel beam-to-reinforced concrete wall gravity load shear connection. 
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mechanisms are not effective in transferring load under inelastic load reversals; and 

(2) the effectiveness of the transfer is highly variable depending on the surface condi

tions of the steel and shrinkage and consolidation of the concrete.

Transfer by friction should be calculated using the shear friction provisions in 

ACI 318 where the friction is provided by the clamping action of steel ties or studs 

or from compressive stresses under applied loads. Since the provisions for shear fric

tion in ACI 318 are based largely on monotonic tests, the values are reduced by 25% 

where large inelastic stress reversals are expected. This reduction is considered to be 

a conservative requirement that does not appear in ACI 318 but is applied herein due 

to the relative lack of experience with certain configurations of composite structures. 

In many composite connections, steel components are encased by concrete that will 

inhibit or fully prevent local buckling. For seismic design where inelastic load rever

sals are likely, concrete encasement will be effective only if it is properly confined. 

One method of confinement is with reinforcing bars that are fully anchored into the 

confined core of the member (using requirements for hoops in ACI 318 Chapter 18). 

Adequate confinement also may occur without special reinforcement where the con

crete cover is very thick. The effectiveness of the latter type of confinement should 

be substantiated by tests. 

For fully encased connections between steel (or composite) beams and reinforced 

concrete ( or composite) columns such as shown in Figure C-D2. l 0, the panel zone 

nominal shear strength can be calculated as the sum of contributions from the rein

forced concrete and steel shear panels (see Figure C-D2. l l ). This superposition of 

strengths for calculating the panel zone nominal shear strength is used in detailed 

design guidelines (Deierlein et al., 1989; ASCE, 1994; Parra-Montesinos and Wight, 

2001) for composite connections that are supported by test data (Sheikh et al., 1989; 

Longitudinal 
reinforcement 

bearing 
plates 

beam 
(through joint) 

Reinforced concrete 
column 

Fig. C-D2.10. Reinforced concrete column-to-steel beam moment connection. 
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Kanno and Deierlein, 1997; Nishiyama et al., 1990; Parra-Montesinos and Wight, 

2001 ). Further information on the use and design of such connections is included in 

the commentary to Section G3. 

Reinforcing bars in and around the joint region serve the dual functions of resist

ing calculated internal tension forces and providing confinement to the concrete. 

Internal tension forces can be calculated using established engineering models that 

satisfy equilibrium (e.g., classical beam-column theory, the truss analogy, strut and 

column 

Fig. C-D2.11. Panel shear mechanisms in steel beam-to-reinforced 

concrete column connections (Deierlein et al., 1989). 
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tie models). Tie requirements for confinement usually are based on empirical models 

derived from test data and past performance of structures (ACI, 2002; Kitayama et 

al., 1987). 

(I) In connections such as those in C-PRMF, the force transfer between the concrete

slab and the steel column requires careful detailing. For C-PRMF connections

(see Figure C-D2.12), the strength of the concrete bearing against the column

Elevation 

Plan 

longitudinal 
reinforcement 

Fig. C-D2.12. Composite partially restrained connection. 
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flange should be checked (Green et al., 2004). Only the solid portion of the 
slab (area above the ribs) should be counted, and the nominal bearing strength 
should be limited to 1.2f; (Ammerman and Leon, 1990). In addition, because 
the force transfer implies the formation of a large compressive strut between the 
slab bars and the column flange, adequate transverse steel reinforcement should 
be provided in the slab to form the tension tie. From equilibrium calculations, 
this amount should be the same as that provided as longitudinal reinforcement 
and should extend at least 12 in. (300 mm) beyond either side of the effective 
slab width. 

(2) Due to the limited size of joints and the congestion of reinforcement, it often
is difficult to provide the reinforcing bar development lengths specified in ACI
318 for transverse column reinforcement in joints. Therefore, it is important to
take into account the special requirements and recommendations for tie require
ments as specified for reinforced concrete connections in ACI 318 Chapter 18
and in ACI 352R-02 (ACI, 2002), Kitayama et al. (1987), Sheikh and Uzumeri
(1980), Park et al., (1982), and Saatcioglu (1991). Test data (Sheikh et al., 1989;
Kanno and Deierlein, 1997; Nishiyama et al., 1990) on composite beam-to
column connections similar to the one shown in Figure C-D2. l O indicate that
the face bearing (stiffener) plates attached to the steel beam provide effective
concrete confinement.

(3) As in reinforced concrete connections, large bond stress transfer of loads to col
umn bars passing through beam-to-column connections can result in slippage
of the bars under extreme loadings. Current practice for reinforced concrete
connections is to control this slippage by limiting the maximum longitudinal
bar sizes as described in ACI 352R-02.

At this time, there are not any provisions herein for determining panel zone shear 
strength; however, there is research that has been conducted on this subject. The fol
lowing equations have been developed from research for calculating the panel zone 
shear strength of filled composite members: 

where 
Ve = "{Acp

.[JZ, kips (N) 

y = 28 for rectangular filled columns 
= 24 for circular filled columns 

Acp
= area of the concrete core engaged in the panel zone, in.2 (mm2) 

(C-D2-l )  

(C-D2-2) 

\!,1 = shear strength contribution of the filled composite column calculated using 
Specification Section 14.1, kips (N) 

Vwn = shear strength contribution of the web of the steel beam in through-beam 
( uninterrupted) connections calculated using Specification Equation G2-1, 
kips (N) 
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The panel zone shear strength equations for filled composite columns are based on 

the research conducted by Elremaily (2000) and Koester (2000). The use of these 

equations has been illustrated by Fischer and Varma (2015). 

8. Steel Anchors

Experiments of steel headed stud anchors subjected to shear or a combination of

shear and tension consistently show that a reduction in strength occurs with cycling

(McMullin and Astaneh-Asl, 1994; Civjan and Singh, 2003; Saari et al., 2004). Pal

lares and Hajjar (201 Oa, 20 !Ob) collected a wide range of test data of headed stud

anchors subjected both to shear and combined shear and tension and documented that

for composite members that are part of the SFRS in intermediate or special systems,

a 25% reduction of the stud available strength given in the Specification is appropriate

to allow for the effect of cyclic loads if the studs are expected to yield. Test data exists

(Lee et al., 2005; Wang et al., 2011) to confirm the available strength of headed stud

anchors up to 1 in. (25 mm) in diameter when subjected to monotonic loading. How

ever, the available cyclic test data was almost exclusively for headed stud anchors

with diameters up to ¾ in. (19 mm). As such, these provisions limit the diameter of

headed stud anchors to¾ in. (19 mm).

D3. DEFORMATION COMPATIBILITY OF NON-SFRS MEMBERS

AND CONNECTIONS

Members that are not part of the SFRS and their connections may incur forces in

addition to gravity loads as a result of story deflection of the SFRS during a seismic

event. ASCE/SEI 7 Section 12.12.5 requires structural components that are not con

sidered part of the SFRS to be able to resist the combined effects of gravity loads

with any additional forces resulting from the design story drifts from seismic forces.

The load effect due to the design story drift should be considered as an ultimate or

factored load. Inelastic deformations of members and connections at these load levels

are acceptable provided that instabilities do not result.

Nonuniform drifts of adjacent story levels may create significant bending moments in

multistory columns. These bending moments will usually be greatest at story levels.

Inelastic yielding of columns resulting from these bending moments can be accom

modated when suitable lateral bracing is provided at story levels and when column

shapes have adequate compactness (Newell and Uang, 2008). High shear forces at

column splices resulting from these bending moments are addressed by the required

shear strength requirements of Section D2.5c. The requirements for column splice

location in Section D2.5a are intended to locate splices where bending moments are

typically lower. Similarly, shear forces at column bases resulting from story drift are

addressed by the requirements in Section D2.6b.

The P-!':.. effect of the design story drift will also create additional axial forces in

beams and girders due to column inclination in both single story and multistory col

umns. Connections of columns to beams or diaphragms should be designed to resist

horizontal forces that result from the effects of the inclination of the columns. For
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single-story columns, and multi-story columns where the inclination is constant, only 

the effect of the beam reactions at the story level requires a horizontal thrust to create 

equilibrium at that story level. However, for multistory columns where the column 

inclination varies between adjacent levels, the entire column axial force participates 

in creating a horizontal thrust for equilibrium. Figure C-D3.1 gives a comparison of 

the effect of column inclination on horizontal force at story level. Likewise, unequal 

drifts in multistory columns induce both flexure and shear in the column. Flexure 

will not be induced in columns with constant inclination and simple connections to 

beams. 

Equivalent lateral force analysis methods have not been developed with an eye toward 

accurately estimating differences in story drift. Use of a modal response spectrum 

analysis to estimate differences in story drift is also problematic as this quantity is 

not tracked mode by mode in typical software. However, column shear can be tracked 

modally. Also, the horizontal thrust can be determined by detaching the column from 

the diaphragm and introducing a link element. Alternatively, thrust can be calculated 

from the change in column inclination, which can be estimated from the moment (and 

can be tracked mode by mode). 

Properly designed simple connections are required at beam-to-column joints to avoid 

significant flexural forces. As per Specification Section Jl, inelastic deformation of 

the connections is an acceptable means of achieving the required rotation. Standard 

shear connections per Part IO of the AISC Steel Construction Manual (AISC, 2011) 

H= 

P= 

Pi+1 
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.l 
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Column with constant inclination Column with change inclination 

Fig. C-D3. l. Effect of column inclination on horizontal story force. 
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can be considered to allow adequate rotation at the joints without significant flexural 

moments. Double angles supporting gravity loads have been shown to attain maxi

mum rotations of 0.05 to 0.09 rad and are suitable for combined gravity and axial 

forces as are WT connections which have demonstrated rotations of 0.05 to 0.07 rad 

(Astaneh-Asl, 2005a). Shear-plate connections (single plates), while inherently more 

rigid than double angles, have been shown to withstand gravity rotations ranging 

from 0.026 to 0.103 rad, and cyclic rotations of 0.09 rad (Astaneh-Asl, 2005b). Note 

that reducing the number of bolts in shear plates, and consequently the connection 

depth, increases the maximum possible rotation. Other connections at beam-to

column joints are acceptable if they are configured to provide adequate rotational 

ductility. Part 9 of the AISC Steel Construction Manual provides guidance on rota

tional ductility of end plate and WT connections that can be applied to many types of 

connections to ensure ductile behavior. 

Beams and columns connected with moment connections that may experience inelas

tic rotation demands as a result of story drift should be detailed to maintain gravity 

support and provide any required resistance to seismic forces (such as axial collector 

forces) at the design story drift. Connections meeting the requirements of ordinary 

moment frames or conforming to the requirements of gusseted beam-to-column 

connections for SCBF, EBF or BRBF (for example, Section F2.6b) provide such 

resistance and deformation capacity. 

D4. H-PILES

The provisions on seismic design of H-piles are based on the data collected on the 

actual behavior of H-piles during recent earthquakes, including the 1994 North

ridge earthquake (Astaneh-Asl et al., 1994) and the results of full-scale cyclic pile 

tests (Astaneh-Asl and Ravat, 1997). In the test program, five full size H-Piles with 

reinforced concrete pile caps were subjected to realistic cyclic vertical and horizon

tal displacements expected in a major earthquake. Three specimens were vertical 

piles and two specimens were batter piles. The tests established that during cyclic 

loading for all three vertical pile specimens a very ductile and stable plastic hinge 

formed in the steel pile just below the reinforced concrete pile cap. When very large 

inelastic cycles were applied, local buckling of flanges within the plastic hinge area 

occurred. Eventually, low cycle fatigue fracture of flanges or overall buckling of the 

pile occurred. However, before the piles experienced fracture through locally buckled 

areas, vertical piles tolerated from 40 to 65 large inelastic cyclic vertical and horizon

tal displacements with rotation of the plastic hinge exceeding 0.06 rad for more than 

20 cycles. 

1. Design Requirements

Prior to an earthquake, piles, particularly vertical piles, are primarily subjected to

gravity axial load. During an earthquake, piles are subjected to horizontal and vertical

displacements as shown in Figure C-D4. l .  The horizontal and vertical displace

ments of piles generate axial load ( compression and possibly uplift tension), bending

moment, and shear in the pile.
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The lateral deflections can be particularly high in locations where upper soil layers 

are soft or where soils may be prone to liquefaction. A case study of performance 

of H-piles during the 1994 Northridge earthquake (Astaneh-Asl et al., 1994) inves

tigated H-piles where the upper layers were either in soft soil or partially exposed. 

During tests of H-piles realistic cyclic horizontal and vertical displacements were 

applied to the pile specimens. Figure C-D4.2 shows test results in terms of axial load 

and bending moment for one of the specimens. Based on the performance of test 

specimens, it was concluded that H-piles should be designed following the provisions 

of the Specification regarding members subjected to combined loads. H-piles in soft 

soil conditions are expected to undergo significant lateral displacements and develop 

high bending forces and possibly plastic hinges near the pile cap. Consequently 

H-piles in soft soil conditions necessitate a compactness requirement that ensures

ductile inelastic behavior. The flange compactness requirement is less stringent than

that of wide-flange beams and is based on the width-to-thickness of the H-piles tested

in the Astaneh study given their good performance.

2. Battered H-Piles

The vertical pile specimens demonstrated very large cyclic ductility as well as con

siderable energy dissipation capacity. A case study of performance of H-piles during 
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(b) Vertical and Battered Piles

Fig. C-D4. l. Deformations of piles and forces acting on an individual pile. 
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the 1994 Northridge earthquake (Astaneh-Asl et al., 1994) indicated excellent perfor

mance for pile groups with vertical piles only. However, the battered pile specimens 

did not show as much ductility as the vertical piles. The battered piles tolerated from 

7 to 17 large inelastic cycles before failure. Based on relatively limited information 

on actual seismic behavior of battered piles, it is possible that during a major earth

quake, battered piles in a pile group fail and are no longer able to support the gravity 

load after the earthquake. Because of this possibility, the use of battered piles to 

carry gravity loads is discouraged. Unless, through realistic cyclic tests, it is shown 

that battered piles will be capable of carrying their share of the gravity loads after a 

major earthquake, the vertical piles in seismic design categories D, E and F should be 

designed to support the gravity load alone, without participation of the batter piles. 

3. Tension

Due to overturning moment, piles can be subjected to tension. Piles subjected to ten

sion should have sufficient mechanical attachments within their embedded area to

transfer the tension force in the pile to the pile cap or foundation.

4. Protected Zone

Since it is anticipated that during a major earthquake, a plastic hinge is expected to

form in H-piles in soft soil conditions just under the pile cap or foundation, the use

of mechanical attachment and welds over a length of pile below the pile cap equal to

the depth of the pile cross section is prohibited. This region is therefore designated

as a protected zone.

Bending moment, kN-m 
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Fig. C-D4.2. Axial load-moment interaction for H-pile test. 
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CHAPTER E 

MOMENT-FRAME SYSTEMS 

El. ORDINARY MOMENT FRAMES (OMF) 

2. Basis of Design

Compared to intermediate moment frame (IMF) and special moment frame (SMF)

systems, OMF are expected to provide only minimal levels of inelastic deformation

capacity. To compensate for this lower level of ductility, OMF are designed to provide

larger lateral strength than IMF and SMF, and thus, are designed using a lower R fac

tor. Systems such as OMF with high strength and low ductility have seen much less

research and testing than higher ductility systems. Consequently, the design require

ments for OMF are based much more on judgment than on research. Due to the

limited ductility of OMF and due to the limited understanding of the seismic perfor

mance of these systems, ASCE/SEI 7 (ASCE, 2016) places significant height and

other limitations on their use.

Although the design basis for OMF is to provide for minimal inelastic deformation

capacity, there is no quantitative definition of the required capacity as there is for IMF

and SMF systems. Despite the lack of a quantitative inelastic deformation require

ment, the overall intent of OMF design is to avoid nonductile behavior in its response

to lateral load.

To provide for minimal inelastic deformation capacity, i.e., to avoid nonductile

behavior, the general intent of the OMF design provisions is that connection failure

should not be the first significant inelastic event in the response of the frame to earth

quake loading. Connection failure, in general, is one of the less ductile failure modes

exhibited by structural steel frames. Thus, as lateral load is increased on an OMF,

the intent is that the limit of elastic response be controlled by limit states other than

connection failure, such as reaching the limiting flexural or shear strength of a beam

or a column, reaching the limiting shear strength of the panel zone, etc. For higher

ductility systems such as IMF and SMF, inelasticity is intended to occur in specific

frame elements. For example, in SMF, inelasticity is intended to occur primarily in

the form of flexural yielding of the beams. This is not the case with OMF, where the

initial inelastic response is permitted to occur in any frame element.

Thus, the basic design requirement for an OMF is to provide a frame with strong

connections. That is, connections should be strong enough so that significant inelas

tic action in response to earthquake loading occurs in frame elements rather than

connections. This applies to all connections in the frame, including beam-to-column

connections, column splices, and column base connections. Requirements for OMF

column splices and column base connections are covered in Section D2. Require

ments for beam-to-column connections are covered in Section E l .6.
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There is an exception where initial inelastic response of an OMF is permitted to occur 

in beam-to-column connections. This is for OMF provided with partially restrained 

(PR) moment connections. Requirements for PR moment connections are covered in 

Section El.6c. 

Design and detailing requirements for OMF are considerably less restrictive than for 

IMF and SMF. The OMF provisions are intended to cover a wide range of moment 

frame systems that are difficult or impossible to qualify as IMF or SMF. This includes, 

for example, metal building systems, knee-braced frames, moment frames where the 

beams and/or columns are trusses (but not STMF), moment frames where the beams 

and/or columns are HSS, etc. 

OMF Knee-Brace Systems. Knee-brace systems use an axial brace from the beam 

to the column to form a moment connection. Resistance to lateral loads is by flexure 

of the beam and column. These systems can be designed as an OMF. The knee-brace 

system can be considered as analogous to a moment frame with haunch-type connec

tions. The knee brace carries axial force only, while the beam-to-column connection 

carries both axial force and shear. A design approach for knee-braced systems is to 

design the beam-to-column connection, the braces, and the brace end connections for 

the forces required to develop l.lR
y
M

p
/as of the beam or column, or the maximum 

moment that can be delivered by the system, whichever is less. M
p 

is the plastic 

flexural strength of the beam or column at the point of intersection with the knee 

brace. The column and beams should be braced out of plane, either directly or indi

rectly at the knee brace locations, consistent with the requirements of Specification 

Appendix 6. 

OMF Truss Systems. In some moment frame configurations, trusses are used for the 

beam elements in place of rolled shapes. These systems can be designed as a special 

truss moment frame (STMF) following the requirements of Section E4. Alternatively, 

these systems can also be designed as an OMF where OMF are allowed by ASCE/ 

SEI 7 (ASCE, 2016). As an OMF, a design approach would be to design the truss and 

the truss-to-column connections for the maximum force that can be transferred by the 

system, consistent with the requirements of Section El.6b(b). The maximum force 

that can be delivered to the truss and truss-to-column connections can be based on the 

flexural capacity of the columns, taken as l.lR
y
M

p
/as of the column, combined with 

vertical loads from the prescribed load combinations. Thus, the intent is to design 

a weak column system where inelasticity is expected to occur in the columns. The 

column should be braced out of plane, either directly or indirectly at the location of 

the top and bottom chord connection of the truss, consistent with the requirements of 

Appendix 6 of the Specification. 

4. System Requirements

Unlike SMF, there is no beam-column moment ratio (i.e., strong column-weak beam)

requirement for OMF. Consequently, OMF systems can be designed so that inelastic

ity will occur in the columns.
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5. Members

There are no special restrictions or requirements on member width-to-thickness ratios 

or member stability bracing, beyond meeting the requirements of the Specification. 

Although not required, the judicious application of width-to-thickness limits and 

member stability bracing requirements as specified for moderately ductile members 

in Section D l would be expected to improve the performance of OMF. 

6. Connections

For all moment frame systems designed according to these Provisions, including 

SMF, IMF and OMF, the beam-to-column connections are viewed as critical elements 

affecting the seismic performance of the frame. For SMF and IMF systems, connec

tion design must be based on qualification testing per Section K2 or a connection 

prequalified per Section Kl shall be used. For OMF, connections need not be prequal

ified nor qualified by testing. Rather, design of beam-to-column connections can be 

based on strength calculations or on prescriptive requirements. Design and detailing 

requirements for beam-to-column connections in OMF are provided in this section. 

6b. FR Moment Connections 

Three options are provided in this section for design of FR moment connections. 
Designs satisfying any one of these three options are considered acceptable. Note 

that for all options, the required shear strength of the panel zone may be calculated 

from the basic code prescribed loads, with the available shear strength calculated in 
accordance with Spec(fication Section JI0.6. This may result in a design where initial 

yielding of the frame occurs in the panel zones. This is viewed as acceptable behavior 

due to the high ductility exhibited by panel zones. 

(a) The first option permits the connection to be designed for the flexural strength

of the beam, taken as 1.1R
y
M

p
/a8 • The 1.1 factor in the equation accounts for

limited strain hardening in the beam and other possible sources of overstrength.

The required shear strength of the connection is calculated using the code

prescribed load combinations, where the shear force to the connection asso

ciated with the capacity-limited horizontal shear due to earthquake loading

is calculated per Equation El -1. The available strength of the connection is

computed using the Specification. Note that satisfying these strength require

ments may require reinforcing the connection using, for example, cover plates

or haunches attached to the beam. The required flexural strength of the connec

tion specified in this section, i.e., I. lR
y
M

p
/as of the beam, should also be used

when checking if continuity plates are needed per Sections JI 0.1 through JI 0.3

in the Specification.

(b) The second option permits design of the connection for the maximum moment

and shear that can be transferred to the connection by the system. Factors that

can limit the forces transferred to the connection include column yielding, panel

zone yielding, foundation uplift, or the overstrength seismic load. In the case

of column yielding, the forces at the connection can be calculated assuming the

column reaches a limiting moment of l.lR
y
M

p
/as of the column. In the case
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of panel zone yielding, the forces at the connection can be computed assuming 

the shear force in the panel zone is 1.1R
y
/as times the nominal shear strength 

given by Equations J10-11 and J 10-12 in the Specification. For frames with 
web-tapered members, as typically used in metal building systems, the flex

ural strength of the beam (rafter) or column will typically be first reached at 

some distance away from the connection. For such a case, the connection can 
be designed for the forces that will be generated when the flexural strength of a 

member is first reached anywhere along the length of the member. The flexural 

strength of the member may be controlled by local buckling or lateral-torsional 
buckling, and can be estimated using equations for the nominal flexural strength, 

M,,, in Specification Chapter F. However, lower-bound methods of determining 

M,, are not appropriate, and engineers should endeavor to establish a reasonable 

upper bound by considering items that contribute to the stability of the beam, 
even those that are typically ignored for design of the beam because they are 

difficult to quantify, not always present, etc. In particular, it is not appropriate to 

use Ch= 1.0. A realistic value of Ch should be used. Additionally, the stabilizing 

effects of the deck restraining the beam both laterally and torsionally should be 
included in determining this upper bound. M

p 
may always be used as the upper 

bound. 

( c) The third option for beam-to-column connections is a prescriptive option for
cases where a wide flange beam is connected to the flange of a wide flange col

umn. The prescriptive connection specified in the section is similar to the welded
unreinforced flange-bolted web (WUF-B) connection described in FEMA 350

(FEMA, 2000a). Some of the key features of this connection include the treat

ment of the complete-joint-penetration (CJP) beam flange-to-column welds
as demand critical, treatment of backing bars and weld tabs using the same

requirements as for SMF connections, and the use of special weld access hole

geometry and quality requirements. Testing has shown that connections satisfy

ing these requirements can develop moderate levels of ductility in the beam or
panel zone prior to connection failure (Han et al., 2007).

Option (c) also permits the use of any connection in OMF that is permitted in

IMF or SMF systems. Thus, any of the prequalified IMF or SMF connections
in ANSI/AISC 358 can be used in OMF. However, when using ANSI/AISC

358 connections in an OMF, items specified in ANSI/AISC 358 that are not
otherwise required in OMF systems are not required. For example, the WUF-W

connection prequalified in ANSI/ AISC 358 can be used for an OMF connection.
However, items specified in ANSI/AISC 358 that would not be required when

a WUF-W connection is used in an OMF include beam and column width-to

thickness limitations for IMF and SMF, beam stability bracing requirements

for IMF or SMF, beam-column moment ratio requirements for SMF, column
panel zone shear strength requirements for IMF or SMF, or requirements for a

protected zone. None of these items are required for OMF, and therefore are not
required when the WUF-W connection is used in an OMF. Similar comments

apply to all connections prequalified in ANSI/AISC 358.
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6c. PR Moment Connections 

Section El .6c gives strength requirements for PR connections, but does not provide 

complete prescriptive design requirements. PR connections are permitted to have a 

flexural strength that is substantially less than the connected beam or column. This 

will normally result in inelastic action occurring in the connection rather than in the 

beam or column during an earthquake. As described in Section E l  .6c(b), the designer 

must consider the stiffness, strength and deformation capacity of PR moment con

nections on the seismic performance of the frame. This may require nonlinear time 

history analysis with accurate modeling of the PR connections to demonstrate satis

factory performance. 

For design information on PR connections, refer to Leon (1990); Leon (1994); Leon 

and Ammerman (1990); Leon and Forcier (1992); Bjorhovde et al. (1990); Hsieh and 

Deierlein (1991); Leon et al. (1996); and FEMA 355D (FEMA, 2000e). 

E2. INTERMEDIATE MOMENT FRAMES (IMF) 

2. Basis of Design

IMF are intended to provide limited levels of inelastic rotation capacity and are based

on tested designs. Due to the lesser rotational capacity of IMF as compared to SMF,

ASCE/SEI 7 requires use of a lower seismic response modification coefficient, R,
than that for SMF and places significant height and other limitations on its use.

While the design for SMF is intended to limit the majority of the inelastic deforma

tion to the beams, the inelastic drift capability of IMF is permitted to be derived from

inelastic deformations of beams, columns and/or panel zones.

The IMF connection is based on a tested design with a qualifying story drift angle

of 0.02 rad based on the loading protocol specified in Section K2. It is assumed that
this limited connection rotation will be achieved by use of larger frame members than

would be required in an SMF, because of the lower R and/or higher Cd/R values used
in design.

Commentary Section E3 offers additional discussion relevant to IMF.

4. System Requirements

4a. Stability Bracing of Beams

See Commentary Section D 1.2a on stability bracing of moderately ductile members
and Commentary Section E3.4b for additional commentary.

5. Members

Sa. Basic Requirements

This section refers to Section D 1, which provides requirements for connection of

webs to flanges as for built-up members and requirements for width-to-thickness
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ratios for the flanges and webs of the members. Because the rotational demands 

on IMF beams and columns are expected to be lower than for SMF, the width-to

thickness limitations for IMF are less severe than for SMF. See Commentary Section 

E3.5a for further discussion. 

Sb. Beam Flanges 

The requirements in this section are identical to those in Section E3.5b. See Com

mentary Section E3.5b for further discussion. 

Sc. Protected Zones 

For commentary on protected zones, see Commentary Section D 1.3. 

6. Connections

6a. Demand Critical Welds

The requirements in this section are identical to those in Section E3.6a. See Com

mentary Section E3.6a for further discussion.

6b. Beam-to-Column Connection Requirements

The minimum story drift angle required for qualification of IMF connections is 0.02

rad while that for SMF connections is 0.04 rad. This level of story drift angle has been

established for this type of frame based on engineering judgment applied to available

tests and analytical studies, primarily those included in FEMA (2000d) and FEMA

(2000f).

ANSI/AISC 358 (AISC, 2016b) describes nine different connections that have been

prequalified for use in both IMF and SMF systems. The prequalified connections

include the reduced beam section (RBS), the bolted unstiffened extended end plate

(BUEEP), the bolted stiffened extended end plate (BSEEP), the bolted flange plate

(BFP), the welded unreinforced flange-welded web (WUF-W), the Kaiser bolted

bracket (KBB), the ConXtech ConXL, the SidePlate, and the Simpson Strong-Tie

Strong Frame Moment Connection. In a few cases, the limitations on use of the con

nections are less strict for IMF than for SMF, but generally, the connections are the

same.

6c. Conformance Demonstration

The requirements for conformance demonstration for IMF connections are the same

as for SMF connections, except that the required story drift angle is smaller. Refer to

Commentary Section E3.6c for further discussion.

6d. Required Shear Strength

The requirements for shear strength of the connection are the same for IMF as for

SMF. See Commentary Section E3.6d for further discussion.
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6e. Panel Zone 

The panel zone for IMF is required to be designed according to Specification Section 

J10.6, with no further requirements in the Provisions. As noted in Commentary Sec

tion E2.2, panel zone yielding is permitted as part of the inelastic action contributing 

to the drift capacity of the IMF and the requirements of the Specification are consid

ered adequate to achieve the expected performance. 

6f. Continuity Plates 

The requirements in this section are identical to those in Section E3.6f. See Com

mentary Section E3.6f for further discussion. 

6g. Column Splices 

The requirements in this section are identical to those in Section E3.6g. See Com

mentary Section E3.6g for further discussion. 

E3. SPECIAL MOMENT FRAMES (SMF) 

2. Basis of Design

SMF are generally expected to experience significant inelastic deformations during

large seismic events. It is expected that most of the inelastic deformation will take

place as rotation in beam "hinges," with limited inelastic deformation in the panel

zone of the column. The beam-to-column connections for these frames are required

to be qualified based on tests that demonstrate that the connection can sustain a story

drift angle of at least 0.04 rad based on the loading protocol specified in Section K2.

Other provisions are intended to limit or prevent excessive panel zone distortion,

column hinging, and local buckling that may lead to inadequate frame performance

in spite of good connection performance.

Beam-to-column connections in SMF systems are permitted to be fully restrained

or partially restrained. ANSI/AISC 358 prequalification considers the performance

of the connection and frame. In order to permit the use of partially restrained con

nections in SMF systems, system performance equivalent to SMF systems meeting

all of the requirements of Section E3 is required to be demonstrated by analysis. The

analysis should evaluate the effect of connection restraint in the elastic and inelastic

range on system performance and should demonstrate equivalent performance to sys

tems employing qualifying fully restrained connections. This may be accomplished

using FEMA P-795 (FEMA, 2011 ), which considers the similarity of the hysteretic

response of a "substitute" connection-in this case, a partially restrained connec

tion-and a "benchmark" connection, which could be any prequalified connection.

ANSI/AISC 358 has prequalified one partially restrained connection, the Simpson

Strong-Tie Strong Moment Frame connection, for use in SMF. Alternatively, equiva

lent performance may also be substantiated through analysis conforming to ASCE/

SEI 7 Sections 12.2.1.1 and 12.2.1.2.
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Since SMF and IMF connection configurations and design procedures are based on 

the results of qualifying tests, the parameters of connections in the prototype structure 
must be consistent with the tested configurations. Chapter K and ANSI/AISC 358 

provide further detail on this requirement. 

3. Analysis

The strong-column/weak-beam (SC/WB) concept, as defined for planar frames in

Section E3.4a, is a capacity-design approach intended to provide for frame columns

strong enough to distribute frame (primarily beam) yielding over multiple stories,

rather than concentrating inelastic action in column hinging at a single story (weak

story). The requirement outlined in Section E3.4a is an approximate and simplified

method, in use for several generations of these Provisions, that is deemed to provide

the desired performance for planar frames. It should be recognized that other analy

ses could be used to demonstrate that the desired performance could be achieved, for

example, an analysis considering the performance on a story, rather than individual

column, basis.

Recognizing that in systems such as SMF, significant yielding of the structure is

expected under the design displacements, and recognizing that design displacements

can occur in any direction relative to the orthogonal axes of the structure, the possible

effects of yielding of the structure in both directions simultaneously must be consid

ered in columns that participate in SMFs in more than one direction.

ASCE/SEI 7 requires that analyses include the effects of 100% of the design motions

in one direction in conjunction with 30% of those in the orthogonal direction. As even

the 30% design motion is likely capable of yielding the structure, and considering that

the 100% motion may occur in any direction relative to the structure's axes, it is clear

that simultaneous yielding of orthogonal systems is likely and should be considered

in the design.

The extent to which simultaneous yielding of orthogonal systems is of concern is a

matter of configuration and design. Consider the following examples:

(1) An efficiently-designed symmetrical two-way moment frame with shared

columns that conforms with Section E3.4a in each direction independently is

subjected to design motions at or near 45° to the structure's axes. For this case,

a story mechanism could occur, due to hinging of all columns in a story, because

of the weakening effects of the unaccounted for biaxial effects on the columns.

In this case, the designer should consider application of the strong-column/

weak-beam analysis in both orthogonal directions simultaneously.

(2) A system consisting of multi-bay planar moment frames in each orthogonal

direction, intersecting at corner columns only. For this case, demonstration

of the desired performance could be shown by an analysis that considers the

relative strength of the columns to the beams on a story, rather than individual,

basis. Additionally, the bending strength of the comer columns would need to

be considered as the column strength was reduced by the orthogonal yielding

effects. As a more simple and conservative alternate, the strength of the comer
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columns could be ignored in calculating the story strength. In either case the 

comer column would need to be checked for strength considering the effects of 

axial force and bi-axial bending as required by the Specification. 

Other analysis methods could also be considered to confirm the desired performance 

as described in the following sections. 

Column-Tree Method. One approach to get a reasonable estimate of required 

strength of columns for ensuring essentially elastic behavior is to consider the equi

librium of the entire column (sometimes called the "column tree") in its expected 

extreme deformed condition (Goel and Chao, 2008). For this purpose, the column 

from bottom to top can be treated as a vertical cantilever with all expected forces 

acting on it to satisfy equilibrium. The forces will include moments and shears from 

the yielded beams framing into the column at all floor levels along with gravity loads 

supported by the column. By assuming an appropriate vertical distribution of lateral 

inertia forces, and expected moment at the base of the column, the magnitude of the 

lateral forces can be calculated by using the moment equilibrium equation for the 

"column tree." For columns that are part of frames in a single plane (flexural loading 

about one axis), it is appropriate to take the moment applied by the yielded beams as 

the probable moment, Mpr· Lower values may be justifiable recognizing it is unlikely 

that beams at levels within a multi-story building will reach this value (Goel and 

Chao, 2008). 

For columns that are part of intersecting frames, the preceding calculation needs to 

be carried out in two orthogonal planes along the two principal axes of the column. It 

is highly unlikely that maximum expected moments and corresponding shears in the 

beams would occur simultaneously along the entire height of the column. Using the 

nominal plastic moment capacity at beam ends and corresponding shear appears to be 

reasonable to represent the intersecting frames behaving inelastically simultaneously. 

The bending moments, shears, and axial force in each story in both orthogonal planes 

can be calculated by statics. The design of the bi-axially loaded beam-columns can be 

carried out by using the Specification. In applying P-li effects, a drift resulting in the 

yielding of beams in each intersecting frame should be considered. 1 % drift is often 

a reasonable approximation to achieve this. 

Interaction Method. In most building configurations, an SFRS can be idealized as 

a system of planar moment frames, with internal forces being resisted in the plane of 

the frames. Equation E3-2 utilized in the verification of SC/WB is an approximation 

of the full plastic P-M interaction for uniaxial bending. This equation represents the 

moment capacity of a column reduced due to the effect of an axial force. In the case 

where a column forms part of two or more intersecting moment frames, it may be 

necessary to check the SC/WB criteria about both axes of the column. In this situa

tion, Equation E3-2 does not explicitly address bi-axial bending and account for the 

reduction in moment capacity of the column about the axis under consideration due 

to the moment demand in the column about the orthogonal axis. Equation E3-2 can 

be modified to include the effect of bi-axial bending by similarly assuming a linear 

P-Mx-M
y 

interaction, commonly referred to as a "yield surface"; see Equation C-E3-1.
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In Equation C-E3-l ,  the subscripts x and y represent in-plane and out-of-plane 
section properties of the column, respectively, and do not designate the strong and 
weak axes of the column as done elsewhere. In design when it is necessary to verify 
SC/WB about both column axes, the orthogonal section properties of the column will 
change accordingly. 

* [ (asPc M
y )] Mpcx = Zx Fye Ag+ 

Zy 

where 
A

g 
= gross area of column, in.2 (mm2) 

F
ye = specified minimum yield stress of column, ksi (MPa) 

(C-E3-l )  

M;cx = plastic flexural strength of the column in the plane of the frame under 
consideration, kip-in. (N-mm) 

M
y 

= required out-of-plane flexural strength of the column taking into account 
all potential yielding beams that may contribute to the applied moment, 
kip-in. (N-mm) 

Pc = Puc or Pac as defined in Section E3.4a, kips (N). In this case, Pc should be 
determined in Chapter D by addressing the axial force inputted from all 
frames connected to the column. 

Zx = plastic section modulus of the column in the plane of the frame under 
consideration, in.3 (mm3) 

Zy 
= plastic section modulus of the column out of plane of the frame under 

consideration, in.3 (mm3) 

as = 1.0 for LFRD and 1.5 for ASD 

In the simplest case, M
y 

can be estimated as 2..M;1;/2, where M;b is the plastic flex
ural strength of a beam in the out-of-plane frame at the joint under consideration, 
kip-in. (N-mm). 

The linear yield surface given by Equation C-E3-l is illustrated in Figure C-E3. l .  
Only one quadrant is shown for brevity. 

Equation E3-2 and its bi-axial extension (Equation C-E3-l )  may provide a conserva
tive estimate of the plastic flexural capacity for specific sections. For example, based 
on classical plastic design theory, the strong-axis plastic flexural strength (taken as 
the x-axis) of a wide-flange section can be taken as Equation C-E3-2. 

Mpcx
=l .18Zx (Fv ;:)�zx F

y 
(C-E3-2) 

Similarly, the weak-axis plastic flexural strength (taken as the y-axis) of a wide
flange section can be taken as Equation C-E3-3. 
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Equations C-E3-2 and C-E3-3 are for cases when no moment about the axis orthogo
nal to the axis under consideration is present. Several yield surfaces that account 
for bi-axial bending are discussed in the SSRC Guide to Stability Design Criteria

(Ziemian, 2010). For example, a linear equation applicable for a wide-flange section 
was proposed by Pillai (1974): 

Pc,. +0.85 Mx +0.6 My :::; 1 
P

y Mpx Mpy

(C-E3-4) 

Equation C-E3-4 can be reconfigured to provide the plastic flexural strength about the 
strong-axis (taken as the x-axis) while including the flexural demand about the weak
axis (taken as the y-axis). The strong-axis plastic moment strength for a wide-flange 
shape can be taken as Equation C-E3-5. 

(C-E3-5) 

Similarly, the weak-axis plastic flexural strength for a wide-flange shape can be 
taken as Equation C-E3-6. This equation is provided for illustration only since beam
to-column connections are not yet prequalified for framing into the weak-axis of a 
wide-flange column. 

p 

Fig. C-E3.I. Linear yield surface.for bi-axial bending. 
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Mpcy = I.67Zy [Fy ( 
P

c + 0.85 Mx )] � ZyFy Ag Zx 

9.1-225 

(C-E3-6) 

More accurate estimates for a wide-flange section may be obtained using a nonlinear 
interaction equation, Equation C-E3-7, based on Tebedge and Chen (1974): 

Mx + My < l
( )a( )a 

Mpx Mpy -
(C-E3-7) 

where Mpx and Mpy can be determined from Equations C-E3-2 and C-E3-3, respec
tively. The exponent a for a wide-flange section is given by Equation C-E3-8: -j 1.0 

a- 1.6
P/Py 

21n (P/Py) 

for b1/d < 0.5 

for 0.5 � ht/d < 1.0 (C-E3-8) 

It is common in the case of a cruciform-type column built up from orthogonal flanged 
sections that each axis is treated independently of the other, neglecting the perpendic
ular section properties, and Equation E3-2 is applicable for each axis. This decoupled 
approach is appropriate where the only attachment between the orthogonal sections 
occurs at the neutral axis of each section such that flexural actions in one section do 
not significantly influence the state of stress in the orthogonal section. Where built
up sections are substantially attached at locations other than the neutral axis of each 
section, for example at the toes of flanges in cruciform-type columns built up from 
orthogonal flanged sections, the bi-axial bending of the built-up column shape should 
be considered. 

4. System Requirements

4a. Moment Ratio 

As noted, the strong-column weak-beam (SC/WB) concept is often mistakenly 
assumed to be formulated to prevent any column flange yielding in a frame, and 
that if such yielding occurs, the column will fail. Tests have shown that yielding of 
columns in moment frame subassemblages does not necessarily reduce the lateral 
strength at the expected seismic displacement levels. 

The SC/WB concept is more of a global frame concern than a concern at the intercon
nections of individual beams and columns. Schneider et al. (1991) and Roeder (1987) 
showed that the real benefit of meeting SC/WB requirements is that the columns are 
generally strong enough to force flexural yielding in beams in multiple levels of the 
frame, thereby achieving a higher level of energy dissipation in the system. Weak 
column frames, particularly those with weak or soft stories, are likely to exhibit an 
undesirable response at those stories with the highest column demand-to-capacity 
ratios. 
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Compliance with the SC/WB concept and Equation E3-l gives no assurance that 

individual columns will not yield, even when all connection locations in the frame 

comply. Nonlinear response history analyses have shown that, as the frame deforms 

inelastically, points of inflection shift and the distribution of moments varies from the 

idealized condition. Nonetheless, yielding of the beams rather than the columns will 

predominate and the desired inelastic performance will, in general, be achieved in 

frames with members sized to meet the requirement in Equation E3- l .  

Early formulations of the SC/WB relationship idealized the beam/column intersection 

as a point at the intersection of the member centerlines. Post-Northridge beam-to

column moment connections are generally configured to shift the plastic hinge loca

tion into the beam away from the column face and a more general formulation was 

needed. ANSI/AISC 358 provides procedures to calculate the location of plastic 

hinges for the connections included therein. For other configurations, the locations 

can be determined from the applicable qualifying tests. Recognition of expected beam 

strength (see Commentary Section A3.2) is also incorporated into Equation E3- l .  

Three exceptions to Equation E3- l are given. In the first exception, columns with low 

axial loads used in one-story buildings or in the top story of a multi-story building 

need not meet Equation E3-l because concerns for inelastic soft or weak stories are 

not significant in such cases. Additionally, exception is made for columns with low 

axial loads, under certain conditions, in order to provide design flexibility where the 

requirement in Equation E3- l would be impractical, such as at large transfer girders. 

Finally, Section E3.4a provides an exception for columns in levels that are signifi

cantly stronger than in the level above because column yielding at the stronger level 

would be unlikely. 

In applying Equation E3- l ,  recognition should be given to the location of column 

splices above the girder-to-column connection being checked. When the column 

splice is located at 4.0 ft (1.2 m) or more above the top of the girder, it has been 

customary to base the calculation on the column size that occurs at the joint. If the 

column splice occurs closer to the top of the beam, or when the column above the 

splice is much smaller than that at the joint, consideration should be given to whether 

the column at the joint is capable of providing the strength assumed using the custom

ary approach. 

4b. Stability Bracing of Beams 

See Commentary Section D 1.2b on stability bracing of highly ductile members. 

In addition to bracing along the beam length, the provisions of Section Dl .2c call for 

the placement of lateral bracing near the location of expected plastic hinges. Such 

guidance dates to the original development of plastic design procedures in the early 

1960s. In moment frame structures, many connection details attempt to move the 

plastic hinge a short distance away from the beam-to-column connection. Testing 

carried out as part of the SAC program (FEMA, 2000a) indicated that the bracing 

provided by typical composite floor slabs is adequate to avoid excessive strength 

deterioration up to the required story drift angle of 0.04 rad. Therefore, the FEMA 
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recommendations do not require the placement of supplemental lateral bracing at 

plastic hinge locations adjacent to column connections for beams with composite 

floor construction. These provisions allow the placement of lateral braces to be con

sistent with the tested connections that are used to justify the design. If a reduced 

beam section connection detail is used, the reduced flange width may be considered 

in calculation of the bracing force. The requirements of Section E3.5c should be con

sidered when placing bracing connections. 

4c. Stability Bracing at Beam-to-Column Connections 

Columns of SMF are required to be braced to prevent rotation out of the plane of the 

moment frame because of the anticipated inelastic behavior in, or adjacent to, the 

beam-to-column connection during high seismic activity. 

1. Braced Connections

Beam-to-column connections are usually braced laterally by the floor or roof

framing. When this is the case and it can be shown that the column remains elas

tic outside of the panel zone, lateral bracing of the column flanges is required

only at the level of the top flanges of the beams. If it cannot be shown that

the column remains elastic, lateral bracing is required at both the top and bot

tom beam flanges because of the potential for flexural yielding, and consequent

lateral-torsional buckling of the column.

The required strength for lateral bracing at the beam-to-column connection is 2%

of the nominal strength of the beam flange. In addition, the element(s) providing

lateral bracing should provide adequate stiffness to inhibit lateral movement of

the column flanges (Bansal, 1971 ). In some cases, a bracing member will be

required for such lateral bracing ( direct stability bracing). Alternatively, calcu

lations may show that adequate lateral bracing can be provided by the column

web and continuity plates or by the flanges of perpendicular beams (indirect

stability bracing).

The l 997 Provisions (AISC, l 997b) required column lateral bracing when the

ratio in Equation E3- l was less than 1.25. The intent of this provision was to

require bracing to prevent lateral-torsional buckling for cases where it cannot be

assured that the column will not hinge. Studies utilizing inelastic analyses (Gupta

and Krawinkler, 1999; Bondy, 1996) have shown that, in severe earthquakes,

plastic hinging can occur in the columns even when this ratio is significantly

larger than 1.25. (See also discussion under Commentary Section E3.4a). The

revised limit of 2.0 was selected as a reasonable cutoff because column plastic

hinging for values greater than 2.0 only occurs in the case of extremely large

story drifts. The intent of the revisions to this section is to encourage appropriate

bracing of column flanges rather than to force the use of much heavier columns,

although other benefits may accrue by use of heavier columns, including pos

sible elimination of continuity and doubler plates that may offset the additional

material cost.
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2. Unbraced Connections

Unbraced connections occur in special cases, such as in two-story frames, at

mechanical floors, or in atriums and similar architectural spaces (multi-tier con

ditions). When such connections occur, the potential for out-of-plane buckling

at the connection should be minimized. Three provisions are given for the col

umns to limit the likelihood of column buckling.

5. Members

Sa. Basic Requirements

Reliable inelastic deformation capacity for highly ductile members requires that

width-to-thickness ratios of projecting elements be limited to cross sections resistant

to local buckling well into the inelastic range. Although the width-to-thickness ratios

for compact elements in Specification Table B4. l are sufficient to prevent local buck

ling before the onset of yielding, available test data suggest that these limits are not

adequate for the required inelastic rotations in SMF. The limits given in Table DI. I

are deemed adequate for the large ductility demands to which these members may be

subjected (Sawyer, 1961; Lay, 1965; Kemp, 1986; Bansal, 1971).

Sb. Beam Flanges

Abrupt changes in beam flange area in locations of high strain, as occurs in plastic

hinge regions of SMF, can lead to fracture due to stress concentrations. For connec

tions such as the reduced beam section (RBS), the gradual flange area reduction,

when properly configured and fabricated, can be beneficial to the beam and con

nection performance. Such conditions are permitted when properly substantiated by

testing.

Sc. Protected Zones

For commentary on protected zones see Commentary Section D 1.3.

6. Connections

6a. Demand Critical Welds

For general commentary on demand critical welds see Commentary Section A3.4.

The requirement to use demand critical welds for complete-joint-penetration (CJP)

groove welded joints in beam-to-column connections of SMF was first included

in the 2002 Provisions (AISC, 2002). The requirement for notch-tough welds with

Charpy V-notch toughness of 20 ft-lb at -20°F (-28.9°C) was introduced in the 1999

Supplement No. 1 to the 1997 Provisions. FEMA 350 and 353 (FEMA, 2000b) rec

ommended that supplemental requirements beyond the basic toughness noted above

should be applied to CJP welds in these connections. Welds for which these special

requirements apply are referred to as demand critical welds.

The requirement to use demand critical welds for groove welded column splices and

for welds at column base plates was new to these Provisions in 2010. The change was
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made because, although it is likely that, in general, strain demands at near-mid-height 

column splice locations are less severe than those at beam-to-column joints, Shen et 

al. (2010) showed that bending at these locations can be large enough to cause flange 

yielding. This fact, coupled with the severe consequence of failure, was the justifica

tion for this requirement. 

For the case of column-to-base plate connections at which plastic hinging is expected 

in the column, the condition is very similar to the condition at a beam-to-column con

nection. Where columns extend into a basement or are otherwise restrained in such a 

way that the column hinging will occur at a level significantly above the base plate, 

this requirement is judged to be overly conservative, and an exception is provided. 

6b. Beam-to-Column Connections 

Section E3.6b gives the performance and design requirements for the connections, 

with a special provision that outlines requirements for the use of partially-restrained 

connections when justified by analysis; see Commentary Section E3.2. Section E3.6c 

provides the requirements for verifying that the selected connections will meet the 

performance requirements. These requirements have been derived from the research 

of the SAC Joint Venture as summarized in FEMA 350. 

FEMA 350 recommends two criteria for the qualifying drift angle (QDA) for SMF. 

The "strength degradation" drift angle, as defined in FEMA 350, means the angle 

where "either failure of the connection occurs, or the strength of the connection 

degrades to less than the nominal plastic capacity, whichever is less." The "ultimate" 

drift angle capacity is defined as the angle "at which connection damage is so severe 

that continued ability to remain stable under gravity loading is uncertain." Testing 

to this level can be hazardous to laboratory equipment and staff, which is part of the 

reason that it is seldom done. The strength degradation QDA is set at 0.04 rad and the 

ultimate QDA is set at 0.06 rad. These values formed the basis for extensive probabi

listic evaluations of the performance capability of various structural systems (FEMA, 

2000f) demonstrating with high statistical confidence that frames with these types of 

connections can meet the intended performance goals. For the sake of simplicity, and 

because many connections have not been tested to the ultimate QDA, the Provisions 

adopt the single criterion of the strength degradation QDA. In addition, the ultimate 

QDA is more appropriately used for the design of high performance structures. 

Although connection qualification primarily focuses on the level of plastic rota

tion achieved, the tendency for connections to experience strength degradation with 

increased deformation is also of concern. Strength degradation can increase rotation 

demands from P-/t,. effects and the likelihood of frame instability. In the absence of 

additional information, it is recommended that this degradation should not reduce 

flexural strength, measured at a drift angle of 0.04 rad, to less than 80% of the nomi

nal flexural strength, M
p
, calculated using the specified minimum yield stress, F

y
, 

Figure C-E3.2 illustrates this behavior. Note that 0.03 rad plastic rotation is equiva

lent to 0.04 rad drift angle for frames with an elastic drift of 0.01 rad. 
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ANSI/AISC 358 describes ten different connections that have been prequalified for 

use in both IMF and SMF systems. The prequalified connections include the reduced 

beam section (RBS), the bolted unstiffened extended end plate (BUEEP), the bolted 

stiffened extended end plate (BSEEP), the bolted flange plate (BFP), the welded 

unreinforced flange-welded web (WUF-W), the Kaiser bolted bracket (KBB), the 

ConXtech ConXL connection, the SidePlate connection, the Simpson Strong-Tie 

Strong Frame connection, and the double-tee connection. In a few cases, the limita

tions on use of the connections are less strict for IMF than for SMF, but generally, the 

connections are the same. 

The following explains the use of the ANSI/AISC 358 Simpson Strong-Tie Strong 

Frame moment connection, but is appropriate to other partially restrained (PR), or 

partial-strength connections that may be added in the future, or may be proposed for 

specific projects. 

The limitation of0.8M
p 

was originally adopted based on judgment, before the tools to 

perform sophisticated nonlinear dynamic analysis were readily available and before 

the building code, or ASCE/SEI 7, had adopted quantitative performance criteria. 

The general intent of the building code was that under "severe" but undefined earth

quakes, buildings should not collapse. Typical hysteretic curves for highly ductile 

elements like moment frames (assuming they actually behaved in a ductile manner) 

were perceived to have the general shape shown in Figure C-E3.3, in which the hys

teretic backbone would include an "elastic range," a "plastic-strain hardening range," 

and a "plastic strength-degrading range." 

Based on linear dynamic analysis (typically of idealized single degree of freedom 

systems), researchers had determined that response of structures with lateral systems 

that have been pushed into the "strength-degrading" range can be unbounded and lead 

40 ,000 --r----�-

30 ,000

20 ,000

10 ,000 --

0 -+---

0 ,000 ---

-20 ,000

-30 ,000

-40,000 -------
-0.08 -0.06 -0 .04

lnterstory drift angle, rad. 

0 .06 0.08 

Fig. C-E3.2. Acceptable strength degradation, per Section E3.6b. 
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to collapse or very large lateral displacement. The 80% limitation was implemented 

to provide some assurance that structures would not be pushed "too far" into the 

strength degrading range, though the definition of "too far" was not quantified. 

Recent tests by Simpson Strong Tie have demonstrated yield links in PR connections 

that were able to develop only about 50% of the beam's theoretical M
p
. Regardless, at 

0.04 rad, the connections clearly were not yet reaching the strength-degrading regime 

of response that the 80% M
p 

was intended to guard against. Because every connection 

technology may have quite different hysteretic characteristics, it is not practicable to 

be able to directly broaden the 80% M
p 

definition to address all technologies that may 

be appropriate, and which may come forward. Consequently, the requirement has 

been broadened to allow for the demonstration of equivalent performance through 

substantiating analysis as an alternate to meeting the 80% M
p 

threshold. 

In the time since the 80% M
p 

was adopted as a standard, the industry's ability to 

perform nonlinear analysis and also the building code's definition of acceptable per

formance has evolved substantially. The ASCE/SEI 7-10 standard (ASCE, 2010) 

defined acceptable performance in terms of a limiting permissible conditional proba

bility of collapse, given the occurrence of MCE shaking. These definitions are carried 

forward in ASCE/SEI 7-16 (ASCE, 2016). Two documents developed by the Applied 

Technology Council (ATC) on behalf of the Federal Emergency Management 

Agency (FEMA) define procedures for assuring that structures meet these perfor

mance (noncollapse) criteria; one of these is FEMA P-695 (FEMA, 2009b). FEMA 

P-695 uses an extension of the probabilistic framework developed by the FEMA/

SAC project to qualify post-Northridge moment frames, by computing the probabil

ity of collapse of frames of given configuration and hysteretic characteristics. The

companion document, FEMA P-795 (FEMA, 2011), provides a means of judging

100 
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Fig. C-E3.3. Load and tip displacement data for a PR-connected cantilevered beam. 
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whether the substitution of a component, that is, a connection, into a system that has 

been demonstrated by FEMA P-695 to have adequate collapse resistance, will affect 

that resistance. ASCE/SEI 7 Section 12.2.1 adopts both methodologies as a means 

of demonstrating acceptable performance either for new structural systems (Section 

12.2.1. l ), or for substitute components in existing systems (Section 12.2.1.2). 

With regard to rotation data for the Simpson Strong-Tie Strong Frame connec

tion, ANSI/AISC 358 contains a detailed design procedure for this connection that 

includes determination of the rotational stiffness of the connection. The procedure 

requires that this flexibility be considered in determining frame adequacy (drift). The 

CPRP performed review of available hysteretic test data that substantiates that the 

connection stiffness representation contained in the design procedure is a reasonable 

approximation of that obtained in testing. 

6c. Conformance Demonstration 

This section provides requirements for demonstrating conformance with the require

ments of Section E3.6b. This provision specifically permits the use of prequalified 

connections meeting the requirements of ANSI/ AISC 358 to facilitate and standard

ize connection design. Connections approved by other prequalification panels may 

be acceptable but are subject to the approval of the authority having jurisdiction. 

Use of connections qualified by prior tests or project-specific tests may also be used, 

although the engineer of record is responsible for substantiating the connection per

formance. Published testing, such as that conducted as part of the SAC project and 

reported in FEMA 350 and 355 or project-specific testing, may be used to satisfy this 

prov1s1on. 

6d. Required Shear Strength 

The seismic component of the required shear strength of the beam-to-column con

nection is defined as the shear that results from formation of the probable maximum 

moment at the plastic hinge locations, which can be determined as in Equation E3-6. 

This shear must be combined with other shear forces, such as gravity forces, using the 

load combinations of the applicable building code. 

6e. Panel Zone 

1. Required Shear Strength

Cyclic testing has demonstrated that significant ductility can be obtained through

shear yielding in column panel zones through many cycles of inelastic loading

(Popov et al., 1996; Slutter, 1981; Becker, 1971; Fielding and Huang, 1971;

Krawinkler, 1978; Lee et al. 2005a and 2005b; Shin and Engelhardt, 2013).

Consequently, it is not generally necessary to provide a panel zone that will

remain elastic under earthquake loading. Initial significant yielding of the panel

zone will occur when the shear force in the panel zone reaches the values given

by Equations JI 0-9 and JI 0-10 of the Specification. However, both experimental

and computational studies have shown that panel zones can resist substantially

higher shear forces due to strain hardening and due to contributions of the
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column flanges in resisting panel zone shear. Consequently, the ultimate shear 

strength of the panel zone can be more than 50% greater than the shear at first 

yield, particularly for columns with thick flanges. This additional shear strength 

is considered in Equations Jl 0-11 and Jl 0-12 of the Specification, which pro

vide an estimate of the shear resistance of the panel zone after moderate levels 

of cyclic inelastic deformation has occurred. These equations are based on the 

work by Krawinkler (1978). 

Despite the ductility demonstrated by properly proportioned panel zones in pre

vious studies, there are concerns that excessive inelastic panel zone distortions 

can adversely affect the performance of beam-to-column connections (Krawin

kler, 1978; Englekirk, 1999; El-Tawil et al., 1999). Krawinkler noted that large 

shear distortions of the panel zone result in the formation of localized "kinks" 

at the corners of the panel zone that can lead to the occurrence of fracture in the 

vicinity of the beam flange-to-column flange groove welds. Many tests, how

ever, have shown that cyclic joint rotations well in excess of± 0.04 rad can be 

achieved prior to the occurrence of fracture (Krawinkler, 1978; Engelhardt et 

al., 2000; Lee et al., 2005b; Shin and Engelhardt, 2013). In addition to concerns 

about how shear distortion may affect joint performance, there are also uncer

tainties on how overall frame performance will be affected when panel zones are 

substantially weaker than the beams. 

To summarize, past research has shown that shear yielding in the panel zone 

can provide high levels of stable cyclic inelastic deformation, and can be an 

excellent source of ductility in steel moment-resisting frames. However, past 

research has also suggested that caution is needed in panel zone design, as 

excessive panel zone yielding may have adverse effects on joint performance 

and on overall frame performance. Based on these observations, these Provi

sions have taken the approach that beam flexural yielding should still be the 

primary source of inelastic deformation in SMF, but that limited yielding of 

panel zones is acceptable. 

The required strength of the panel zone is defined as the shear force in the panel 

zone when the fully yielded and strain hardened flexural strength of the attached 

beams has been developed. For connections where the beam flanges are welded 

directly to column flanges, such as the prequalified RBS and WUF-W connec

tions in ANSI/AISC 358, the LRFD required shear strength of the panel zone, 

Ru, can be estimated as follows: 

(C-E3-9) 

In this equation, 1..MJ is the sum of the beam moments at the face of the column 

when the beams have achieved their probable maximum moment at the plastic 

hinge, Mpr, as defined in ANSI/AISC 358. Veal is the shear force in the por

tion of the column outside of the panel zone that occurs when the beams have 

achieved their probable maximum moment. 
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The available strength of the panel zone is computed using Specification Section 

J l 0.6. As specified in these Provisions, the available strength is computed using 

<1> = 1.00 (LRFD) or Q =1.50 (ASD), reflecting the view that limited panel zone 

yielding is acceptable. 

Specification Section Jl 0.6 provides two options for computing panel zone 

available strength. According to the Spec�fication, the first option, given by 

Equations Jl 0-9 and Jl 0-10, is used "when the effect of inelastic panel-zone 

deformation on frame stability is not accounted for in the analysis." The sec

ond option, given by Equations J 10-11 and J 10-12, is used "when the effect of 

inelastic panel-zone deformation on frame stability is accounted for in the anal

ysis." As discussed, Equations Jl 0-9 and Jl 0-10 correspond to first significant 

yield of the panel zone, and using these equations will result in panel zones that 

remain nominally elastic during earthquake loading. In contrast, Equations J 10-

11 and JI 0-12 provide an estimate of the shear resistance after the panel zone 

has developed moderate inelastic deformation. Design using these equations 

will result in panel zones that may experience limited inelastic deformation 

under earthquake loading. In general, if code-specified drift limits are satisfied 

using analyses based on centerline dimensions of the beams and columns and 

include P-11 effects, this can be considered as meeting the requirements to per

mit use of Equation J 10-11 or J 10-12. For further discussion on this issue, refer 

to Hamburger et al. (2009). 

These Provisions also permit panel zone design to be based on tested connec

tions. Considerable caution is needed with this approach if it leads to a panel 

zone that is significantly weaker than would otherwise be obtained using these 

Provisions. As described previously, weaker panel zones can increase the pro

pensity for fracture at the beam-to-column connection and can also potentially 

adversely affect overall frame performance. These potential adverse effects 

should be carefully evaluated when considering the use of weaker panel zones 

based on tested connections. 

2. Panel-Zone Thickness

Section E3.6e.3 requires a minimum doubler thickness of¼ in. (6 mm) to pre

vent use of very thin doubler plates that may result in fabrication and welding

difficulties or which may be too weak and/or flexible to adequately brace conti

nuity plates. In addition, Equation E3-7 is required to minimize shear buckling

of the panel zone during inelastic deformations. Thus, when the column web

and web doubler plate(s) each meet the requirements of Equation E3-7, inter

connection with plug welds is not required. Otherwise, the column web and

web doubler plate(s) can be interconnected with plug welds as illustrated in

Figure C-E3.4 and the total panel zone thickness can be used in Equation E3-7.

When plug welds are required, Section E3.6e.2 requires a minimum of four plug

welds. As a minimum, the spacing should divide the plate into rectangular panels

in such a way that all panels meet the requirements of Equation E3-7. Addition

ally, since a single plug weld would seem to create a boundary condition that
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is much different than a continuously restrained edge, it would be advisable 

to place the plug welds in pairs or lines, dividing the plate into approximately 

equal-sized rectangles. Plug welds, when used, should, as a minimum, meet the 

requirements of Specification Section 12.3. 

An alternative detail is shown in Figure C-E3.5, where web doubler plates are 

placed symmetrically in pairs spaced away from the column web. In this con

figuration, both the web doubler plates and the column web are required to each 

independently meet Equation E3-7 in order to be considered as effective. 

3. Panel Zone Doubler Plates

Requirements for attachment of doubler plates to columns have been updated

for the 2016 edition of these Provisions based on recent research (Shirsat, 2011;

Donkada, 2012; Gupta, 2013) as well as a reevaluation of past research (Mays,

2000; Lee et al., 2005a, 2005b). There are several different conditions using web

doubler plates depending on the need for continuity plates and on the particular

design conditions. Doublers may be placed against the column web or spaced

away from the web, and they may be used with or without continuity plates.

Figure C-E3.6 shows doubler plates in contact with the web of the column. The

research studies noted previously have shown that force is transferred to the

doubler primarily through the welds connecting the vertical edges of the doubler

• 

• • 

Fig. C-E3.4. Connecting web doubler plates with plug welds. 
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to the column flanges. Two options are available for this weld: a groove weld 

as shown in Figure C-E3.6(a) or a fillet weld as shown in Figure C-E3.6(b). 

When a groove weld is used, past versions of these Provisions required CJP 

groove welds. This was problematic, as there is no prequalified CJP groove weld 

joint detail in AWS DJ .I/DJ .IM or AWS DJ .8/DI .8M for this type of joint. To 

address this problem, a prequalified doubler plate-to-column flange joint detail 

has been added to AWS D l.8/Dl .8M clause 4.3. Further, these Provisions now 

designate this weld as a PJP groove weld that extends from the surface of the 

doubler to the column flange [as shown in Figure C-E3.6(a)] and in accordance 

with the detail in AWS D 1.8/D 1.8M. Based on a review of all available research, 

a judgment was made that routine ultrasonic testing of this weld is not justified. 

Consequently, the weld is now designated as PJP to reflect this view. 

When a groove weld is used as shown in Figure C-E3.6(a), an additional con

cern is welding to the k-area of the column web. Welding into the flange/web 

fillet region, as shown in Figure C-E3.6(a), does not constitute welding in the 

k-area, although it clearly is very close to the k-area. To minimize the chances

of welding to the k-area, it may be helpful to allow the doubler edge to land

slightly within the flange/web fillet of the column. The Provisions permit a
1/16-in. (2 mm) gap between the doubler and the column web [Figure C-E3.6(a)]

and allow the doubler to still be treated as being in contact with the web when

landing within the flange/web fillet. In some cases, welding into the k-area, i.e.,

welding on the flat portion of the column web may be unavoidable, for example,

because of variations in the actual as-rolled k dimension of the column.

Figure C-E3.6(b) shows the option of using a fillet weld to connect the vertical 

edge of the doubler to the column flange. Research (Shirsat, 2011; Donkada, 

2012; Gupta, 2013) has shown that the state of stress at the edge of the doubler 

is dominated by vertical shear, but that significant horizontal normal stresses are 

also developed near the top and bottom of the doubler in the region of the beam 

(a) CJP groove welded (b) Fillet welded

Fig. C-E3.5. Doubler plates spaced away from the web. 
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flanges. Consequently, the fillet weld along the vertical edge of the doubler is 

subject to both vertical shear forces and normal forces perpendicular to the axis 

of the weld. Although the weld sees both shear and tension, the Provisions state 

that the required strength of the fillet weld is equal to the available shear yielding 

strength of the full doubler plate thickness, where the available shear yielding 

strength is computed using Specification Equation J4-3. Sizing the fillet weld 

for shear will result in adequate strength for the weld loaded in tension, since the 

available strength of fillet welds loaded perpendicular to the weld's longitudinal 

axis is 50% higher than the available strength of a fillet welds loaded in shear 

along its longitudinal axis. For a doubler plate with a specified minimum yield 

stress of 50 ksi (345 MPa) and a weld filler metal with F EXX = 70 ksi ( 485 MPa), 

a fillet weld with a leg size of 1.35 times the doubler plate thickness will develop 

the available shear yielding strength of the doubler plate. This same fillet weld 

size will also be adequate to develop the available tension yielding strength of 

the doubler plate. Thus, by sizing the fillet weld to develop the available shear 

strength of the doubler, the weld inherently has sufficient capacity to develop 

the available strength in pure tension or in a combined tension/shear stress state. 

Using a fillet weld to connect the vertical edge of a doubler to the column flange 

when the doubler is in contact with the column web will normally require a 

bevel at the edge of the doubler to clear the column flange/web fillet as shown 

in Figure C-E3.6(b ). When such a bevel is used, the shear strength of the doubler 

may be controlled by the section defined by the minimum distance from the 

Groove weld 
perAWS D1 

'-''"'"'"'" 4.3 

(a) Doubler plate groove

welded to column flanges

(b) Doubler plate fillet

welded to column flanges 

Fig. C-E3.6. Doubler plate in contact with column web. 
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toe of the fillet weld to the edge of the doubler along the bevel. This minimum 

distance is shown by the dimension a in Figure C-E3.6(b). When the dimen

sion, a, is less than the full doubler plate thickness, tdp, then the shear yielding 

strength of the full doubler plate thickness cannot be developed. Consequently, 

the size of the fillet weld and the geometry of the bevel should be proportioned 

so that a ;::: tdp· This may require increasing the size of the fillet weld beyond 

that needed to satisfy weld strength requirements. Note, however, that large 

fillet welds placed on relatively thin doubler plates can produce considerable 

welding-induced distortion in the doubler. As an alternative, the thickness of 

the doubler plate, fdp, can be increased so that shear yielding along the section 

defined by a provides the required panel zone shear strength. 

When a single, thick doubler plate in contact with the column web is welded to 

the column flanges, considerable welding-induced distortion may occur in the 

column flanges. These welding distortion problems can be somewhat alleviated 

by splitting the doubler and placing doublers of similar thickness on each side 

of the web. For example, a 1-in.- (25 mm) thick doubler plate is needed to pro

vide adequate panel zone shear strength. This can be accommodated by using 

a single 1-in.- (25 mm) thick plate on one side of the column web, or by using 

½-in.- (12 mm) thick doubler plates on both sides of the column web. The deci

sion to split a doubler can be made in conjunction with the fabricator, or it can 

be left to the discretion of the fabricator. 

As an alternative to placing doubler plates in contact with the web, it is also 

permissible to use doubler plates spaced away from the web, as shown in Fig

ure C-E3.5. Spaced doubler plates must be provided in symmetric pairs, and can 

be connected to the column flanges using CJP groove welds [Figure C-E3.5(a)], 

fillet welds [Figure C-E3.5(b)], or built-up PJP groove welds. If CJP groove 

welds are used, removal of backing bars is not required. 

When doubler plates are used without continuity plates, they are required to 

extend a minimum of 6 in. (150 mm) above and below the deepest beam fram

ing into the column (Figure C-E3.7). This extension permits a more uniform 

transfer of stress to the doubler and to the doubler-to-column flange weld in the 

region near the beam flanges. It also places the termination of the doubler-to

column flange weld away from the highly stressed region near the beam flanges. 

When doubler plates are extended above and below the joint as shown in Fig

ure C-E3.7, research (Shirsat, 2011; Donkada, 2012; Gupta, 2013) has shown 

that fillet welds are not required along the top and bottom edges of the doubler 

plate. The only exception is when either the doubler plate or column web thick

ness does not satisfy Equation E3-7. In this case, minimum size fillet welds are 

required along the top and bottom edges of the doubler plate to help maintain 

stability of the panel zone, in addition to the plug welds required in Section 

E3.6e.2. When fillet welds are provided along the top and bottom edges of the 

doubler plate, these welds should not extend into the k-area of the column. 
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When doublers are used with continuity plates, they may be located between 

the continuity plates, or they may be extended above and below the continuity 

plates. Figure C-E3.8(a) shows an example of an extended doubler plate used 

with continuity plates. This case requires that the continuity plate be welded to 

the doubler plate. Recent research examining this case (Donkada, 2012; Gupta, 

2013) has shown that welding the continuity plate to the doubler plate does not 

substantially change the shear force in the doubler plate. That is, the forces and 

state of stress in the doubler plate are very similar with or without the conti

nuity plate. However, all requirements of the Specification must be satisfied. 

Specification Section JI0.8 assumes a model in which the stiffener transfers the 

difference in force between the required strength (the flange force) and avail

able strength of the unstiffened column. The doubler plate, by itself, must have 

sufficient shear strength to resist the difference between the flange force and the 

available strength of the unstiffened column computed according to Specifica

tion Section JI O for the lesser of the limit states of flange local bending, web 

local yielding, and web local crippling. The required shear strength computed 

according to the difference in these forces need not be added with the shear 

force in the doubler plate due to the panel zone shear force. For some SMF 

beam-to-column joint configurations, Specification Section JIO may indicate 

that no continuity plates are required, but Equation E3-8 and E3-9 will still 

require continuity plates. For these cases, no special consideration is needed in 

the design of the doubler plate. Recent research has also shown that no welds 

are needed along the top and bottom edges of an extended doubler plate when 

continuity plates are present. In cases where the doubler-plate thickness does 

not satisfy Equation E3-7, the continuity plate serves to help restrain buckling 

Fig. C-E3.7. Doubler plates used without continuity plates. 
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of the doubler plate, and consequently, welds at the top and bottom edges of the 

doubler plate are not needed. 

Figure C-E3.8(b) shows an example of a doubler plate placed between continu

ity plates. For this case, welding the doubler to the continuity plate is required. 

This weld should extend over the full width of the continuity plate between 

k-areas of the column, and should be designed to develop at least 75% of the

shear yielding strength of the doubler over its contact length with the continuity

plate. The doubler-to-continuity plate weld helps transfer force to the doubler

and reduces stress concentrations near the ends of the doubler-to-column flange

welds. For a doubler plate with a specified minimum yield stress of 50 ksi (345

MPa) and a weld filler metal with F EXX = 70 ksi ( 485 MPa), the strength require

ment for the doubler-to-continuity plate weld can be satisfied by specifying a

PJP weld with an effective throat equal to the doubler plate thickness. Other

options for welding the doubler to the continuity plate are provided in AISC

Design Guide 13, Stiffening of Wide-Flange Columns at Moment Connections:

Wind and Seismic Applications (Carter, 1999). Detailing this weld requires con

sideration of how the continuity plate-to-column weld will be combined with

the doubler-to-continuity plate weld. Detailing and sequencing of these com

bined welds can be made in conjunction with the fabricator.

(a) Doubler plate extended

beyond continuity plates

(b) Doubler plate placed

between continuity plates

Fig. C-E3.8. Doubler plate used with continuity plates. 
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The use of diagonal stiffeners for strengthening and stiffening of the panel zone 

has not been adequately tested for low-cycle reversed loading into the inelastic 

range. Thus, no specific recommendations are made at this time for special seis

mic requirements for this detail. 

6f. Continuity Plates 

Beam-flange continuity plates serve several purposes in moment connections. They 

help to distribute beam-flange forces to the column web, they stiffen the column web 

to prevent local crippling under the concentrated beam flange forces, and they mini

mize stress concentrations that can occur in the joint between the beam flange and the 

column due to nonuniform stiffness of the column flange. 

1. Conditions Requiring Continuity Plates

In the 2010 Provisions, two equations (E3-8 and E3-9) were provided which

determined conditions under which continuity plates were not required opposite

wide-flange beams in wide-flange, built-up I-shape, or cruciform columns. In

the current Provisions, former Equation E3-8 is deleted, in favor of an analysis

using Specification Section J10. Equations in the User Note are provided for

calculation of the required strength at the column face for the local limit states

in the column that are required to be checked using Specification Section J l 0.

Equations E3-8 and E3-9 are the same as in 2010 and are intended to provide

a lower bound on the stiffness of the column flange based on its thickness in

relation to the width of the beam flange. Column flanges not meeting the limits

given in these equations will deflect more under the beam flange load which

may lead to undesirable stress patterns at the beam-to-column flange weld. Jus

tification for the use of Equation E3-8 is based on studies discussed in FEMA

355D (FEMA, 2000e). Subsequent research by Lee et al. (2005a) confirmed the

adequacy of designs based on these equations.

The design equations for continuity plates have been developed based on con

sideration of the behavior of columns in lower stories of buildings, where the

column extends a considerable distance above the top flange of the connected

beam. These equations do not apply in the top story of a building, where the

column terminates at approximately the level of the top flange of the beam.

In such cases, beam-flange continuity plates or column cap plates, having a

thickness not less than that of the connected beam flange, should be provided.

Figure C-E3.9 presents a detail for such a connection, where the beam flange is

welded directly to the cap plate and the cap plate is welded to the column so as

to deliver the beam-flange forces to the column web.

Alternatively, if the column projects sufficiently above the beam top flange, the

preceding methods can be considered valid. Although comprehensive research

to establish the necessary distance that the column must extend above the beam

for this purpose has not been performed, it may be judged to be sufficient if the

column is extended above the top beam flange a distance not less than dc/2 or
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brf 2, whichever is less, where de is the depth of the column and hr is the width 

of the column flange. 

The 2010 Provisions included equations to calculate the requirement for conti
nuity plates in boxed wide-flange columns. The basis for these equations has not 
been established; therefore, the equations have been removed from the Provi

sions. It is recommended that designers perform appropriate analyses, consult 
research, and/or conduct tests to determine the need for continuity plates for box 

columns. Analyses to demonstrate that continuity plates are not needed should 
demonstrate that the nonlinear stress and strain patterns in the beam-to-column 

flange welds are consistent with those of tested connections. 

2. Continuity Plate Requirements

Requirements to determine the thickness of continuity plates are based on stud

ies by FEMA 355D (FEMA, 2000e) and Lee et al. (2005a). Continuity plates

with these minimum thicknesses have been shown to have adequate stiffness
and strength to enable a relatively uniform distribution of strain across the

flange of the connecting girder.

Welds, bolts and 
as required by 

connection prequalification 

Welds as required 
bv Section 

Fig. C-E3.9. Cap plate detail at column top. 
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The 2010 Provisions required a minimum continuity plate thickness for two

sided connections equal to the full thickness of the thicker beam flange, largely 

based on the use of full-thickness continuity plates in successfully tested connec

tions. Although the references noted indicate that continuity plates of thickness 

equal to one-half of the thicker beam flange thickness can provide adequate 

performance for these connections, a more conservative value of three-quarters 

of the thicker beam flange is used to address the range of demands that may be 

seen in two-sided connections as compared to one-sided connections. 

3. Continuity Plate Welding

The connection of continuity plates to column webs is designed to be capable of

transmitting the maximum shear forces that can be delivered to the connection.

This may be limited by the beam-flange force, the shear strength of the continu

ity plate itself, the welded joint between continuity plate and column flange, or

the strength of the column panel zone.

The Provisions require that continuity plates be attached to column flanges with

CJP groove welds in order that the strength of the beam flange can be prop

erly developed into the continuity plate. Research by Lee et al. (2005a, 2005b)

demonstrated that properly sized fillet welded connections also performed ade

quately for this purpose, although this is not yet permitted by the Provisions.

For single-sided connections in which a moment-connected beam attaches to

only one of the column flanges, it is theoretically not necessary to attach the

continuity plate to the column flange that does not have a beam attached because

there is no quantifiable force to transfer from the column flange to the continuity

plate. In such cases, acceptable performance is expected if the continuity plate is

attached to the column with a pair of minimum-size fillet welds.

6g. Column Splices 

In the 1997 Provisions, there were no special requirements for column splices in SMF

systems other than those currently given in Section D2.5. The requirement in Section 

D2.5a was intended to address column bending at the splice by requiring splices to be 

at least 4 ft (1.2 m) or one-half the column clear height from the beam-to-column con

nection. This requirement was based on general recognition that in elastic analyses of 

moment frames the columns are typically bent in double curvature with an inflection 

point somewhere near the middle of the column height and, therefore, little bending 

of the column was expected at the splice. 

Nonlinear analyses performed during the FEMA/SAC project following the North

ridge earthquake, and subsequently (Shen et al., 201 O; Galasso et al., 20 l 5) clearly 

demonstrated that bending moments in the mid-height of columns can be substantial 

and that, in fact, the columns may be bent in single curvature under some conditions. 

Given this fact, and recognition of the potential for severe damage or even collapse 

due to failure of column splices, the need for special provisions for splices of moment 

frame columns was apparent. 
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The provisions of Section E3.6g are intended to ensure that a stress of 55 ksi 

(380 MPa) (i.e., R
y
F

y 
for A992/ A992M steel) is developed in the flange of the smaller 

column, either through use of CJP groove welds or another connection that provides 

similar strength, and that the shear strength of the splice is sufficient to resist the shear 

developed when Mpc occurs at each end of the spliced column. 

The exception permitting the use of partial-joint-penetration (PJP) welds in column 

splices is based on recent testing (Shaw et al., 2015). This testing, along with frac

ture mechanics simulation (Stillmaker et al., 2015) has demonstrated that if detailed 

appropriately, splices constructed with PJP groove welds provide strength similar to 

splices with CJP groove welds, and are able to develop a stress of 55 ksi (380 MPa) 

in the smaller column. Since the 1997 Provisions, PJP welds have not been permitted 

in splices (in SMF and IMF) because the unfused weld root in the PJP weld was con

sidered to be a potential initiator of fracture. However, this recent research shows that 

fracture toughness demands at the weld root are lower than the toughness capacity 

implied by minimum Charpy V-notch toughness requirements, if the requirements of 

Section E3.6g are satisfied. The scientific basis for these requirements is as follows: 

(1) The fracture toughness demand is directly related to the length of the unfused

weld root relative to the flange thickness. Requiring the effective throat thick

ness to be at least 85% of the thinner flange limits the length of the unfused

weld root relative to flange thickness.

(2) The potential fracture plane is at the location of the weld root. Requiring the

thicker flange to be 5% thicker than the thinner flange, along with the require

ment for the transition reinforcement, limits the fracture toughness demand at

the weld root by preserving a sufficient net section in the fracture plane. Similar

considerations motivate the detailing requirements for the web.

(3) The requirement for smooth, tapered transitions is based on ensuring similarity

to the specimens tested by Shaw et al. (2015), and the general undesirability of

sharp flaws and stress risers in welded connections.

Figure C-E3. JO illustrates details that are compliant with the Provisions. Fig

ure C-E3. l O(a) shows a PJP splice detail with a single weld deposited from the outside 

of the flange. This may be feasible for thinner flanges [thickness less than 2½ in. 

(63 mm)] and does not require an access hole in the column web. Figure C-E3.JO(b) 

shows a PJP splice detail with a double-sided flange weld, which may be required for 

thicker flanges. 

E4. SPECIAL TRUSS MOMENT FRAMES (STMF) 

1. Scope

Truss-girder moment frames have often been designed with little or no regard for

truss ductility. Research has shown that such truss moment frames have very poor

hysteretic behavior with large, sudden reductions in strength and stiffness due to
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buckling and fracture of web members prior to or early in the dissipation of energy 

through inelastic deformations (Itani and Goel, 1991; Goel and Itani, 1994a). The 

resulting hysteretic degradation as illustrated in Figure C-E4.1 results in excessively 

large story drifts in building frames subjected to earthquake ground motions with 

peak accelerations on the order of 0.4g to O.Sg.

... � 

(a) Single-bevel.flange weld (b) Double-bevel.flange weld

with access hole 

Fig. C-E3.10. Splice details with partial-penetration-groove welds. 

Fig. C-E4.l. Strength degradation in undetailed truss girder. 
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Research led to the development of special truss girders that limit inelastic deforma

tions to a special segment of the truss (Itani and Goel, 1991; Goel and Itani, 1994b; 

Basha and Goel, 1994). As illustrated in Figure C-E4.2, the chords and web members 

(arranged in an X pattern) of the special segment are designed to withstand large 

inelastic deformations, while the rest of the structure remains elastic. STMF have 

been validated by extensive testing of full-scale subassemblages with story-high col

umns and full-span special truss girders. As illustrated in Figure C-E4.3, STMF are 

ductile with stable hysteretic behavior. The stable hysteretic behavior continues for a 

large number of cycles, up to 3% story drifts. 

2. Basis of Design

Because STMF are relatively new and unique, the span length and depth of the truss

girders are limited at this time to the range used in the test program.

3. Analysis

3a. Special Segment

The design procedure of STMF is built upon the concept that the special segment of

truss girders will yield in shear under the prescribed earthquake load combinations,

Fig. C-£4.2. Intended yield mechanism of STMF 

with diagonal web members in special segment. 
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while all other frame members and connections remain essentially elastic. Thus, for 

the purpose of determining the required shear strength of special segments the truss 

girders can be treated as analogous beams in moment frames (Rai et al., 1998). The 

chord and diagonal members of the special segments are then designed to provide the 

required shear strength as specified in Section E4.5. 

3b. Nonspecial Segment 

All frame members and connections of STMF outside the special segments must 

have adequate strength to resist the combination of factored gravity loads and maxi

mum expected shear strength of the special segments by accounting for reasonable 

strain-hardening and material overstrength. For this purpose, one of several analysis 

approaches can be used. One approach is to consider the equilibrium of properly 

selected elastic portions (sub-structures) of the frame and perform elastic analysis. 

Alternatively, a nonlinear static pushover analysis of a model of the entire frame can 

be carried out up to the maximum design drift. The intended yielding members of 

the special segments, including chord and diagonal members and column bases, are 

modeled to behave inelastically, while all others are modeled (or "forced") to behave 

elastically. 

4. System Requirements

4a. Special Segment

It is desirable to locate the STMF special segment near midspan of the truss girder

because shear due to gravity loads is generally lower in that region. The lower limit

on special segment length of I 0% of the truss span length provides a reasonable limit

on the ductility demand, while the upper limit of 50% of the truss span length repre

sents more of a practical limit.

The required strength of interconnection for X-diagonals is intended to account for

buckling over half the full diagonal length (El-Tayem and Goel, 1986; Goel and Itani,

Fig. C-E4.3. Hysteretic behavior of STMF. 
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1994b ). It is recommended that half the full diagonal length be used in calculating 

the available compressive strength of the interconnected X-diagonal members in the 

special segment. 

Because it is intended that the yield mechanism in the special segment form over its 

full length, no major structural loads should be applied within the length of the spe

cial segment. In special segments with open Vierendeel panels, in other words, when 

no diagonal web members are used, significant structural loads should be avoided. 

Accordingly, a restrictive upper limit is placed on the axial load in diagonal web 

members due to gravity loads applied directly within the special segment. 

4b. Stability Bracing of Trusses 

The top and bottom chords are required to be laterally braced to provide for the stabil

ity of the special segment during cyclic yielding. The lateral bracing requirements for 

truss chord members have been slightly revised to make them consistent with what 

was used successfully in the original testing program. 

4c. Stability Bracing of Truss-to-Column Connections 

Columns should be laterally braced at the points of connection with the truss mem

bers in order to provide adequate stability during expected cyclic deformations of the 

frames. A lateral bracing requirement has been added which is partly based on what 

was used successfully in the original testing program. 

5. Members

Sb. Special Segment Members

STMF are intended to dissipate energy through flexural yielding of the chord mem

bers and axial yielding and buckling of the diagonal web members in the special

segment. It is desirable to provide minimum shear strength in the special segment

through flexural yielding of the chord members and to limit the axial load to a maxi

mum value. Plastic analysis can be used to determine the required shear strength of

the truss special segments under the earthquake load combination.

Sc. Expected Vertical Shear Strength of Special Segment

STMF are required to be designed to maintain essentially elastic behavior of the

truss members, columns and all connections, except for the members of the special

segment that are involved in the formation of the yield mechanism. Therefore, all

members and connections outside the special segments are to be designed for cal

culated loads by applying the combination of gravity loads and equivalent lateral

loads that are necessary to develop the maximum expected nominal shear strength of

the special segment, Vne, in its fully yielded and strain-hardened state. Thus, Equa

tion E4-5, as formulated, accounts for uncertainties in the actual yield strength of

steel and the effects of strain hardening of yielded web members and hinged chord

members. It is based upon approximate analysis and test results of special truss girder

assemblies that were subjected to story drifts up to 3% (Basha and Goel, 1994). Tests

(Jain et al., 1978) on axially loaded members have shown that 0.3P nc is representative
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of the average nominal post-buckling strength under cyclic loading. Based on a more 
recent study by Chao and Goel (2008) the first two terms of Equation E4-5 were 
revised in the 2010 Provisions to give a more accurate estimate of contribution from 
the chord members. 

Equation E4-5 was formulated without considering the contribution from any inter
mediate vertical members within the special segment other than those at the ends 
of the special segment. In cases where those intermediate vertical members possess 
significant flexural strength, their contribution should also be included in calculating 
the value of Vne· Recent full-scale STMF experimental testing indicated that inter
mediate vertical members can significantly increase Vne· A modified equation which 
considers the contribution of intermediate vertical members has been proposed by 
Chao et al. (2015). 

Sd. Width-to-Thickness Limitations 

The ductility demand on diagonal web members in the special segment can be rather 
large. Flat bars are suggested at this time because of their high ductility. Tests (Itani 
and Goel, 1991) have shown that single angles with width-to-thickness ratios that are 
less than O .18� E / Fy also possess adequate ductility for use as web members in an 
X-configuration. Chord members in the special segment are required to be compact
cross sections to facilitate the formation of plastic hinges.

Se. Built-Up Chord Members 

Built-up chord members in the special segment can be subjected to rather large rota
tional demands at the plastic hinges requiring close stitch spacing in order to prevent 
lateral-torsional buckling of the individual elements. Based on the findings from a 
recent experimental study (Parra-Montesinos et al., 2006), a stitch spacing require
ment for chord members in the special segment has been added. 

Sf. Protected Zones 

When special segments yield under shear, flexural plastic hinges will form at the ends 
of the chord members. Therefore, those regions are designated as protected zones. 
Also, included in the protected zones are vertical and diagonal members of the spe
cial segments, because those members are also expected to experience significant 
yielding. Recent component testing performed by Chao et al. (2015) indicates that 
the plastic rotation capacity of the chord members can be considerably compromised 
when the vertical members or stiffeners are welded to the chord members at the end 
of the special segment. Full-scale STMF testing shows that the plastic hinges can 
freely extend when the end connection of vertical members at the ends of the special 
segment is not welded to the chord members. 

6. Connections

6a. Demand Critical Welds

Refer to the commentary on Section E3.6a.
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6b. Connections of Diagonal Web Members in the Special Segment 

The diagonal members of the special segments are expected to experience large cyclic 

deformations in axial tension and post-buckling compression. Their end connections 

must possess adequate strength to resist the expected tension yield strength. 

6c. Column Splices 

The requirements in this section are identical to those in Section E3.6g. See Com

mentary Section E3.6g for further discussion. 

ES. ORDINARY CANTILEVER COLUMN SYSTEMS (OCCS) 

2. Basis of Design

ASCE/SEI 7 (ASCE, 2016) includes two types of cantilever column systems: ordinary

and special. The ordinary cantilever column system (OCCS) is intended to provide a

minimal level of inelastic rotation capability at the base of the column. This system

is permitted in seismic design categories B and C only, and to heights not exceeding

35 ft. A low seismic response modification coefficient, R, of 1.25 is assigned due to

the system's limited inelastic capacity and lack of redundancy. The OCCS has no

requirements beyond those in the Specification except as noted in Section E5.4a.

4. System Requirements

4a. Columns

ASCE/SEI 7 limits the required axial load on columns in these systems under the

load combinations including the overstrength seismic load to 15% of the available

strength. This limitation is included in these provisions. Columns in OCCS would be

prone to P-!l collapse if high axial loads were permitted.

E6. SPECIAL CANTILEVER COLUMN SYSTEMS (SCCS)

2. Basis of Design

ASCE/SEI 7 (ASCE, 2016) includes two types of cantilever column systems, ordi

nary and special. The special cantilever column systems (SCCS) is intended to

provide a limited level of inelastic rotation capability at the base of the column. This

system is permitted in seismic design categories B through F, but is limited to heights

not exceeding 35 ft. A relatively low seismic response modification coefficient, R, of

2.5 is assigned due to the system's limited inelastic capacity and lack of redundancy. 

4. System Requirements

4a. Columns

ASCE/SEI 7 limits the required axial load on columns in these systems under the

load combinations including the overstrength seismic load to 15% of the available

strength. This limitation is included in these provisions. Columns in SCCS would be
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prone to P-ti collapse if high axial loads were permitted because even modest rota

tions at the base of the columns can translate into significant drift at the top where the 

majority of the gravity load is generally applied. 

4b. Stability Bracing of Columns 

Stability bracing of columns at the spacing required for moderately ductile members 

is required. Although the columns themselves must satisfy requirements for highly 

ductile members, the wider spacing of braces permitted is considered to be adequate 

because of the relatively low inelastic demand expected and the practical difficulty 

in achieving bracing in many of these structures. For structures where there is no 

reasonable way to meet bracing requirements, need for bracing may be precluded by 

selecting appropriately proportioned members. 

5. Members

Sa. Basic Requirements

The column members are required to satisfy the width-to-thickness and other provi

sions for highly ductile members. The intention is to preclude local buckling at the

hinging location (bottom of the column), which in this type of structure, with little

redundancy, could lead rapidly to collapse.

Sb. Column Flanges

Abrupt changes in beam flange area in locations of high strain, as occurs in plas

tic hinge regions at the base of SCCS columns, can lead to fracture due to stress

concentrations.

Sc. Protected Zones

For commentary on protected zones see Commentary Section D 1.3.

6. Connections

6a. Demand Critical Welds

For general commentary on demand critical welds, see Commentary Section A3.4.

For additional commentary appropriate to column splices and column-to-base plate

connections, see Commentary Section E3.6a.

6b. Column Bases

It is apparent that a column base in the SCCS must be capable of developing the

moment capacity of the column, including overstrength and strain hardening. Detailed

requirements are provided in Section D2.6 and commentary is provided in the cor

responding commentary section.
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CHAPTER F 

BRACED-FRAME AND SHEAR-WALL SYSTEMS 

Fl. ORDINARY CONCENTRICALLY BRACED FRAMES (OCBF) 

1. Scope

Ordinary concentrically braced frames (OCBF) have minimal design requirements

compared to other braced-frame systems. The Provisions assume that the applicable

building code significantly restricts the permitted use of OCBF and specifies a low R

factor so that ductility demands will be low. Specifically, it is assumed that the restric

tions given in ASCE/SEI 7 (ASCE, 2016) govern the use of the structural system.

The scope includes OCBF above an isolation system. The provisions in Section F l  .7

are intended for use in the design of OCBF for which forces have been determined

using R1 equal to 1.0. R1 is defined in ASCE/SEI 7 as the "numerical coefficient

related to the type of seismic force-resisting system above the isolation system." Such

OCBF are expected to remain essentially elastic during design level earthquakes and,

therefore, provisions that are intended to accommodate a higher level of inelastic

response, such as Section F l  .4a, are not required for their design.

2. Basis of Design

OCBF are not expected to be subject to large inelastic demands due to the relatively

low R factor assigned to the system in ASCE/SEI 7.

3. Analysis

Due to the expected limited inelastic demands on OCBF, an elastic analysis is con

sidered sufficient when supplemented with use of the overstrength seismic load as

required by these Provisions.

4. System Requirements

4a. V-Braced and Inverted V-Braced Frames

V- and inverted-V-type bracing can induce a high unbalanced force in the intersect

ing beam. Unlike the special concentrically braced frame (SCBF) provisions, which

require that the beams at the intersections of such braces be designed for the expected

strength of the braces to prevent a plastic hinge mechanism in the beam, the cor

responding OCBF provisions permit the beam design on the basis of the maximum

force that can be developed by the system. This relief for OCBF acknowledges that,

unlike SCBF, the beam forces in an OCBF frame at the time of an imminent system

failure mode could be less critical than those due to the expected strength of the con

necting braces. See Commentary Section F2.6c. l for techniques that may be used to

determine the maximum force developed by the system.

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Comm. Fl.] ORDINARY CONCENTRICALLY BRACED FRAMES (OCBF) 

4b. K-Braced Frames

9.1-253 

K-bracing can have very poor post-elastic performance. After brace buckling, the

action of the brace in tension induces large flexural forces on the column, possibly

leading to buckling. No adequate design procedures addressing the high-consequence

stability issues are available.

4c. Multi-Tiered Braced Frames 

A detailed description of the characteristics of multi-tiered braced frames is provided 

in the commentary for special concentrically braced frames. Due to the reduced level 

of ductility required for a multi-tiered ordinary concentrically braced frame (MT

OCBF) as compared to a multi-tiered SCBF (MT-SCBF) (R = 3.25 versus R = 6), a 

simpler set of design requirements is provided for the MT-OCBF. In this approach, 

the basis of the design is an elastic analysis of the frame with an R of 3.25. This 

seismic design force level is used for the braces only. The connections, struts and 

columns are designed for seismic forces increased by a factor of 3 to make these ele

ments more robust. This corresponds to 1.5 times the overstrength seismic loads, i.e., 

to an R value equal to 3.25/3 = 1.08, which is approximately equivalent to force levels 

associated with elastic response. Such higher required strength for the connections, 

columns and struts aims at ensuring that these elements can resist the maximum forces 

imparted by the braces. Failure of connections or struts may induce large unbalanced 

horizontal loads on the columns. This, in turn, may endanger the frame integrity in 

view of the fact that intermediate tier levels are not connected to other lateral load

resisting elements of the structure. For the columns, the amplified design loads is an 

indirect, simpler means of providing the columns with sufficient strength to resist in

plane flexural demands resulting from nonuniform brace forces and deformations in 

adjacent tiers. The benefits of designing the struts and strut connections to torsionally 

brace the columns of the multi-tiered braced frame were demonstrated by research 

(Stoakes and Fahnestock, 2013) and are incorporated into these provisions also. 

For the special case of tension-only bracing proportioned such that the controlling 

slenderness ratio of each brace is 200 or more, it is recognized that the columns, struts 

and connections are not prone to problems associated with compression buckling of 

the brace since these braces have little overstrength from compression or flexural 

strength. Horizontal unbalanced brace loads due to brace buckling are also small. As 

a result, the design requirements for the brace connections, columns and struts revert 

to the basic requirements for an OCBF frame. However, because the frame is not con

nected at every tier level to the other lateral load-resisting elements in the building 

(i.e., no diaphragm is present at the intermediate tier levels to help distribute loads to 

other lateral load-resisting systems), there is a potential for progressive yielding in 

multi-tier frames that results in flexural demand on the columns in the plane of the 

frame. As a result, the column is checked for in-plane bending due to the calculated 

difference in shear strength between tier levels. As a minimum, this force level is pre

scribed to be 5% of the larger shear capacity of the tier above and below that tier level. 

This minimum force level is intended to also capture potential differences in brace 

strength due to material yield strength variability. These potential in-plane force and 
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bending demands can be shared with additional columns by appropriately connecting 

these additional columns to the braced frame at each tier level. It is noted that this 

same requirement is not applied to MT-OCBF frames with tension-compression brac

ing (controlling slenderness ratio of each brace less than 200) since these columns 

are already penalized by the use of the higher effective load amplification factor of 3 

for these frames. 

5. Members

Sa. Basic Requirements

Only moderate ductility is expected of OCBF. Accordingly, in the 2010 Pro

visions, the member ductility requirement for braces was modified to require

moderately ductile members.

Sb. Slenderness

In V- and inverted V-braced frames, braces with large slenderness ratios are not

permitted. This restriction is intended to limit the unbalanced forces that develop

in framing members after brace buckling; see Commentary Section F2.4c.

Sc. Beams

In past versions of the Provisions it was assumed that beams and their connections

were treated as collectors, and thus beams were required to be designed for the over

strength seismic load in accordance with ASCE/SEI 7. This requirement has been

specifically added to the 2016 Provisions to provide greater clarity.

6. Connections

6a. Brace Connections

Bracing connections are designed for forces corresponding to the overstrength seis

mic load with exceptions that allow for the force to be limited to the expected brace

strength. The intent is to ensure that brace yielding or buckling occurs prior to failure

of a connection limit state. Net section rupture of the member is to be included with

connection limit states. Allowing the required strength of a brace connection to corre

spond to the overstrength seismic load is considered appropriate for systems designed

for limited ductility.

The Provisions permit that bolt slip be designed for a lower force level than is

required for other limit states when oversized holes are used in accordance with Sec

tion D2.2(c) Exception (1). This reflects the fact that bolt slip does not constitute

connection failure and that the associated energy dissipation can serve to reduce

seismic response. Other limit states, such as bolt shear and bolt bearing/tearout, are

required to be designed for the overstrength seismic load subject to the exceptions

discussed previously.
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7. Ordinary Concentrically Braced Frames above Seismic Isolation Systems

Above isolation, system and member ductility demands are greatly reduced com

pared to nonisolated OCBF. Accordingly, beams are not required to resist forces

corresponding to unbalanced brace nonlinear behavior. However, most engineers rec

ognize that, since the intent of the code is now to preclude collapse in the maximum

credible earthquake, should an earthquake occur that is larger than those considered

in the design, some ductility of the system is desirable for the survivability of the

structure, and certain basic requirements remain: amplified loads for the design of

beams, columns, and connections, and the elimination of the nonductile K-bracing

configuration.

The requirements in this section are similar to Section Fl .5, except that the Lc/r
limitation is applied to all braces. Tension-only bracing is not considered to be appro

priate for use above isolation systems under the conditions permitted.

The requirements of Section F 1.4a are considered to be excessive for OCBF above

the isolation system because the forces on the system are limited and buckling of

braces is not anticipated. The only requirement that remains applicable from Section

Fl .4a is for the beams to be continuous between columns.

F2. SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 

1. Scope

Special concentrically braced frames (SCBF) are a type of concentrically braced

frame; that is, braced frames in which the centerlines of members that meet at a joint
intersect at a point, thus forming a vertical truss system that resists lateral loads.

A few common types of concentrically braced frames are shown in Figure C-F2.l ,

including diagonally braced, X-braced, and V-braced (or inverted V-braced). Use of

tension-only bracing in any configuration is not permitted for SCBF. Because of their

geometry, concentrically braced frames provide complete truss action with members

V-bracing Inverted 

V-bracini::,

Fig. C-F2.I. Examples of concentric bracing configurations. 
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subjected primarily to axial loads in the elastic range. However, during a moderate 

to severe earthquake, the bracing members and their connections are expected to 

undergo significant inelastic deformations into the post-buckling range. 

2. Basis of Design

SCBF are distinguished from OCBF (and from braced frames that are part of steel

systems not specificalJy detailed for seismic resistance, e.g., designed with R = 3)

by enhanced requirements for ductility. Accordingly, provisions were developed

so that the SCBF would exhibit stable and ductile behavior in the event of a major

earthquake.

During a severe earthquake, bracing members in a concentrically braced frame are

subjected to large deformations in cyclic tension and compression. In the compres

sion direction flexural buckling causes the formation of flexural plastic hinges in the

brace or gusset plates as it deforms laterally. These plastic hinges are similar to those

in beams and columns in moment frames. Braces in a typical concentricalJy braced

frame can be expected to yield and buckle at rather moderate story drifts of about

0.3% to 0.5%. In a severe earthquake, the braces could undergo post-buckling axial

deformations IO to 20 times their yield deformation. In order to survive such large

cyclic deformations without premature failure, the bracing members and their con

nections must be properly detailed.

Damage during past earthquakes and that observed in laboratory tests of concentri

cally braced frames with little consideration of ductile member design and detailing

has generalJy resulted from the limited ductility and corresponding brittle failures,

which are usually manifested in the rupture of connection elements or bracing

members. The lack of compactness in braces results in severe local buckling, which

imposes a high concentration of flexural strains at the location of buckling and ulti

mately provides a low level of ductility. Large story drifts that result from early brace

ruptures can impose excessive ductility demands on the beams and columns, or their

connections.

Research has demonstrated that concentrically braced frames, with proper con

figuration, member design, and detailing, can possess ductility far in excess of that

previously exhibited by such systems. Extensive analytical and experimental work by

Goel has shown that improved design parameters, such as limiting width-to-thickness

(to minimize local buckling), closer spacing of stitches, and special design and detail

ing of end connections greatly improve the post-buckling behavior of concentrically

braced frames (Goel, 1992b; Goel, 1992c). The design requirements for SCBF are

based on those developments.

Previous requirements for concentricalJy braced frames sought reliable behavior by

limiting global buckling. Cyclic testing of diagonal bracing systems verified that

energy can be dissipated after the onset of global buckling if brittle failures due to

local buckling, stability problems and connection fractures are prevented. When

properly detailed for ductility as prescribed in the Provisions, diagonal braces can

sustain large inelastic cyclic deformations without experiencing premature failures.
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Analytical studies (Tang and Goel, 1987; Hassan and Goel, 1991) on bracing sys

tems designed in strict accordance with earlier code requirements for concentrically 

braced frames predicted brace failures without the development of significant energy 

dissipation. Failures occurred most often at plastic hinges (local buckling due to lack 

of compactness) or in the connections. Plastic hinges normally occur at the ends of 

a brace and at the brace midspan. Analytical models of bracing systems that were 

designed to ensure stable ductile behavior when subjected to the same ground motion 

records as the previous concentrically braced frame designs exhibited full and stable 

hysteresis without fracture. Similar results were observed in full-scale tests in Wal

lace and Krawinkler (1985) and Tang and Goel (1989). 

Since the stringent design and detailing requirements for SCBF are expected to 

produce more reliable performance when subjected to cyclic deformation demands 

imposed by severe earthquakes, model building codes have reduced the design load 

level below that required for OCBF. 

3. Analysis

While SCBF are typically designed on the basis of an elastic analysis, their expected

behavior includes significant nonlinearity due to brace buckling and yielding, which

is anticipated in the maximum credible earthquake. Braced-frame system ductility

can only be achieved if beams and column buckling can be precluded. Thus there is a

need to supplement the elastic analysis in order to have an adequate design.

The required strength of braces is typically determined based on the analysis required

by ASCE/SEI 7. The analysis required by this section is used in determining the

required strength of braced-frame beams and columns, as well as of brace connec

tions, as it is necessary to design these elements to resist forces corresponding to

brace yielding.

Prior to the 2010 Provisions, the expected nonlinear behavior of SCBF was addressed

through a series of design rules that defined required strengths of elements supersed

ing those derived using elastic elements. These included:

(1) Forces for beams in V- and inverted V-braced frames

(2) Forces for the design of brace connections

(3) Forces for column design

These design rules were intended to approximate forces corresponding to inelastic 

response without requiring an inelastic analysis. 

While these requirements addressed the most important shortcomings of elastic anal

ysis, several other cases have been identified, including: 

(1) Beams not intersected by braces in the two-story X-braced configuration (such

as the beam at the third floor in Figure C-F2.2(a).

(2) Interior columns in multi-bay braced frames. See Figure C-F2.2(b).
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Rather than creating new (and increasingly complicated) design rules to address these 

omissions in previous Provisions, it was decided to simply mandate explicit consider
ation of the inelastic behavior by requiring a plastic-mechanism analysis, the simplest 

form of inelastic analysis. It is naturally desirable that engineers performing analyses 

of ductile systems give some thought to the manner in which they will behave. 

Because the compression behavior of braces differs substantially from the tension 
behavior, two separate analyses are required: 

(1) An analysis in which all braces have reached their maximum forces

(2) An analysis in which tension braces are at their maximum strength level and

compression braces have lost a significant percentage of their strength after

buckling

(a) Post-elastic flow of forces through braced-frame beam

-------� 

\ 

(b) Post-elastic flow of forces through interior braced�frame column

Fig. C-F2.2. Examples of post-elastic flow of forces in braced-frame systems. 
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The first-mode of deformation is considered when determining whether a brace is in 

compression or in tension. That is, the columns are considered to be inclined in one 

direction rather than in reverse curvature (see Figure C-F2.3). Consideration must 

also be given to the behavior when the columns are inclined in the opposite direction. 

Consistent with previous editions of these Provisions, when maximum axial forces 

are calculated for columns, the engineer is permitted to neglect the flexural forces 

that result from the design story drifts. This permits straightforward determination 

of seismic forces. 

The analysis requirements utilize the expected strengths of braces in tension and com

pression. Tests have shown that typical bracing members demonstrate a minimum 

residual post-buckling compressive strength of about 30% of the initial compressive 

strength (Hassan and Goel, l 99 l ). 

The provisions require design of columns to resist forces corresponding to the devel

opment of the full plastic mechanism (that is, yielding and buckling of all braces), 

unless a nonlinear analysis in accordance with Section C3 demonstrates that a lower 

force can be used with sufficient reliability. Previous editions allowed the use of the 

overstrength seismic load in lieu of the full capacity of the connecting braces, based 

on the expectation of reduced likelihood of simultaneous yielding at multiple floors. 

Unfortunately, research indicates that the reduction is less dramatic than anticipated 

and may not be significant for certain building configurations (Richards, 2009). 

Fig. C-F2.3. Anticipated braced-frame mechanism. 
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4. System Requirements

4a. Lateral Force Distribution

This provision attempts to balance the tensile and compressive resistance across the

width and breadth of the building since the buckling and post-buckling strength of the

bracing members in compression can be substantially less than that in tension. Good

balance helps prevent the accumulation of inelastic drifts in one direction.

An exception is provided for cases where the bracing members are sufficiently over

sized to provide essentially elastic response. It is envisioned that such an exception

would apply to a small number of braces in the structure. It is generally preferable to

have braces sized in proportion to their required strength. Where braces have vastly

different overstrengths the inelastic demands may be concentrated (and amplified) in

a small number of braces.

4b. V- and Inverted V-Braced Frames

V-braced and inverted V-braced (chevron) frames exhibit a special problem that sets

them apart from other configurations. The expected behavior of SCBF is that upon

continued lateral displacement as the brace in compression buckles, its force drops

while that in the brace in tension continues to increase up to the point of yielding. In

order for this to occur in these frames, an unbalanced vertical force must be resisted

by the intersected beam, as well as its connections and supporting members.

The adverse effect of this unbalanced load can be mitigated by using bracing 

configurations, such as V- and inverted V-braces, in alternate stories creating an 

X-configuration over two story modules (Khatib et al., 1988), or by the use of zipper

columns.

A two-story X-braced system and a zipper column system are illustrated in Fig

ure C-F2.4. Two-story X- and zipper-braced frames can be designed with post-elastic 

behavior consistent with the expected behavior of V-braced SCBF. These configu

rations can also capture the increase in post-elastic axial loads on beams at other 

levels. It is possible to design two-story X-braced and zipper frames with post-elastic 

behavior that is superior to the expected behavior of V-braced SCBF by proportion

ing elements to discourage single-story mechanisms (Khatib et al., 1988). For more 

information on these configurations, see Khatib et al. (1988), Yang et al. (2008), and 

Tremblay and Tirca (2003). 

Bracing connections should not be configured in such a way that beams or columns 

of the frame are interrupted to allow for a continuous brace element. This provi

sion is necessary to improve the out-of-plane stability of the bracing system at those 

connections. 

Adequate lateral bracing at the brace-to-beam intersection is necessary in order to 

prevent adverse effects of possible lateral-torsional buckling of the beam. The sta

bility of this connection is influenced by the flexural and axial forces in the beam, 

as well as by any torsion imposed by brace buckling or the post-buckling residual 
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out-of-straightness of a brace. The bracing requirements in the Specification were 

judged to be insufficient to ensure the torsional stability of this connection. There

fore a requirement based on the moment due to the flexural strength of the beam is 

imposed. 

4c. K-Braced Frames

K-bracing is generally not considered desirable in concentrically braced frames and

is prohibited entirely for SCBF because it is considered undesirable to have columns

that are subjected to unbalanced lateral forces from the braces, as these forces may

contribute to column failures.

4d. Tension-Only Frames 

SCBF provisions have not been developed for use with braces that only act in tension. 

Thus tension-only braced frames are not allowed for SCBF. (Tension-only bracing is 

allowed for OCBF). 

4e. Multi-Tiered Braced Frames 

Multi-tiered braced frames (MTBF) are braced frames with two or more tiers of 

bracing, or bracing panels between horizontal diaphragm levels or locations of out

of-plane support. MTBF are common in tall single-story building structures when 

it is not practical to use single bracing members spanning from roof to foundation 

levels. As shown in F igure C-F2.5, they can be built using various bracing configura

tions and have more than one bay. In industrial applications, braced frames used to 

(a) Two story X-bracedframe (b) "Zipper column" with

inverted V-bracing

Fig. C-F2.4. Types of braced frames. 
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longitudinally brace crane runways or trussed legs supporting equipment, such as 

conveyors, form MTBF. They are also used in multi-story buildings with tall story 

heights such as stadia or concert halls. MTBF columns are typically I-shaped mem

bers oriented such that out-of-plane buckling is about strong axis and in-plane weak 

axis buckling occurs over a reduced length. Along braced lines, gravity columns can 

be horizontally tied at every strut level to benefit from the shorter in-plane buckling 

length, as is often seen along exterior walls. 

Contrary to conventional braced frames in multi-story applications, there are no floor 

diaphragms to laterally brace the columns out of the plane of the frame at every tier 

X-Bracing

V-Bracing Two-Bay MTBF Runway Bracing 

Floor 

Two-Story MTBF MTBF with Gravity Columns 

Fig. C-F2.5. Typical MTBF configurations. 
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level where braces intersect with the columns. Forces inducing out-of-plane defor

mations of the columns during a seismic event may affect their out-of-plane stability 

and must be considered in design. These include out-of-plane forces resulting from 

imperfections at the location of points of intersection of members carrying axial loads 

or from out-of-plane buckling of the braces. Such effects can affect more slender 

columns not subjected to other lateral loads, which is the case for columns of interior 

braced frames not subjected to transverse wind loading. Struts in V- or inverted V

bracing are typically laterally unbraced and must be proportioned to maintain their 

out-of-plane stability when subjected to twisting arising from brace buckling. The 

requirement of Section F2.5a that struts satisfy the requirements for moderately duc

tile members may make V-type or inverted V-type configurations impractical. 

Inelastic response of MTBF also results in additional in-plane demands that may 

endanger the frame stability. In particular, unbalanced horizontal loads develop at 

brace-to-column intersecting points after buckling of the compression braces, which 

could result in significant in-plane bending moments in the columns. Brace yield

ing and buckling in MTBF tend to develop progressively along the frame height, 

which can lead to nonuniform drifts in the bracing panels and, thereby, additional 

in-plane flexural demands on the columns. Unbalanced horizontal brace forces can 

be effectively resisted by introducing horizontal struts at tier levels; however, bend

ing moments from nonuniform brace yielding must be resisted by the columns. Axial 

compression combined with in-plane and out-of-plane bending can lead to column 

flexural-torsional buckling due to initial imperfections and inelasticity effects. Col

umns must also have minimum in-plane flexural stiffness to prevent excessive drifts 

that could lead to premature brace fracture. Contrary to other bracing systems, col

umn bending demands must therefore be explicitly considered in design to achieve 

satisfactory seismic performance and new requirements have been introduced in the 

Provisions to assess and properly address this demand and other aspects specific to 

MTBF. 

In each braced frame, the story shear in every tier must be resisted by braces act

ing in tension and compression to ensure that the frame will exhibit a symmetrical 

inelastic response dominated by braces acting in tension in each direction. Horizontal 

struts are required at all tier levels to resist the unbalanced horizontal loads induced 

at brace-to-column connection points after brace buckling. In absence of a strut, the 

unbalanced horizontal force would impose significant in-plane flexural demand on 

the column that could lead to column buckling, as is the case in K-braced frames 

(see Figure C-F2.6 for illustrations of this behavior). After brace buckling, the struts 

ensure that the lateral loads can be transferred over the entire story height mainly 

through truss action involving tension-acting braces and struts in compression. Maxi

mum compression in struts is therefore determined from analysis, as discussed in 

Section F2.3 case (b) when braces in tension are assumed to resist forces correspond

ing to their expected strength and braces in compression are assumed to resist their 

expected post-buckling strength. 

Upon buckling and subsequent straightening when reloaded in tension, bracing mem

bers impose bending moments on their connections and other members framing into 
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the connections. When the braces are detailed to buckle out-of-plane, out-of-plane and 

torsional moments are imposed on the columns. These two moments are respectively 

the vertical and horizontal components of a moment equal to the expected flexural 

resistance of the brace (see out-of-plane brace buckling in Figure C-F2.7). If brace 

connections are detailed to accommodate ductile inelastic rotations, this moment can 

be limited to 1. IR
y 

times the connection nominal flexural resistance. It is noted that 

braces buckling out-of-plane do not induce out-of-plane transverse forces at brace

to-column connections, and the moments at work points can be taken as the moments 

corresponding to the flexural resistance of the braces or brace connections, depending 

_t 
Column Column 

Buckling 

without 

Out-of-Plane 

Fig. C-F2.6. Role o.f strut members in MT-BRBF. 

Buckling 

Knife 
plate 

{typ.) 

Fig. C-F2.7. Forces induced by buckling of the braces. 

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

with struts 



Comm. F2.] SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 9.1-265 

which one governs. Out-of-plane moments must be resisted by the columns whereas 

torsional moments would typically be resisted by the struts bending in the horizontal 

plane (struts are used to restrain columns against torsion-see Figure C-F2.7). 

When braces and their connections are detailed for in-plane buckling, in-plane 

moments are imposed on the columns and struts as a result of brace buckling (see 

in-plane brace buckling in Figure C-F2.7). These moments can be resisted by the 

columns or the struts, or a combination thereof, depending on the connection details 

and relative member stiffness. Connections of braces buckling in-plane are generally 

detailed such that plastic hinging forms in the braces next to the connections. In this 

case, the moment demand can be high and impact the columns as it corresponds to the 

brace expected flexural strength. That demand can be significantly reduced by adopt

ing a knife plate connection detail in which inelastic rotation occurs through plate 

bending, or by providing an unstiffened gusset connection to the web of wide-flange 

columns such that the flexibility of the column web accommodates the rotations asso

ciated with brace buckling. As for out-of-plane brace buckling, moments at column 

centerlines can be taken equal to those developing in the braces or brace connections. 

In V- and inverted V- (chevron) bracing, the struts also act as beams resisting the 

unbalanced vertical loads arising from the braces after brace buckling. In the absence 

of floor diaphragms at tier levels, lateral stability of the beams can be achieved by pro

viding beams with sufficient strength and stiffness against twisting, as recommended 

for V- and inverted V- bracing. As stated previously, providing beams with sufficient 

strength and stiffness that also meet the requirements for moderately ductile members 

may not be practical for certain configurations. In the case of braces buckling out-of

plane, additional torsion is induced that must be considered in design. 

Bracing panels in multi-tiered braced frames act in series between the foundation 

and the roof levels, or between stories in multi-story applications. Recent research 

(Imanpour et al., 2013) has shown that brace buckling and yielding typically devel

ops progressively along the frame height which results in nonuniform tier drifts 

inducing in-plane bending moments in the columns. This behavior is illustrated in 

Figure C-F2.8 for a uniform 4-tiered chevron braced frame. As shown, bending is 

more pronounced in a tier where the brace tension yielding has developed, causing 

relatively larger drifts and degradation of the compression brace strength in the post

buckling range, while brace tension yielding has not been triggered yet in an adjacent 

tier. During an earthquake, this scenario occurs in sequence, starting from the weak

est tier and propagating in the frame until brace tension yielding has developed in all 

tiers. The combination of axial compression and bending in the columns may cause 

in-plane flexural instability of the columns before a complete plastic mechanism is 

reached where all braces have yielded in tension and attained their post-buckling 

strength in compression. This behavior is more pronounced in frames with different 

tier heights or with variability in strength between tiers. Similar response is, how

ever, observed in frames with identical tiers due to unavoidable variability in member 

strength properties, imperfections and boundary conditions between tiers. 
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Section F2.3 now includes a third analysis case to assess the flexural demand imposed 

on MT-SCBF columns as brace inelastic response progresses along the frame height. 

For simple frames, column moments and axial loads can be determined by manual 

calculations, as is done for Section F2.3 analysis cases (a) and (b). For more complex 

MT-SCBF configurations, nonlinear static (pushover) analysis can be used to capture 

the expected sequence of brace yielding and resulting member forces. In both cases, 

the analysis is performed until a full brace buckling and yielding mechanism has 

been reached, corresponding to analysis case (b). Alternatively, column forces can 

be determined from nonlinear response history analysis. The latter would be more 

appropriate for taller frames with a large number of tiers as brace yielding may only 

develop over a fraction of the frame height, resulting in reduced flexural demand. 

Manual calculation is illustrated herein. If nonlinear analysis (static or dynamic) is 

used, it must be performed in accordance with Chapter C. Guidance on modelling 

and analysis can be found in Iman pour et al. (2016a, 2016b ). The model must account 

for brace yielding and buckling responses. In static nonlinear analysis, the rate of 

brace compressive strength degradation must be accentuated to reproduce the con

ditions expected under cyclic seismic demand (Iman pour and Tremblay, 2014 ). In 

nonlinear analysis of uniform frames, brace strengths in one tier must be intentionally 

reduced by a small amount (5% may be appropriate) to reproduce the initiation and 

subsequent progression of brace buckling and yielding expected in actual frames. 

Scenarios where brace yielding initiates in the bottom or top tier generally lead to 

more critical conditions for the columns, as described below. 
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Fig. C-F2.8. Progression of brace buckling and yielding in MT-SCBF. 
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In well-proportioned frames subjected to increasing lateral loads, all compression 

braces buckle nearly simultaneously, followed by brace yielding occurring in the 

tension brace that has the highest stress ratio as the load is increased further and 

brace force redistribution occurs after brace buckling. In Figure C-F2.9, brace yield

ing initiates in Tier l (the lowest tier). As the brace stretches, drift increases in this 

tier which causes bending of the columns. The strength of the compression brace 

reduces in Tier I and the total story shear carried by the brace reduces. Horizontal 

equilibrium is maintained by shears developing in the columns as they bend. Column 

flexure reaches a maximum when the tension brace in Tier 2 reaches its expected 

yield strength, Texp
, while the compression brace strength in Tier I has reduced to its 

expected post-buckling strength, c;xp
· In Tier 2, the compression brace still carries a 

load close to its expected buckling strength, Cexp
, and a conservative estimate of the 

unbalanced brace story shear, fl Vbr, is: 

(C-F2-l) 

The brace force scenarios in Tiers I and 2, respectively, correspond to those described 

in Section F2.3 analysis cases (b) and (a). A numerical example for a 2-story inverted 

V-bracing configuration is shown in Figure C-F2.I0. The diagram shows the frame

resisting the difference between brace story shear strengths in Tiers I and 2 ( 400 kips

300 kips= 100 kips) when brace yielding initiates in the second level. In this case, the

total frame shear is less than the capacity of the braces in the strongest tier because

the column shear is in the opposite direction. As shown, the unbalanced brace story

shear is resisted equally by the two columns and moments can be readily obtained

from statics. Axial loads induced by the braces can also be easily determined, includ

ing the effect of vertical unbalanced brace load at the roof level.

In multi-bay braced frames, unbalanced story shears are resisted by all columns. Grav

ity columns along braced lines are often tied to MT-SCBF by means of horizontal 

C'exp---
'---._,/ 
Mc 

t:i.Vbr 

Fig. C-F2.9. Unbalanced brace story shear strengths in MT-SCBF. 
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strut members at tier levels such that their in-plane buckling length is reduced. In

this case, a portion of the unbalanced story shear is resisted by the gravity columns, 

reducing the demand on the braced frame columns. The flexural demand is distrib

uted between braced frame and gravity columns as a function of their relative flexural 

stiffness properties (Imanpour et al., 2015). Connecting struts must then be designed 

to carry the axial loads arising from this distribution and the gravity columns must 

resist the axial compression plus their share of the flexural demand. 

In frames with three or more tiers, the progression of brace yielding and buckling 

along the height results in a series of scenarios inducing various bending moment 

demands. This behavior is illustrated in Figure C-F2.11 for a uniform frame for the 

case where brace yielding initiates in the bottom tier. In the figure, Cases 1 and 2 

correspond to Section F2.3 analysis cases (a) and (b), respectively. Moments can be 

estimated by neglecting column continuity at the top end of the tier in which brace 

tension yielding is triggered (case 1). In this simplified model, the column behaves 

as a simply supported element resisting its share of the unbalanced brace story shear 

at the level between tiers where analysis cases 1 and 2 apply. In this particular case, 

the unbalanced brace story shear is zero between two consecutive tiers where case 2 

exists. In frames with nonuniform brace strengths, additional forces would need to be 

considered at these levels. 

In design, not all scenarios need to be considered as only one or a few cases will 

induce critical combinations of axial load and in-plane moment for the columns. For 

uniform frames, maximum in-plane moments and axial loads may occur in the low

est tier when brace yielding is triggered in that tier after propagation of inelastic 
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Fig. C-F2.JO. In-plane.flexural demand.for the columns of a 

two-story inverted V-bracing configuration (brace yielding in level 2). 
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response from the top (Figure C-F2. l 2). Note that out-of-plane moments arising from 

brace buckling or imperfections must also be considered when verifying the columns, 

which may affect the critical scenario. 

Frames with nonuniform geometries with different brace sizes may result in more 

complex response, as shown in Figure C-F2.13. Propagation of brace yielding will 

Fig. C-F2.l l. Column in-plane.flexural demand.for a uniform MT-SCBF. 

Fig. C-F2.12. Progression of brace yielding.from the.frame top. 
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depend on the relative brace story shear resistance and nonlinear analysis appropri

ate for this type of frame. Alternatively, column flexural demands can be determined 

using a suite of linear static analyses with a structural model in which the buckled 

and yielded braces are removed and replaced by horizontal forces corresponding to 

the horizontal components of their expected strengths. In each analysis, the hori

zontal load applied at the top of the frame is adjusted such that the tension brace in 

the tier where the conditions of analysis case a apply. The procedure is illustrated 

in Figure C-F2. 13. Brace yielding initiates in Tier 2 and subsequently develops in 

Tiers 3 and 1. In the figure, horizontal forces v;xp correspond to brace story shears 

determined with the brace expected post-buckling compressive strengths c;xp· Col

umn axial loads are determined by summing the vertical components of the brace 

strengths. 

In-plane bending moments in columns heavily depends on the difference between 

brace compressive strengths, Cexp and c;xp, at different tiers. Nonlinear response 

analysis (Imanpour et al., 2016a, 2016b) have shown that less severe conditions 

typically exist under actual ground motions, the compression brace forces in the 

yielded tier being generally higher than c;xp whereas the compression brace in 

the tier where brace yielding is triggered has lost part of its compressive strength, 

which results in smaller values of Ll V1,r compared to the value predicted by Equation 

3 

---i
>---�---<- V'exp 

Fig. C-F2.13 Column in-plane.flexural demand.from linear static analysis 

for a nonuniform MT-SC BF. 
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C-F2-l .  The conservatism of the approach is deemed to compensate for variability

in brace strengths due to uncertainties in material yield strength and brace boundary

conditions. Calculations should thus be performed using values of Cexp 
and c;xp 

as

specified in the Provisions. When brace buckling response is explicitly modelled in

nonlinear dynamic analysis, material variability should also be considered by vary

ing the brace yield strength in tiers where maximum bending moments are obtained.

Greater demand is expected when brace sizes or brace inclinations vary along the

frame height. Greater demand is also observed when the brace sizes are kept the same

even when tier heights are varied. Attention must be paid when configuring the frame

geometry and brace sizes to minimize the demand.

Numerical simulations indicate that in some cases, this in-plane column yield

ing reduces the out-of-plane flexural buckling strength of the column (Stoakes and 

Fahnestock, 2013). This reduction is most pronounced when the in-plane column 

yielding occurs near mid-height of the column, which is the situation in two-tiered 

frames. However, the deleterious effects of in-plane column yielding on out-of-plane 

flexural buckling can be mitigated by providing torsional bracing which satisfies the 

minimum stiffness and strength requirements developed by Helwig and Yura (1999), 

at every tier level. Torsional bracing of columns can be provided by mobilizing the 

out-of-plane flexural stiffness of tier-level struts. I-shaped struts oriented such that 

their webs are in the horizontal plane represent an effective means of providing 

torsional stiffness and strength through strong-axis bending. Struts must also resist 

in-plane torsional moments imposed by brace out-of-plane buckling. Strut-to-column 

connections must be detailed to develop the required strength and stiffness. 

Axial forces acting in braces and struts may induce out-of-plane horizontal loading to 

the columns due to imperfections in the connecting points resulting from column out

of-plane out-of-straightness. Effects of these forces are amplified due to second-order 

and inelasticity effects resulting from the presence of axial compression load in the 

columns. Imperfection effects are present under any load combination that includes 

lateral loads, including seismic loads. They can be evaluated through the direct anal

ysis method with explicit consideration of geometrical imperfections, as described 

in Specification Chapter C. Alternatively, horizontal notional loads are given in the 

Provisions that can be applied to account for geometrical imperfection and inelastic

ity effects. When applying these loads, second-order effects must still be considered 

using either the direct second-order analysis method or the approximate second-order 

analysis method where moments are amplified by the B 1 factor, as described in Speci

fication Appendix 8. In addition, a maximum value is specified in the Provisions for 

the amplification factor B 1 to prevent from using columns exhibiting limited out-of

plane stiffness. 

Column shear distortion is the sum of the overall frame drift and the distortion due 

to column bending. It is limited to 2%, which is considered reasonable for buckling 

braces. 
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5. Members

Sa. Basic Requirements 

Traditionally, braces have shown little or no ductility after overall (member) buck

ling, which produces a plastic hinge at the brace midpoint. At this plastic hinge, local 

buckling can cause large strains, leading to fracture at low drifts. It has been found 

that braces with compact elements are capable of achieving significantly more duc
tility by forestalling local buckling (Goel, 1992b; Hassan and Goel, 1991; Tang and 

Goel, 1989). Widthto-thickness ratios of compression elements in bracing members 

have been set to be at or below the requirements for compact sections in order to 

minimize the detrimental effects of local buckling and subsequent fracture during 
repeated inelastic cycles. 

Tests have shown fracture due to local buckling is especially prevalent in rectangular 

HSS with widthto-thickness ratios larger than the prescribed limits (Hassan and Goel, 

1991; Tang and Goel, 1989). Even for square HSS braces designed to meet the seis
mic width-to-thickness ratios of these Provisions, local buckling leading to fracture 

may represent a limitation on the performance (Yang and Mahin, 2005). 

The same limitations apply to columns in SCBF, as their flexural strength and rota

tion capacity has been shown to be a significant contributor to the stability of SCBF 

(Tremblay, 2001, 2003). It has also been demonstrated that SCBF can be subject to 

significant story drift (Sabelli et al., 2003), requiring columns to undergo inelastic 

rotation. 

Enhanced ductility and fracture life of rectangular HSS bracing members can be 
achieved in a variety of ways. The HSS walls can be stiffened by using longitudinal 

stiffeners, such as rib plates or small angle sections in a hat configuration (Liu and 

Goel, 1987). Use of plain concrete infill has been found to be quite effective in reduc
ing the severity of local buckling in the post-buckling range of the member (Liu and 

Goel, 1988; Lee and Goel, 1987). Based on their test results, Goel and Lee ( 1992) for

mulated an empirical equation to determine the effective width-to-thickness ratio of 

concrete-filled rectangular HSS bracing members. The effective width-to-thickness 

ratio can be calculated by multiplying the actual width-to-thickness ratio by a factor, 

[(0.0082KL/r) + 0.264], for KL/r between 35 and 90, where KL/r is the effective 

slenderness ratio of the member. The purpose of concrete infill as described herein is 
to inhibit the detrimental effects of local buckling of the HSS walls. Use of concrete 

to achieve composite action of braces is covered in Section H2.5b. 

As an alternative to using a single large HSS, consideration may be given to using 

double smaller HSS sections stitched together and connected at the ends to a single 

gusset plate ( or cross shape if needed) in much the same way as double angle or 

channel sections are used in a back-to-back configuration (Lee and Goel, 1990). 

Such double HSS sections offer a number of advantages, including: reduced fit up 

problems, smaller width-to-thickness ratio for the same overall width of the section, 
promotion of in-plane buckling in most cases eliminating the problem of out-of-plane 

bending of gusset plates, greater energy dissipation as three plastic hinges form in the 
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member, and greater strength because of the effective length factor, K, being close 

to 0.5 as opposed to K=l .O when out-of-plane buckling occurs in a single HSS and 
single gusset plate member. 

Sb. Diagonal Braces 

The required strength of bracing members with respect to the limit state of tensile 

rupture on the net section is the expected brace strength. It should be noted that some, 

if not all, steel materials commonly used for braces have expected yield strengths sig

nificantly higher than their specified minimum yield strengths; some have expected 

yield strengths almost as high as their expected tensile strength. For such cases, no 
significant reduction of the brace section is permissible and connections may require 

local reinforcement of the brace section. This is the case for knife-plate connections 

between gusset plates and ASTM A53 or A500 braces (e.g., pipe, square, rectan

gular or round HSS braces), where the over-slot of the brace required for erection 

leaves a reduced section. If this section is left unreinforced, net section rupture will 

be the governing limit state and brace ductility may be significantly reduced (Korol, 
1996; Cheng et al., 1998). Reinforcement may be provided in the form of steel plates 

welded to the tube, increasing the effective area at the reduced brace section (Yang 

and Mahin, 2005). Braces with two continuous welds to the gusset wrapped around 
its edge (instead of the more typical detail with four welds stopping short of the gus

set edge) performed adequately in the tests by Cheng. However, this practice may be 

difficult to implement in field conditions; it also creates a potential stress riser that 

may lead to crack initiation. 

Where there is no reduction in the section, or where the section is reinforced so that 

the effective net area is at least as great as the brace gross area, this requirement does 
not apply. The purpose of the requirement is to prevent tensile rupture on the net 

section prior to significant ductility; having no reduction in the section is deemed suf

ficient to ensure this behavior. Reinforcement, if present, should be connected to the 

brace in a manner that is consistent with the assumed state of stress in the design. It

is recommended that the connection of the reinforcement to the brace be designed for 
the strength of the reinforcement on either side of the reduced section. 

The slenderness (Lc/r) limit is 200 for braces in SCBF. Research has shown that 

frames with slender braces designed for compression strength behave well due to 

the overstrength inherent in their tension capacity. Tremblay (2000), Tang and Goel 

(1989) and Goel and Lee (1992) have found that the post-buckling cyclic fracture 

life of bracing members generally increases with an increase in slenderness ratio. An 
upper limit is provided to preclude dynamic effects associated with extremely slender 

braces. 

Closer spacing of stitches and higher stitch strength requirements are specified for 

builtup bracing members in SCBF (Aslani and Goel, 1991; Xu and Goel, 1990) than 

those required for typical built-up members. This is especially critical for double

angle and double-channel braces that impose large shear forces on the stitches upon 

buckling. These are intended to restrict individual element bending between the stitch 
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points and consequent premature fracture of bracing members. Typical spacing fol

lowing the requirements of the Specification is permitted when buckling does not 

cause shear in the stitches. Bolted stitches are not permitted within the middle one

fourth of the clear brace length as the presence of bolt holes in that region may cause 

premature fractures due to the formation of a plastic hinge in the postbuckling range. 

Studies also showed that placement of double angles in a toe-to-toe configuration 

reduces bending strains and local buckling (Aslani and Goel, 1991). 

Sc. Protected Zones 

Welded or shot-in attachments in areas of inelastic strain may lead to fracture. Such 

areas in SCBF include gusset plates and expected plastic-hinge regions in the brace. 

Figures C-F2.14 and C-F2.15 show the protected zone of an inverted V- and an 

X-braced frame, respectively. Note that for the X-braced frame, the half-length of

the brace is used and a plastic hinge is anticipated at any of the brace quarter points.

6. Connections

6a. Demand Critical Welds

Groove welds at column splices are designated as demand critical for several reasons.

First, although the consequences of a brittle failure at a column splice are not clearly

understood, it is believed that such a failure may endanger the safety of the frame.

Second, the actual forces that will occur at a column splice during an earthquake are

very difficult to predict. The locations of points of inflection in the columns during

an earthquake are constantly moving, are ground motion dependent, and cannot be

reliably predicted from analysis. Thus, even though analysis of the frame under code

specified load combinations (with the overstrength seismic load) may show that no

tension will occur at a weld, such an analysis cannot be considered reliable for the

prediction of these demands. Because of the critical nature of column splices and the

Fig. C-F2.14. Protected zone of inverted V-bracedframe. 
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inability to accurately predict the forces that will occur at these locations, it is the 

intent of the Provisions that column splices be one of the strongest elements of the 

frame and be designed in a conservative manner. Accordingly, in order to provide a 

high degree of protection against brittle failure at column splice groove welds, the use 

of demand critical welds is specified. PJP groove welds are included in this require

ment, because the unfused portion on the weld makes PJP welds particularly prone 

to brittle failure. 

6b. Beam-to-Column Connections 

Braced frames are likely to be subject to significant inelastic drift. Thus their con

nections will undergo significant rotation. Connections with gusset plates can be 

vulnerable to rupture if they are not designed to accommodate this rotation. Recent 

testing (Uriz and Mahin, 2004) has indicated that designs that do not properly account 

for the stiffness and distribution of forces in braced frame connections may be subject 

to undesirable performance. 

The provision allows the engineer to select from three options. The first is a simple 

connection (for which the required rotation is defined as 0.025 rad). The connections 

presented in Manual Part 10 (AISC, 2011) are capable of accommodating rotations 

of 0.03 rad and therefore meet the requirement for a simple connection. However, it is 

important to recognize that in many configurations, the gusset and beam behave rigidly 

Protected zone 

Fig. C-F2.15. Protected zone ofX-bracedframe. 
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relative to one another such that the beam-to-column connection and the gusset-to

column connection should be treated similarly with respect to deformation demands 

to achieve rotational ductility. An example of this would be a configuration tested 

at the University of Illinois (Stoakes and Fahnestock, 2010) that effectively allowed 

rotation between the beam and column, which is illustrated in Figure C-F2. l 6. In this 

case it is important the gusset-to-column connection have deformation characteris

tics similar to the beam-to-column connection, which is achieved by use of similar 

double angle connections. (Note that the connection illustrated does not indicate the 

typical SCBF hinge zone discussed in the commentary for Section F2.6c.) A similar 

configuration using bolted-bolted double angles to connect the gusset plate to the 

main members and the beam to the column was tested by McManus et al. (2013) and 

is shown in Figure C-F2. l 7. The testing performed by McManus et al. also suggested 

that unstiffened connections of the beam and gusset to the column web allow for 

rotation of the beam and gusset relative to the column through flexing of the column 

web, thereby reducing undesirable "pinching" forces in the gusset, beam and column. 

The result is a reduced susceptibility to damage in structural members resulting from 

large frame drifts. 

Fahnestock et al. (2006) also tested a connection with rotation capacity outside the 

gusset plate; this connection is discussed in the commentary for Section F4.6c. A 

similar concept was proposed by Thornton and Muir (2008) and is shown in Fig

ure C-F2. l 8. These configurations also reduce "pinching" forces by allowing the 

rotation to occur outside the beam-to-column and gusset-to-column connection. 

The second option is a fully restrained moment connection for which the maximum 

moment can be determined from the expected strength of the connecting beam or 

column. 

W10x49 

Fig. C-F2.16. Beam-to-column connection that allows rotation 

(Stoakes and Fahnestock, 2010). 
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Bolted-bolted 
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(a) All-bolted unstiffened gusset 

connection to column flange 

(b) All-bolted gusset

connection to column web

Fig. C-F2.17. All-bolted beam-to-column connection that allows rotation

(McManus et al., 2013). 

column 
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End plates 
or angles 

Fig. C-F2.18. Beam-to-column connection that allows rotation 

(Thornton and Muir, 2008). 
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The third option has been added in this edition of the Provisions, and is also a fully 

restrained moment connection. Rather than give a required strength of the connec

tion, this option refers to the prescriptive requirements for one of the OMF connection 

alternatives. 

6c. Brace Connections 

Many of the failures reported in concentrically braced frames due to strong ground 

motions have been in the connections. Similarly, cyclic testing of specimens designed 

and detailed in accordance with typical provisions for concentrically braced frames 

has produced connection failures (Astaneh-Asl et al., 1986). Although typical design 

practice has been to design connections only for axial loads, good post-buckling 

response demands that eccentricities be accounted for in the connection design, 

which should be based upon the maximum loads the connection may be required to 

resist. Good connection performance can be expected if the effects of brace member 

cyclic post-buckling behavior are considered. 

Certain references suggest limiting the free edge length of gusset plates, including 

SCBF brace-to-beam connection design examples in the Seismic Design Manual, 

(AISC, 2006), and other references (Astaneh-Asl et al., 2006; ICC, 2006). However, 

the committee has reviewed the testing cited and has concluded that such edge stiff

eners do not offer any advantages in gusset plate behavior. There is therefore no 

limitation on edge dimensions in these provisions. 

1. Required Tensile Strength

Braces in SCBF are required to have gross section tensile yielding as their gov

erning limit state so that they will yield in a ductile manner. Local connection

failure modes such as block shear rupture must be precluded. Therefore, the

calculations for these failure modes must use the maximum load that the brace

can develop.

The minimum of two criteria, the expected axial tensile strength of the bracing

member and the maximum force that could be developed by the overall system,

determines the required strength of both the bracing connection and the forces

delivered to the beam-to-column connection. This second limit is included in

the Provisions for structures where elements other than the tension bracing limit

the system strength. Depending on the specific situation(s), there are a number

of ways one can determine the maximum force transferred to the connection.

They include:

(I) Perform a pushover analysis to determine the forces acting on the connec

tions when the maximum frame capacity, leading to an imminent collapse

mechanism, is reached.

(2) Determine how much force can be resisted before causing uplift of a spread

footing (note that the foundation design forces are not required to resist

more than the code base shear level). This type of relief is not typically

applicable to a deep foundation since the determination of when uplift will

occur is not easy to determine accurately.
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(3) Perform a suite of inelastic time history analyses in accordance with Sec-

tion C3 and envelop the connection demands.

Calculating the maximum connection force by one of these three methods is not 

a common practice on design projects. In some cases, such an approach could 

result in smaller connection demands. But, from a conceptual basis, since the 

character of the ground motions is not known to any great extent, it is unrealistic 

to expect that such forces can be accurately calculated. All three approaches rely 

on an assumed distribution of lateral forces that may not match reality (the third 

approach is probably the best estimate, but also the most calculation intensive). 

In most cases, providing the connection with a capacity large enough to yield 

the member is needed because of the large inelastic demands placed on a struc

ture by a major earthquake. 

Bolt slip has been removed as a limit state which must be precluded. The con

sequences of exceeding this limit state in the maximum credible earthquake are 

not considered severe if bearing failure and block shear rupture are precluded. 

2. Required Compressive Strength

Bracing connections should be designed to withstand the maximum force

that the brace can deliver in compression. A factor of 1.1 was applied to the

expected brace strength in previous editions in consideration of the use of con

servative column curve equations in determining this force. This factor has been

removed in the 2016 Provisions because the (1/0.877) factor used to determine

the expected brace strength in Section F2.3 adequately bounds the maximum

anticipated force the brace can deliver.

3. Accommodation of Brace Buckling

Braces in SCBF are expected to undergo cyclic buckling under severe ground

motions, forming plastic hinges at their center and at each end. To prevent

fracture resulting from brace rotations, bracing connections must either have

sufficient strength to confine inelastic rotation to the bracing member or suf

ficient ductility to accommodate brace end rotations.

For brace buckling in the plane of the gusset plates, the end connections should

be designed to resist the expected compressive strength and the expected flex

ural strength of the brace as it transitions from pure compression towards a

condition dominated by flexure (Astaneh-Asl et al., 1986). Note that a realistic

value of K should be used to represent the connection fixity.

For brace buckling out of the plane of single plate gussets designed to satisfy

Section F2.6c.3(b), weak-axis bending in the gusset is induced by member end

rotations. This results in flexible end conditions with plastic hinges at midspan

in addition to the hinges that form in the gusset plate. Satisfactory performance

can be ensured by allowing the gusset plate to develop minimal restraint plastic

rotations. This requires the end of the brace to be held back away from the beam

and column so that the gusset can effectively form a plastic hinge as the brace
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buckles. Such gussets tend to have larger unbraced lengths and in some cases 

the required thickness may be governed by the need to preclude the occurrence 

of plate buckling prior to member buckling. 

Astaneh-Asl et al. (1986) recommended providing a linear hinge zone with a 

length of two times the plate thickness. Note that this free distance is measured 

from the end of the brace to a line that is perpendicular to the brace centerline, 

drawn from the point on the gusset plate nearest to the brace end that is con

strained from out-of-plane rotation. 

This condition is illustrated in Figure C-F2. I 9 and provides hysteretic behavior 

as illustrated in Figure C-F2.21. The distance of 2t shown in Figure C-F2.19 

should be considered the minimum offset distance. In practice, it may be advis

able to specify a slightly larger distance (for example, 2t + I in.) on construction 

documents to provide for erection tolerances. More information on seismic 

design of gusset plates can be obtained from Astaneh-Asl (1998). 

More recently, Roeder recommended an elliptical hinge zone that provides simi

lar rotation capacity and a shorter unbraced length, allowing for thinner gusset 

plates. Such thinner gusset plates contribute to the overall inelastic drift capacity 

of the frame (Roeder et al., 2011). An application of this method is shown in the 

Seismic Design Manual (AISC, 2012). 

Tsai et al. (2013) provide design recommendations for gussets configured to 

allow in-plane rotation. Such connections can be used with braces designed to 

buckle in the plane of the frames. Braces so designed would have in-plane defor

mations that would need to be accommodated, rather than out-of-plane ones. 

Figure C-F2.20 shows a gusset designed to allow in-plane rotation. 

Alternatively, connections with stiffness in two directions, such as cross gusset 

plates, can be designed and detailed to satisfy Section F2.6c.3(a). Test results 

indicate that forcing the plastic hinge to occur in the brace rather than the con

nection plate results in greater energy dissipation capacity (Lee and Goel, 1987). 

Fig. C-F2.I9. Brace-to-gusset plate requirement for buckling out-of-plane bracing system. 
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Where fixed end connections are used in one axis with pinned connections in 

the other axis, the effect of the fixity should be considered in determining the 

critical buckling axis. 

4. Gusset Plates

Where a brace frames to a beam-column joint, the stresses on a comer gus

set weld are a result of brace axial forces combined with gusset flexure (as

the brace buckles) and frame moments (except where moment releases are pro

vided). Accurate prediction of maximum stresses at large drifts is difficult, and

early fracture of the welds has been noted in experiments where the welds are

designed using the uniform force method and the expected tensile capacity of

the brace (Lehman et al., 2008). To forestall such fracture, welds of gusset plates

are required to be somewhat stronger than the plate, allowing local yielding in

the plate to protect the weld. While the direction of weld stress may be difficult

to assess, proportioning the weld to resist the expected gusset shear strength

results in a condition that is likely to preclude weld failure and can be done with

minimal calculations.

Out-of-plane brace buckling creates an additional demand that must be addressed

when the edge of a comer gusset plate is welded directly to the beam flange or

column flange with fillet welds. If the gusset deformation and corresponding

W1 
(W310x158) 

W21 
(W530x101) 

Fig. C-F2.20 Gusset designed for in-plane rotation (Tsai et al., 2013). 
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weak-axis bending moment at the gusset edge connection are known, the fillet 

welds can be designed directly for the combination of shear, compression and 

moment. Otherwise, this demand can be determined by calculating the utiliza

tion of the gusset plate edge for the brace force specified in Section F2.6c.2 and 

calculating the remaining capacity for weak-axis flexure considering a multi

axial yield model. The weld size can then be selected to develop the maximum 

weak-axis moment occurring in combination with the shear, compression, and 

strong-axis moment that result on the gusset plate edge from the brace compres

sion force. Carter et al. (2016) developed such a method utilizing a generalized 

interaction equation recommended by Dowswell (2015). 

6d. Column Splices 

In the event of a major earthquake, columns in concentrically braced frames can 

undergo significant bending beyond the elastic range after buckling and yielding of 

the braces. Even though their bending strength is not utilized in the design process 

when elastic design methods are used, columns in SCBF are required to have ade

quate compactness and shear and flexural strength in order to maintain their lateral 

strength during large cyclic deformations of the frame. In addition, column splices 

are required to have sufficient strength to prevent failure under expected post-elastic 

forces. Analytical studies on SCBF that are not part of a dual system have shown that 

columns can carry as much as 40% of the story shear (Tang and Goel, 1987; Hassan 

and Goel, 1991 ). When columns are common to both SCBF and special moment 

frames (SMF) in a dual system, their contribution to story shear may be as high as 

50%. This feature of SCBF greatly helps in making the overall frame hysteretic loops 

"full" when compared with those of individual bracing members which are generally 

"pinched" (Hassan and Goel, l 99 l; Black et al., l 980). See Figure C-F2.2 l. 
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Fig. C-F2.21. Base shear versus story drift of an SCBF. 
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F3. ECCENTRICALLY BRACED FRAMES (EBF) 

1. Scope

9.1-283 

Eccentrically braced frames (EBF) are composed of columns, beams and braces.

The distinguishing characteristic of an EBF is that at least one end of every brace

is connected so that the brace force is transmitted through shear and bending

of a short beam segment, called the link, defined by a horizontal eccentricity

between the intersection points of the two brace centerlines with the beam center

line ( or between the intersection points of the brace and column centerlines with

the beam centerline for links adjacent to columns). In contrast with concentri

cally braced frames, beams in EBF are always subject to high shear and bending

forces. Figure C-F3. l illustrates some examples of eccentrically braced frames

and the key components of an EBF: the links, the beam segments outside of the

links, the diagonal braces, and the columns.

a 

d 

a 

d 

a 

d 

a= link 

b = segment outside link 
c= diagonal 

d = column 

b a b 

a 

8 

a 

d 

d 

d 

a 

a 

a 

Fig. C-F3.I. Examples of eccentrically braced frames. 
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These provisions are primarily intended to cover the design of EBF in which the 

link is a horizontal framing member located between the column and a brace or 

between two braces. For the inverted Y-braced EBF configuration shown in Fig

ure C-F3. l(d), the link is attached underneath the beam. If this configuration is 

to be used, lateral bracing should be provided at the intersection of the diagonal 

braces and the vertical link, unless calculations are provided to justify the design 

without such bracing. 

2. Basis of Design

Research has shown that EBF can provide an elastic stiffness that is comparable to

that of SCBF and OCBF, particularly when short link lengths are used, and excellent

ductility and energy dissipation capacity in the inelastic range, comparable to that of

SMF, provided that the links are not too short (Roeder and Popov, 1978; Libby, 1981;

Merovich et al., 1982; Hjelmstad and Popov, 1983; Malley and Popov, 1984; Kasai

and Popov, 1986a, 1986b; Rides and Popov, 1987a, 1987b; Engelhardt and Popov,

1989a, 1989b; Popov et al., 1989). Inelastic action in EBF under seismic loading is

restricted primarily to the links. These provisions are intended to ensure that cyclic

yielding in the links can occur in a stable manner while the diagonal braces, columns,

and portions of the beam outside of the link remain essentially elastic under the forces

that can be developed by fully yielded and strain-hardened links.

In some bracing arrangements, such as that illustrated in Figure C-F3.2, with links at

each end of the brace, links may not be fully effective. If the upper link has a signifi

cantly lower design shear strength than that of the link in the story below, the upper

link will deform inelastically and limit the force that can be developed in the brace

and to the lower link. When this condition occurs, the upper link is termed an active

link and the lower link is termed an inactive link. The presence of potentially inactive

links in an EBF increases the difficulty of analysis.

Fig. C-F3.2. EBF- active and inactive links. 
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It can be shown with plastic frame analyses that, in some cases, an inactive link will 

yield under the combined effect of dead, live and earthquake loads, thereby reduc

ing the frame strength below that expected (Kasai and Popov, 1984). Furthermore, 

because inactive links are required to be detailed and constructed as if they were 

active, and because a predictably inactive link could otherwise be designed as a pin, 

the cost of construction is needlessly increased. Thus, an EBF configuration that 

ensures that all links will be active, such as those illustrated in Figure C-F3. l, is 

recommended. Further recommendations for the design of EBF are available (Popov 

et al., 1989). 

Columns in EBF are designed following capacity design principles so that the full 

strength and deformation capacity of the frame can be developed without failure of 

any individual column and without the formation of a soft story. While this does not 

represent a severe penalty for low-rise buildings, it is difficult to achieve for taller 

structures, which may have link beam sizes governed by drift-control considerations. 

In such cases, it is anticipated that designers will adopt nonlinear analysis techniques 

as discussed in Chapter C. 

Plastic hinge formation in columns should be avoided, because when combined with 

hinge formation in the links, it can result in the formation of a soft story. The require

ments of Sections D 1.4a and F3 .3 address the required strength for column design. 

Additional design requirements have been added to the Provisions to address the spe

cial case of box links (those consisting of built-up tubular cross sections). Box links 

are generally not susceptible to lateral-torsional buckling, and eccentrically braced 

frames having such links have been shown (Berman and Bruneau, 2007, 2008a, 

2008b) to perform in a ductile manner without the need for lateral bracing of the link 

beam, provided the specified section compactness requirements are met. This can be 

of benefit when EBF are desirable in locations where such lateral bracing cannot be 

achieved, such as between two elevator cores, or along the facade of building atriums. 

Because of the difficulties in providing adequate lateral bracing of the link beam 

where diaphragms are not present, EBF are generally considered impractical for 

multi-tiered braced frame applications, except where box links are used and pro

portioned such that lateral bracing is not required. Adequate research has not been 

performed on multi-tiered EBF with box links. Consequently, that system is not 

addressed in the Provisions. 

3. Analysis

The required strength of links is typically determined based on the analysis required

by ASCE/SEI 7. The analysis required by this section is used in determining the

required strength of braces, beams outside the link and columns, as well as brace

connections. The requirements presented here are essentially a reformatting of design

rules for these elements into an analysis format.

The intent of the Provisions is to ensure that yielding and energy dissipation in an

EBF occur primarily in the links. Consequently, the columns, diagonal braces, and
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beam segment outside of the link must be designed to resist the loads developed by 
the fully yielded and strain-hardened link. That is, the brace and beam should be 
designed following capacity-design principles to develop the full inelastic capacity of 
the links. Limited yielding outside of the links, particularly in the beams, is sometimes 
unavoidable in an EBF. Such yielding is likely not detrimental to the performance of 
the EBF, as long as the beam and brace have sufficient strength to develop the link's 
full inelastic strength and deformation capacity. 

In most EBF configurations, the diagonal brace and the beam are subject to large 
axial loads combined with significant bending moments. Consequently, both the 
diagonal brace and the beam should be designed as beam-columns. 

The diagonal brace and beam segment outside of the link must be designed for some 
reasonable estimate of the maximum forces that can be developed by the fully yielded 
and strain hardened link. For this purpose, the nominal shear strength of the link, 
V,,, as defined by Equation F3-l is increased by two factors. First, the nominal shear 
strength is increased by R

y 
to account for the possibility that the link material may 

have actual yield strength in excess of the specified minimum value. Secondly, the 
resulting expected shear strength of the link, R

y 
V,,, is further increased to account for 

strain hardening in the link. 

Experiments have shown that links can exhibit a high degree of strain hardening. 
Recent tests on rolled wide-flange links constructed of ASTM A992/A992M steel 
(Arce, 2002) showed strength increases due to strain hardening ranging from 1.2 to 
1 .45, with an average value of about 1.30. Past tests on rolled wide-flange links con
structed of ASTM A36/ A36M steel have sometimes shown strength increases due to 
strain hardening in excess of 1.5 (Hjelmstad and Popov, 1983; Engelhardt and Popov, 
1989a). Further, recent tests on very large welded built-up wide-flange links for use in 
major bridge structures have shown strain hardening factors close to 2.0 (McDaniel et 
al., 2002; Dusicka and Itani, 2002). These sections, however, typically have propor
tions significantly different from rolled shapes. 

Past researchers have generally recommended a factor of 1.5 (Popov and Engelhardt, 
1988) to account for expected link strength and its strain hardening in the design of 
the diagonal brace and beam outside of the link. However, for purposes of designing 
the diagonal brace, these Provisions have adopted a strength increase due to strain 
hardening only equal to 1.25. This factor was chosen to be less than 1.5 for a number 
of reasons, including the use of the R

y 
factor to account for expected material strength 

in the link but not in the brace, and the use of resistance factors or safety factors when 
computing the strength of the brace. Further, this value is close to, but somewhat 
below, the average measured strain hardening factor for recent tests on rolled wide
flange links of ASTM A992/ A992M steel. Designers should recognize that strain 
hardening in links may sometimes exceed this value, and so a conservative design of 
the diagonal brace is appropriate. Additionally, if large built-up link sections are used 
with very thick flanges and very short lengths ( e < M

p
/V

p 
), designers should consider 

the possibility of strain hardening factors substantially in excess of 1.25 (Richards, 
2004). 
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Based on the preceding, the required strength of the diagonal brace can be taken as 
the forces developed by the following values of link shear and link end moment: 

2M 
Fore�--P 

V
p 

Link shear = 1.25RyVp

e(l.25R V )
Link end moment = 

2 
Y P 

2M 
Fore>--P 

V
P 

Link shear 
e 

Link end moment= l .25R
y
M

p

(C-F3-l )  

(C-F3-2) 

(C-F3-3) 

(C-F3-4) 

The preceding equations assume link end moments will equalize as the link yields 
and deforms plastically. For link lengths less than I .6M

p
/V

p 
attached to columns, link 

end moments do not fully equalize (Kasai and Popov, 1986a). For this situation, the 
link ultimate forces can be estimated as follows: 

1 .6M
p For links attached to columns with e � - 

V
P 

Link shear = l .25RyVp 

Link end moment at column= R
y
M

p 

Link end moment at brace = [e(l.25RyVp
)-RyMp

] '?. 0.75RyMp 

(C-F3-5) 

(C-F3-6) 

(C-F3-7) 

The link shear force will generate axial force in the diagonal brace, and for most EBF 
configurations, will also generate substantial axial force in the beam segment outside 
of the link. The ratio of beam or brace axial force to link shear force is controlled 
primarily by the geometry of the EBF and is therefore not affected by inelastic activ
ity within the EBF (Engelhardt and Popov, 1989a). Consequently, this ratio can be 
determined from an elastic frame analysis and can be used to amplify the beam and 
brace axial forces to a level that corresponds to the link shear force specified in the 
preceding equations. Further, as long as the beam and brace are designed to remain 
essentially elastic, the distribution of link end moment to the beam and brace can be 
estimated from an elastic frame analysis. 

This is typically done by multiplying the beam and brace forces by the ratio of the 
expected, strain-hardened link shear strength to the link shear demand from the anal
ysis. One could also use a free-body diagram to determine these forces based on the 
link strength and apportion moments based on the elastic analysis. For example, if an 
elastic analysis of the EBF under lateral load shows that 80% of the link end moment 
is resisted by the beam and the remaining 20% is resisted by the brace, the ultimate 
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link end moments given by the above equations can be distributed to the beam and 
brace in the same proportions. Care should be taken in this latter approach if the cen
terline intersections fall outside the link; see commentary for Section F3.5b. 

Finally, an inelastic frame analysis can be conducted for a more accurate estimate 
of how link end moment is distributed to the beam and brace in the inelastic range. 

As described in the preceding, the Provisions assume that as a link deforms under 
large plastic rotations, the link expected shear strength will increase by a factor of 
1.25 due to strain hardening. However, for the design of the beam segment outside of 
the link, the Provisions permit reduction of the seismic force by a factor of 0.88, con
sistent with the I. I factor in the 2005 Provisions [ 1.25(0.88) = I. I]. This relaxation 
on link ultimate forces for purposes of designing the beam segment reflects the view 
that beam strength will be substantially enhanced by the presence of a composite 
floor slab, and also that limited yielding in the beam will not likely be detrimen
tal to EBF performance, as long as stability of the beam is assured. Consequently, 
designers should recognize that the actual forces that will develop in the beam will 
be substantially greater than computed using this 1.1 factor, but this low value of 
required beam strength will be mitigated by contributions of the floor slab in resist
ing axial load and bending moment in the beam and by limited yielding in the beam. 
Based on this approach, a strain hardening factor of 1.25 is called for in the analysis 
for I-shaped links. The resulting axial force and bending moment in the beam can 
then be reduced by a factor of 1.1/1.25 = 0.88. In cases where no composite slab is 
present, designers should consider computing required beam strength based on a link 
strain hardening factor of 1.25. 

Design of the beam segment outside of the link can sometimes be problematic in 
EBF. In some cases, the beam segment outside of the link is inadequate to resist the 
required strength based on the link ultimate forces. For such cases, increasing the 
size of the beam may not provide a solution because the beam and the link are typi
cally the same member. Increasing the beam size therefore increases the link size, 
which in turn, increases the link ultimate forces and therefore increases the beam 
required strength. The relaxation in beam required strength based on the 1.1 factor 
on link strength was adopted by the Provisions largely as a result of such problems 
reported by designers, and by the view that EBF performance would not likely be 
degraded by such a relaxation due to beneficial effects of the floor slab and limited 
beam yielding, as discussed above. Design problems with the beam can also be mini
mized by using shear yielding links (e :s; l .6M

p
/V

r
) as opposed to longer links. The 

end moments for shear yielding links will be smaller than for longer links, and con
sequently less moment will be transferred to the beam. Beam moments can be further 
reduced by locating the intersection of the brace and beam centerlines inside of the 
link, as described below. Providing a diagonal brace with a large flexural stiffness so 
that a larger portion of the link end moment is transferred to the brace and away from 
the beam can also substantially reduce beam moment. In such cases, the brace must 
be designed to resist these larger moments. Further, the connection between the brace 
and the link must be designed as a fully restrained moment-resisting connection. Test 
results on several brace connection details subject to axial load and bending moment 
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are reported in Engelhardt and Popov (1989a). Finally, built-up members can be con

sidered for link design. 

High axial forces in the beam outside the link can complicate beam selection if the 

beam outside the link and the link beam are the same member, as is typical. These 

axial forces can be reduced or eliminated by selection of a beneficial configuration. 

Frames with center links may be reconfigured to eliminate beam axial forces from 

levels above by adopting a two-story-X configuration as proposed by Engelhardt and 

Popov (1989b) and shown in Figure C-F3.3. Frames with the link at the column share 

the frame shear between the brace and the column at the link. Selection of beneficial 

bay size and link length can maximize the percentage of the frame shear resisted by 

the column, thus minimizing the horizontal component of the brace force and con

sequently minimizing the axial force in the beam outside the link of the level below. 

More specifically, avoiding very shallow angles (less than 40°) between the diagonal 

brace and the beam is recommended (Engelhardt et al., 1992). 

The required strength of the diagonal brace connections in EBF is the same as the 

required strength of the diagonal brace. Similar to the diagonal brace and beam 

segment outside of the link, the columns of an EBF should also be designed using 

capacity-design principles. That is, the columns should be designed to resist the max

imum forces developed by the fully yielded and strain hardened links. As discussed in 

Commentary Section F3.5b and in this section, the maximum shear force developed 

by a fully yielded and strain hardened link can be estimated as 1.25R
y 

times the link 

nominal shear strength, V,,, where the 1.25 factor accounts for strain hardening. For 

capacity design of the columns, this section permits reduction of the strain harden

ing factor to 1.1 by multiplying seismic forces by a factor of 0.88 [1.25(0.88) = 1.1]. 

This relaxation reflects the view that all links above the level of the column under 

consideration will not likely reach their maximum shear strength simultaneously. 

Fig. C-F3.3. Two-story-X EBF configuration (Engelhardt and Popov, 1989a). 
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Consequently, applying the 1.25 strain hardening factor to all links above the level of 

the column under consideration is likely too conservative for a multistory EBF. For a 

low-rise EBF with only a few stories, designers should consider increasing the strain 

hardening factor on links to 1.25 for capacity design of the columns, since there is 

a greater likelihood that all links may simultaneously reach their maximum shear 

strength. For taller buildings, this factor of 1.1 is likely overly conservative. No reli

able methods have been developed for estimating such reduced forces on the basis of 

a linear analysis; designers may elect to perform a nonlinear analysis per Chapter C. 

In addition to the requirements of this section, columns in EBF must also be checked 

in accordance with the requirements of Section D 1.4a, which are applicable to all 

systems. 

Tests showed (Berman and Bruneau, 2006, 2008a, 2008b) that strain hardening is 

larger for links with built-up box cross sections than for wide-flange links. Compar

ing the overstrength obtained for box links compared to that obtained for wide-flange 

links by Richards (2004), Berman and Bruneau indicated that built-up box rectangu

lar links have a maximum strength typically 11 % larger than wide-flange links. The 

forces to consider for the design of the braces, beams ( outside the link), and columns 

are therefore increased accordingly. 

4. System Requirements

4a. Link Rotation Angle

The total link rotation angle is the basis for controlling tests on link-to-column con

nections, as described in Section K2.4c. In a test specimen, the total link rotation

angle is computed by simply taking the relative displacement of one end of the link

with respect to the other end, and dividing by the link length. The total link rotation

angle reflects both elastic and inelastic deformations of the link, as well as the influ

ence of link end rotations. While the total link rotation angle is used for test control,

acceptance criteria for link-to-column connections are based on the link inelastic

rotation angle.

To ensure satisfactory behavior of an EBF, the inelastic deformation expected to

occur in the links in a severe earthquake should not exceed the inelastic deformation

capacity of the links. In the Provisions, the link rotation angle is the primary variable

used to describe inelastic link deformation. The link rotation angle is the plastic rota

tion angle between the link and the portion of the beam outside of the link.

The link rotation angle can be estimated by assuming that the EBF bay will deform

in a rigid-plastic mechanism as illustrated for various EBF configurations in Fig

ure C-F3.4. In this figure, the link rotation angle is denoted by the symbol Y
p
· The link

rotation angle can be related to the plastic story drift angle, 0
p
, using the relationships

shown in Figure C-F3.4. The plastic story drift angle, in tum, can be computed as the

plastic story drift, t:,.
p
, divided by the story height, h. The plastic story drift is equal

to the difference between the design story drift and the elastic drift. Alternatively, the

link rotation angle can be determined more accurately by inelastic dynamic analyses.
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h 

The inelastic response of a link is strongly influenced by the length of the link as 
related to the ratio, M

p
/V

p
, of the link cross section. When the link length is selected 

not greater than I .6M
p
/V

p
, shear yielding will dominate the inelastic response. If the 

link length is selected greater than 2.6M
p
/V

p
, flexural yielding will dominate the 

inelastic response. For link lengths intermediate between these values, the inelas
tic response will occur through some combination of shear and flexural yielding. 
The inelastic deformation capacity of links is generally greatest for shear yielding 
links, and smallest for flexural yielding links. Based on experimental evidence, the 
link rotation angle is limited to 0.08 rad for shear yielding links ( e :s; l .6M

p
/V

p
) and 

0.02 rad for flexural yielding links (e 2': 2.6M
p
/V

p
)· For links in the combined shear 

and flexural yielding range (1.6M
p
/V

p 
< e < 2.6M

p
/V

p
), the limit on link rotation 

angle is determined according to link length by linear interpolation between 0.08 and 
0.02 rad. 

It has been demonstrated experimentally (Whittaker et al., 1987; Foutch, 1989) as 
well as analytically (Popov et al., 1989) that links in the first floor usually undergo 
the largest inelastic deformation. In extreme cases this may result in a tendency to 
develop a soft story. The plastic link rotations tend to attenuate at higher floors and 
decrease with the increasing frame periods. Therefore for severe seismic applications, 
a conservative design for the links in the first two or three floors is recommended. 
This can be achieved by providing links with an available shear strength at least 10% 
over the required shear strength. 

L baywidth 
h height 

= plastic story drift
= plaistic story drift 

link rotation angle, 

Fig. C-F3.4. Link rotation angle. 
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4b. Bracing of Link 

Lateral restraint against out-of-plane displacement and twist is required at the ends of 

the link to ensure stable inelastic behavior. This section specifies the required strength 

and stiffness of link-end lateral bracing. In typical applications, a composite deck 

can likely be counted upon to provide adequate lateral bracing at the top flange of 

the link. However, a composite deck alone cannot be counted on to provide adequate 

lateral bracing at the bottom flange of the link and direct bracing through transverse 

beams or a suitable alternative is recommended. 

A link with a built-up box cross section, tested without lateral bracing in a full EBF 

configuration, exhibited no lateral-torsional buckling (Berman and Bruneau, 2007). 

Slender box cross sections (significantly taller than wide) could develop lateral

torsional buckling, but the unbraced length required to do so for such sections is still 

considerably longer than for wide-flange links. As a result, except for unusual aspect 

ratios, links with built-up box cross sections will not require lateral bracing. While 

no physical lateral bracing is required to ensure satisfactory seismic performance of 

links with built-up box sections designed as specified in the Provisions, a lateral load 

acting outside of the frame plane and applied at the brace-to-beam points has been 

conservatively specified, together with a stiffness requirement, to prevent the use of 

link beams that would be too weak or flexible (out-of-plane of the frame) to provide 

lateral restraint to the brace. 

5. Members

Sa. Basic Requirements

The ductility demands in EBF are concentrated in the links. Braces, columns and

beams outside the link should have very little yielding in a properly designed EBF.

As long as the brace is designed to be stronger than the link, as is the intent of these

provisions, the link will serve as a fuse to limit the maximum load transferred to the

brace, thereby precluding the possibility of brace buckling. Consequently, many of

the design provisions for braces in SCBF systems intended to permit stable cyclic

buckling of braces are not needed in EBF. Similarly, the link also limits the loads

transferred to the beam beyond the link, thereby precluding failure of this portion of

the beam if it is stronger than the link.

For most EBF configurations, the beam and the link are a single continuous wide

flange member. If this is the case, the available strength of the beam can be increased

by R
y
, If the link and the beam are the same member, any increase in yield strength

present in the link will also be present in the beam segment outside of the link.

Sb. Links

Inelastic action in EBF is intended to occur primarily within the links. The general

provisions in this section are intended to ensure that stable inelasticity can occur in

the link.
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At brace connections to the link, the link length is defined by the edge of the brace con

nection; see Figure C-F3.5. (Bracing using HSS members is shown in Figure C-F3.6.) 

Brace connection details employing gussets are commonly configured so that the 

gusset edge aligns vertically with the intersection of the brace and beam centerlines. 

For brace connections not employing gussets, the intersection of the brace at the link 

end may not align vertically with the intersection of the brace and beam centerlines; 

the intersection of centerlines may fall within the link (Figure C-F3.5) or outside of 

the link (Figure C-F3.7). In either case, flexural forces in the beam outside the link 

and the brace may be obtained from an analysis that models the member centerline 

intersections, provided that the force level in the analysis corresponds to the expected 

strain-hardened link capacity as required by Section F3.3. However, such a center

line analysis will not produce correct link end moments. See Commentary Section 

F3.5b. l and Figure C-F3.5. Link end moments for either case can more accurately be 

obtained using the following equation: 

M= Ve 
2 

(C-F3-8) 

where Vis the link beam shear in the condition under consideration (whether it be 

corresponding to the design base shear or to the fully yielded, strain-hardened link as 

required in Section F3.3). 

However, link end moments are not directly used in selecting the link member in the 

typical design procedure. Section F3.5b.2 converts link flexural strength to an equiva

lent shear strength based on link length. Comparison of that equivalent shear strength 

Lateral bracing�-----�, 
required top and 
bottom link flanges 

- Full depth web intermediate
stiffeners - both for
link depth� 25 in. (635 mm)

Full depth stiffeners 
both 

Fig.C-F3.5. EBF with W-shape bracing (x < e). 
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to the required shear strength is sufficient for design and the results of a centerline 
model analysis can be used without modification. 

1. Limitations

Width-to-thickness limits for links are specified in Table DI. I. Previous editions
of the Provisions required the link cross section to meet the same width-to
thickness criteria as is specified for beams in SMF. Based on research on local
buckling in links (Okazaki et al., 2004a; Richards et al., 2004), the flange width
to-thickness limits for links are only required to meet the compactness limits for
moderately ductile members. This new limit corresponds to A

p 
in Specification

Table B4. Ib. Limits on slenderness of link built-up box cross sections are pro
vided to prevent links that are significantly taller than wide (that could develop
lateral-torsional buckling). Based on research by Berman and Bruneau (2008a,
2008b), the Provisions require that, for built-up box links with link lengths es;

l .6M
p
/V

p
, the web width-to-thickness ratio be limited to 1.67 '1E/ F

y
, which

is revised to I.75'1E/(R
y
F

y
) in Table DI.I to address material overstrength.

For built-up box links with link lengths e > l .6M
p
/V

p
, it is recommended that

the web width-to-thickness ratio be limited to 0.64'1E/F
y

, which is revised to
0.67 '1E/(R

y
F

y
) in Table DI.I to address material overstrength. Specimens with

links other than at mid-width of the braced bay have not been tested.

The reinforcement of links with web doubler plates is not permitted as such
reinforcement may not fully participate as intended in inelastic deformations.
Additionally, beam web penetrations within the link are not permitted because
they may adversely affect the inelastic behavior of the link.

Lateral bracing -----------------------------------,

web intermediate 
<:itiffAMAl"<:l - both SideS fOf 
link depth?. mm) 

required at top and 
bottom link flanges 

Full depth stiffeners 
both 

ct_ of beam inside link 

Fig. C-F3.6. EBF with HSS bracing (x < e). 
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The 2005 Provisions (AISC, 2005) required that the intersection of the beam 

and brace centerlines occur at the end of the link, or inside of the link. The 

reason for this restriction was that when the intersection of the beam and brace 

centerlines occurs outside of the link, additional moment is generated in the 

beam outside of the link. However, locating the intersection of the beam and 

brace centerline outside of the link is sometimes unavoidable for certain mem

ber sizes and brace connection geometries. Further, it is acceptable to locate the 

intersection outside of the link, as long as the additional moment in the beam 

is considered in the design. Consequently, the restriction has been removed to 

allow greater flexibility in EBF design. 

When the distance between intersection of the beam and brace centerlines, 

x, exceeds the link length, e, as is shown in Figure C-F3.7, the total moment 

resisted by the beam outside the link and the brace (if moment-connected) 

exceeds the link end moment. Conversely if the link length, e, exceeds the 

distance between the intersection of the beam and brace centerlines, x, as is 

shown in Figures C-F3.5 and C-F3.6, the link end moment at the design level 

will exceed the forces indicated using a centerline model. In both conditions, 

care should be taken to ensure sufficient strength at the design level and proper 

estimation of forces in the beam outside the link and in the brace at drifts cor

responding to a fully yielded, strain-hardened link. 

2. Shear Strength

The nominal shear strength of the link, V11, is the lesser of that determined from

the plastic shear strength of the link section or twice the plastic moment divided

by the link length, as dictated by statics assuming equalization of end moments

Lateral bracing ···-r· ....... . ..................................... ....................... ........................ ... ,

required top and 
bottom link flanges 

Full depth web intermediate 
<:>fiffAn&ir<:> - both for 
link depth � in. (635 mm) 

Full depth .,t,tt"'n"'""' 
both sides 

Fig. C-F3.7. EBF with W-shape bracing (x > e). 
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in the inelastic range of behavior. Accordingly, the nominal shear strength of the 
link can be computed as follows: 

Vp for 
2Mp e:s;--

v,, =
Vp

2Mp 2Mp for e> --
(C-F3-9) 

e Vp 

The effects of axial load on the link can be ignored if the required axial strength 
of the link does not exceed 15% of the axial yield strength of the link, P

y
, In 

general, such an axial load is negligible because the horizontal component of 
the brace load is transmitted to the beam segment outside of the link. However, 
when the framing arrangement is such that larger axial forces can develop in 
the link, such as from drag struts or a modified EBF configuration, the avail
able shear strength and the length of the link are reduced (according to Sections 
F3.5b.2 and F3.5b.3, respectively). 

3. Link Length

The rotations that can be achieved in links subject to flexural yielding with high
axial forces have not been adequately studied. Consequently, where high axial
forces can develop in the link, its length is limited to ensure that shear yielding,
rather than flexural yielding, governs to ensure stable inelastic behavior.

4. Link Stiffeners for I-Shaped Cross Sections

A properly detailed and restrained link web can provide stable, ductile and pre
dictable behavior under severe cyclic loading. The design of the link requires
close attention to the detailing of the link web thickness and stiffeners.

Full-depth stiffeners are required at the ends of all links and serve to transfer
the link shear forces to the reacting elements as well as restrain the link web
against buckling.

The maximum spacing of link intermediate web stiffeners in shear yielding
links ( e :s; l .6Mp/Vp) is dependent upon the size of the link rotation angle (Kasai
and Popov, 1986b) with a closer spacing required as the rotation angle increases.
Intermediate web stiffeners in shear yielding links are provided to delay the
onset of inelastic shear buckling of the web. Flexural yielding links having
lengths greater than or equal to 2.6Mp/Vp but less than SMp/Vp are required
to have an intermediate stiffener at a distance from the link end equal to 1.5
times the beam flange width to limit strength degradation due to flange local
buckling and lateral-torsional buckling. Links of a length that are between the
shear and flexural limits are required to meet the stiffener requirements for both
shear and flexural yielding links. When the link length exceeds SMp/Vp, link
intermediate web stiffeners are not required. Link intermediate web stiffeners
are required to extend full depth in order to effectively resist shear buckling of
the web and to effectively limit strength degradation due to flange local buckling
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and lateral-torsional buckling. Link intermediate web stiffeners are required on 
both sides of the web for links 25 in. (635 mm) in depth or greater. For links 
that are less than 25 in. (635 mm) deep, the stiffener need be on one side only. 

All link stiffeners are required to be fillet welded to the link web and flanges. 
Link stiffeners should be detailed to avoid welding in the k-area of the link. 
Recent research has indicated that stiffener-to-link web welds that extend into 
the k-area of the link can generate link web fractures that may reduce the plastic 
rotation capacity of the link (Okazaki et al., 2004a; Richards et al., 2004 ). 

5. Link Stiffeners for Box Sections

Similar to wide-flange links, the maximum spacing of stiffeners for shear yield
ing built-up box links ( e � l.6M

p
/V

p
) is dependent upon the magnitude of the

link rotation angle. The equation for maximum spacing needed for the links
to develop a link rotation angle of 0.08 rad [specified as 20tw (d-2lj) /8] is
derived in Berman and Bruneau (2005a). A similar equation was also derived
for a 0.02 rad limit, resulting in a maximum required stiffener spacing of 37tw 

(d-2lj) /8. However, experimental and analytical data is only available to support
the closer stiffener spacing required for the 0.08 rad link rotation angle. There
fore, that more restrictive stiffener spacing is required for all links until other
data becomes available.

The use of intermediate web stiffeners was shown (Berman and Bruneau, 2006,
2008a, 2008b) to be significant on the shear yielding strength in built-up box
links with h/tw greater than 0.64� E/ F

y 
and less than or equal to 1.67 � E/ F

y
.

For shear links with h/tw less than or equal to 0.64� E/ F
y

, flange buckling was
the controlling limit state and intermediate stiffeners had no effect. Thus, inter
mediate web stiffeners are not required for links with web depth-to-thickness
ratios less than 0.64�£/ F

y
, which has been converted to 0.67 �E/R

y
F

y 
in this

edition of the Provisions to address material overstrength. For links with lengths
exceeding l .6M

p
/V

p
, compression local buckling of both webs and flanges

(resulting from the compressive stresses associated with the development of the
plastic moment) dominated link strength degradation. This buckling was unaf
fected by the presence of intermediate web stiffeners. As a result, intermediate
web stiffeners are not required for links with lengths exceeding l .6M

p
/V

p
.

When intermediate stiffeners were used in the built-up box tested and simulated
numerically by Berman and Bruneau (2006, 2008a, 2008b ), these stiffeners were
welded to both the webs and the flanges. A typical cross section is shown in Fig
ure C-F3.8. However, presence of the stiffeners did not impact flange buckling,
and these may therefore not need to be connected to the flange. This would have
advantages over the detail in Figure C-F3.8. In particular, the intermediate stiff
eners could be fabricated inside the built-up box link, improving resistance to
corrosion and risk of accumulation of debris between the stiffeners (in cases of
exterior exposures), and enhancing architectural appeal. Review of the literature
(Malley and Popov, 1983; Bleich, 1952; Salmon and Johnson, 1996) showed
that the derivation of minimum required areas and moment of inertia equations
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for sizing intermediate stiffeners did not depend on connection to the flanges. 

Whereas web stiffeners in I-shaped links may also serve to provide stability to 

the flanges (Malley and Popov, 1983), this is not the case in built-up box cross 

sections. Thus, welding of intermediate stiffeners to the flanges of the built-up 

box section links is not critical and not required. 

Sc. Protected Zones 

The link, as the expected area of inelastic strain, is a protected zone. 

6. Connections

6a. Demand Critical Welds

Inelastic strain in the weld material is likely at column base plates, column splices,

and in moment connections in eccentrically braced frames. In addition, it is likely

in welds of a built-up link member. Thus these are required to be treated as demand

critical welds. See Commentary Section F2.6a.

6b. Beam-to-Column Connections

See Commentary Section F2.6b.

6c. Brace Connections

In the 2005 Provisions, the brace connection was required to be designed for the same

forces as the brace (which are the forces generated by the fully yielded and strain

hardened link). The brace connection, however, was also required to be designed

for a compressive axial force corresponding to the nominal buckling strength of the

Stiffeners 

Fig. C-F3.8. Built-up box link cross section with intermediate stiffener. 
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brace. This second requirement has been eliminated. Braces in EBF are designed to 

preclude buckling, and it is considered unnecessarily conservative to design the brace 

connection for the buckling strength of the brace. 

Bracing connections are required to be designed to resist forces corresponding to link 

yielding and strain hardening. The strain hardening factors used in Section F3.3-

l .25 for I-shaped links and 1.4 for box Jinks-are somewhat low compared to some 

values determined from testing; however, the reliability of connections remains suf

ficient due to the use of lower resistance factors for nonductile limit states. 

Bolt slip has been removed as a limit state which must be precluded. The conse

quences of exceeding this limit state in the maximum credible earthquake are not 

considered severe if bearing failure and block-shear rupture are precluded. 

A few EBF link fractures were observed following the Christchurch earthquake series 

of 2010 and 2011 (Clifton et al., 2011). Finite element analyses conducted to investi

gate this behavior revealed that when braces frame into the link beam and no gusset is 

used, eccentricity (misalignment) of link stiffeners with respect to the beam-to-brace 

flange connection point can lead to severe local ductility demands and premature fail

ures outside of the link (lmani and Bruneau, 2015; Kanvinde et al., 2014 ), as shown in 

Figure C-F3.9. For cases where modifying the brace section to achieve the preceding 

condition is not possible, analyses showed that moving the link stiffener to eliminate 

the offset between the end stiffener and beam-to-brace flange connection point can be 

effective to improve the overall behavior of the EBF frame, even if the intersection of 

the brace-to-beam centerlines falls inside the link (Imani and Bruneau, 2015). 

6d. Column Splices 

See Commentary Section F2.6d. 

6e. Link-to-Column Connections 

Prior to the 1994 Northridge earthquake, link-to-column connections were typically 

constructed in a manner substantially similar to beam-to-column connections in SMF. 

Link-to-column connections in EBF are therefore likely to share many of the same 

problems observed in moment frame connections. Consequently, in a manner similar 

to beam-to-column connections in SMF, the Provisions require that the performance 

of link-to-column connections be verified by testing in accordance with Section K2, 

or by the use of prequalified link-to-column connections in accordance with Section 

Kl; there are no prequalified connections at the time of publication. 

The load and deformation demands at a link-to-column connection in an EBF are 

substantially different from those at a beam-to-column connection in an SMF. Link

to-column connections must therefore be tested in a manner that properly simulates 

the forces and inelastic deformations expected in an EBF. Designers are cautioned 

that beam-to-column connections which qualify for use in an SMF may not nec

essarily perform adequately when used as a link-to-column connection in an EBF. 

Link-to-column connections must therefore be tested in a manner that properly simu

lates the forces and inelastic deformations expected in an EBF. For example, the 
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reduced beam section (RBS) connection has been shown to perform well in an SMF. 

However, the RBS is generally not suitable for link-to-column connections due to the 

high moment gradient in links. Similarly, recent research (Okazaki, 2004; Okazaki et 

al., 2004b) has demonstrated that other details that have shown good performance in 

moment frame beam-to-column connections (such as the WUF-W and the free flange 

details) can show poor performance in EBF link-to-column connections. 

At the time of publication of the Provisions, development of satisfactory link-to

column connection details is the subject of ongoing research. Designers are therefore 

advised to consult the research literature for the latest developments. Until further 

research on link-to-column connections is available, it may be advantageous to avoid 

EBF configurations with links attached to columns. 

The Provisions permit the use of link-to-column connections without the need for 

qualification testing for shear yielding links when the connection is reinforced with 

haunches or other suitable reinforcement designed to preclude inelastic action in the 

reinforced zone adjacent to the column. An example of such a connection is shown in 

Figure C-F3.I0. This reinforced region should remain essentially elastic for the fully 

Fig. C-F3.9. Simulated.fracture at r�ffset between link stiffener and brace.flange (with and 

without the equivalent plastic strain contour lines) from Imani and Bruneau (2015). 
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yielded and strain hardened link strength as required by Section F3.3; the exception 

for beams outside links does not apply. That is, the reinforced connection should be 

designed to resist the link shear and moment developed by the expected shear strength 

of the link, R
y
Vn, multiplied by 1.25 to account for strain hardening. As an alterna

tive to the reinforced link-to-column connection detail illustrated in Figure C-F3.10, 

preliminary testing and analysis have shown very promising performance for a rein

forced connection detail wherein a pair of stiffeners is provided in the first link web 

panel next to the column, with the stiffeners oriented parallel to the link web. This 

link-to-column connection detail is described in Okazaki et al. (2009). Alternatively, 

the EBF can be configured to avoid link-to-column connections entirely. 

The Provisions do not explicitly address the column panel zone design requirements 

at link-to-column connections. Based on limited research (Okazaki, 2004) it is recom

mended that the panel zone of link-to-column connections be designed in a manner 

similar to that for SMF beam-to-column connections with the required shear strength 

of the panel zone determined from the analysis required by Section F3.3. 

F4. BUCKLING-RESTRAINED BRACED FRAMES (BRBF) 

1. Scope

Buckling-restrained braced frames (BRBF) are a special class of concentrically

braced frames. Just as in SCBF, the centerlines of BRBF members that meet at a

joint intersect at a point to form a complete vertical truss system that resists lateral

forces. BRBF have more ductility and energy absorption than SCBF because overall

brace buckling, and its associated strength degradation, is precluded at forces and

deformations corresponding to the design story drift. See Section F2 for the effects

Fig. C-F3. JO. Example of a reinforced link-to-column connection. 
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of buckling in SCBF. Figure C-F2. l shows possible concentrically braced frame 

configurations; note that neither X-bracing nor K-bracing is an option for BRBF. Fig

ure C-F4.l shows a schematic of a BRBF bracing element [adapted from Tremblay 

et al. (1999)]. 

2. Basis of Design

BRBF are characterized by the ability of bracing elements to yield inelastically in

compression as well as in tension. In BRBF, the bracing elements dissipate energy

through stable tension-compression yield cycles (Clark et al., 1999). Figure C-F4.2

shows the characteristic hysteretic behavior for this type of brace as compared to

that of a buckling brace. This behavior is achieved through limiting buckling of the

steel core within the bracing elements. Axial stress is de-coupled from flexural buck

ling resistance; axial load is confined to the steel core while the buckling restraining

mechanism, typically a casing, resists overall brace buckling and restrains high-mode

steel core buckling (rippling).

A B C B A 
,- ,- ,- ,- ,-

Bottom Top 

·- L._ 'h"'� L __ L.-···-

A B C B A 

preventing 

Section A-A 
projection Yielding segment 

Fig. C-F4.I. Details of a type of buckling-restrained brace 

(courtesy of R. Tremblay). 
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Buckling-restrained braced frames are composed of columns, beams and bracing ele

ments, all of which are subjected primarily to axial forces. Braces of BRBF, known 

as buckling-restrained braces (BRB), are composed of a steel core and a buckling

restraining system encasing the steel core. In addition to the schematic shown in 

Figure C-F4.1 , examples of BRB elements are found in Watanabe et al. (1988); Wada 

et al. (1994); and Clark et al. (1999). The steel core within the BRB is intended to be 

the primary source of energy dissipation. During a moderate to severe earthquake the 

steel core is expected to undergo significant inelastic deformations. 

BRBF can provide elastic stiffness that is comparable to that of EBF. Full-scale labo

ratory tests indicate that properly designed and detailed bracing elements of BRBF 

exhibit symmetrical and stable hysteretic behavior under tensile and compressive 

forces through significant inelastic deformations (Watanabe et al., 1988; Wada et al., 

1998; Clark et al., 1999; Tremblay et al., 1999). The ductility and energy dissipation 

capability of BRBF is expected to be comparable to that of an SMF and greater than 

that of a SCBF. This high ductility is attained by limiting buckling of the steel core. 

The Provisions are based on the use of brace designs qualified by testing. They are 

intended to ensure that braces are used only within their proven range of deforma

tion capacity, and that yield and failure modes other than stable brace yielding are 

precluded at the maximum inelastic drifts corresponding to the design earthquake. 

For analyses performed using linear methods, the maximum inelastic drifts for this 

system are defined as those corresponding to 200% of the design story drift. For 

nonlinear time-history analyses, the maximum inelastic drifts can be taken directly 

Typical 
buckling 

brace 

Axial force-displacement behavior 

Fig. C-F4.2. Typical buckling-restrained (unbonded) brace hysteretic behavior 

(courtesy of Seismic Isolation Engineering). 
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from the analyses results. A minimum of 2% story drift is required for determining 

expected brace deformations for testing (see Section K3) and is recommended for 

detailing. This approach is consistent with the linear analysis equations for design 

story drift in ASCE/SEI 7 and the 2009 NEHRP Recommended Provisions FEMA 

P-750 (FEMA, 2009a). It is also noted that the consequences of loss of connection

stability due to the actual seismic displacements exceeding the calculated values may

be severe; braces are therefore required to have a larger deformation capacity than

directly indicated by linear static analysis.

The value of 200% of the design story drift for expected brace deformations repre

sents the mean of the maximum story response for ground motions having a 10% 

chance of exceedance in 50 years (Fahnestock et al., 2003; Sabelli et al., 2003). Near

fault ground motions, as well as stronger ground motions, can impose deformation 

demands on braces larger than those required by the Provisions. While exceeding the 

brace design deformation may result in poor brace behavior such as buckling, this is 

not equivalent to collapse. Detailing and testing braces for larger deformations will 

provide higher reliability and better performance. 

The design engineer utilizing these provisions is strongly encouraged to consider the 

effects of configuration and proportioning of braces on the potential formation of 

building yield mechanisms. The axial yield strength of the core, Pysc, can be set pre

cisely with final core cross-sectional area determined by dividing the specified brace 

capacity by the actual material yield strength established by coupon testing, multi

plied by the resistance factor. In some cases, cross-sectional area will be governed 

by brace stiffness requirements to limit drift. In either case, careful proportioning of 

braces can make yielding distributed over the building height much more likely than 

in conventional braced frames. 

It is also recommended that engineers refer to the following documents to gain further 

understanding of this system: Uang and Nakashima (2003); Watanabe et al. (1988); 

Reina and Normile (1997); Clark et al. (1999); Tremblay et al. (1999); and Kaly

anaraman et al. (1998). 

The design provisions for BRBF are predicated on reliable brace performance. In 

order to ensure this performance, a quality assurance plan is required. These mea

sures are in addition to those covered in the Code of Standard Practice (AISC, 

2016c), and Specification Chapters J and N. Examples of measures that may provide 

quality assurance are: 

( 1) Special inspection of brace fabrication. Inspection may include confirmation of

fabrication and alignment tolerances, as well as nondestructive testing (NDT)

methods for evaluation of the final product.

(2) Brace manufacturer's participation in a recognized quality certification pro

gram. Certification should include documentation that the manufacturer's

quality assurance plan is in compliance with the requirements of the Specifica

tion, the Provisions and the Code of Standard Practice. The manufacturing and
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quality control procedures should be equivalent to, or better than, those used to 

manufacture brace test specimens. 

2a. Brace Strength 

Testing of braces is considered necessary for this system to ensure proper behavior. 

The applicability of tests to the designed brace is defined in Section K3. 

Tests cited serve another function in the design of BRBF: the maximum forces that 

the brace can develop in the system are determined from test results. These maximum 

forces are used in the analysis required in Section F4.3. 

2b. Adjustment Factors 

The compression-strength adjustment factor, �. accounts for the compression over

strength (with respect to tension strength) noted in testing of buckling-restrained 

braces (SIE, 1999a, 1999b ). The strain hardening adjustment factor, ffi, accounts for 

strain hardening. Figure C-F4.3 shows a diagrammatic bilinear force-displacement 

relationship in which the compression strength adjustment factor, �. and the strain 

hardening adjustment factor, ffi, are related to brace forces and nominal material yield 

strength. These quantities are defined as 

� = �ffiFyscAsc = Pmax

ffiFyscA.,c Trnax 

Fig. C-F4.3. Diagram of brace force-displacement. 
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where 

Ase = cross-sectional area of the yielding segment of steel core, in.2 (mm2) 

Fysc = measured yield strength of the steel core, ksi (MPa) 

Pmax = maximum compression force, kips (N) 

T max = maximum tension force within deformations coffesponding to 200% of 

the design story drift (these deformations are defined as 2.0�bm in Section 

K3.4c), kips (N) 

Note that the specified minimum yield stress of the steel core, Fy, is not typically 

used for establishing these factors; instead, Fysc is used which is determined by the 

coupon tests required to demonstrate compliance with Section K3. Braces with val

ues of 13 and ro less than unity are not true buckling-restrained braces and their use is 

precluded by the Provisions. 

The expected brace strengths used in the design of connections and of beams and 

columns are adjusted upwards for various sources of overstrength, including ampli

fication due to expected material strength (using the ratio Ry) in addition to the strain

hardening, ro, and compression adjustment, !3, factors discussed previously. The 

amplification due to expected material strength can be eliminated if the brace yield 

stress is determined by a coupon test and is used to size the steel core area to provide 

the desired available strength precisely. Coupon testing, where used, should be per

formed at point of manufacture on each plate used for the fabrication of BRB yielding 

cores. The use of mill test report results is not equivalent to a coupon test. Where core 

plates are fabricated from bar stock, coupons should be made at intervals of (at most) 

each 5 tons of material of same heat and thickness. Other sources of overstrength, 

such as imprecision in the provision of the steel core area, may need to be considered; 

fabrication tolerance for the steel core is typically negligible. 

3. Analysis

Beams and columns are required to be designed considering the maximum force that

the adjoining braces are expected to develop. In the Provisions, these requirements

are presented as an analysis requirement, although they are consistent with the design

requirements in the 2005 and 2010 Provisions.

4. System Requirements

4a. V- and Inverted V-Braced Frames

In SCBF, V-bracing has been characterized by a change in deformation mode after 

one of the braces buckles. This is primarily due to the negative post-buckling stiffness, 

as well as the difference between tension and compression capacity, of traditional 

braces. Since buckling-restrained braces do not lose strength due to buckling and 

have only a small difference between tension and compression capacity, the practical 

requirements of the design provisions for this configuration are relatively minor. Fig

ure C-F4.4 shows the effect of beam vertical displacement under the unbalanced load 

caused by the brace compression overstrength. The vertical beam deflection adds 

to the deformation demand on the braces, causing them to elongate more than they 
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compress (due to higher compression strength compared to tension strength). There

fore, where V-braced frames are used, it is required that a beam be provided that has 

sufficient strength to permit the yielding of both braces within a reasonable story 

drift considering the difference in tension and compression capacities determined by 

testing. The required brace deformation capacity must include the additional defor

mation due to beam deflection under this load. Since other requirements, such as 

the brace testing protocol (Section K3.4c) and the stability of connections (Section 

F4.6), depend on this deformation, engineers will find significant incentive to avoid 

flexible beams in this configuration. Where the special configurations shown in Fig

ure C-F2.4 are used, the requirements of this section are not relevant. 

4b. K-Braced Frames

K-braced frames are not permitted for BRBF due to the possibility of inelastic flex

ural demands on columns.

4d. Multi-Tiered Braced Frames 

Multi-tiered braced frames (MTBF) are defined as braced-frame configurations with 

two or more tiers of bracing between diaphragm levels or locations of out-of-plane 

support. These tiers each incorporate a strut (beam) at each tier of bracing and are 

therefore not classified as K-braced frames. The strut required by these Provisions 

spans between frame columns, though a strut exterior to the frame can be incorpo

rated as part of the design of the frame to resist in-plane moments from the analysis 

requirements. 

In the multi-tiered BRBF system (MT-BRBF), in-plane column demands are 

imposed by varying tier capacities and unbalanced brace loads created by the differ

ence between the BRB's overstrength in tension and compression. Studies done by 

Fig. C-F4.4. Post-yield change in deformation mode for V- and inverted-V BRBF. 
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Imanpour et al. (2016a, 2016b, 2015) have shown BRBF frames to be the most stable 

of the MTBF configurations explored to date. In these studies, the MT-BRBF has not 

demonstrated a single tier mechanism, but some brace overstrength variation may 

occur from tier to tier. If the column or other resisting framework is not sufficient to 

support these loads, in-plane column yielding may occur. See the Commentary Sec

tion F2.4e for additional information. Although this phenomenon was studied for the 

SCBF and demonstrated primarily during a concentration of drift in a critical tier, the 

same precautions are being recommended for the BRBF as have been proposed for 

the SCBF to mitigate the potential column instability. The requirement for column 

torsional bracing at each brace connection location satisfying the requirements devel

oped by Helwig and Yura ( 1999), which may be provided by the flexural stiffness of 

the tier strut, is necessary to provide stability to the column. 

The Provisions allow for the design of MT-BRBF using similar design requirements 

as are used for typical BRBF frames. Adjusted brace strengths are determined for 

each tier and used for design of the struts and columns in the frame. Unlike the typical 

building case, for multi-tiered braced frames, tiers with varied capacities or the pos

sibility of an overstrength imbalance between tiers will require the column to work in 

flexure. Iman pour and Tremblay (2014) have found that the application of adjusted 

brace strengths to the MT-BRBF frame overpredicts potential bending moments in 

the frame columns. However, the unique case where each tier is identical and braces 

are inclined in the same direction results in the applied moments in the columns 

being zero, a condition that would be unconservative. To address this, the minimum 

notional load requirement of 0.5% of the adjusted brace tier strength of each tier have 

been added to the design provisions. With an in-plane load at each tier, the static

equilibrium method may then be followed with the columns treated as members 

spanning simply supported between the base and top of the MT-BRBF frame. The 

resulting method of adjusted brace strengths and the 0.5% minimum notional load 

provides for column moments that may be incurred due to a variation in the strains in 

the braces, tolerances on the core cut widths, and possible small variations between 

the independently tested core yield strengths and the final core yield strength. How

ever, it may not provide for column moments that may be incurred due to tier capacity 

differences caused by R
y 

or the specification of braces using a fixed area and a range 

of permitted yield strengths of the core material. Although there is no evidence that 

this material variation is detrimental to the MT-BRBF, a factor to account for the 

range of expected yield strengths of the braces has been included in the Provisions. 

The specification of the BRB by required capacity, P ysc, rather than by core area, Ase, 

is a simple method to control the capacity of each tier such that the tier capacities are 

similar in a given frame and column bending moments in the plane of the frame are 

reduced. 

In Figure C-F4.5, "ABS" indicates unbalanced loads applied to the columns due 

to variation in adjusted brace strengths, and "NOT" indicates the required notional 

loads. Only the second and the fifth tier in this example have unbalanced loads due to 
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adjusted brace strengths alone, and these loads are greater than the minimum notional 

load. NOT loads are applied in the direction producing the maximum moment on the 

column and analysis considers seismic loads in each direction. 

A series of columns may be used to support the loads from this analysis. In this case, 

these must be designed for the portion of in-plane tier loads combined with the axial 

compression on the column. 

5. Members

Sa. Basic Requirements

Previous editions of these Provisions required highly ductile sections for beams and

columns. The development of the requirement stemmed primarily from consideration

of moment frames and other systems where stable, fully developed plastic hinges of

up to 0.04 rad are necessary for proper performance of the system. Beams and col

umns in BRBF are designed for the adjusted strength of the braces and are intended

to remain essentially elastic in a seismic event.

Fig. C-F4.5. MT-BRBF elevation. 
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Sb. Diagonal Braces 

1. Assembly

(a) Steel Core

The steel core is composed of a yielding segment and steel core projec

tions; it may also contain transition segments between the projections and

yielding segment. The cross-sectional area of the yielding segment of the

steel core is expected to be sized so that its yield strength is fairly close to

the demand calculated from the applicable building code. Designing braces

close to the required strengths will help ensure distribution of yielding over

multiple stories in the building. Conversely, over-designing some braces

more than others (e.g., by using the same size brace on all floors) may

result in an undesirable concentration of inelastic deformations in only a

few stories. The length and area of the yielding segment, in conjunction

with the lengths and areas of the nonyielding segments, determine the stiff

ness of the brace. The yielding segment length and brace inclination also

determines the strain demand corresponding to the design story drift.

In typical brace designs, a projection of the steel core beyond its casing is

necessary in order to accomplish a connection to the frame. Buckling of

this unrestrained zone is an undesirable failure mode and must therefore

be precluded.

In typical practice, the designer specifies the core plate dimensions as well

as the steel material and grade. The steel stress-strain characteristics may

vary significantly within the range permitted by the steel specification,

potentially resulting in significant brace overstrength. This overstrength

must be addressed in the design of connections as well as of frame beams

and columns. The designer may specify a limited range of acceptable yield

stress in order to more strictly define the permissible range of brace capac

ity. Alternatively, the designer may specify a limited range of acceptable

yield stress if this approach is followed in order to more strictly define the

permissible range of core plate area (and the resulting brace stiffness). The

brace supplier may then select the final core plate dimensions to meet the

capacity requirement using the results of a coupon test. The designer should

be aware that this approach may result in a deviation from the calculated

brace axial stiffness. The maximum magnitude of the deviation is depen

dent on the range of acceptable material yield stress. Designers following

this approach should consider the possible range of stiffness in the build

ing analysis in order to adequately address both the building period and

expected drift.

The strength of the steel core has been defined in terms of a symbol, Fysc,
which is defined as either the specified minimum yield stress of the steel

core, or actual yield stress of the steel core as determined from a coupon
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test. The use of coupon tests in establishing Fysc eliminates the necessity of 

using the factor R
y 

in calculating the adjusted brace strength (see Commen

tary Section F4.2a). This is in recognition of the fact that coupon testing of 

the steel core material is in effect required by the similitude provisions in 

Section K3, and such coupon tests can provide a more reliable estimation 

of expected strength. 

(b) Buckling-Restraining System

This term describes those elements providing brace stability against overall

buckling. This includes the casing as well as elements connecting the core.

The adequacy of the buckling-restraining system must be demonstrated by

testing.

2. Available Strength

The nominal strength of buckling-restrained braces is simply based on the core

area and the material yield strength. Buckling is precluded, as is demonstrated

by testing.

3. Conformance Demonstration

BRBF designs require reference to successful tests of a similarly sized test speci

men and of a brace subassemblage that includes rotational demands. The former

is a uniaxial test intended to demonstrate adequate brace hysteretic behavior.

The latter is intended to verify the general brace design concept and demonstrate

that the rotations associated with frame deformations do not cause failure of

the steel core projection, binding of the steel core to the casing, or otherwise

compromise the brace hysteretic behavior. A single test may qualify as both a

subassemblage and a brace test subject to the requirements of Section K3; for

certain frame-type subassemblage tests, obtaining brace axial forces may prove

difficult and separate brace tests may be necessary. A sample subassemblage test

is shown in Figure C-K3. l (Tremblay et al., 1999).

Sc. Protected Zones 

The core, as the expected area of inelastic strain, is a protected zone along with all 

elements connecting the core to the beams and columns, which may include gusset 

plates and gusset connections. 

6. Connections

6a. Demand Critical Welds

Inelastic strain in the weld material is likely at column base plates and column splices.

Thus these are required to be treated as demand critical welds. See Commentary Sec

tion F2.6a.

6b. Beam-to-Column Connections

See Commentary Section F2.6b.
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6c. Diagonal Brace Connections 

Bracing connections must not yield at force levels corresponding to the yielding 

of the steel core; they are therefore designed for the maximum force that can be 

expected from the brace (see Commentary Section F4.5b). The engineer should rec

ognize that the bolts are likely to slip at forces 30% lower than their design strength. 

This slippage is not considered to be detrimental to behavior of the BRBF system and 

is consistent with the design approach found in Section D2.2. 

Recent testing in stability and fracture has demonstrated that gusset-plate connec

tions may be a critical aspect of the design of BRBF (Tsai et al., 2003; Lopez et al., 

2004). The tendency to instability may vary depending on the flexural stiffness of the 

connection portions of the buckling-restrained brace and the degree of their flexural 

continuity with the casing. This aspect of BRBF design is the subject of continuing 

investigation and designers are encouraged to consult research publications as they 

become available. The stability of gussets may be demonstrated by testing, if the test 

specimen adequately resembles the conditions in the building. It is worth noting that 

during an earthquake the frame may be subjected to some out-of-plane displacement 

concurrent with the in-plane deformations, so a degree of conservatism in the design 

of gussets may be warranted. 

Fahnestock et al. (2006) tested a connection, shown in Figure C-F4.6, that effectively 

provided a pin in the beam outside of the gusset plate via the splice with a WT section 

on each side. In addition to satisfying the requirements of Section F4.6b, this con

nection relieves the gusset plate of in-plane moments and the related destabilization 

effects. 

6d. Column Splices 

See Commentary Section F2.6d. 

FS. SPECIAL PLATE SHEAR WALLS (SPSW) 

1. Scope

In special plate shear walls (SPSW), the slender unstiffened steel plates (webs) con

nected to surrounding horizontal and vertical boundary elements (HBE and VBE) are

designed to yield and behave in a ductile hysteretic manner during earthquakes (see

Figure C-F5.l ). All HBE are also rigidly connected to the VBE with moment resist

ing connections able to develop the expected plastic moment of the HBE. Each web

must be surrounded by boundary elements.

Experimental research on SPSW subjected to cyclic inelastic quasi-static and

dynamic loading has demonstrated their ability to behave in a ductile manner and

dissipate significant amounts of energy (Thorburn et al., 1983; Timler and Kulak,

1983; Tromposch and Kulak, 1987; Roberts and Sabouri-Ghomi, 1992; Caccese et

al., 1993; Driver et al., 1997; Elgaaly, 1998; Rezai, 1999; Lubell et al., 2000; Gron

din and Behbahannidard, 2001; Berman and Bruneau, 2003a; Zhao and Astaneh-Asl,

2004; Berman and Bruneau, 2005b; Sabouri-Ghomi et al., 2005; Deng et al., 2008;

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Comm. FS.] SPECIAL PLATE SHEAR WALLS (SPSW) 9.1-313 

Lee and Tsai, 2008; Qu et al., 2008; Choi and Park, 2009; Qu and Bruneau, 2009; 

Vian et al., 2009a). This has been confirmed by analytical studies using finite element 

analysis and other analysis techniques (Sabouri-Ghomi and Roberts, 1992; Elgaaly 

et al., 1993; Elgaaly and Liu, 1997; Driver et al., 1997; Dastfan and Driver, 2008; 

Bhowmick et al., 2009; Purba and Bruneau, 2009; Shishkin et al., 2009; Vian et al., 

2009b; Qu and Bruneau, 2011; Purba and Bruneau, 2014a). 

2. Basis of Design

Yielding of the webs occurs by development of tension field action at an angle close

to 45° from the vertical, and buckling of the plate in the orthogonal direction. Past

research shows that the sizing of VBE and HBE in a SPSW makes it possible to

develop this tension field action across all of the webs. Except for cases with very

stiff HBE and VBE, yielding in the webs develops in a progressive manner across

each panel. Because the webs do not yield in compression, continued yielding upon

repeated cycles of loading is contingent upon the SPSW being subjected to progres

sively larger drifts, except for the contribution of plastic hinging developing in the

Column 

W8x67 

T-8

BRB 

Fig. C-F4.6. Detail r4 connection with hinge 

(Fahnestock et al., 2006). 
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HBE to the total system hysteretic energy. In past research (Driver et al., 1997), the 

yielding of boundary elements contributed approximately 25 to 30% of the total load 

strength of the system. However, that contribution will vary as a function of the web 

aspect ratio (Qu and Bruneau, 2009). 

With the exception of plastic hinging at the ends of HBE, the surrounding HBE and 

VBE are designed to remain essentially elastic when the webs are fully yielded. Plas

tic hinging at the base ofVBE (when VBE are connected to foundations in a way that 

makes it possible to develop their plastic moment) and at the ends of HBE are needed 

to develop the plastic collapse mechanism of this system. Plastic hinging within the 

span of HBE, which could partly prevent yielding of the webs, is undesirable as it 

can result in: (1) significant accumulation of plastic incremental deformations on the 

HBE; (2) partial yielding of the infill plates; (3) correspondingly lower global plastic 

strength, and (4) total (elastic and plastic) HBE rotations equal to twice the values 

that develop when in-span hinging is prevented (Purba and Bruneau, 2012). Some 

designers have used reduced beam section (RBS) connections at the ends of HBE 

to ensure that yielding occurs only at the RBS. Location and strength of RBS plas

tic hinges in HBE differ from those typically calculated for special moment frames 

(SMF), and these should be established using equations developed for this purpose 

(Qu and Bruneau, 2010a, 2011; Bruneau et al., 2011). 

Cases of both desirable and undesirable yielding in VBE have been observed in past 

testing. In the absence of a theoretical formulation to quantify the conditions leading 

Roof 
Horizontal boundary � 

element Pane!4 

Vertical boundary 
element (VBE) 

3 

Web element 

Panel2 

Panel 1 

Fig. C-F5.l. Schematic of special plate shear wall. 
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to acceptable yielding (and supporting experimental validation of this formulation), 

the conservative requirement of elastic VBE response is justified. 

Research literature often compares the behavior of SPSW to that of a vertical plate 

girder, indicating that the webs of an SPSW resist shears by tension field action and 

that the VBE of an SPSW resist overturning moments. While this analogy is useful 

in providing a conceptual understanding of the behavior of SPSW, many signifi

cant differences exist in the behavior and strength of the two systems. Past research 

shows that the use of structural shapes for the VBE and HBE in SPSW (as well as 

other dimensions and details germane to SPSW) favorably impacts orientation of the 

angle of development of the tension field action, and makes possible the use of very 

slender webs (having negligible diagonal compressive strength). Sizeable top and 

bottom HBE are also required in the SPSW to anchor the significant tension fields 

that develop at the ends of the structural system. Limits imposed on the maximum 

web slenderness of plate girders to prevent flange buckling, or due to transportation 

requirements, are also not applicable to SPSW which are constructed differently. For 

these reasons, the use of beam design provisions in the Specification for the design of 

SPSW is not appropriate (Berman and Bruneau, 2004). 

3. Analysis

Incremental dynamic analyses in compliance with FEMA P-695 procedures (FEMA,

2009b) have demonstrated that SPSW designed by distributing the applied story shear

force between the webs and their boundary frame do not have a satisfactory margin

of safety against collapse and have a high probability of developing excessive drifts

(Purba and Bruneau, 2014a, 2014b, 2014c), contrary to SPSW having webs designed

to resist the entire code-specified story shears.

An additional and unrelated requirement specifies that the strength of the frame con

sisting of VBE and HBE shall be at least 25% of the story shear force distributed to

the SPSW. This requirement is to ensure the presence of a minimum boundary frame,

to prevent excessive drifts, given that the boundary frame alone resists seismic forces

until dynamic response excites the SPSW to drifts that exceed previously reached

maximum values. Shake table tests by Dowden and Bruneau (2014) illustrated how

SPSW with weak boundary frames can develop substantially greater drifts when sub

jected to identical earthquake excitations but after prior yielding of the infill plate.

Although post-tensioned self-centering frames were used in that study, SPSW having

weak boundary frames would behave similarly, but worse, without the benefit of self

centering capabilities.

Per capacity design principles, all edge boundary elements (HBE and VBE) shall be

designed to resist the maximum forces developed by the tension field action of the

webs fully yielding. Axial forces, shears and moments develop in the boundary ele

ments of the SPSW as a result of the response of the system to the overall overturning

and shear, and this tension field action in the webs. Actual web thickness must be

considered for this calculation, because webs thicker than required may have to be

used due to availability, or minimum thickness required for welding .

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



9.1-316 SPECIAL PLATE SHEAR WALLS (SPSW) [Comm. F5. 

At the top panel of the wall, the vertical components of the tension field should be 

anchored to the HBE. The HBE shall have sufficient strength to allow development 

of full tensile yielding across the panel width. 

At the bottom panel of the wall, the vertical components of the tension field should 

also be anchored to the HBE. The HBE should have sufficient strength to allow devel

opment of full tensile yielding across the panel width. This may be accomplished by 

continuously anchoring the HBE to the foundation. 

For intermediate HBE of the wall, the anticipated variation between the top and bot

tom web normal stresses acting on the HBE is usually small, or null when webs in the 

panel above and below the HBE have identical thickness. While top and bottom HBE 

are typically of substantial size, intermediate HBE are relatively smaller. 

For the design of HBE, it may be important to recognize the effect of vertical stresses 

introduced by the tension field forces in reducing the plastic moment of the HBE. 

Concurrently, free-body diagrams of HBE should account for the additional shear 

and moments introduced by the eccentricity of the horizontal component of the ten

sion fields acting at the top and bottom of the HBE (Qu and Bruneau, 2008, 201 Oa). 

Forces and moments in the members (and connections), including those resulting 

from tension field action, may be determined from a plane frame analysis. The web 

is represented by a series of inclined pin-ended strips, as described in Commentary 

Section F5.5b. A minimum of ten equally spaced pin-ended strips per panel should 

be used in such an analysis. 

A number of analytical approaches are possible to achieve capacity design and 

determine the same forces acting on the vertical boundary elements. Some example 

methods applicable to SPSW follow. In all cases, actual web thickness should be 

considered. 

Nonlinear pushover analysis. A model of the SPSW can be constructed in which 

bilinear elasto-plastic web elements of strength R
y
F

y
As are introduced in the direc

tion a. Bilinear plastic hinges can also be introduced at the ends of the horizontal 

boundary elements. Standard pushover analysis conducted with this model will pro

vide axial forces, shears and moments in the boundary frame when the webs develop 

yielding. Separate checks are required to verify that plastic hinges do not develop in 

the horizontal boundary elements, except at their ends. 

Indirect capacity design approach. The Canadian Standards Association Limit 
States Design of Steel Structures (CSA, 2001), proposes that loads in the vertical 

boundary members can be determined from the gravity loads combined with the seis

mic loads increased by the amplification factor, 

B = 

Ve 

Vu 
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where 

Ve = expected shear strength, at the base of the wall, determined for the web 

thickness supplied, kips (N) 

= 0.5RyFytwLsin2a

Vu = factored lateral seismic force at the base of the wall, kips (N) 

In determining the loads in VBE, the amplification factor, B, need not be taken as 

greater than the seismic response modification coefficient, R. 

The VBE design axial forces shall be determined from overturning moments 

defined as follows: 

(1) The moment at the base is BMu, where Mu is the factored seismic overturning

moment at the base of the wall corresponding to the force Vu 

(2) The moment BMu extends for a height H but not less than two stories from the

base

(3) The moment decreases linearly above a height H to B times the overturning

moment at one story below the top of the wall, but need not exceed R times

the factored seismic overturning moment at the story under consideration cor

responding to the force Vu 

The local bending moments in the VBE due to tension field action in the web should 

be multiplied by the amplification factor B. 

This method is capable of producing reasonable results for approximating VBE 

capacity design loads; however, as described previously, it can be unconservative 

as shown in Berman and Bruneau (2008c). This procedure relies on elastic analysis 

of a strip model (or equivalent) for the design seismic loads, followed by amplifica

tion of the resulting VBE moments by the factor B. Therefore, it produces moment 

diagrams and SPSW deformations that are similar in shape to those obtained from a 

pushover analysis. Similarly, the determination ofVBE axial forces from overturning 

calculations based on the design lateral loads amplified by B results in axial force 

diagrams that are of the proper shape. However, following the above procedure, the 

amplification factor is found only for the first story and does not include the possibly 

significant strength of the surrounding frame. HBE and VBE for SPSW are large and 

the portion of the base shear carried by the surrounding moment frame can be sub

stantial. As a result, estimates of VBE demands per this method are less than those 

required to develop full web yielding on all stories prior to development of hinges in 

VBE. In addition, in some cases, the ratio of web thickness provided to web thick

ness needed for the design seismic loads can be larger on the upper stories than on 

the lower stories. In these situations, the indirect capacity design approach would 

underestimate the VBE design loads for the upper stories and capacity design would 

not be achieved. Neglecting these effects in the determination of B will result in VBE 

design loads that are underestimated for true capacity design. Therefore, the full col

lapse mechanism should be used when determining the factor B. Such an equation is 

proposed in the following procedure (in Equation C-F5-l 5). 
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Combined Plastic and Linear Analysis. This procedure has been shown to give 

accurate VBE results compared to pushover analysis (Berman and Bruneau, 2008c). 

Assuming that the web plates and HBE of a SPSW have been designed according to 

the Provisions to resist the factored loads (or, for the case of HBE design, the maxi

mum of the factored loads or web plate yielding), the required capacity of VBE may 

be found from VBE free body diagrams such as those shown in Figure C-F5.2 for a 

generic four-story SPSW. Those free body diagrams include distributed loads repre

senting the web plate yielding at story i, ffixci and ffiyci; moments from plastic hinging 

of HBE, Mprli and Mprri; axial forces from HBE, Pbti and Pbri; applied lateral seismic 

loads, found from consideration of the plastic collapse mechanism, F;; and base reac

tions for those lateral seismic loads, Ryt, Rxt, Ryr and Rxr· Each of these loads can then 

be determined as follows: 

(1) The distributed loads to be applied to the VBE (ffiyci and ffixci) and HBE (ffiybi

and ffixbi) from plate yielding on each story, i, may be determined as:

I 

I 

I 

I 

I 

I 

I 

I 

I 

I 
rl "" 

ffiyci = (½)Fyptw;sin 2a 

ffixci = Fyptw;(sin a)2 

I 
Vo,2 

Vb,1 

Fig. C-F5.2. VEE free body diagrams. 
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(C-FS-4) 

(C-FS-5) 

where Ry and Fy are for the web plate material and tw; is the web thickness at 

level i, respectively. 

(2) As part of estimating the axial load in the HBE, an elastic model of the VBE

is developed as shown in Figure C-FS.3. The model consists of a continuous

beam element representing the VBE which is pin-supported at the base and

supported by elastic springs at the intermediate and top HBE locations. HBE

spring stiffnesses at each story i, kb;, can be taken as the axial stiffness of the

HBE considering one half of the bay width (or HBE length for a considerably

deep VBE), i.e.:

k . _ Ab;E 
b, - L/2

Fig. C-F5.3. Elastic VBE model with HBE springs. 
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where Ab; is the HBE cross-sectional area, Lis the bay width, and Eis the modu
lus of elasticity. This VBE model is then loaded with the horizontal component 
of the forces from the web plates yielding over each story, namely, COxci, and 
analysis return spring forces, P.,;. 

(3) The axial force component in the intermediate and top HBE resulting from the
horizontal component of the plate yield forces on the HBE, mxbi, is assumed to
be distributed as shown in Figure C-F5.4. Note that for the bottom HBE, this
distribution is the reverse of that in the top beam. These axial force components
are then combined with the spring forces from the linear VBE model, resulting
in the following equations for the axial force at the left and right sides of the
intermediate and top HBE (Pbli and Pbri, respectively):

L 
nu = -( COxbi -COxbi+l 2 + P.,;

L 

COxbi+I )
2 + P.,;

(C-F5-7) 

(C-F5-8) 

where the spring forces, Psi, should be negative indicating that they are adding 
to the compression in HBE. As mentioned previously, the axial forces from mxbi

and mxbi+ 1 in the bottom HBE may be taken as the mirror image of those shown 
in Figure C-F5.4, where mxbi is zero in that particular case as there is no web 
below the bottom HBE. Furthermore, there are no spring forces to consider at 
the bottom HBE location as the horizontal component of force from web plate 
yielding on the lower portion of the bottom VBE is added to the base reac
tion determined as part of the plastic collapse mechanism analysis, as described 
below. Therefore, the bottom HBE axial forces on the right and left hand sides, 
Pb/0 and Pbr0, are: 

L 
nrn = COxbl 2

L 
P/,ro = -(Oxbl -

2 

Fig. C-F5.4. HEE.free body diagram. 

1 
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(4) The reduced plastic moment capacity at the HBE ends can be approximated by:

If 1.1s(1- IPbiil ) :,:; 1.0 
F

y
1,A1,i 

Mprli = 1.18( 1

IP1,1d ) > 1.0
F

y
1,A1,i 

IP1,1d )z F 
F A . 

xbi yb
yb b, 

(C-FS-11) 

(C-FS-12) 

where F
y
b is the HBE expected yield strength multiplied by 1. 1 to account for 

some strain hardening (i.e., I. lRy
F

y
), A1,; is the HBE cross-sectional area for 

story i, and Zxbi is the HBE plastic section modulus for story i.
(5) The shear forces at the left and right ends of all HBE, V1,r and V1,1, can be found

from:
Mprri + Mprli

( ) 
L

Vbri =
L 

+ ffiybi - ffiybi+I 
2

(C-FS-13) 

(C-FS-14) 

(6) The applied loads for the SPSW collapse mechanism can be found from:

(C-FS-15) 

where F; is the applied lateral load at each story to cause the mechanism, H; is 
the height from the base to each story, and other terms are as previously defined. 
Note that the indices for the HBE plastic moment summations begin at zero so 
that the bottom HBE (denoted HBEo) is included. To employ Equation C-FS-
15 in calculating the applied lateral loads that cause this mechanism to form, it 
is necessary to assume some distribution of those loads over the height of the 
structure, i.e., a relationship between F 1 , F2, etc. For this purpose, a pattern 
equal to that of the design lateral seismic loads from the appropriate building 
code may be used. 

(7) Horizontal reactions at the column bases, RxL and RxR, are then determined by
dividing the collapse base shear by 2 and adding the pin-support reaction from
the VBE model, Rbs, to the reaction under the left VBE and subtracting it off
the reaction under the right VBE. Vertical base reactions can be estimated from
overturning calculations using the collapse loads as:

ns 

I,F;H; 

R 
i=I 

yl =
�- -

L 
and Ryr = -Ry1 
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(8) The moment, axial and shear force diagrams for the VBE are established once

all the components of the VBE free body diagrams are estimated. The diagrams

give minimum design actions for those VBE such that they can resist full web

plate yielding and HBE hinging.

VBE should be designed to remain elastic under the large shears resulting from

this analysis. Existing literature shows instances of undesirable inelastic behav

ior when shear yielding occurred in the VBE (Qu and Bruneau, 2008; Qu and

Bruneau, 2010b).

Preliminary Design. For preliminary proportioning of HBE, VBE and webs, an 

SPSW wall may be approximated by a vertical truss with tension diagonals. Each 

web is represented by a single diagonal tension brace within the story. For an assumed 

angle of inclination of the tension field, the web thickness, tw, may be taken as 

2AQs sin0 
tw =----

Lsin 2a 

where 

A = area of the equivalent tension brace, in.2 (mm2)

(C-F5-17) 

0 = angle between the vertical and the longitudinal axis of the equivalent diagonal 

brace 

L = distance between VBE centerlines, in. (mm) 

a = assumed angle of inclination of the tension field measured from the vertical 

per Section F5.5a 

Qs = system overstrength factor, as defined by FEMA 369 (FEMA, 2001), and 

taken as 1.2 for SPSW (Berman and Bruneau, 2003b) 

A is initially estimated from an equivalent brace size to meet the structure's drift 

requirements. 

4. System Requirements

Panel Aspect Ratio. The 2005 Provisions for the design of special plate shear walls

(SPSW) limited their applicability to wall panels having aspect ratios of 0.8 < L jh s;

2.5. This limit was first introduced in the 2003 Edition of the NEHRP Recommended

Provisions for Seismic Regulations for New Buildings and Other Structures, FEMA

450 (FEMA, 2003), as a most conservative measure in light of the relatively limited

experience with that structural system in the U.S. at the time. Since then, SPSW

designed in compliance with the Provisions and having lower aspect ratios have been

observed to perform satisfactorily. For example, SPSW specimens having L jh of 0.6

(Lee and Tsai, 2008) exhibited ductile hysteretic behavior comparable to that of walls

with larger aspect ratios.

No theoretical upper bound exists on Ljh, but as the SPSW aspect ratio increases,

progressively larger HBE will be required, driven by the capacity design principles

embodied in the design requirements. This will create a de facto practical limit beyond

which SPSW design will become uneconomical and impractical, and no arbitrary
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limit (such as 2.5) needs to be specified provided the engineer ensures that all strips 

yield at the target drift response (Bruneau and Bhagwagar, 2002). 

Past research has focused on walls with an L /tw ratio ranging from 300 to 800. 

Although no theoretical upper bound exists on this ratio, drift limits will indirectly 

constrain this ratio. The requirement that webs be slender provides a lower bound on 

this ratio. For these reasons, no limits are specified on that ratio. 

4a. Stiffness of Boundary Elements 

The stiffness requirement in the 2005 and 2010 Provisions was originally intended 

to prevent excessive in-plane flexibility and buckling of VBE. However, subsequent 

research showed that the specified limits on stiffness were uncorrelated to satisfactory 

in-plane and out-of-plane VBE performance, and that stiffer boundary elements prin

cipally served to ensure full yielding of the webs at smaller drifts (Qu and Bruneau, 

2010b). It was also experimentally demonstrated that SPSW having VBE stiffness 

exceeding these prescribed limits could perform satisfactorily (Lee and Tsai, 2008). 

The stiffness limits provided in Section F5.4a can be expedient to design boundary 

elements with adequate stiffness to develop full yielding of the webs at the design 

drift. The engineer may also demonstrate by other methods, such as pushover analy

sis, that this design objective is attained. 

4c. Bracing 

Providing stability of SPSW system boundary elements is necessary for proper per

formance of the system. Past experience has shown that SPSW can behave in a ductile 

manner with beam-to-column requirements detailed in accordance with intermediate 

moment frame requirements. As such, lateral bracing requirements are specified to 

meet the requirements for moderately ductile members. In addition, all intersections 

of HBE and VBE must be braced to ensure stability of the entire panel. 

4d. Openings in Webs 

Large openings in webs create significant local demands and thus must have HBE 

and VBE in a similar fashion as the remainder of the system. When openings are 

required, SPSW can be subdivided into smaller SPSW segments by using HBE and 

VBE bordering the openings. With the exception of the structural systems described 

in Section F5.7, SPSW with holes in the web not surrounded by HBE/VBE have not 

been tested. The provisions will allow other openings that can be justified by analysis 

or testing. 

5. Members

Sa. Basic Requirements

Dastfan and Driver (2008) demonstrated that the strength of SPSW designed in

compliance with current requirements is not substantially sensitive to the angle of

inclination of the strips, and that using a single value of 40° throughout the design

will generally lead to slightly conservative results.
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Some amount of local yielding is expected in the HBE and VBE to allow the devel

opment of the plastic mechanism of SPSW systems. For that reason, HBE and VBE 

comply with the requirements in Table DI.I for SMF. 

Sb. Webs 

The lateral shears are carried by tension fields that develop in the webs stressing in 

the direction a, defined in Section F5.5b. When the HBE and VBE boundary ele

ments of a web are not identical, the average of HBE areas may be taken in the 

calculation of Ab, and the average ofVBE areas and inertias may be respectively used 

in the calculation of Ac and le to determine a. 

The plastic shear strength of panels is given by 0.5RyFytwlcf(sin2a). The nominal 

strength is obtained by dividing this value by a system overstrength, as defined by 

FEMA 369 (FEMA, 2003), and taken as 1.2 for SPSW (Berman and Bruneau, 2003b). 

The plastic shear strength is obtained from the assumption that, for purposes of analy

sis, each web may be modeled by a series of equally spaced inclined pin-ended strips 

(Figure C-F5.5), oriented at angle a. Past research has shown that this model provides 

realistic results, as shown in Figure C-F5.6 for example, provided that at least JO 

equally spaced strips are used to model each panel. 

The specified minimum yield stress of steel used for SPSW is per Section A3. l .  How

ever, the webs of SPSW could also be of special highly ductile low yield steel having 

specified minimum yield in the range of 12 to 33 ksi (80 to 230 MPa). 

Fig. C-F5.5. Strip model of an SPSW. 
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Purba and Bruneau (20 I 2, 20 I 4a) demonstrated that plastic hinging within the span 
of HBE can produce excessive accumulation of plastic incremental deformations on 
the HBE, as well as partial yielding of the infill plates and correspondingly lower 
global plastic strength. Section F5.5c offers two design approaches to prevent in-span 
HBE plastic hinges: 

(I) Provide an HBE plastic section modulus equal to
2 

ro ybi Lb 
Zi=� -� 

4F
yb 

(C-FS-18) 

where Lb and F
yb are HBE span and yield stress, respectively; and ffi

ybi is the 
vertical component of infill plate stress, defined as 

2 ffi
ybi = Fyp

t 
p
i cos a (C-FS-19) 

where F
yp 

and t
p
i are the infill plate yield stress and the infill thickness, respec

tively, and a is the tension field inclination angle. This is equivalent to designing 
2 ffi

yb,Lb the HBE to resist a moment equal to 
4 

(2) Use reduced beam sections (RBS) at the ends of HBE to ensure plastic hinging
develops only at the RBS. Note that location and strength of RBS plastic hinges

3,000 

2,000 

1,000 

--Test 
............. Strip mr,11.,,,. Assembly 
--· Strip model: Frame only 

0 -+--+--+
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Panel deformation, mm 

80 

Fig. C-F5.6. Comparison of experimental results.for lower panel o.f multi-story 

SPSW frame and strength predicted by strip model (after Driver et al., 1997). 
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in HBE differ from those typically calculated for special moment frames, and 

these should be established using equations developed for this purpose (Qu and 

Bruneau, 2010a, 2011; Bruneau et al., 2011). 

Further details on these two design approaches are provided in Vian and Bruneau 

(2005). 

Sd. Protected Zone 

Parts of SPSW expected to develop large inelastic deformations, and their connec

tions, are designated as protected zones to meet the requirements of Section Dl .3. 

6. Connections

6a. Demand Critical Welds

Demand critical welds are required per Section A3.4b consistently with similar

requirements for all SFRS.

6b. HBE-to-VBE Connections

Due to the large initial stiffness of SPSW, total system drift and plastic hinge rotation

demands at the ends of HBE are anticipated to be smaller than for special moment

frames. The requirements of Section E2.6b for intermediate moment frames (IMF)

are deemed adequate for HBE-to-VBE connections.

1. Required Strength

Connections of the HBE to VBE shall be able to develop the plastic strength of

the HBE given that plastic hinging is expected at the ends of HBE.

2. Panel Zones

Panel zone requirements are not imposed for intermediate HBE where gener

ally small HBE connect to sizeable VBE. The engineer should use judgment

\ 

Fig. C-F5. 7. Schematic detail of special perforated steel plate wall and typical diagonal strip. 
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to identify special situations in which the panel zone adequacy of VBE next to 

intermediate HBE should be verified. 

6c. Connections of Webs to Boundary Elements 

Web connections to the surrounding HBE and VBE are required to develop the 

expected tensile strength of the webs. Net sections must also provide this strength for 
the case of bolted connections. 

The strip model can be used to model the behavior of SPSW and the tensile yielding 
of the webs at angle, a. A single angle of inclination taken as the average for all the 

panels may be used to analyze the entire wall. The expected tensile strength of the 
web strips shall be defined as R

y
F

y
As, 

where 
As

= area of a strip= (L cosa + H sina)/n, in.2 (mm2) 

L = width of panel, in. (mm) 
H = height of panel, in. (mm) 
n = number of strips per panel; taken greater than or equal to 10 

This analysis method has been shown, through correlation with physical test data, to 

adequately predict SPSW performance. It is recognized, however, that other advanced 
analytical techniques [such as the finite element method (FEM)] may also be used 
for design of SPSW. If such nonlinear (geometric and material) FEM models are 

used, they should be calibrated against published test results to ascertain reliability 
for application. Designs of connections of webs to boundary elements should also 

anticipate buckling of the web plate. Some minimum out-of-plane rotational restraint 
of the plate should be provided (Caccese et al., 1993). 

6d. Column Splices 

The importance of ensuring satisfactory performance of column splices is described 
in Commentary Section D2.5. 

7. Perforated Webs

7a. Regular Layout of Circular Perforations

Special perforated steel plate walls (SPSPW) are a special case of SPSW in which a
special panel perforations layout is used to allow utilities to pass through and which
may be used to reduce the strength and stiffness of a solid panel wall to levels required

in a design when a thinner plate is unavailable. This concept has been analytically and
experimentally proven to be effective and the system remains ductile up to the drift

demands corresponding to severe earthquakes (Vian and Bruneau, 2005; Vian et al.,
2009a; Vian et al., 2009b; Purba and Bruneau, 2007). A typical hole layout for this

system is shown in Figure C-F5.7, for a case having four horizontal lines of holes,

and seven vertical lines of holes. The design equations provided in Section F5.7a have
been validated for webs having at least four horizontal and vertical lines of holes.
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Note that while general equations could be derived for lines of holes aligned at any 

angle from the horizontal, Equation F5-3 is applicable only to the special case of 

holes that align diagonally at 45° from the horizontal because it is was deemed to be

the simplest and most practical configuration, and because it is the only orientation 

that has been considered while developing Equation F5-3 (Purba and Bruneau, 2007). 

As shown in Figure C-F5.7, perforating webs in accordance with this section result in 

the development of web yielding in a direction parallel to that of the holes alignment. 

As such, Equation F5-2 is not applicable for perforated steel plate shear walls. 

Designing SPSW in low- to medium-rise buildings using hot-rolled steel often 

results in required panel thicknesses less than the minimum plate thickness available 

from steel producers. In such cases, using the minimum available thickness would 

result in large panel force over-strength, proportionally larger design demands on 

the surrounding VBE and HBE, and an overall less economical system. Attempts at 

alleviating this problem were addressed by the use of light-gauge, cold-formed steel 

panels (Berman and Bruneau, 2003a, 2005b). SPSPW instead reduce the strength of 

the web by adding to it a regular grid of perforations. This solution simultaneously 

helps address the practical concern of utility placement across SPSW. In a regular 

SPSW, the infill panel which occupies an entire frame bay between adjacent HBE 

and VBE is a protected element, and utilities that may have otherwise passed through 

at that location must either be diverted to another bay, or pass through an opening 

surrounded by HBE and VBE. This either results in additional materials (for the 

extra stiffening) or in labor (for the relocation of ductwork in a retrofit, for example). 

SPSPW provide a more economical alternative. 

7b. Reinforced Corner Cut-Out 

It is also possible to allow utility passage through a reinforced cutout designed to 

transmit the web forces to the boundary frame. While providing utility access, this 

proposed system provides strength and stiffness similar to a solid panel SPSW sys

tem. The openings are located immediately adjacent to the column in each of the top 

corners of the panel, a location where large utilities are often located. A cut-out radius 

as large as 19.6 in. (490 mm) for a half-scale specimen having a 6.5 ft (2 m) center

to-center distance between HBE has been successfully verified experimentally and 

analytically by Vian and Bruneau (2005) and Purba and Bruneau (2007). 

Forces acting in the reinforcing arch (the curved plate at the edge of the opening) are a 

combination of effects due to arching action under tension forces due to web yielding, 

and thrusting action due to change of angle at the corner of the SPSW (Figures C-F5.8 

and C-F5.9). The latter is used to calculate the required maximum thickness of the 

"opening" corner arch (top left side of Figure C-F5.8, with no web stresses assumed 

to be acting on it). The arch plate width is not a parameter that enters the solution of 

the interaction equation in that calculation, and it is instead conservatively obtained 

by considering the strength required to resist the axial component of force in the arch 

due to the panel forces at the closing corner (top right side of Figure C-F5.8). Since 

the components of arch forces due to panel forces are opposing those due to frame 

corner opening (Figure C-F5.9), the actual forces acting in the arch plate will be 
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Fig. C-F5.8. Arch end reactions due to.frame deformations, and infill panel 

forces on arches due to tension.field action on reinforced cut-out corner. 

\ 

Fig. C-F5.9. Deformed configurations and.forces acting 011 right arch. 
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smaller than the forces calculated by considering the components individually as is 

done previously for design. 

Note that when a plate in the plane is added to the reinforcement arch to facilitate 

infill panel attachment to the arch in the field, it results in a stiffer arch section that 

could (due to compatibility of frame corner deformation) partly yield at large drifts. 

However, Vian and Bruneau (2005) and Purba and Bruneau (2007) showed that the 

thickness of the flat plate selected per the above procedure is robust enough to with

stand the loads alone, and that the presence of the stiffer and stronger T section ( due 

to the attachment plate discussed above) is not detrimental to the system performance. 

Nonlinear static pushover analysis is a tool that can be used to confirm that the 

selected reinforcement section will not produce an undesirable "knee-brace effect" or 

precipitate column yielding or beam yielding outside of the hinge region. 
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COMPOSITE MOMENT-FRAME SYSTEMS 

Gl. COMPOSITE ORDINARY MOMENT FRAMES (C-OMF) 

2. Basis of Design

9.1-331 

Composite ordinary moment frames (C-OMF) represent a type of composite moment

frame that is designed and detailed following the Specification and ACI 318 (ACI,

2014), excluding Chapter 18. ASCE/SEI 7 (ASCE, 2016) limits C-OMF to seismic

design categories A and B. This is in contrast to steel ordinary moment frames (OMF),

which are permitted in higher seismic design categories. The design requirements for

C-OMF recognize this difference and provide minimum ductility in the members and

connections. The R and Cd values for C-OMF are chosen accordingly.

G2. COMPOSITE INTERMEDIATE MOMENT FRAMES (C-IMF) 

2. Basis of Design

ASCE/SEI 7 limits the use of composite intermediate moment frames (C-IMF) in

seismic design category C through F. The provisions for C-IMF, as well as the associ

ated Rand Cd values in ASCE/SEI 7, are comparable to those required for reinforced

concrete IMF and between those for steel intermediate moment frames (IMF) and

OMF.

The inelastic drift capability of C-IMF is permitted to be derived from inelastic defor

mations of beams, columns and panel zones. This is more permissive than the design

requirements for composite special moment frames (C-SMF) as defined in Section

G3, which are intended to limit the majority of the inelastic deformation to the beams.

The C-IMF connection is based on a tested design with a qualifying story drift angle

of 0.02 rad.

4. System Requirements

4a. Stability Bracing of Beams

The requirement for spacing of lateral bracing in this section is less severe than that

for C-SMF in Section G3.4b because of the lower required drift angle for C-IMF as

compared to C-SMF. In this case, the required spacing of bracing is approximately

double that of the C-SMF system.

5. Members

Sa. Basic Requirements

This section refers to Section Dl .1, which provides requirements for moderately duc

tile members. Because the rotational demands on C-IMF beams and columns are
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expected to be lower than C-SMF, the requirements and limitations for C-IMF mem

bers are less severe than for C-SMF. 

Sb. Beam Flanges 

For relevant commentary on changes in cross section of beam flanges, see Commen

tary Section E3.5b. 

Sc. Protected Zones 

For commentary on protected zones, see Commentary Section D 1.3. 

6. Connections

6a. Demand Critical Welds

There are no demand critical welds in C-IMF members because the story drift angle

is 0.02 rad, which is half the value for C-SMF members, and ASCE/SEI 7 limits the

use of C-IMF in seismic design category C through F.

6b. Beam-to-Column Connections

The minimum story drift angle required for qualification of C-IMF connections is

0.02 rad, which is half the value for C-SMF members, reflecting the lower level of

inelastic response that is anticipated in the system.

6c. Conformance Demonstration

The requirements for conformance demonstration for C-IMF connections are the

same as for C-SMF connections, except that the required story drift angle is smaller.

Refer to Commentary Section G3.6c.

6d. Required Shear Strength

The requirements for shear strength of the connection for C-IMF are comparable to

those of SMF, with the exception that the calculation of the expected flexural strength

must account for the different constituent materials. Refer to Commentary Section

E3.6d.

6e. Connection Diaphragm Plates

Connection diaphragm plates are permitted for filled composite columns both exter

nal and internal to the column. These diaphragm plates facilitate the transfer of beam

flange forces into the column panel zone. These plates are required to have (i) thick

ness at least equal to the beam flange, and (ii) complete-joint-penetration groove or

two-sided fillet welds. They are designed with a required strength not less than the

available strength of the contact area of the plate with column sides. Internal dia

phragms are required to have a circular opening for placing concrete.
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6f. Column Splices 

The requirements for column splices for C-IMF are comparable to those of SMF, with 

the exception that the calculation of the expected flexural strength must account for 

the different constituent materials. 

G3. COMPOSITE SPECIAL MOMENT FRAMES (C-SMF) 

1. Scope

Composite special moment frames (C-SMF ) include a variety of configurations

where steel or composite beams are combined with reinforced concrete or composite

columns. In particular, composite frames with steel floor framing and composite or

reinforced concrete columns have been used as a cost-effective alternative to frames

with reinforced concrete floors (Griffis, 1992; Furlong, 1997; Vi est et al., 1997).

2. Basis of Design

Based on ASCE/SEI 7, C-SMF are primarily intended for use in seismic design cat

egories D, E and F. Design and detailing provisions for C-SMF are comparable to

those required for steel and reinforced concrete SMF and are intended to confine

inelastic deformation to the beams and column bases. Since the inelastic behavior

of C-SMF is comparable to that for steel or reinforced concrete SMF, the R and Cd

values are the same as for those systems.

C-SMF are generally expected to experience significant inelastic deformation during

a large seismic event. It is expected that most of the inelastic deformation will take

place as rotation in beam "hinges" with limited inelastic deformation in the panel

zone of the column. The beam-to-column connections for these frames are required

to be qualified based on tests that demonstrate that the connection can sustain a story

drift angle of at least 0.04 rad based on a specified loading protocol. Other provisions

are intended to limit or prevent excessive panel zone distortion, failure of connec

tivity plates or diaphragms, column hinging, and local buckling that may lead to

inadequate frame performance in spite of good connection performance.

C-SMF and C-IMF connection configurations and design procedures are based on the

results of qualifying tests; the configuration of connections in the prototype structure

must be consistent with the tested configurations. Similarly, the design procedures

used in the prototype connections must be consistent with tested configurations.

4. System Requirements

4a. Moment Ratio

The strong-column weak-beam (SC/WB) mechanism implemented for compos

ite frames is based on the similar concept for steel SMF. Refer to Commentary

Section E3.4a for additional details and discussion. It is important to note that

compliance with the SC/WB requirement and Equation 03-1 does not ensure that

individual columns will not yield, even when all connection locations in the frame
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comply. However, yielding of beams will predominate and the desired inelastic per
formance will be achieved in frames with members sized to meet the requirement of 
Equation G3-l .  

Commentary Section E3.4a discusses the three exceptions to Equation E3-l. The 
same discussion applies here for Equation G3- l, with the exception that the axial 
force limit is Pre < O. IP c, which is done to ensure ductile behavior of composite and 
reinforced concrete columns. 

4b. Stability Bracing of Beams 

For commentary on stability bracing of beams, see Commentary Section E3.4b. 

4c. Stability Bracing at Beam-to-Column Connections 

The stability bracing requirements at beam-to-column connections are similar to 
those for unbraced connections in steel SMF. Composite columns are typically not 
susceptible to flexural-torsional buckling modes due to the presence of concrete. The 
requirements of Section E3.4c.2 are applicable because composite columns are sus
ceptible to flexural buckling modes in the out-of-plane direction. 

5. Members

Sa. Basic Requirements

Reliable inelastic deformation for highly ductile members requires that width-to
thickness ratios be limited to a range that provides composite cross sections resistant
to local buckling well into the inelastic range. Although the width-to-thickness ratio
for compact elements in Specification Table II. I are sufficient to prevent local buck
ling before the onset of yielding, the available test data suggest that these limits are
not adequate for the required inelastic deformations in C-SMF (Varma et al., 2002,
2004; Tort and Hajjar, 2004).

Encased composite columns classified as highly ductile members shall meet the addi
tional detailing requirements of Sections D 1 .4b. l and D 1.4b.2 to provide adequate
ductility. For additional details, refer to Commentary Section D 1 .4b.

Filled composite columns shall meet the additional requirements of Section D 1 .4c.

When the design of a composite beam satisfies Equation G3-2, the strain in the steel
at the extreme fiber will be at least five times the tensile yield strain prior to concrete
crushing at strain equal to 0.003. It is expected that this ductility limit will control the
beam geometry only in extreme beam/slab proportions.

Sb. Beam Flanges

For relevant commentary on changes in cross section of beam flanges, see Commen
tary Section E3.5b.

Sc. Protected Zones

For commentary on protected zones see Commentary Section D 1.3.

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Comm. G3.] 

6. Connections
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While the Provisions permit the design of composite beams based solely upon

the requirements in the Specification, the effects of reversed cyclic loading on

the strength and stiffness of shear studs should be considered. This is particularly

important for C-SMF where the design loads are calculated assuming large member

ductility and toughness. In the absence of test data to support specific requirements

in the Provisions, the folJowing special measures should be considered in C-SMF:

( 1) implementation of an inspection and quality assurance plan to verify proper weld

ing of steel headed stud anchors to the beams (see Sections A4.3 and Chapter J); and

(2) use of additional steel headed stud anchors beyond those required in the Specifica

tion immediately adjacent to regions of the beams where plastic hinging is expected.

6a. Demand Critical Welds 

For general commentary on demand critical welds see Commentary Section A3.4. 

6b. Beam-to-Column Connections 

Connections to Reinforced Concrete Columns. A schematic connection drawing 

for composite moment frames with reinforced concrete columns is shown in Fig

ure C-D2.10 where the steel beam runs continuously through the column and is 

spliced away from the beam-to-column connection. Often, a small steel column that 

is interrupted by the beam is used for erection and is later encased in the reinforced 

concrete column (Griffis, 1992). Numerous large-scale tests of this type of connec

tion have been conducted in the United States and Japan under both monotonic and 

cyclic loading ( e.g., Sheikh et al., 1989; Kanno and Deierlein, 1997; Nishiyama et al., 

1990; Parra-Montesinos and Wight, 2000; Chou and Uang, 2002; Liang and Parra

Montesinos, 2004). The results of these tests show that carefully detailed connections 

can perform as well as seismically designed steel or reinforced concrete connections. 

In particular, details such as the one shown in Figure C-D2. l O avoid the need for field 

welding of the beam flange at the critical beam-to-column junction. Therefore, these 

joints are generally not susceptible to the fracture behavior in the immediate connec

tion region near the column. Tests have shown that, of the many possible ways of 

strengthening the joint, face bearing plates (see Figure C-G3. l )  and steel band plates 

(Figure C-G3.2) attached to the beam are very effective for both mobilizing the joint 

shear strength of reinforced concrete and providing confinement to the concrete. Fur

ther information on design methods and equations for these composite connections is 

available in published guidelines (e.g., Nishiyama et al., 1990; Parra-Montesinos and 

Wight, 2001 ). Note that while the scope of the ASCE Guidelines (ASCE, 1994) limits 

their application to regions of low to moderate seismicity, recent test data indicate 

that the ASCE Guidelines are adequate for regions of high seismicity as well (Kanno 

and Deierlein, 1997; Nishiyama et al., 1990; Parra-Montesinos et al., 2003). 

Connections to Encased Columns. Prior research has been conducted on the cyclic 

performance of encased columns and their connections (e.g., Kanno and Deier

lein, 1997). Connections between steel beams and encased composite columns (see 
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Figure C-G3.l) have been used and tested extensively in Japan. Alternatively, the 

connection strength can be conservatively calculated as the strength of the connec

tion of the steel beam to the steel column. Or, depending upon the joint proportions 

and detail, where appropriate, the strength can be calculated using an adaptation of 

design models for connections between steel beams and reinforced concrete columns 

(ASCE, 1994). One disadvantage of this connection detail compared to the one shown 

in Figure C-D2.10 is that, like standard steel construction, the detail in Figure C-G3.l 

requires welding of the beam flange to the steel column. 

Connections to Filled Columns. Prior research has also been conducted on the cyclic 

performance of filled columns and their connections, and there has been substantial 

recent research to support design strategies (see Figure C-G3.3) (Azizinamini and 

Schneider, 2004; Rides et al., 2004a; Herrera et al., 2008). 

The results of these tests and the corresponding design details can be used to design 

the connections and prepare for the qualification according to Chapter K. For example, 
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reinforcement 

bearing 
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(through joint) 
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Fig. C-G3.l. Encased composite column-to-steel beam moment connection. 
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Figure C-G3.4 shows a large-scale filled composite column-to-steel beam connection 

that was tested by Ricles et al. (2004a) and demonstrated to exceed a story drift angle 

of 0.04 rad. In this same publication, the authors report test results for other large

scale filled composite column-to-beam connections that meet or exceed the story drift 

angle of 0.02 rad (for C-IMF) and 0.04 rad (for C-SMF). 

For the special case where the steel beam runs continuously through the composite 

column, the internal load transfer mechanisms and behavior of these connections 

are similar to those for connections to reinforced concrete columns (Figure C-G3.2). 

Otherwise, where the beam is interrupted at the column face, special details are 

needed to transfer the column flange loads through the connection (Azizinamini and 

Schneider, 2004). 

Stiffener 

beam 
(through joint) 

Reinforced concrete 
column 

longitudinal 
reinforcement 

Band plates 

Fig. C-G3. 2. Steel band plates used for strengthening the joint. 
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6c. Conformance Demonstration 

The Provisions require that connections in C-SMF meet the same story drift capacity 

of 0.04 rad as required for steel SMF. Section G3.6c provides conformance dem

onstration requirements. This provision permits the use of connections qualified by 

prior tests or project specific tests. The engineer is responsible for substantiating the 

connection. 

For the special case where beams are uninterrupted or continuous through composite 

or reinforced concrete columns, and beam flange welded joints are not used, the 

performance requirements shall be demonstrated through large-scale testing in accor

dance with Section K2, or other substantiating data available in the literature (e.g., 

Kanno and Deierlein, I 997; Nishiyama et al., I 990; Parra-Montesinos and Wight, 

200 I; Parra-Montesinos et al., 2003). 

6d. Required Shear Strength 

The requirements for shear strength of the connection for C-SMF are comparable to 

those of SMF, with the exception that the calculation of the expected flexural strength 

must account for the different constituent materials. See Commentary Section E3.6d. 

Steel 

(through joint) 

Fig. C-G3.3. Filled composite column-to-steel beam 

moment connection (beam flange uninterrupted). 
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The requirements for continuity plates and diaphragms are the same for C-SMF as for 

C-IMF. Refer to Commentary Section G2.6e.

6f. Column Splices 

The requirements for column splices are the same for C-SMF as for C-IMF. Refer to 

Commentary Section G2.6f. 

G4. COMPOSITE PARTIALLY RESTRAINED MOMENT FRAMES 

(C-PRMF) 

1. Scope

Composite partially restrained moment frames (C-PRMF) consist of structural steel

columns and composite steel beams, connected with partially restrained (PR) com

posite joints (Leon and Kim, 2004; Thermou et al., 2004; Zandonini and Leon, 1992).

In PR composite joints, flexural resistance is provided by a couple incorporating a

conventional steel bottom flange connection (welded or bolted plates, angles, or

T-stubs) and the continuous reinforcing steel in the slab at the top of the girder (see

W24x62 
(W 610x92) 

12mm 

29mm dia. bolt 

(typ.) A490 

lA 

Fig. C-GJ.4. Filled composite column-to-steel beam 

moment connection (beam flange interrupted). 
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Figure C-G4. l ). The steel beam and the concrete slab are connected by steel anchors, 

such as headed anchor studs. Shear resistance is provided through a conventional 

steel frame shear connection (welded or bolted plates or angles). The use of the slab 

reinforcing steel results in a stronger and stiffer connection, a beneficial distribution 

of strength and stiffness between the positive and negative moment regions of the 

beams, and redistribution of loads under inelastic action. In most cases, the connec

tions in this seismic force-resisting system at the roof level will not be designed as 

composite. 

C-PRMF were originally proposed for areas of low to moderate seismicity in the east

ern United States (seismic design categories A, B and C). However, with appropriate

detailing and analysis, C-PRMF can be used in areas of higher seismicity (Leon,

1990). Tests and analyses of these systems have demonstrated that the seismically

induced loads on partially restrained (PR) moment frames can be lower than those for

fully restrained (FR) moment frames due to: (1) lengthening in the natural period due

to yielding in the connections and (2) stable hysteretic behavior of the connections

(Nader and Astaneh-Asl, 1992; DiCorso et al., 1989). Thus, in some cases, C-PRMF

can be designed for lower seismic loads than ordinary moment frames (OMF).

Plan 

Longitudinal slab 
reinforcement 

Fig. C-G4.I. Composite partially restrained connection. 
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Design methodologies and standardized guidelines for composite partially
restrained moment frames (C-PRMF) and connections have been published
(Ammerman and Leon, 1990; Leon and Forcier, 1992; Leon et al., 1996; ASCE,
1998). In the design of PR composite connections, it is assumed that bending and
shear forces can be considered separately.

3. Analysis

For frames up to four stories, the design of C-PRMF should be made using an analy
sis that, as a minimum, accounts for the partially restrained connection behavior of
the connections by utilizing linear springs with reduced stiffness (Bjorhovde, 1984).
The effective connection stiffness should be considered for determining member
load distributions and deflections, calculating the building's period of vibration, and
checking frame stability. Different connection stiffnesses may be required for these
checks (Leon et al., 1996). Frame stability can be addressed using conventional pro
cedures. However, the connection flexibility should be considered in determining the
rotational restraint at the ends of the beams. For structures taller than four stories,
drift and stability need to be carefully checked using analysis techniques that incor
porate both geometric and connection nonlinearities (Rassati et al., 2004; Ammerman
and Leon, 1990; Chen and Lui, 1991). Because the moments of inertia for composite
beams in the negative and positive regions are different, the use of either value alone
for the beam members in the analysis can lead to inaccuracies. Therefore, the use of
a weighted average, as discussed in the Commentary to Specification Chapter I, is
recommended (Zaremba, 1988; Ammerman and Leon, 1990; Leon and Ammerman,
1990; AISC, 2016a).

4. System Requirements

The system should be designed to enforce a strong column-weak beam mechanism
except for the roof level. Leon et al. (1996) suggest using the following equation,
analogous to Equation E3-l for SMF, to achieve this behavior:

M;c L,--;, > 1.2 
Mpb 

(C-04-1) 

where appropriate overstrength factors (typically 1.1 for the steel beams and 1.25 
for the reinforcing bars) are incorporated into the M;b calculation. The value of 1.2 
instead of the 1.0 in Equation E3-l is intended to ensure a weak beam-strong column 
mechanism, which Equation E3-l does not (see Commentary to Section E3.4a). 

5. Members

Sa. Columns

Column panel zone checks per the Specification should be carried out assuming the
connection moment is given by concentrated forces at the bottom flange and at the
center of the concrete slab.
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Sb. Beams 

Only fully composite beams are used in this system, as the effect of partial interaction 

in the composite beams has not been adequately justified. Because the force transfer 

relies on bearing of the concrete slab against the column flange, the bearing strength 

of the concrete should be checked. (See Figure C-04.2.) The full nominal slab depth 

should be available for a distance of at least 12 in. (300 mm) from the column flange 

(see Figure C-04.3). 

6. Connections

The connecting elements should be designed with a yield force that is less than that

of the connected members to prevent local limit states, such as local buckling of the

flange in compression, web crippling of the beam, panel zone yielding in the column,

and bolt or weld failures, from controlling. When these limit states are avoided, large

connection ductilities should ensure excellent frame performance under large inelas

tic load reversals.

6c. Beam-to-Column Connections

Most PR connections do not exhibit a simple elasto-plastic behavior and thus the

moment strength of the connection must be tied to a connection rotation value. A

connection rotation of 0.02 rad has been used as the requirement in the Spec�fication;

however, for most composite PR connections, it is more appropriate to use 0.01 rad

when considering the positive moment strength (tension at the bottom flange) of the

connection. Most PR connections will achieve at least 80% of their ultimate strength

t t t 

Column� 

Longitudinal 

reinforcement 

1 

+ 

Fig. C-G4.2. Concrete slab bearing force transfer. 
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at these rotation levels. The 50% M
p 

requirement is intended to apply to both positive 

and negative connection strength. This requirement is intended to prevent a potential 

incremental collapse mechanism from developing. 

6d. Conformance Demonstration 

Tests results that show general conformance with Section K2 have been reported in 

the literature (Leon et al., 1987; Leon, 1994). Section K2 is written in terms of story 

drift rather than in terms of connection rotation; however, the intent of Section K2 

for this seismic frame system is to show that the connection is capable of sustain

ing cyclic strength through a connection rotation of 0.02 rad. Therefore, the loading 

sequence of Section K2.4b should be considered in the context of connection rotation 

rather than story drift and need only be taken through step (f) of the loading sequence. 

Nominal 

slab depth 
I 

Fig. C-G4.3. Solid slab to be provided around column. 
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CHAPTER H 

COMPOSITE BRACED-FRAME AND 

SHEAR-WALL SYSTEMS 

Hl. COMPOSITE ORDINARY BRACED FRAMES (C-OBF) 

Composite braced frames consisting of steel, composite and/or reinforced concrete 

elements have been used in low- and high-rise buildings in regions oflow and moder

ate seismicity. The composite ordinary braced frame (C-OBF) category is provided 

for systems without special seismic detailing that are used in seismic design catego

ries A, B and C. Thus, the C-OBF systems are considered comparable to structural 

steel systems that are designed according to the Specification using a seismic response 

modification coefficient, R, of 3. Because significant inelastic load redistribution is 

not relied upon in the design, there is no distinction between frames where braces 

frame concentrically or eccentrically into the beams and columns. 

1. Scope

The combination of steel, concrete and/or composite member types that is permitted

for C-OBF is intended to accommodate any reasonable combination of member types

as permitted by the Specification and ACI 318 (ACI, 2014 ).

6. Connections

Examples of connections used in C-OBF are shown in Figures C-Hl . l through

C-Hl.3. As with other systems designed in accordance with the Specification for a

Fig. C-Hl.l. Reinforced concrete (or composite) column-to-steel concentric brace. 
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Fig. C-Hl.2. Reinforced concrete (or composite) column-to-steel concentric brace. 

SectionA�A 

Cn,nf'r,o::,ti:. filled tube 

or pipe 

Fig. C-Hl.3. Filled HSS or pipe column-to-steel concentric base. 
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seismic response modification coefficient, R, of 3, the connections in C-OBF should 

have design strengths that exceed the required strengths for the earthquake loads in 

combination with gravity and other significant loads. The provisions of Section D2.7 

should be followed insofar as they outline basic assumptions for calculating the 

strength of force transfer mechanisms between structural steel and concrete members 

and components. 

H2. COMPOSITE SPECIAL CONCENTRICALLY BRACED FRAMES 

(C-SCBF) 

The composite special concentrically braced frame (C-SCBF) is one of two types 

of composite braced frames that are specially detailed for seismic design categories 

D, E and F; the other is the composite eccentrically braced frame (C-EBF). While 

experience using C-SCBF is limited in high seismic regions, the design provisions for 

C-SCBF are intended to provide behavior that is comparable to steel SCBF, wherein

the braces often are the elements most susceptible to inelastic deformations (see

Commentary Section F2). Values and usage limitations for the response modifica

tion coefficient, R, and deflection amplification factor, Cd, for C-SCBF are similar to

those for steel SCBF.

1. Scope

Unlike C-OBF, which permit the use of concrete columns, the scope for C-SCBF is

limited to systems with composite columns to help ensure reliable force transfer from

the steel or composite braces and beams into the columns.

2. Basis of Design

The basis of design is comparable to steel SCBF. Thus, the provisions for analysis,

system requirements, members and connections make reference to the provisions of

Section F2. Refer to the associated commentary for Section F2 where reference is

made to that section in the Provisions.

3. Analysis

Just as the SCBF requires the system to be designed for the effects of the brace mem

ber tensile capacity and the cyclic post-buckling behavior, so does the composite

system. Composite braces can develop higher forces than the steel brace member

itself, due to compressive capacity of the concrete area as well as tension capacity of

developed longitudinal reinforcing in the concrete. The maximum loads the connec

tion may be required to resist will need to consider the concrete and reinforcing steel

overstrength.

4. System Requirements

Multi-tiered braced frames (MTBF) are permitted for C-SCBF consistent with the

scope of Section H2, with the exception that composite braces are not permitted for

MTBF, as there is insufficient basis for developing appropriate strength and stiffness

requirements for composite braces in MTBF.
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Composite columns in C-SCBF are detailed with similar requirements to highly duc

tile composite columns in C-SMF. Special attention should be paid to the detailing of

the connection elements (MacRae et al., 2004).

Sb. Diagonal Braces

Braces that are all steel should be designed to meet all requirements for steel braces

in Section F2.

In cases where composite braces are used (either filled or encased), the concrete has

the potential to stiffen the steel section and prevent or deter brace buckling while

at the same time increasing the capability to dissipate energy. The filling of hollow

structural sections (HSS) with concrete has been shown to effectively stiffen the HSS

walls and inhibit local buckling (Goel and Lee, 1992). For encased steel braces, the

concrete should be sufficiently reinforced and confined to prevent the steel shape

from buckling. To provide high ductility, the composite braces are required to be

designed to meet all requirements for encased composite columns as specified in Sec

tion DI .4b. Composite braces in tension should be designed based on the steel section

alone unless test data justify higher strengths.

6. Connections

Careful design and detailing of the connections in a C-SCBF is required to prevent

connection failure before developing the full strength of the braces in either tension

or compression. Where the brace is composite, the added brace strength afforded by

the concrete should be considered in the connection design. In such cases, it would

be unconservative to base the connection strength on the steel section alone. Con

nection design and detailing should recognize that buckling of the brace could cause

excessive rotation at the brace ends and lead to local connection failure. Therefore,

as in steel SCBF, the brace connection should either be designed to accommodate

the inelastic rotations associated with brace buckling or to have sufficient strength

and stiffness to accommodate plastic hinging of the brace adjacent to the connection.

6a. Demand Critical Welds

For general commentary on demand critical welds see Commentary Section A3.4.

6b. Beam-to-Column Connections

Ductile connections between the beam and column are required for C-SCBF. Rota

tion requirements for both simple and moment-resisting connections are provided.

See Commentary Section F2.6b for further discussion.

6d. Column Splices

The requirements for column splices are comparable to those of C-IMF. Refer to

Commentary Section G2.6f.
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H3. COMPOSITE ECCENTRICALLY BRACED FRAMES (C-EBF) 

1. Scope

Structural steel EBF have been extensively tested and utilized in seismic regions and

are recognized as providing excellent resistance and energy absorption for seismic

loads (see Commentary Section F 3). While there has been little use of composite

eccentrically braced frames (C-EBF), the inelastic behavior of the critical steel link

region should be comparable to that of steel EBF and inelastic deformations in the

encased composite or filled composite columns should be minimal as well as in the

structural steel or filled composite braces. Therefore, the R and Cd values and usage

limitations for C-EBF are the same as those for steel EBF. As described below, care

ful design and detailing of the brace-to-column and link-to-column connections is

essential to the performance of the system.

2. Basis of Design

The basic design requirements for C-EBF are the same as those for steel EBF, with

the primary energy absorption being provided by the structural steel link.

A small eccentricity of less than the beam depth is allowed for brace-to-beam or

brace-to-column connections away from the link. Small eccentricities are sometimes

required for constructability reasons and will not result in changing the location of

predominate inelastic deformation capacity away from the link as long as the result

ing secondary forces are properly accounted for.

3. Analysis

As with EBF, satisfactory behavior of C-EBF is dependent on making the braces and

columns strong enough to remain essentially elastic under loads generated by inelas

tic deformations of the links. Since this requires an accurate calculation of the shear

link nominal strength, it is important that the shear region of the link not be encased

in concrete.

6. Connections

In C-EBF where the link is not adjacent to the column, the concentric brace-to-column

connections are similar to those shown for C-OBF (Figures C-Hl . I through C-Hl .3).

An example where the link is adjacent to the column is shown in F igure C-H3.l.

In this case, the link-to-column connection is similar to composite beam-to-column

moment connections in C-SMF (Section G3) and to steel coupling beam-to-wall con

nections (Section H5).

6a. Beam-to-Column Connections

While the majority of the energy dissipation is anticipated to occur at the link, beam

to-column connections in C-EBF are anticipated to go through large rotations as the

system undergoes large inelastic deformations. The maximum inelastic deformations

are anticipated to be on the order of 0.025 rad, resulting in the requirement that when

simple beam-to-column connections are used that they be capable of undergoing this
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rotation demand. Alternatively, fully restrained, ordinary moment connections can 

also be used since they have been shown to accommodate this rotation demand. See 

Commentary Section F2.6b for further discussion. 

H4. COMPOSITE ORDINARY SHEAR WALLS (C-OSW) 

1. Scope

This section applies to uncoupled reinforced concrete shear walls with composite

boundary elements (see Figure C-H4. l ), and coupled reinforced concrete walls, with

or without composite boundary elements, in which structural steel or composite cou

pling beams connect two or more adjacent walls (see Figure C-H4.2).

Structural steel or composite boundary elements may be used as wall boundary ele

ments or for erection purposes only. In the latter case, the structural steel members

may be relatively small. The detailing of coupling beam-to-wall connections depends

on whether structural shapes are embedded in the wall boundaries or the wall has

conventional reinforced concrete boundary elements. If steel or composite column

boundary elements are used, the coupling beams can frame into the columns and

transmit the coupling forces through a moment connection with the steel column [see

Figure C-H4.3(a)]. The use of a moment connection is, however, not preferred given

the cost and difficulty of constructing ductile connections. Alternatively, the coupling

beam may be connected to the embedded boundary column with a shear connec

tion while the moment resistance is achieved by a combination of bearing along the

embedment length and shear transfer provided by steel anchors along the coupling

beam flanges [see Figure C-H4.3(b)].

Link length e 

Face bearing plates 

Reinforced t"f\!�t"r,.,.tA 

or composite column 

(continuous 
through joint) 

Fig. C-H3.I. Reinforced concrete (or composite) column-to-steel eccentric brace. 

(Note: Stiffeners are designed according to Section F3.5a.) 
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If structural steel or composite boundary elements are not present, the coupling beam 

should be embedded a sufficient distance into the wall so that the coupling forces are 

transmitted entirely through the interaction that occurs between the embedded cou

pling beam and the surrounding concrete. 

2. Basis of Design

The level of inelastic deformation in C-OSW is limited. Equations H4-l and H4-l M

predict the shear strength of the beam-to-wall connection and inherently provide the

required flexural strength through interaction of the embedded portion of the beam

Fig. C-H4.1. Reinforced concrete walls with composite boundary element. 

Coupling beams 

Fig. C-H4.2. Examples of coupled wall geometry. 
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with the surrounding concrete. Equations H4-2 and H4-2M allow for yielding and 

implicit ductility in shear. It is, thus, expected that the h/tw requirements of Specifica

tion Section 02 will be satisfied such that Ci, = 1.0 in the calculation of the nominal 

shear strength of a steel beam within a composite coupling beam. For a composite 

coupling beam, the minimum shear reinforcement requirements from ACI 318 (ACI, 

2014) are satisfied. The wall piers are to be designed based on nonseismic provisions 

of ACI 318, i.e., the requirements of Chapter 18 do not have to be satisfied for these 

ordinary systems. 

connection 

plate 

(a) Steel coupling beam attached to steel wall boundary element column

(b) Steel coupling beam attached to steel erection column

Fig. C-H4.3. Steel coupling beam details. 
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3. Analysis

In order to compute the design forces and deformations, the wall piers, coupling
beam elements, and the coupling beam-to-wall connections need to be modeled con
sidering cracked section properties for concrete. Guidance from ACI 318 Chapter 6
(Sections 6.6.3.1.1, 6.6.4.2, 6.7. l .3) and ASCE 41 (ASCE, 2013) is available.

Modeling of the wall piers falls into three main classes (in increasing degree of com
plexity): 1) equivalent frame models, 2) multi-spring models, and 3) continuum finite
element model (ASCE, 2009). Previous studies (Shahrooz et al., 1993; Gong and
Shahrooz, 2001 b; Harries et al., 1997) have demonstrated that steel or steel-concrete
composite coupling beams do not behave as having a fixed boundary condition at the
face of the wall. The additional flexibility needs to be taken into account in equivalent
frame or multi-spring models to ensure that wall forces and lateral deflections are
computed with reasonable accuracy. If the embedment length of the beam is known,
the effective fixed point of steel or steel-concrete composite coupling beams may be
taken at approximately one-third of the embedment length from the face of the wall
(Shahrooz et al., 1993; Gong and Shahrooz, 2001b). Thus, the effective span of the
equivalent fixed-end beam used for analysis, geffective, is g + 0.6Le where g is the clear
span and Le is the embedment length. If the value of Le is not available, the procedure
proposed by Harries et al. (1997) may be used. In this procedure, the effective flex
ural stiffness (reduced to account for the presence of shear) of a steel coupling beam
is reduced to 60% of its gross section value:

( Al2E/) Iejj =0.60! 1+-
2

- -

g GAw 
(C-H4-l) 

where 
Aw = area of steel section assumed to resist shear, which is typically the area of the 

steel web, in.2 (mm2) 

E = modulus of elasticity of steel, ksi (MPa) 
G = shear modulus of steel, ksi (MPa) 
I = moment of inertia of steel coupling beam, in.4 (mm4) 

A = cross-section shape factor for shear (1.5 for W-shapes) 

4. System Requirements

The coupling beam forces can be redistributed vertically, both up and down the struc
ture, in order to optimize the design (Harries and McNeice, 2006). Redistribution
can also help to lower the required wall overstrength and improve constructability by
permitting engineers to use one beam section over larger vertical portions of the wall.
Given the benefits of redistribution and the inherent ductility of steel coupling beams,
a 20% redistribution of coupling beam design forces is recommended provided the
sum of the resulting shear strength ( e.g., the design strength, <!> Vn) exceeds the sum of
the coupling beam design force determined from the lateral loading ( e.g., the required
strength, V,J (CSA, 2004); for example, I.<!>Vn/LVu ;c: I. This concept is schemati
cally illustrated in Figure C-H4.4.
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Coupling beam response is intended to be similar to shear link response in eccen
trically braced frames (EBF). The expected coupling beam chord rotation plays an
important role in how the coupling beam is detailed. This angle may be computed
from

gejfective 

where 
L = distance between the centroids of the wall piers, in. (mm) 

(C-H4-2) 

geffective = effective clear span as discussed in Commentary Section H4.3, in. (mm) 

0d = story drift angle, computed as the story drift divided by the story height, 
rad (Harries et al., 2000) 

For cases in which the coupling beam embedment into the wall piers is the only 
mechanism of moment resistance, the embedment length has to be long enough to 
develop the required shear demand determined from structural analysis that considers 
all the applicable load combinations. Models have been developed for connections 
between steel brackets and reinforced concrete columns (e.g., Mattock and Gaafar, 
1982). These models are used to compute an embedment length required to prevent 
bearing failure of concrete surrounding the flanges of the embedded steel members. A 
number of studies (Shahrooz et al., 1993; Gong and Shahrooz, 2001a, 2001b; Fortney, 
2005) have demonstrated the adequacy of Mattock and Gaafar's model for coupling 
beams subjected to reversed cyclic loading. Other models (Harries et al., 1997) may 

CouplinQ beam shear force 

Fig. C-H4.4. Vertical distribution of coupling beam shear. 
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also be used. Equations H4- l and H4-2 are based on the model developed by Mattock 
and Gaafar (1982) and recommended by ASCE (2009). The strength model in this 
equation is intended to mobilize the moment arm, Z, between bearing forces Cf and 
Ch shown in Figure C-H4.5. 

A parabolic distribution of bearing stresses is assumed for Cb, and Cf is estimated by 
a uniform stress equal to 

where 

( 

)0.66 

fi1 = 1.54.JlZ 
hw
hf 

hf = width of flange, in. (mm) 
hw = width of wall, in. (mm) 
f; = specified compressive strength of concrete, ksi (MPa) 

(C-H4-3) 

The h1/hw term accounts for spreading of the compressive stress beneath the beam 
flange as shown in Section A-A of Figure C-H4.5 and was calibrated based on experi
mental data. In Equation H4-l ,  the ratios of c /Le and k2 as shown in Figure C-H4.5 are 
assumed to be 0.66 and 0.36 respectively, as recommended by Mattock and Gaafar 

beam 

, Spread of 
compression 

0.003 

Fig. C-H4.5. Method for computing the embedment capacity. 
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(1982). The g/2 parameter, shown in Figure C-H4.5, is the parameter, a, used by Mat

tack and Gaafar to define one-half the effective span of the coupling beam. 

Vertical wall reinforcement sufficient to develop the required shear strength of the 

coupling beam will provide adequate control of the gaps that open at the beam flanges 

under reversed cyclic loading (Harries et al., 1997). Harries et al. (1997) recommends 

that two-thirds of the required vertical wall reinforcement be located within a dis

tance of one-half the embedment length from the face of the wall. The vertical bars 

must have adequate tension development length above and below the flanges of the 

coupling beam. The vertical reinforcement in wall boundary elements, if present, is 

typically sufficient to meet these requirements. 

Steel coupling beams may be encased in reinforced concrete. Previous research 

(Gong and Shahrooz, 2001a, 2001b) indicates that nominal encasement significantly 

improves resistance to flange and web buckling, and enhances the strength of the 

coupling beam. The required embedment length must be computed recognizing the 

beneficial effects of encasement. Equations H4-2 and H4-2M for computing the shear 

strength of encased coupling beams are based on meeting the ACI 318 minimum 

shear reinforcement requirements. Hence, minimum shear reinforcement needs to 

be provided regardless of the calculated value of shear force in the coupling beam. 

HS. COMPOSITE SPECIAL SHEAR WALLS (C-SSW) 

1. Scope

The provisions in this section apply to coupled wall systems with steel or composite

coupling beams. The reinforced concrete walls may or may not have structural steel

or composite sections serving as boundary elements. Examples of systems with such

boundary element conditions are discussed in Commentary Section H4. l .  The focus

of this section is on composite special shear walls.

For cases in which special reinforcement detailing in the wall boundary region is

required, it is not necessary, nor is it typically practical, to pass wall boundary trans

verse reinforcing bars through the web of the embedded coupling beam. A practical

alternative is to place hooked ties on either side of the web, and to provide short verti

cal bars between the flanges to anchor these ties, as shown in Figure C-H5. l .

2. Basis of Design

The preferred sequence of yielding for coupled walls is for the coupling beams to

yield over the entire height of the structure prior to yielding of the walls at their bases

(Santhakumar, 1974). This behavior relies on coupling beam-to-wall connections that

can develop the expected flexural and shear strengths of the coupling beams. For steel

coupling beams, or steel beams embedded within composite coupling beams, satisfy

ing the requirements of Section F3.5b ensures adequate ductility for shear yielding.

For a composite coupling beam, the shear strengths in Equations H5-5 and H5-5M

are assessed assuming the minimum shear reinforcement requirements are satisfied

from ACI 318, thus enabling the coupling beam to yield in shear.
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3. Analysis

Wall piers in special shear walls will experience significant plastic deformations.

Appropriate stiffness values need to be selected to account for the differences between

the cracked section properties of the walls in the plastic hinge region and regions that

are expected to remain elastic. Guidance from ACI 318 Chapter 6 (Sections 6.6.3.1.1,

6.6.4.2, 6.7.1.3) and ASCE 41 is available (see also Commentary Chapter C).

To account for spaJJing at the coupling beam-to-wall connection, the value of geffective

(discussed in Commentary Section H4.3) needs to be computed based on g = clear

span+ 2(clean cover) to the first layer of confining reinforcement in the walJ bound

ary member.

4. System Requirements

In order to ensure the preferred plastic mechanism in coupled walls, for example,

that the coupling beams yield prior to the wall piers, a wall overstrength factor, ro0, is

applied to the wall design forces. The required wall overstrength is taken as the ratio

of the sum of the nominal shear strengths of the coupling beams, Vn, magnified by

I. !R
y
, to the sum of the coupling beam required shear strengths determined for the

Vertical bar 

Hoops and 

hairpins 

(a) Steel coupling.framing into

"barbell" wall boundary region

Vertical bar � 

1-!N"\nC: and 

hairpins 

Section B-B 

(b) Steel coupling beam.framing into

rectangular wall boundary region

Fig. C-H5.I. Example details of a steel coupling beam embedded in reinforced concrete wall. 
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case of factored lateral loading, Vu, (excluding the effects of torsion) (CSA, 2004) 
where 

(J)() = Il. lR
y
Vn/LVu (C-H5-l) 

This factor, therefore, includes the natural overstrength resulting from the design pro
cedure and strength reduction factors and the overstrength resulting from designing 
for critical beams and using this design over a vertical cluster of beams ( or all the 
beams) in the structure. The 20% vertical redistribution of beam forces described in 
Section H4.4 is permitted for special wall systems and will help to mitigate large wall 
overstrength factors. 

The required wall overstrength can have a significant effect on wall pier design forces 
(Fortney, 2005; Harries and McNeice, 2006) and can adversely affect the economy of 
the system. Required wall overstrength will typically be greater in structures having a 
higher coupling ratio due to the relatively steep gradient of beam shear demand over 
the height of the structure (Figure C-H4.4). An advantage of a greater coupling ratio 
is that wall pier forces are reduced, but the larger wall overstrength factor may negate 
this advantage. Permitting the redistribution of beam forces as described in Section 
H4.4 may minimize this effect. 

5. Members

Sa. Ductile Elements 

Coupling beams must be able to undergo substantial inelastic deformation reversals; 
therefore, coupling beams are designated as protected zones. Well-established guide
lines for shear links in eccentrically braced frames need to be followed. 

Sb. Boundary Members 

Concerns have been raised that walls with encased steel boundary members may 
have a tendency to split along planes 1 and 2 shown in Figure C-H5.2. Transverse 
reinforcement within a distance 2h (h = width of the wall) will resist splitting along 
plane 1 while the wall horizontal reinforcement will be adequate to prevent failure 
along plane 2. 

Adequate development length 

Fig. C-H5.2. Reinforcement to prevent splitting failures. 
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Sc. Steel Coupling Beams 

A coupling beam rotation equal to 0.08 rad reflects the upper limit of link rotation 
angle in eccentrically braced frames (EBF). It should be noted that 0.08 rad may be 
conservative for coupled walls, in which case using this rotation will result in extra 
stiffeners in the coupling beam. A smaller value of link rotation may be used if estab
lished by rational analysis to determine the inelastic deformational demands expected 
at the design story drift. 

In addition to the potential use of stiffeners along the span between the reinforced 
concrete walls, face-bearing plates must be provided at the face of the wall. Face 
bearing plates are full-width stiffeners located on both sides of the web, in effect, 
that close the opening in the concrete form required to install the beam. Face bear
ing plates provide confinement and assist in transfer of loads to the concrete through 
direct bearing. If it is convenient for formwork, face-bearing plates may extend 
beyond the flanges of the coupling beam although the plate must be installed on the 
inside of the form and is thereby flush with the face of the wall. The face bearing 
plates are detailed as a stiffener at the end of a link beam as in Section F3.5b.4. Near 
the end of the embedded region, additional stiffeners similar to the face bearing plates 
need to be provided. These stiffeners are to be aligned with the vertical transfer bars 
near the end of the embedded region. 

In addition to boundary element reinforcing, two regions of vertical "transfer bars" 
are to be provided to assist in the transfer of vertical forces and thus improve the 
embedment capacity (Shahrooz et al., 1993; Gong and Shahrooz, 2001a, 2001b; Fort
ney, 2005). Evaluation of experimental data in which transfer bars had been used 
(Gong and Shahrooz, 2001a, 2001b; Fortney, 2005) indicates that the minimum 
required area of vertical transfer reinforcement is (see Figure C-H5.3): 

(C-H5-2) 

where 
Fysr = specified minimum yield stress of transfer reinforcement, ksi (MPa) 
Le = embedment length of coupling beam, in. (mm) 

bf = width of flange, in. (mm) 
f (. = specified compressive strength of concrete, ksi (MPa) 

The transfer bars need to be placed close to the face of the wall and near the end of 
embedment length in order to develop an internal force couple that can alleviate the 
bearing stresses around the flanges and improve the energy dissipation character
istics of coupling beam-to-wall connections (Gong and Shahrooz, 200 l a, 200 lb). 
Although the required embedment length of the coupling beam may be reduced if 
the contribution of these bars is taken into account (Qin, 1993), to avoid excessive 
inelastic damage in the connection region, it is recommended by Harries et al. ( 1997) 
and Shahrooz et al. (1993) that the contribution of the transfer bars be neglected in 
the determination of the required embedment length. The vertical transfer bars may 
be attached directly to the top and bottom flanges or be passed through holes in the 
flanges and mechanically anchored by bolting or welding. The use of mechanical 
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half couplers that are welded to the flanges has been successfully tested (Gong and 

Shahrooz, 2001a, 2001 b; Fortney, 2005). U-bar hairpin reinforcement anchored by 

the embedded coupling beam may also be used (Figure C-H5.4). These hairpins will 

be alternated to engage the top and bottom flanges. The transfer bars have to be fully 

developed in tension either by providing an adequate tension development length or 

through the use of headed bars. In order to prevent congestion, the sum of the areas 

of transfer bars and wall longitudinal bars over the embedment length (As shown in 

Figure C-H5.3 or the area of U-bar hairpins in Figure C-H5.4) is limited to 8% of the 

wall cross section taken as the wall width times the embedment length. 

The vertical transfer bars shown in Figure C-H5.3 is a suggested detail for beams 

located at a floor level where the wall piers extend far enough above the floor/roof 

level to accommodate the vertical transfer bars. For coupling beams located at the 

roof level where the wall piers do not extend far enough above the floor/roof level, 

alternate details will need to be considered. Such alternate details are presented and 

discussed in El-Tawil et al. (2009). 

Equation H5- l is derived using the same method as described for Equation H4- l ( see 

Commentary Section H4.5b). 

Sd. Composite Coupling Beams 

The required embedment length needs to be calculated to ensure that the capacity of 

the composite coupling beam is developed. Based on analytical studies, which were 

verified against experimental data, Gong and Shahrooz (2001a) proposed an equa

tion in which a single material overstrength factor had been specified for computing 

Area of 

Fig. C-H5.3. Transfer bars. 
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the contribution of concrete and transverse reinforcement towards the shear strength 

of composite coupling beams. In that equation, the specified concrete compressive 

strength, f!, and nominal yield strength of transverse reinforcement, Fysr, were to be 

used. Equation HS-Sand HS-SM are revised versions of the original equation in order 

to more transparently differentiate between the material overstrength factors for con

crete and reinforcing steel. The coefficients in this equation were calibrated in order 

to obtain the same values as those from the original form of the equation published 

by Gong and Shahrooz (2001a, 2001b). 

Se. Protected Zones 

Coupling beams are expected to undergo significant inelastic deformations. With the 

exception of transfer bars, face bearing plates, and web stiffeners, the entire clear 

span is designated as a protected zone. 

6. Connections

Structural steel sections as boundary elements in C -SSW are anticipated to undergo

significant inelastic deformations, particularly in the plastic hinge region. The bound

ary columns have to be adequately anchored to the foundation system. Equally

important are the splices along the boundary columns. These connections are desig

nated as demand critical welds.

H6. COMPOSITE PLATE SHEAR WALLS- CONCRETE ENCASED 

(C-PSW/CE) 

In previous edition of these provisions, composite plate shear walls were included 

in a single section. In the 2016 Provisions, composite plate shear walls have been 

1Jrr1v1t11i:1 sufficient 

development length 

' . 

Fig. C-H5.4. Alternating U-shaped hairpins. 
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distinguished as concrete encased (C-PSW/CE) in Section H6 and concrete filled 

(C-PSW/CF) in Section H7. Both of these systems are designated as a single system, 

composite plate shear walls (C-PSW), in ASCE/SEI 7 Table 12.2-1 (ASCE, 2016). 

1. Scope

Composite plate shear walls-concrete encased (C-PSW/CE) can be used most effec

tively where story shear loads are large and the required thickness of conventionally

reinforced shear walls is excessive. Limited research on these types of systems has

included configurations in which reinforced concrete is used on one side of the steel

plate to mitigate the effects of local buckling (Zhao and Astaneh-Asl, 2004), and

cases where two steel plates are used with reinforced concrete between them (e.g.,

Ozaki et al., 2004), as covered in Section H7.

3. Analysis

3a. Webs

In keeping with the intended system response, the provisions of this section target

having the steel webs of the C-PSW/CE system be the primary structural elements

that first attain inelastic response.

3b. Other Members and Connections

The provisions of this section target having the boundary elements of the C-PSW /CE

system remain essentially elastic under the maximum forces that can be generated

by the fully yielded steel webs, along with the engaged portions of the reinforced

concrete webs after the steel webs have fully yielded, except that plastic hinging at

the ends of horizontal boundary elements (HBE) and the column base are permitted.

4. System Requirements

The provisions of Section F5 are invoked for Sections H6.4b and H6.4c to ensure the

boundary elements have adequate stiffness and strength.

4e. Openings in Webs

Careful consideration should be given to the shear and flexural strength of wall piers

and of spandrels adjacent to openings. In particular, composite walls with large door

openings may require structural steel boundary members attached to steel plates

around the openings.

5. Members

Sb. Webs

The Provisions limit the shear strength of the wall to the yield stress of the plate

because there is insufficient basis from which to develop design rules for combining

the yield stress of the steel plate and the reinforced concrete panel. Moreover, since

the shear strength of the steel plate usually is much greater than that of the reinforced

concrete encasement, neglecting the contribution of the concrete does not have a
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significant practical impact. ASCE/SEI 7 assigns structures with composite walls a 

slightly higher R value than special reinforced concrete waJls because the shear yield

ing mechanism of the steel plate will result in more stable hysteretic loops than for 

reinforced concrete walls. 

Sc. Concrete Stiffening Elements 

Minimum reinforcement in the concrete cover is required to maintain the integrity of 

the waJJ under reversed cyclic in-plane loading and out-of-plane loads. Consideration 

should be given to splitting of the concrete element on a plane parallel to the steel 

plate. Until further research data are available, the minimum required waJJ reinforce

ment is based upon the specified minimum value for reinforced concrete walls in ACI 

318. Examples of such reinforcement are shown in Figures C-H6.l through C-H6.4.

Sd. Boundary Members 

C-PSW/CE systems can develop significant diagonal compressions struts, particu

larly if the concrete is activated directly at the design story drift. These provisions

ensure that the boundary elements have adequate strength to resist this force.

6. Connections

Two examples of connections between composite walls to either steel or composite

boundary elements are shown in Figures C-H6.l and C-H6.2.

Fig. C-H6.1. Concrete stiffened steel shear wall with steel boundary member. 

Fig. C-H6.2. Concrete stiffened steel shear wall with composite (encased) boundary member. 
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In addition to the welds at the column splices and base plates, the welds at the con

nections between the boundary elements are potentially subjected to large inelastic 

excursions and so are designated as demand critical. 

6b. HBE-to-VBE Connections 

The provisions of Section F5 are invoked to provide adequate strength in the bound

ary element connections. 

6c. Connections of Steel Plate to Boundary Elements 

The Provisions require that the connections between the plate and the boundary mem

bers be designed to develop the nominal shear strength of the plate. 

Fig. C-H6.3. Concrete filled C-PSW with a boundary element and transverse reinforcement. 

Transverse 

Fig. C-H6.4. Concrete filled C-PSW with transverse 

reinforcement to provide integrity of the concrete infill. 
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6d. Connections of Steel Plate to Reinforced Concrete Panel 

The thickness of the concrete encasement and the spacing of shear stud connectors 

should be calculated to allow the steel plate to reach yield prior to overall or local 

buckling. It is recommended that overall buckling of the composite panel be checked 

using elastic buckling theory with a transformed section stiffness for the wall. It is 

recommended that local steel plate buckling be checked using elastic buckling theory 

considering steel connectors as fixed plate support points (Choi et al., 2009). 

H7. COMPOSITE PLATE SHEAR WALLS- CONCRETE FILLED 

(C-PSW/CF) 

In the previous edition of these provisions, composite plate shear walls were included 

in a single section. In these Provisions, composite plate shear walls have been dis

tinguished as being concrete encased (C-PSW/CE) in Section H6 and concrete filled 

(C-PSW /CF) in Section H7. Both of these systems are designated as a single system, 

composite plate shear walls (C-PSW) in ASCE/SEI 7 Table 12.2-1 (ASCE, 2016). 

1. Scope

Composite plate shear walls-concrete filled (C-PSW/CF) are an alternative to rein

forced concrete walls especially when relatively large seismic demand on the walls

leads to dense reinforcement and large thicknesses in conventional concrete shear

walls, or to relatively large walls thicknesses of the web infill and boundary elements

in SPSW. C-PSW/CF can also be provided with concrete-filled tube (CFT) boundary

elements to address high seismic demands.

The use of half-circular steel sections at the end of the C-PSW/CF cross section

avoids premature failure of the welds between the steel web plate and the flange in the

case of rectangular corners (i.e., when end plates are used at the ends of the wall) due

to large strains at that location of welding (e.g., El-Bahey and Bruneau, 2010, 2012).

Examples of the types of wall cross-sections addressed by Section H7 are shown in

Figure C-H7. l .

Figures C-H7.l a  and C-H7.l b  show the C-PSW/CF system with half-circular and

full-circular boundary elements, respectively. Figure C-H7.2 shows representative

cyclic hysteresis behavior of C-PSW/CF with boundary elements, with interstory

drift ratio capacities exceeding 3% (Bruneau et al., 2013; Alzeni and Bruneau, 2014).

Figure C-H7.3 shows C-PSW/CF without boundary elements. The steel plates are

connected to each other using tie bars. They can be additionally anchored to the

concrete infill using ties or a combination of ties and shear studs to achieve the slen

derness ratio (w1/t) limit in the Provisions.

As discussed in Kurt et al. (2016), C-PSW/CF without boundary elements detailed

according to these provisions have cyclic behavior better than equivalent reinforced

concrete walls with orthogonal grids of curtain reinforcement. Reinforced concrete

shear walls typically have interstory drift ratio capacities of 0.5 to 0.75%. As shown
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Half a circular steel section 

9.1-365 

(a) Composite plate shear wall - concrete filled with half-circular boundary elements

(Alzeni and Bruneau, 2014) 

(b) Composite plate shear wall concrete filled with CFT boundary elements

(Alzeni and Bruneau, 2014) 

Fig. C-H7.1. Two types of C-PSW. 

Drift, 

Fig. C-H7.2. Hysteretic behavior of C-PSW/CF with boundary elements 

(Alzeni and Bruneau, 2014). 
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by the cyclic hysteretic behavior in Figure C-H7.4, C-PSW/CF walls without bound

ary elements can reach interstory drift ratio capacities exceeding 1.0 to 1.5%. 

The scope covered by Section H7 is limited to plane walls. While walls with large 

flanges and box walls are desirable, the flanges of such walls would be subjected to 

axial cyclic behavior during earthquake excitations, and although more rapid cyclic 

strength degradation is expected in such case, the rate and severity of this degradation 

as a function of ductility demands is unknown at this time. Specimens subjected to 

monotonic pure compression loading have exhibited non-ductile behavior (Zhang et 

al., 2014). 

2. Basis of Design

Section H7 focuses on walls developing flexural hinging. C-PSW/CF with boundary

elements can develop flexural hinging with a strength equal to the wall cross-section

plastic moment strength, Mpc· C-PSW/CF without boundary elements can develop

flexural hinging with a strength equal to the wall cross-section yield moment strength,

M
y
.

Past research (e.g., Kurt et al., 2016; Alzeni and Bruneau, 2014) has shown that

the design of C-PSW/CF having a height-to-length aspect ratio greater than 1.5 is

governed by flexural strength. However, this can vary depending on the relative dis

tribution of material between boundary elements and webs.

Concrete 

Fig. C-H7.3. C-PSWICF without boundary elements. 
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The value of C3 = 0.40, which defines the contribution of concrete to the elastic stiff

ness of the wall, is based on calibration with flexural test results. It is to be used in

an equation such as:

(C-H7-l) 

where all symbols are defined in Specification Section 12. For short walls, a similar

factor could be used to calculate effective shear stiffness, if supported by experimen

tal calibration. 

4. System Requirements

4a. Steel Web Plate of C-PSW/CF with Boundary Elements

The maximum spacing of the ties is specified such that the steel plate can develop F
y 

before local buckling. The specified limit been validated experimentally.

4b. Steel Plate of C-PSW /CF without Boundary Elements

The specified limit on the spacing of the ties has been validated experimentally.

4d. Spacing of Tie Bars in C-PSW/CF with or without Boundary Elements

Tie bars serve to develop effective composite action in the sandwich panel. Tie bars

provide shear transfer between the steel plate and the concrete core, and are used to

control local buckling of the web steel plates as well as to prevent splitting of the

concrete.

Lateral displacement, in. 

Fig. C-H7.4. Cyclic behavior r4 C-PSW/CF without boundary elements 
(Epackachi et al., 2015). 
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4f. Connection between Tie Bars and Steel Plates 

The full yielding force of the tie bar must be transferred to the steel plate, through 

plug welds over at least half the thickness of the web plate, or by other mechanisms. 

Examples of possible tie bar connections are shown in Figure C-H7 .5. 

If plug welds are used to connect tie bars, the practicality of providing plug welds 

over at least half the steel plate thickness may lead to additional constraints on plate 

thickness or tie bar diameter. 

4h. C-PSW/CF and Foundation Connection

To achieve capacity design principles, the flexural strength of the wall to be trans

ferred to the foundation shall be computed considering expected strengths of the HSS 

and steel web of the C-PSW/CF, expected strength of the concrete, and strain hard

ening of the steel. An overstrength factor of 1.1 is applied to the expected flexural 

strength of the wall to account for strain hardening, but the engineer may consider 

higher values if appropriate for capacity design of such connections. 

5. Members

Sa. Flexural Strength

The plastic flexural strength of the C-PSW /CF with boundary elements can be calcu

lated using the following equations:

For C-PSW/CF with half-circular filled boundary elements

2dHSs ) ( 2 2 ) Mpc = Mn = O.SAn5sFy.HSS 
TC 

+b + b +2C -2Cb (,Fy,web

( 
2d1 + 3rcd;;,C C

2tc
) 1

.,
+ -�-��+ Jc 

24 2 

Plug weld Fillet weld Threaded bar 

Fig. C-H7.5. Examples of tie-to-plate connection detail. 

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(C-H7-2) 



Comm. H7.] 

where C is given by

COMPOSITE PLATE SHEAR WALLS

CONCRETE FILLED (C-PSW/CF) 

C = 

2bt,Fy,web 0.125(rcd;� )ff
4t,Fy,web + tc.f(

For C-PSW/CF with filled composite (CFT) boundary elements

Mpc 
=Mn= AHSsF

y,HSS (b-2X +dHSs )+( b2 + 2C 2 -2Cb )t.,Fy,web

9.1-369 

(C-H7-3)

+ [0.25rcdr,,(0.5dHSs +C-X) + 0.33Xtc (C-0.67X)+ 0.5tc (C-X)2 ]fc'
(C-H7-4)

where

C = 

2bt.,Fy
,web -(0.25rcd;� -0.67 Xtc ).f(

4t.,Fy,web + tcff

where

X = 0.5(d;n �dr,, -t;)

<1> = 0.90

where

(C-H7-5)

(C-H7-6)

AHSs = cross-sectional area of a half-circular or full circular section used at wall
end, in.2 (mm2) 

C = depth of cross section subjected to yield compressive stress, in. (mm)
Fy

,HSS = specified minimum yield stress of the half-circular or full-circular end
section, ksi (MPa)

F
y,web = specified minimum yield stress of the web, ksi (MPa)

b = depth of the steel web, in. (mm)
dHSs = diameter of the HSS section, in. (mm)
d;n = inner diameter of the half-circular or full-circular end section, in. (mm)
ft = specified compressive strength of concrete, ksi (MPa)
tc = thickness of concrete, in. (mm)

The plastic flexural strengths are limited to cross sections that have been experi
mentally demonstrated to have adequate cyclic behavior without significant loss of
strength up to expected drifts. Equations for plastic moment have been developed
from a fully plastic stress diagram, considering compression and tension stress of
F

y 
in the steel, and concrete compression stress off J. for all concrete in compression

above the neutral axis (see Figures C-H7.6 and C-H7.7 for assumed stress distribu
tion for walls with and without boundary elements, respectively).

The flexural yield strength, My
, of C-PSW/CF without boundary elements can be

calculated using the following equations:
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where C is given by 

2Fv(,L 
C=---�---

0.35.f/tc +4Fyts 

where 
C = depth of cross section under compression, in. (mm) 

F
y 

= specified minimum yield stress of the steel plates, ksi (MPa) 

L = length of the wall, in. (mm) 

f; = specified compressive strength of concrete, ksi (MPa) 

tc = concrete infill thickness, in. (mm) 

t, = thickness of the steel plates, in. (mm) 

2 

C �X 

[Comm. H7. 

(C-H7-8) 

Fig. C-H7.6. Schematic diagram for stress distribution on C-PSWICF cross section. 
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The shear strength of C-PSW /CF with boundary elements can be calculated using the 
composite contribution of the steel web plates and the cracked concrete. The shear 
strength of C-PSW/CF without boundary elements can be conservatively calculated 
as that provided by the steel plates alone without accounting for the contribution of 
the cracked concrete infill. 

The in-plane shear behavior of the C-PSW /CF is governed by the plane stress behav
ior of the steel faceplates and the orthotropic elastic behavior of concrete cracked in 
principal tension. Ozaki et al. (2004) and Seo et al. (2016) developed the fundamental 
in-plane behavior mechanics-based model for such walls. The in-plane shear strength 
of concrete filled walls can be estimated as a tri-linear shear force-strain curve. The 
first part of the curve is before the concrete cracks. The second part is after concrete 
cracking, but before the steel faceplate yielding. The third part of the curve corre
sponds to the onset of steel yielding. The shear force corresponding to the onset point 
is the yield shear strength, S.�, of the section, given by 

where 
K., = G2tp 

Ksc = _ _  4 _ __ 2(_l ___ V_) ---+---
0.7Ectc E., 2tp 

(C-H7-9) 

(C-H7-10) 

(C-H7-I1) 

Fig. C-H7. 7. Stress distribution for moment strength of C-PSW/CF without boundary elements 
(Kurt et al., 2016). 
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This equation was calibrated to the simplified form: 

where 

K= 1.11 5.16p 

_ AswFyw 
p = ----.===�-.jlOOO fJ Acw

[Comm. H7. 

(C-H7-12) 

(C-H7-I3) 

(C-H7-14) 

Varma et al. (2014) compared the in-plane shear strength of specimens predicted by 

the mechanics-based model with the experimental results. Figure C-H7.8 shows that 

the calculated and experimental values match closely, with the calculated (mechan

ics-based model) values being conservative. 

Fig. C-H7.8. Experimental versus calculated values of in-plane shear strength 

(Varma et al., 2014). 
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FABRICATION AND ERECTION 

11. SHOP AND ERECTION DRAWINGS

9.1-373 

The Code of Standard Practice for Steel Buildings and Bridges, ANSI/AISC 303,

Section 4.2.1 (a) (AISC, 2016c) requires the transfer of information from the contract

documents (design drawings and project specifications) into accurate and complete

approval documents. Therefore, relevant items in the design drawings and project

specifications that must be followed in fabrication and erection should be placed on

the shop and erection drawings, or in typical notes issued for the project.

3. Shop and Erection Drawings for Composite Construction

For reinforced concrete and composite steel-concrete construction, 1t 1s recom

mended that the following provisions be satisfied: Details and Detailing of Concrete

Reinforcement, ACI 315 (ACI, 1999), Manual of Engineering and Placing Draw

ings for Reinforced Concrete Structures, ACI 315R (ACI, 2004a), and AC/ Detailing

Manual, ACI SP-66 (ACI, 2004b), including modifications required by Chapter 18

of the Building Code Requirements for Structural Concrete and Commentary, ACI

318 (ACI, 2014) and Recommendations for Design of Beam-Column Connections in

Monolithic Reinforced Concrete Structures, ACI 352 (ACI, 2002).

12. FABRICATION AND ERECTION

1. Protected Zone

Stress concentrations could lead to fracture in regions of high plastic strain; there

fore there is a prohibition on placement of welded attachments in the protected

zone. Arc spot welds (puddle welds) associated with the attachment of steel deck to

structural steel do not produce high stress concentrations. The performance of full

scale moment connection specimens with arc spot welds in a pattern typical of deck

attachment was unaffected by the arc spot welds (Toellner et al., 2015). In addi

tion, a series of tests conducted on full-scale moment connection specimens with

0.177-in. ( 4.5mm)-diameter full-tip knurled shank power-actuated fasteners applied

in a pattern typical of deck attachment or grid patterns with I-in. (25 mm) edge dis

tance and 2-in. (50 mm) spacing satisfied SMF qualification criteria (Toellner et al.,

2015). Negligible differences were found in the cyclic load-displacement envelope

(backbone), energy dissipation, and strength degradation prior to fracture as compared

to specimens with no fasteners. For these reasons, arc spot welds and power-actuated

fasteners up to 0.18-in. ( 4.6 mm) diameter are allowed for deck attachment.

While welds and power-actuated fasteners used to attach deck in typical patterns

are permitted, such attachments are prohibited when used for other applications. In

other applications the attachments could be installed by tradespersons who are not

subject to the same quality control (QC) and quality assurance (QA) standards that
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are required for structural steel. The prohibition reflects potential lack of control and 

inspection to ensure that attachments are provided consistent with the conditions of 

the testing cited above. 

The exception permits the engineer of record to designate or approve attachments 

within the protected zone. Fastening or welding close to, or at, a component edge or 

with close spacing should not be allowed. Appropriate QC and QA should be required 

for any attachments within the protected zone. 

Erection aids and attachments to meet safety requirements may be necessary in the 

protected zone. If erection aids or other attachments are required to be placed within 

the protected zone, good welding practices, including proper preheat, should be used. 

It may be necessary to remove the erection aid or attachment afterwards, and the sur

faces of the protected zone may need to be further smoothed by grinding to remove 

any notch effects. In these and other such cases, the protected zone must be repaired. 

All such repairs must be approved by the engineer to ensure that severe stress concen

trations would not cause a fracture during a seismic event. 

2. Bolted Joints

The default installation requirement for high-strength bolts in the Specification is

to the snug-tightened condition. In Section D2.2, the default condition for bolted

connections in the SFRS is pretensioned bolts with faying surfaces of Class A slip

coefficient or higher.

3. Welded Joints

As with the 2010 edition, these Provisions make reference to AWS Dl.8/Dl.SM for

welded connection details, replacing such details stated in Appendix W of the 2005

edition.

Because the selection and proper use of welding filler metals is critical to achieving

the necessary levels of strength, notch toughness, and quality, the review and approval

of welding procedure specifications is required. The engineer of record may use out

side consultants to review these documents, if needed.

Welds are sometimes specified for the full length of a connection. Weld tabs are

used to permit the starts and stops of the weld passes to be placed outside the weld

region itself, allowing for removal of the start and stop conditions and their associ

ated discontinuities. Because the end of the weld, after tab removal, is an outside

surface that needs to be notch-free, proper removal methods and subsequent finishing

is necessary.

At continuity plates, the end of the continuity plate to column flange weld near the

column flange tip permits the use of a full weld tab, and removal is generally efficient

if properly detailed. It is permitted to allow ¼ in. (6 mm) of weld tab material to

remain at the outboard end of the continuity plate-to-column weld ends because the

strain demand placed on this weld is considerably less than that of a beam-to-column

flange weld, and the probability of significant weld discontinuities with the distance
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permitted is small. Also, complete weld tab removal at beam-to-column joints is 

required to facilitate magnetic particle testing required by Section J6.2f, but such 

testing is not required for continuity plate welds. At the opposite end of the continu

ity plate to column flange weld, near the column radius, weld tabs are not generally 

desirable and may not be practicable because of clip size and k-area concerns. Weld 

tabs at this location, if used, should not be removed because the removal process has 

the potential to cause more harm than good. 
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CHAPTER J 

QUALITY CONTROL AND QUALITY ASSURANCE 

Jl. SCOPE 

Specification Chapter N contains requirements for Quality Control (QC) and Qual

ity Assurance (QA) for structural steel and composite construction. Users should 

also refer to the Commentary of Specification Chapter N for additional information 

regarding these QC and QA requirements, which are applicable to work addressed 

in the Specification, and are also applicable to the seismic force resisting system 

(SFRS). These Provisions add requirements that are applicable only to the SFRS. 

To assure ductile seismic response, steel framing is required to meet the quality 

requirements as appropriate for the various components of the structure. The appli

cable building code may have specific quality assurance plan (QAP) requirements, 

also termed a statement of special inspections. The quality assurance plan should 

include the requirements of Chapter J. 

Specification Section N6 permits waiver of QA when the fabricator or erector is 

approved by the authority having jurisdiction (AHJ) to do the work without QA. 

Under the scope of this edition of the Provisions, QC is a requirement whether or not 

invoked. QA is a requirement when invoked by the AHJ, applicable building code 

(ABC), purchaser, owner or engineer of record (EOR). 

The Provisions, Specification, ANSI/ AISC 303 Code of Standard Practice for Steel 

Buildings and Bridges, (AISC, 20l6c), AWS Dl.1/Dl.lM, Structural Welding 

Code-Steel (AWS, 2015), and the RCSC Specification for Structural Joints Using 

High-Strength Bolts (RCSC, 2014) provide inspection and acceptance criteria for 

steel building structures. 

The QAP is typically prepared by the engineer of record, and is a part of the contract 

documents. Chapter J provides the minimum acceptable requirements for a QAP that 

applies to the construction of welded joints, bolted joints and other details in the 

SFRS. The engineer of record should evaluate what is already a part of the con

tractor's quality control system in determining the quality assurance needs for each 

project. Where the fabricator's quality control system is considered adequate for the 

project, including compliance with the special needs for seismic applications, the 

QAP may be modified to reflect this. Similarly, where additional needs are identified, 

such as for innovative connection details or unfamiliar construction methods, supple

mentary requirements should be specified, as appropriate. The QAP as contained in 

this chapter is recommended for adoption without revision because consistent appli

cation of the same requirements is expected to improve reliability in the industry. 

The QAP should be provided to the fabricator and erector as part of the bid docu

ments, as any special quality control or quality assurance requirements may have 

substantial impact on the cost and scheduling of the work. 
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Structural observation at the site by the engineer of record or other design professional 

is an additional component of a QAP that is not addressed as part of this chapter, and 

should be developed based upon the specific needs of the project. 

A QAP, similar to that required for all-steel structures, should be developed for com

posite structures and components. For the reinforced concrete portion of the work, 

in addition to the requirements in ACI 318 Section 26.13, attention is called to the 

ACI Detailing Manual (ACI, 2004b), with emphasis on the provisions of, ACI 121R 

Guide for Concrete Construction Quality Systems in Conformance with ISO 9001 

(ACI, 2008). 

J2. FABRICATOR AND ERECTOR DOCUMENTS 

1. Documents to be Submitted for Steel Construction

(a) through ( d) and (f): The selection and proper use of welding filler metals is critical

to achieving the necessary levels of strength, notch toughness and quality, and sub

mittal to the engineer of welding filler metal documentation and welding procedure

specifications (WPS) is required. Submittal allows a thorough review on the part of

the engineer, and allows the engineer to use outside consultants to review these docu

ments, if needed.

In the Specification, welding filler metal documentation and WPS are to be available 

for review. In the Provisions, these items must be submitted because the performance 

of the welded joints that transfer load in the SFRS may affect overall building perfor

mance in a seismic event. Also, the engineer's approval of the WPS is a requirement 

of the Provisions (see Section 12.3), but is not a requirement in the Specification. 

( e) Bolt installation procedures include instructions for pre-installation verification

testing by the fabricator's or erector's personnel, and instructions for installing the

bolts using the method chosen for pretensioning (commonly turn-of-nut method,

twist-off type tension control bolt method, direct tension indicator method, or cali

brated wrench method). In the Provisions, these items must be submitted because

the performance of the bolted joints that transfer load in the SFRS may affect overall

building performance in a seismic event.

2. Documents to be Available for Review for Steel Construction

It is permitted to have some documents reviewed at the fabricator's or erector's facil

ity by the engineer or designee, such as the QA Agency. The engineer may require

submittal of these documents. The one year retention of the documents following

substantial completion is to ensure their availability for further review until occu

pancy is permitted, and for a period following occupancy should issues arise, without

placing an undue storage burden on the holder of the documents.

3. Documents to be Submitted for Concrete Construction

The items listed concern concrete and reinforcing steel embedded in the concrete,

items that are outside the scope of the definition of structural steel as defined in
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ANSI/ AISC 303. Therefore, these documents are to be prepared and submitted by the 

contractor responsible for providing or installing these items. 

4. Documents to be Available for Review for Composite Construction

It is permitted to have some documents reviewed at the responsible contractor's facil

ity by the engineer or designee, such as the QA Agency. The engineer may require

submittal of these documents. The one year retention of these documents following

substantial completion is to ensure their availability for further review until occu

pancy is permitted, and for a period following occupancy should issues arise, without

placing an undue storage burden on the holder of the documents.

J3. QUALITY ASSURANCE AGENCY DOCUMENTS

QA Agencies should have internal procedures (written practices) that document how

the Agency performs and documents inspection and testing. ASTM E329, Standard

Specification for Agencies Engaged in Construction Inspection, Testing, or Special

Inspection (ASTM, 2014), is commonly used as a guide in preparing and review

ing written practices. ASTM E329 defines the minimum requirements for inspection

agency personnel or testing agency laboratory personnel, or both, and the minimum

technical requirements for equipment and procedures utilized in the testing and

inspection of construction and materials used in construction. Criteria are provided

for evaluating the capability of an agency to properly perform designated tests on

construction materials, and establish essential characteristics pertaining to the organi

zation, personnel, facilities and quality systems of the agency. It can be used as a basis

to evaluate an agency and is intended for use in qualifying and/or accrediting agen

cies, public or private, engaged in the testing and inspection of construction materials,

including steel construction.

J4. INSPECTION AND NONDESTRUCTIVE TESTING PERSONNEL 

Personnel performing welding inspection and nondestructive testing (NDT) should 

be qualified to perform their designated tasks, whether functioning in a role as QC 

or QA. Standards are available that provide guidance for determining suitable levels 

of training, experience, knowledge and skill for such personnel. These standards are 

typically included in a written practice used by QA agencies. They may be used as a 

part of a fabricator's or erector's QC program. 

For personnel performing bolting inspection, no standard currently exists that pro

vides guidance as to suitable levels of training, experience, knowledge or skill in 

performing such tasks. Therefore, the QA agency's written practice should contain 

the agency's criteria for determining their personnel qualifications to perform bolt

ing inspection. Similarly, a fabricator's or erector's QC program should contain their 

criteria for bolting inspector qualification. 
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JS. INSPECTION TASKS 

Chapter J defines two inspection levels for required inspection tasks and labels them 

as either observe or perform. This is in contrast to common building code terminology 

which use or have used the terms periodic or continuous. This change in terminology 

reflects the multi-task nature of welding and high strength bolting operations, and the 

required inspections during each specific phase. 

1. Observe (0)

The Specification defines and uses the observe function in the same manner as used

in the Provisions; however, to reflect the higher demand on and the consequence of

failure of connections in the SFRS, these inspections are to be performed on a daily

basis as a minimum.

2. Perform (P)

The Specification defines and uses the perform function in the same manner as used

in the Provisions. There is no requirement to make perform inspections on a daily

basis, as is required for observe functions, because the perform functions are specific

tasks to be completed prior to final acceptance of the designated item, and need be

performed at that time.

3. Document (D)

Inspection reports and nonconformance reports are required. The Specification con

tains limited requirements for documentation by QA of the types of inspections

performed, including NDT. The Provisions require specific reporting of inspections

in the same manner, but add requirements for both QC and QA reports for specific

inspection tasks as described in the Document columns in the tables contained in

Sections J6, J7, J8, J9 and JIO.

J6. WELDING INSPECTION AND NONDESTRUCTIVE TESTING

1. Visual Welding Inspection

Visual inspection by a qualified inspector prior to, during, and after welding is empha

sized as the primary method used to evaluate the conformance of welded joints to the

applicable quality requirements. Joints are examined prior to the commencement of

welding to check fit-up, preparation of bevels, gaps, alignment and other variables.

During welding, adherence to the welding procedure specification (WPS) is main

tained. After the joint is welded, it is then visually inspected to the requirements of

AWS Dl.1/Dl.IM.

The commentary to Specification Section NS.4 on welding inspection contains

extensive discussion regarding the observation of welding operations, including the

determination of suitable intervals for performing such inspections. Welds in the

SFRS should be considered for higher levels of observation, compared to welds not

in the SFRS and addressed by Specification Chapter N. Welds designated demand
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critical within the SFRS should be considered as warranting higher levels of observa

tion, compared to other welds not designated demand critical within the SFRS.

2. NDT of Welded Joints

The use of nondestructive testing methods as required by this section is recommended

to verify the soundness of welds that are subject to tensile loads as a part of the SFRS,

or to verify that certain critical elements do not contain significant notches that could

cause failure. Ultrasonic testing (UT) is capable of detecting serious embedded flaws

in groove welds in all standard welded joint configurations. UT is not suitable for

inspecting most fillet welds and smaller partial-joint-penetration (PJP) groove welds,

nor should it be relied upon for the detection of surface or near-surface flaws. Mag

netic particle testing (MT) is capable of detecting serious flaws on or near the surface

of all types of welds, and is used for the surface examination of critical groove welds.

The use of penetrant testing (PT) is not recommended for general weld inspection,

but may be used for crack detection in specific locations such as weld access holes,

or for the location of crack tips for cracks detected visually.

2a. CJP Groove Weld NDT

UT is used to detect serious embedded flaws in groove welds, but is not suitable for

the detection of surface or near-surface flaws. MT is used to detect serious flaws on or

near the surface of these welds. Because visual inspection is also implemented for all

CJP groove welds, thus detecting the most serious surface defects, MT is performed

at a rate of 25%.

2b. Column Splice and Column-to-Base Plate PJP Groove Weld NDT

Ultrasonic inspection (UT) of PJP groove welds is possible. However, interpretation

of the results can be difficult. The Spec�fication applies a 0.6 reduction factor to the

available strength of PJP groove welds subjected to tension in lieu of UT inspection.

However the prescriptive column splice detail utilizing PJP groove welds permitted

for IMF, SMF, and STMF will subject the welds to demands in excess of what is

permitted by the Specification, and the consequence of failure on the column splice

weld would be essentially identical whether designated as a CJP or PJP groove weld.

These PJP welds are also designated demand critical. Therefore, the same rate of UT

for PJP groove welds is required as that for CJP groove welds.

It is also recognized that UT is usually not suitable for use with fillet welds and

smaller partial-joint-penetration (PJP) groove welds. PJP groove welds used in col

umn splices for IMF, SMF and STMF are assumed to have a weld size (throat) similar

to that of a CJP groove weld, once consideration is made for the added welding to

build out to the thicker lower flange.

To address the difficulties associated with UT of PJP groove welds, UT technicians

should be qualified in accordance with AWS Dl .8/Dl.8M using weld joint mock-ups

incorporating PJP groove welds.
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The use of UT for PJP welds, for conditions other than the PJP groove welds permit

ted for column splices in IMF, SMF, and STMF, should generally be discouraged. 
Column-to-base plate welds are usually similar to that of a column splice as far as 

demand and consequence of failure. However, UT of a PJP groove weld at the col

umn base T-joint will be more difficult than at a column splice butt joint, thus the PJP 
detail is not recommended at column bases. 

2c. Base Metal NDT for Lamellar Tearing and Laminations 

Lamellar tearing is the separation (tearing) of base metal along planes parallel to a 
rolled surface of a member. The tearing is the result of decohesion of "weak planes," 

usually associated with elongated "stringer" type inclusions, from the shrinkage of 

large weld metal deposits under conditions of high restraint, applying stress in the 

through-thickness direction of the base metal. 

Lamellar tears rarely occur when the weld size is less than about¾ to 1 in. (19 to 

25 mm). Typically, inclusions located deeper from the surface than t /4 do not contrib

ute to lamellar tearing susceptibility. 

An appropriate criterion for laminations in SFRS connections does not exist in cur

rent standards. Although AWS Dl.1/Dl.JM Table 6.2 criteria has been written and 

is applicable to weld metal, not base metal, the use of Table 6.2 criteria has been 
deliberately selected as conservative acceptance criteria for laminations in these 

applications, immediately adjacent to and behind the weld. 

2d. Beam Cope and Access Hole NDT 

The stress flow near and around weld access holes is very complex, and the stress 

levels are very high. Notches serve as stress concentrations, locally amplifying this 

stress level which can lead to cracking. The surface of the weld access hole must be 

smooth, free from significant surface defects. Both PT and MT are capable of detect

ing unacceptable surface cracks. 

2e. Reduced Beam Section Repair NDT 

Because plastic straining and hinging, and potentially buckling, takes place in the 

thermally cut area of the reduced beam section (RBS), the area must be free of signifi
cant notches and cracks that would serve as stress concentrations and crack initiation 

sites. Inadvertent notches from thermal cutting, if sharp, may not be completely 

removed if relying solely upon visual inspection. If a welded repair is made, NDT 

is performed to verify that no surface or subsurface cracks have been caused by the 
repair. 

2f. Weld Tab Removal Sites 

Because weld tabs serve as locations for the starting and stopping of welds, and are 

therefore likely to contain a number of weld discontinuities, they are removed. To 

ensure that no significant discontinuities present in the tab extend into the finished 
weld itself, MT is performed. Any weld end discontinuities would be present at the 
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surface of the joint, and therefore would be more detrimental to performance than an 

embedded discontinuity. 

J7. INSPECTION OF HIGH-STRENGTH BOLTING 

The commentary to Specification Section N5.6 on bolting inspection contains exten

sive discussion regarding the observation of bolting operations. Bolts in the SFRS 

should be considered for higher levels of observation compared to bolts not in the 

SFRS and addressed by Specification Chapter N. 

JS. OTHER STEEL STRUCTURE INSPECTIONS 

Specification Section N5.8 provides for general inspection of the details of the steel 

frame, which would include those members in the SFRS, as well as anchor rods. Pro

visions Section J8 adds inspection of specific details unique to seismic construction. 

J9. INSPECTION OF COMPOSITE STRUCTURES 

JlO. INSPECTION OF H-PILES 

The Specification contains no inspection requirements for piling, as piling is not con

sidered structural steel inANSI/AISC 303. The Provisions address only steel H-piles 

that are part of the SFRS. The inspection is limited to verification of the protected 

zone. Piling materials, pile driving, embedment, etc. are not included. Where welded 

joints in piling occur, inspections should be performed as for welding of other struc

tural steel as described in Section J6. 
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Section Kl describes requirements for prequalification of beam-to-column con

nections in special moment frames (SMF), intermediate moment frames ( IMF),

composite special moment frames (C-SMF), and composite intermediate moment

frames (C-IMF) and of link-to-column connections in eccentrically braced frames

(EBF). The concept of prequalified beam-to-column connections for SMF and IMF,

as used in the Provisions, was originally adopted from FEMA 350 (FEMA, 2000a),

and was subsequently extended to include prequalified link-to-column connections

for EBF. In the 2016 edition of the Provisions, the prequalification of beam-to

column connections was further extended to include C-SMF and C-IMF.

Following observations of moment connection damage in the 1994 Northridge

earthquake, these Provisions adopted the philosophy that the performance of beam

to-column and link-to-column connections should be verified by realistic-scale

cyclic testing. This philosophy is based on the view that the behavior of connections

under severe cyclic loading, particularly in regard to the initiation and propagation

of fracture, cannot be reliably predicted by analytical means alone. Consequently,

the satisfactory performance of connections must be confirmed by laboratory testing

conducted in accordance with Section K2. In order to meet this requirement, design

ers fundamentally have two options. The first option is to provide substantiating test

data, either from project specific tests or from tests reported in the literature, on con

nections matching project conditions within the limits specified in Section K2. The

second option available to designers is to use a prequalified connection.

The option to use prequalified connections in the Provisions does not alter the funda

mental view that the performance of beam-to-column and link-to-column connections

should be confirmed by testing. However, it is recognized that requiring designers to

provide substantiating test data for each new project is unnecessarily burdensome,

particularly when the same connections are used on a repeated basis that have already

received extensive testing, evaluation and review.

It is the intent of the Provisions that designers be permitted to use prequalified con

nections without the need to present laboratory test data, as long as the connection

design, detailing and quality assurance measures conform to the limits and require

ments of the prequalification. The use of prequalified connections is intended to

simplify the design and design approval process by removing the burden on designers

to present test data, and by removing the burden on the authority having jurisdiction
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to review and interpret test data. The use of prequalified connections is not intended 

as a guarantee against damage to, or failure of, connections in major earthquakes. The 

engineer of record in responsible charge of the building, based upon an understand

ing of and familiarity with the connection performance, behavior and limitations, is 

responsible for selecting appropriate connection types suited to the application and 

implementing designs, either directly or by delegated responsibility. 

2. General Requirements

2a. Basis for Prequalification

In general terms, a prequalified connection is one that has undergone sufficient test

ing, analysis, evaluation and review so that a high level of confidence exists that

the connection can fulfill the performance requirements specified in Section E3.6b

for SMF, Section E2.6b for IMF, Section F3.6e for EBF, Section G3.6b for C-SMF,

and Section G2.6b for C-IMF. Prequalification should be based primarily on labora

tory test data, but supported by analytical studies of connection performance and by

the development of detailed design criteria and design procedures. The behavior and

expected performance of a prequalified connection should be well understood and

predictable. Further, a sufficient body of test data should be available to ensure that

a prequalified connection will perform as intended on a consistent and reliable basis.

Further guidance on prequalification of connections is provided by the commentary

for FEMA 350, which indicates that the following four criteria should be satisfied for

a prequalified connection:

There is sufficient experimental and analytical data on the connection performance to

establish the likely yield mechanisms and failure modes for the connection.

Rational models for predicting the resistance associated with each mechanism and

failure mode have been developed.

Given the material properties and geometry of the connection, a rational procedure

can be used to estimate which mode and mechanism controls the behavior and defor

mation capacity (that is, story drift angle) that can be attained for the controlling

conditions.

Given the models and procedures, the existing database is adequate to permit assess

ment of the statistical reliability of the connection.

2b. Authority for Prequalification

While the general basis for prequalification is outlined in Section Kl.2a, it is not

possible to provide highly detailed and specific criteria for prequalification, consid

ering the wide variety of possible connection configurations, and considering the

continually changing state-of-the-art in the understanding of connection perfor

mance. It is also recognized that decisions on whether or not a particular connection

should be prequalified, and decisions on establishing limits on prequalification, will
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ultimately entail a considerable degree of professional engineering judgment. Conse

quently, a fundamental premise of these Provisions is that prequalification can only 

be established based on an evaluation of the connection by a panel of knowledgeable 

individuals. Thus, the Provisions call for the establishment of a connection prequali

fication review panel (CPRP). Such a panel should consist of individuals with a high 

degree of experience, knowledge and expertise in connection behavior, design and 

construction. It is the responsibility of the CPRP to review all available data on a 

connection, and then determine if the connection warrants prequalification and deter

mine the associated limits of prequalification, in accordance with Section K 1. It is the 

intent of the Provisions that only a single, nationally recognized CPRP be established. 

To that end, AISC established the AISC connection prequalification review panel 

(CPRP) and developed, ANSI/AISC 358 Prequalified Connections for Special and 

Intermediate Steel Moment Frames for Seismic Applications (AISC, 2010a). 

Use of connections reviewed by connection review panels other than the AISC CPRP, 

as permitted in Section K l.2b, and determined suitable for prequalification status 

in accordance with the Provisions, is subject to approval of the authority having 

jurisdiction. 

3. Testing Requirements

It is the intent of the Provisions that laboratory test data form the primary basis of

prequalification, and that the connection testing conform to the requirements of

Section K2. FEMA 350 specifies the minimum number of tests on non-identical

specimens needed to establish prequalification of a connection, or subsequently to

change the limits of prequalification. However, in the Provisions, the number of tests

needed to support prequalification or to support changes in prequalification limits is

not specified. The number of tests and range of testing variables needed to support

prequalification decisions will be highly dependent on the particular features of the

connection and on the availability of other supporting data. Consequently, this section

requires that the CPRP determine whether the number and type of tests conducted

on a connection are sufficient to warrant prequalification or to warrant a change in

prequalification limits. Both FEMA 350 and the Provisions refer to "non-identical"

test specimens, indicating that a broad range of variables potentially affecting con

nection performance should be investigated in a prequalification test program. It

may also be desirable to test replicas of nominally identical specimens in order to

investigate repeatability of performance prior to and after failure and to demonstrate

consistency of the failure mechanism. Individuals planning a test program to support

prequalification of a connection are encouraged to consult with the CPRP, in advance,

for a preliminary assessment of the planned testing program.

Tests used to support prequalification are required to comply with Section K2. That

section requires test specimens be loaded at least to a story drift angle as specified in

Sections E3.6b and G3.6b for SMF and C-SMF, Sections E2.6b and G2.6b for IMF

and C-IMF, or a link rotation angle as specified in Section F3.4a for EBF. These pro

visions do not include the additional requirement for connection rotation capacity at

failure, as recommended in FEMA 350. For purposes of prequalification, however,
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it is desirable to load specimens to larger deformation levels in order to reveal the 

ultimate controlling failure modes. Prequalification of a connection requires a clear 

understanding of the controlling failure modes for a connection; in other words, the 

failure modes that control the strength and deformation capacity of the connection. 

Consequently, test data must be available to support connection behavior models over 

the full range of loading, from the initial elastic response to the inelastic range of 

behavior, and finally through to the ultimate failure of the connection. 

The story drift angle developed by a moment connection test specimen is the pri

mary acceptance criterion for a beam-to-column moment connection in a moment 

frame. In an actual building, the story drift angle is determined as the story displace

ment divided by the story height, and includes both elastic and inelastic components 

of deformation. For a test specimen, story drift angle can usually be determined in 

a straightforward manner from displacement measurements on the test specimen. 

Guidelines for determining the story drift angle of a connection test specimen are 

provided by SAC (1997). 

When a connection is being considered for prequalification by the CPRP, all test data 

for that connection must be available for review by the CPRP. This includes data 

on unsuccessful tests of connections that represent or are otherwise relevant to the 

final connection. Testing performed on a preliminary connection configuration that 

is not relevant to the final design need not be submitted. However, parametric stud

ies on weak and strong panel zones of a connection that otherwise match the final 

connection are examples of developmental tests that should be submitted. Individu

als seeking prequalification of a connection are obliged to present the entire known 

database of tests for the connection. Such data is essential for an assessment of the 

reliability of a connection. Note that unsuccessful tests do not necessarily preclude 

prequalification, particularly if the reasons for unsuccessful performance have been 

identified and addressed in the connection design procedures. For example, if 10 

tests are conducted on varying sized members and one test is unsuccessful, the cause 

for the "failure" should be determined. If possible, the connection design procedure 

should be adjusted in such a way to preclude the failure and not invalidate the other 

nine tests. Subsequent tests should then be performed to validate the final proposed 

design procedure. 

4. Prequalification Variables

This section provides a list of variables that can affect connection performance, and

that should be considered in the prequalification of connections. The CPRP should

consider the possible effects of each variable on connection performance, and estab

lish limits of application for each variable. Laboratory tests or analytical studies

investigating the full range of all variables listed in this section are not required and

would not be practical. Connection testing and/or analytical studies investigating the

effects of these variables are only required where deemed necessary by the CPRP.

However, regardless of which variables are explicitly considered in testing or analyti

cal studies, the CPRP should still consider the possible effects of all variables listed

in this section, and assign appropriate limits.
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In order to prequalify a connection, a detailed and comprehensive design proce

dure consistent with the test results and addressing all pertinent limit states must be

available for the connection. This design procedure must be included as part of the

prequalification record, as required in Section Kl .6. Examples of the format and typi

cal content of such design procedures can be found in FEMA 350.

6. Prequalification Record

A written prequalification record is required for a prequalified connection. As a mini

mum, the prequalification record must include the information listed in Section Kl .6.

The prequalification record should provide a comprehensive listing of all information

needed by a designer to determine the applicability and limitations of the connec

tion, and information needed to design the connection. The prequalification record

need not include detailed records of laboratory tests or analytical studies. However,

a list of references should be included for all test reports, research reports, and other

publications used as a basis of prequalification. These references should, to the extent

possible, be available in the public domain to permit independent review of the data

and to maintain the integrity and credibility of the prequalification process. FEMA

350 (FEMA, 2000a) provides an example of the type and formatting of information

needed for a prequalified connection.

For connections prequalified by CPRP, ANSI/ AISC 358 serves as the prequalification

record.

K2. CYCLIC TESTS FOR QUALIFICATION OF BEAM-TO-COLUMN AND 

LINK-TO-COLUMN CONNECTIONS 

1. Scope

The development of testing requirements for beam-to-column moment connections

was motivated by the widespread occurrence of fractures in such connections in the

1994 Northridge earthquake. To improve performance of connections in future earth

quakes, laboratory testing is required to identify potential problems in the design,

detailing, materials or construction methods to be used for the connection. The

requirement for testing reflects the view that the behavior of connections under severe

cyclic loading cannot be reliably predicted by analytical means only.

It is recognized that testing of connections can be costly and time consuming. Con

sequently, this section has been written with the intent of providing the simplest

testing requirements possible, while still providing reasonable assurance that con

nections tested in accordance with these Provisions will perform satisfactorily in an

earthquake. Where conditions in the actual building differ significantly from the test

conditions specified in this section, additional testing beyond the requirements herein

may be needed to ensure satisfactory connection performance. Many of the fac

tors affecting connection performance under earthquake loading are not completely
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understood. Consequently, testing under conditions that are as close as possible to 

those found in the actual building will provide for the best representation of expected 

connection performance. 

It is not the intent of these Provisions that project-specific connection tests be con

ducted on a routine basis for building construction projects. Rather, it is anticipated 

that most projects would use connection details that have been previously prequali

fied in accordance with Section Kl . If connections are being used that have not been 

prequalified, then connection performance must be verified by testing in accordance 

with Section K2. However, even in such cases, tests reported in the literature can 

be used to demonstrate that a connection satisfies the strength and rotation require

ments of the Provisions, so long as the reported tests satisfy the requirements of this 

section. Consequently, it is expected that project-specific connection tests would be 

conducted for only a very small number of construction projects. 

Although the provisions in this section predominantly address the testing of beam-to

column connections in moment frames, they also apply to qualifying cyclic tests of 

link-to-column connections in EBF. While there are no reports of failures of link-to

column connections in the Northridge earthquake, it cannot be concluded that these 

similar connections are satisfactory for severe earthquake loading as it appears that 

few EBF with a link-to-column configuration were subjected to strong ground motion 

in that earthquake. Many of the conditions that contributed to poor performance of 

moment connections in the Northridge earthquake can also occur in link-to-column 

connections in EBF. Further, recent research on link-to-column connections (Oka

zaki et al., 2004b; Okazaki, 2004) has demonstrated that such connections, designed 

and constructed using pre-Northridge practices, show poor performance in laboratory 

testing. Consequently, in these Provisions, the same testing requirements are applied 

to both moment connections and to link-to-column connections. In the 2016 edition 

of the Provisions, requirements were added for testing beam-to-column connections 

in C-SMF and C-IMF. 

When developing a test program, the designer should be aware that the authority 

having jurisdiction may impose additional testing and reporting requirements not 

covered in this section. Examples of testing guidelines or requirements developed 

by other organizations or agencies include those published by SAC (FEMA, 2000a; 

SAC, 1997), by the ICC Evaluation Service (ICC, 2008), and by the County of 

Los Angeles (County of Los Angeles Department of Public Works, 1996). Prior to 

developing a test program, the appropriate authority having jurisdiction should be 

consulted to ensure the test program meets all applicable requirements. Even when 

not required, the designer may find the information contained in the foregoing refer

ences to be useful resources in developing a test program. 

2. Test Subassemblage Requirements

A variety of different types of subassemblages and test specimens have been used

for testing moment connections. A typical subassemblage is planar and consists of a

single column with a beam attached on one or both sides of the column. The specimen
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can be loaded by displacing either the end of the beam(s) or the end of the column. 

Examples of typical subassemblages for moment connections can be found in the 

literature, for example in SAC (1996) and Popov et al. (1996). 

In the Provisions, test specimens generally need not include a composite slab or the 

application of axial load to the column. However, such effects may have an influ

ence on connection performance, and their inclusion in a test program should be 

considered as a means to obtain more realistic test conditions. An example of test 

subassemblages that include composite floor slabs and/or the application of column 

axial loads can be found in Popov et al. (1996); Leon et al. (1997); and Tremblay et 

al. (1997). A variety of other types of subassemblages may be appropriate to simulate 

specific project conditions, such as a specimen with beams attached in orthogonal 

directions to a column. A planar bare steel specimen with a single column and a 

single beam represents the minimum acceptable subassemblage for a moment con

nection test. However, more extensive and realistic subassemblages that better match 

actual project conditions should be considered where appropriate and practical, in 

order to obtain more reliable test results. 

Examples of subassemblages used to test link-to-column connections can be found in 

Hjelmstad and Popov (1983); Kasai and Popov (1986c); Ricles and Popov (1987b); 

Engelhardt and Popov (1989a); Dusicka and Itani (2002); McDaniel et al. (2002); 

Arce (2002); and Okazaki et al. (2004b). 

3. Essential Test Variables

3a. Sources of Inelastic Rotation

This section is intended to ensure that the inelastic rotation in the test specimen is

developed in the same members and connection elements as anticipated in the proto

type. For example, if the prototype moment connection is designed so that essentially

all of the inelastic rotation is developed by yielding of the beam, then the test speci

men should be designed and perform in the same way. A test specimen that develops

nearly all of its inelastic rotation through yielding of the column panel zone would

not be acceptable to qualify a prototype connection wherein flexural yielding of the

beam is expected to be the predominant inelastic action.

Because of normal variations in material properties, the actual location of inelastic

action may vary somewhat from that intended in either the test specimen or in the pro

totype. An allowance is made for such variations by permitting a 25% variation in the

percentage of the total inelastic rotation supplied by a member or connecting element

in a test specimen as compared with the design intent of the prototype. Thus, for the

example above where 100% of the inelastic rotation in the prototype is expected to be

developed by flexural yielding of the beam, at least 75% of the total inelastic rotation

of the test specimen is required to be developed by flexural yielding of the beam in

order to qualify this connection.

For link-to-column connections in EBF, the type of yielding (shear yielding, flex

ural yielding, or a combination of shear and flexural yielding) expected in the test
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specimen link should be substantially the same as for the prototype link. For example, 
a link-to-column connection detail which performs satisfactorily for a shear-yielding 
link ( e :c:; I .6M

p
/V

p
) may not necessarily perform well for a flexural-yielding link ( e 2". 

2.6M
p
/V

p
)· The load and deformation demands at the link-to-column connection will 

differ significantly for these cases. 

Satisfying the requirements of this section will require the designer to have a clear 
understanding of the manner in which inelastic rotation is developed in the prototype 
and in the test specimen. 

One of the key parameters measured in a connection test is the inelastic rotation 
that can be developed in the specimen. The acceptance criterion in the Provisions is 
based on story drift angle, which includes both elastic and inelastic rotations. How
ever, inelastic rotation provides an important indication of connection performance in 
earthquakes and should still be measured and reported in connection tests. Research
ers have used a variety of different definitions for inelastic rotation of moment 
connection test specimens in the past, making comparison among tests difficult. In 
order to promote consistency in how test results are reported, these Provisions require 
that inelastic rotation for moment connection test specimens be determined based on 
the assumption that all inelastic deformation of a test specimen is concentrated at a 
single point at the intersection of the centerline of the beam with the centerline of 
the column. With this definition, inelastic rotation is equal to the inelastic portion of 
the story drift angle. Previously the Provisions defined inelastic rotation of moment 
connection specimens with respect to the face of the column. The definition has been 
changed to the centerline of the column to be consistent with recommendations of 
SAC (SAC, 1997; FEMA, 2000a). 

For tests of link-to-column connections, the key acceptance parameter is the link 
inelastic rotation, also referred to in these Provisions as the link rotation angle. The 
link rotation angle is determined based upon an analysis of test specimen deforma
tions, and can normally be determined as the inelastic portion of the relative end 
displacement between the ends of the link, divided by the link length. Examples 
of such calculations can be found in Kasai and Popov (1986c); Ricles and Popov 
(1987a); Engelhardt and Popov (1989a); and Arce (2002). 

3b. Members 

The intent of this section is that the member sizes used in a test specimen should be, 
as nearly as practical, a full-scale representation of the member sizes used in the pro
totype. The purpose of this requirement is to ensure that any potentially adverse scale 
effects are adequately represented in the test specimen. As beams become deeper 
and heavier, their ability to develop inelastic rotation may be somewhat diminished 
(Roeder and Foutch, 1996; Blodgett, 2001). Although such scale effects are not yet 
completely understood, at least two possible detrimental scale effects have been iden
tified. First, as a beam gets deeper, larger inelastic strains are generally required in 
order to develop the same level of inelastic rotation. Second, the inherent restraint 
associated with joining thicker materials can affect joint and connection performance. 
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Because of such potentially adverse scale effects, the beam sizes used in test speci

mens are required to adhere to the limits given in this section. For C-SMF and C-IMF 

systems, the weight per foot of the structural steel member that forms part of the 

test beam must adhere to the specified limits. However, there is no limit on the total 

weight per foot of the beam in the test specimen. 

This section only specifies restrictions on the degree to which test results can be scaled 

up to deeper or heavier members. There are no restrictions on the degree to which test 

results can be scaled down to shallower or lighter members. No such restrictions have 

been imposed in order to avoid excessive testing requirements and because currently 

available evidence suggests that adverse scale effects are more likely to occur when 

scaling up test results rather than when scaling down. Nonetheless, caution is advised 

when using test results on very deep or heavy members to qualify connections for 

much smaller or lighter members. It is preferable to obtain test results using member 

sizes that are a realistic representation of the prototype member sizes. 

As an example of applying the requirements of this section, consider a moment con

nection test specimen constructed with a W36x150 beam. This specimen could be 

used to qualify any beam with a depth up to 40 in. (= 36/0.9) and a weight up to 

200 lb/ft (= 150/0.75). The limits specified in this section have been chosen some

what arbitrarily based on judgment, as no quantitative research results are available 

on scale effects. 

When choosing a beam size for a test specimen, several other factors should be con

sidered in addition to the depth and weight of the section. One of these factors is 

the width-to-thickness ratio, b/t, of the beam flange and web. The b/t ratios of the 

beam may have an important influence on the performance of specimens that develop 

plastic rotation by flexural yielding of the beam. Beams with high b/t ratios develop 

local buckling at lower inelastic rotation levels than beams with low b/t ratios. This 

local buckling causes strength degradation in the beam, and may therefore reduce 

the load demands on the connection. A beam with very low b/t ratios may experi

ence little if any local buckling, and will therefore subject the connection to higher 

moments. On the other hand, the beam with high b/t ratios will experience highly 

localized deformations at locations of flange and web buckling, which may in turn 

initiate a fracture. Consequently, it is desirable to test beams over a range of b/t ratios 

in order to evaluate these effects. For C-SMF and C-IMF systems, b/t ratios are per

tinent to steel members that form part of the composite system. For some composite 

systems, local buckling of steel members may be restrained by concrete elements. 

For example, filling a steel tube with concrete or encasing a steel member in concrete 

may delay the onset and reduce the severity of local buckling. These effects should 

be considered when designing a test specimen and when considering how test results 

can be extrapolated to the prototype. 

These provisions also require that the depth of the test column be at least 90% of the 

depth of the prototype column. Tests conducted as part of the SAC program indicated 

that performance of connections with deep columns may differ from the performance 
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with Wl2 and Wl4 columns (Chi and Uang, 2002). Additional recent research on 

moment connections with deep columns is reported by Riel es et al. (2004b ). For 

C-SMF and C-IMF systems, this limitation only applies to the depth of the structural

steel member that forms part of a composite column, not to the overall depth of the

composite column.

In addition to adhering separately to the size restrictions for beams and to the size 

restrictions for columns, the combination of beam and column sizes used in a test 

specimen should reasonably reflect the pairing of beam and column sizes used in 

the prototype. For example, consider a building design that calls for the use of a 

W36 beam attached to a W36 column. For the connection type proposed for this 

building, successful tests have been run on specimens using a W36 beam attached to 

a Wl 4 column, and on other specimens using a W24 beam attached to a W36 col

umn. Thus, test data is available for this connection on specimens meeting the beam 

size limitations of Section K2.3b, and separately on specimens meeting the column 

size restrictions of Section K2.3b. Nonetheless, these tests would not be suitable for 

qualifying this connection for the case of a W36 beam attached to a W36 column, 

since the combination of beam and column sizes used in the test specimens does not 

match the combination of beam and column sizes in the prototype, within the limits 

of Section K2.3b. 

3f. Steel Strength for Steel Members and Connection Elements 

The actual yield stress of structural steel can be considerably greater than its specified 

minimum value. Higher levels of actual yield stress in members that supply inelastic 

rotation by yielding can be detrimental to connection performance by developing 

larger forces at the connection prior to yielding. For example, consider a moment 

connection design in which inelastic rotation is developed by yielding of the beam, 

and the beam has been specified to be of ASTM A36/ A36M steel. If the beam has an 

actual yield stress of 55 ksi ( 3 80 MPa), the connection is required to resist a moment 

that is 50% higher than if the beam had an actual yield stress of 36 ksi (250 MPa). 

Consequently, this section requires that the materials used for the test specimen rep

resent this possible overstrength condition, as this will provide for the most severe 

test of the connection. 

As an example of applying these Provisions, consider again a test specimen in which 

inelastic rotation is intended to be developed by yielding of the beam. In order to 

qualify this connection for ASTM A992/A992M beams, the test beam is required to 

have a yield stress of at least 47 ksi (324 MPa) (= 0.85R
y
F

y 
for ASTMA992/A992M). 

This minimum yield stress is required to be exhibited by both the web and flanges of 

the test beam. 

The requirements of this section are applicable only to members or connecting ele

ments of the test specimen that are intended to contribute to the inelastic rotation of 

the specimen through yielding. The requirements of this section are not applicable to 

members or connecting elements that are intended to remain essentially elastic. 
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The intent of the Provisions is to ensure that the welds on the test specimen replicate 

the welds on the prototype as closely as practicable. Accordingly, it is required that 

the welding variables, such as current and voltage, be within the range established by 

the weld metal manufacturer. Other essential variables, such as steel grade, type of 

joint, root opening, included angle and preheat level, are required to be in accordance 

with AWS Dl.1/Dl.IM. It is not the intent of this section that the electrodes used 

to make welds in a test specimen must necessarily be the same A WS classification, 

diameter or brand as the electrodes to be used on the prototype. 

4. Loading History

For biaxial loading of columns, the intent is to require that both axes are loaded using

a pseudo-statically applied load (variable load) as specified in Section K2.4b. The

option to apply simultaneous varying loads using Section K2.4b is not prohibited,

although the coordination of the two loading sequences would require judgment, pre

sumably supplied by the CPRP. It does not appear reasonable to try to explain how

the loads would be coordinated in the Provisions since different connections might

suggest different phasing of the loads. Proponents and reviewers are reminded that

coordination of loading must be considered. Although not stated explicitly, biaxially

symmetric columns would not require duplicate testing about both axes.

The Provisions require that testing include the most demanding combination of beams

for which prequalification is sought. For some systems, particularly composite sys

tems, the "largest beam" might not always represent the most demanding situation.

The Provisions provide an option to apply a variable load about at least one axis while

a constant (static) load, equal to the expected demand from the beam in the orthogo

nal direction, may be applied about the orthogonal axis. The use of a static load, equal

to the expected strength of the orthogonal beam, is intended to address the lack of test

data demonstrating how and at what magnitude simultaneously variable loads should

be applied. The Provisions allow for other loading sequences should alternate loading

be deemed more appropriate by the proponent and reviewers.

The loading sequence prescribed in Section K2.4b for beam-to-column moment

connections is taken from SAC/BD-97/02, Protocol for Fabrication, Inspection, Test

ing, and Documentation of Beam Column Connection Tests and Other Experimental

Specimens (SAC, 1997). This document should be consulted for further details of the

loading sequence, as well as for further useful information on testing procedures. The

prescribed loading sequence is not intended to represent the demands presented by a

particular earthquake ground motion. This loading sequence was developed based on

a series of nonlinear time history analyses of steel moment frame structures subjected

to a range of seismic inputs. The maximum deformation, as well as the cumulative

deformation and dissipated energy sustained by beam-to-column connections in these

analyses, were considered when establishing the prescribed loading sequence and the

connection acceptance criteria. If a designer conducts a nonlinear time history analy

sis of a moment frame structure in order to evaluate demands on the beam-to-column
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connections, considerable judgment will be needed when comparing the demands on 

the connection predicted by the analysis with the demands placed on a connection 

test specimen using the prescribed loading sequence. In general, however, a connec

tion can be expected to provide satisfactory performance if the cumulative plastic 

deformation, and the total dissipated energy sustained by the test specimen prior 

to failure are equal to or greater than the same quantities predicted by a nonlinear 

time-history analysis. When evaluating the cumulative plastic deformation, both total 

rotation ( elastic plus inelastic) as well as inelastic rotation at the connection should 

be considered. SAC/BD-00/10 (SAC, 2000) can be consulted for further information 

on this topic. 

Section K2.4c specifies the loading sequence for qualifying tests on link-to-column 

connections and is based on work by Richards and Uang (2003) and Richards (2004). 

The loading sequence specified in ATC-24, Guidelines for Cyclic Seismic Testing of 

Components of Steel Structures (ATC, 1992) is considered as an acceptable alter

native to those prescribed in Sections K2.4b and K2.4c. Further, any other loading 

sequence may be used for beam-to-column moment connections or link-to-column 

connections, as long as the loading sequence is equivalent to or more severe than 

those prescribed in Sections K2.4b and K2.4c. To be considered as equivalent or 

more severe, alternative loading sequences should meet the following requirements: 

( 1) the number of inelastic loading cycles should be at least as large as the number of

inelastic loading cycles resulting from the prescribed loading sequence; and (2) the

cumulative plastic deformation should be at least as large as the cumulative plastic

deformation resulting from the prescribed loading sequence.

Dynamically applied loads are not required by the Provisions. Slowly applied cyclic 

loads, as typically reported in the literature for connection tests, are acceptable for the 

purposes of the Provisions. It is recognized that dynamic loading can considerably 

increase the cost of testing, and that few laboratory facilities have the capability to 

dynamically load large-scale test specimens. Furthermore, the available research on 

dynamic loading effects on steel connections has not demonstrated a compelling need 

for dynamic testing. Nonetheless, applying the required loading sequence dynami

cally, using loading rates typical of actual earthquake loading, will likely provide 

a better indication of the expected performance of the connection, and should be 

considered where practical. 

6. Testing Requirements for Material Specimens

Tension testing is required for steel members and connection elements of the test

specimen that contribute to the inelastic rotation of the specimen by yielding. These

tests are required to demonstrate conformance with the requirements of Section K2.3f,

and to permit proper analysis of test specimen response. Tension test results reported

on certified mill test reports are not permitted to be used for this purpose. Yield stress

values reported on a certified mill test report may not adequately represent the actual

yield strength of the test specimen members. Variations are possible due to material

sampling locations and tension test methods used for certified mill test reports.

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Comm. K3.] CYCLIC TESTS FOR QUALIFICATION OF 

BUCKLING-RESTRAINED BRACES 

9.1-395 

ASTM standards for tension testing permit the reporting of the upper yield point. 

Yield strength may be reported using either the 0.2% offset or 0.5% elongation under 

load. For steel members subject to large cyclic inelastic strains, the upper yield point 

can provide a misleading representation of the actual material behavior. Thus, while 

an upper yield point is permitted by ASTM, it is not permitted for the purposes of this 

section. Determination of yield stress using the 0.2% strain offset method based on 

independent testing using common specimen size for all members is required in this 

section. This follows the protocol used during the SAC investigation. 

Since this tension testing utilizes potentially different specimen geometry, testing 

protocol, and specimen location, differences from the material test report are to be 

expected. Appendix X2 of ASTM A6 discusses the variation of tensile properties 

within a heat of steel for a variety of reasons. Based on previous work, this appendix 

reports the value of one standard deviation of this variance to be 8% of the yield 

strength using ASTM standards. 

This special testing is not required for project materials as the strength ratios in 

Table A3 .1 were developed using standard producer material test report data. There

fore, supplemental testing of project material should only be required if the identity 

of the material is in question prior to fabrication. 

Only tension tests for steel members and connection elements are required in this 

section. Additional materials testing, however, can sometimes be a valuable aid for 

interpreting and extrapolating test results. Examples of additional tests, which may be 

useful in certain cases, include Charpy V-notch tests, hardness tests, chemical analy

sis and others. Consideration should be given to additional materials testing, where 

appropriate. 

For C-SMF and C-IMF specimens, material testing is also required for reinforcing 

steel and concrete. Because of potentially significant differences in specified con

crete compressive strength compared to the actual compressive strength, limits are 

placed on the degree to which the actual tested compressive strength of concrete in a 

specimen is allowed to differ from the specified value. An exception to these limits 

is provided if it can be demonstrated that differences in concrete beyond these limits 

will not result in unacceptable differences in connection performance between the 

test specimen and the prototype. 

K3. CYCLIC TESTS FOR QUALIFICATION OF BU CKLING

RESTRAINED BRACES 

The provisions of this section require the introduction of several new variables. The 

quantity !'1.bm represents both an axial displacement and a rotational quantity. Both 

quantities are determined by examining the profile of the building at the design story 

drift, !'1.m, and extracting joint lateral and rotational deformation demands. 

Determining the maximum rotation imposed on the braces used in the building may 

require significant effort. The engineer may prefer to select a reasonable value (in 

other words, story drift), which can be simply demonstrated to be conservative for 
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each brace type, and is expected to be within the performance envelope of the braces 

selected for use on the project. 

Two types of testing are referred to in this section. The first type is subassemblage test

ing, described in Section K3 .2, an example of which is illustrated in Figure C-K3 .1. 

The second type of testing, described in Section K3.3 as brace specimen testing, is 

permitted to be uniaxial testing. 

1. Scope

The development of the testing requirements in the Provisions was motivated by the

relatively small amount of test data on buckling-restrained braced frame (BRBF) sys

tems available to structural engineers. In addition, no data on the response of BRBF

to severe ground motion is available. Therefore, the seismic performance of these sys

tems is relatively unknown compared to more conventional steel-framed structures.

The behavior of a BRBF differs markedly from conventional braced frames and other

structural steel seismic force-resisting systems. Various factors affecting brace per

formance under earthquake loading are not well understood and the requirement for

testing is intended to provide assurance that the braces will perform as required, and

also to enhance the overall state of knowledge of these systems.

It is recognized that testing of brace specimens and subassemblages can be costly

and time-consuming. Consequently, this section has been written with the intent of

providing the simplest testing requirements possible, while still providing reason

able assurance that prototype BRBF based on brace specimens and subassemblages

tested in accordance with these provisions will perform satisfactorily in an actual

earthquake.

Pinned joint (typ.) 

Fig. C-K3.l. Example of test subassemblage. 

Seismic Provisions for Structural Steel Buildings, July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 

(tvp.) 



Comm. K3.] CYCLIC TESTS FOR QUALIFICATION OF 

BUCKLING-RESTRAINED BRACES 

9.1-397 

It is not intended that the Provisions drive project-specific tests on a routine basis 

for building construction projects. In most cases, tests reported in the literature or 

supplied by the brace manufacturer can be used to demonstrate that a brace and sub

assemblage configuration satisfies the strength and inelastic rotation requirements of 

these Provisions. Such tests, however, should satisfy the requirements of this section. 

The Provisions of this section have been written allowing submission of data on pre

vious testing, based on similar conditions. As the body of test data for each brace 

type grows, the need for additional testing is expected to diminish. The Provisions 

allow for manufacturer-designed braces, through the use of a documented design 

methodology. 

Most testing programs developed for primarily axial-load-carrying components focus 

largely on uniaxial testing. However, the Provisions are intended to direct the primary 

focus of the program toward testing of a subassemblage that imposes combined axial 

and rotational deformations on the brace specimen. This reflects the view that the 

ability of the brace to accommodate the necessary rotational deformations cannot be 

reliably predicted by analytical means alone. Subassemblage test requirements are 

discussed more completely in Commentary Section K3.2. 

Where conditions in the actual building differ significantly from the test conditions 

specified in this section, additional testing beyond the requirements described herein 

may be needed to ensure satisfactory brace performance. Prior to developing a test 

program, the appropriate regulatory agencies should be consulted to ensure the test 

program meets all applicable requirements. 

The brace deformation at first significant yield is used in developing the test sequence 

described in Section K3.4c. The quantity is required to determine the actual cumula

tive inelastic deformation demands on the brace. If the nominal yield stress of the 

steel core were used to determine the test sequence, and significant material over

strength were to exist, the total inelastic deformation demand imposed during the test 

sequence would be overestimated. 

2. Subassemblage Test Specimen

The objective of subassemblage testing is to verify the ability of the brace, and in par

ticular its steel core extension and buckling restraining mechanism, to accommodate

the combined axial and rotational deformation demands without failure.

It is recognized that subassemblage testing is more difficult and expensive than uni

axial testing of brace specimens. However, the complexity of the brace behavior due

to the combined rotational and axial demands, and the relative Jack of test data on

the performance of these systems, indicates that subassemblage testing should be

performed.

Subassemblage testing is not intended to be required for each project. Rather, it is

expected that brace manufacturers will perform the tests for a reasonable range of

axial loads, steel core configurations, and other parameters as required by the Pro

visions. It is expected that this data will subsequently be available to engineers on
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other projects. Manufacturers are therefore encouraged to conduct tests that establish 

the device performance limits to minimize the need for subassemblage testing on 

projects. 

Similar requirements are given in terms of measured axial yield strength of both the 

prototype and the test specimen braces. This is better suited to manufacturer's product 

testing than to project-specific testing. Comparison of coupon test results is a way to 

establish a similarity between the subassemblage test specimen brace and the proto

type braces. Once similarity is established, it is acceptable to fabricate test specimens 

and prototype braces from different heats of steel. 

A variety of subassemblage configurations are possible for imposing combined axial 

and rotational deformation demands on a test specimen. Some potential subassem

blages are shown in Figure C-K3.2. The subassemblage need not include connecting 

beams and columns provided that the test apparatus duplicates, to a reasonable degree, 

the combined axial and rotational deformations expected at each end of the brace. 

Rotational demands may be concentrated in the steel core extension in the region 

just outside the buckling restraining mechanism. Depending on the magnitude of the 

rotational demands, limited flexural yielding of the steel core extension may occur. 

Rotational demands can also be accommodated by other means, such as tolerance in 

the buckling restraint layer or mechanism, elastic flexibility of the brace and steel 

core extension, or through the use of pins or spherical bearing assemblies. It is in 

the engineer's best interest to include in subassemblage testing all components that 

contribute significantly to accommodating rotational demands. 

While the upward extrapolation permitted for brace test specimens in accordance 

with Section K3.3c(b) is considerable, the subassemblage is not permitted to be much 

smaller than the prototype. It is expected that the subassemblage test will be reason

ably similar to the prototype and thus will provide confirmation of the ability of the 

design to provide the required performance. 

It is intended that the subassemblage test specimen be larger in axial-force capacity 

than the prototype. However, the possibility exists for braces to be designed with very 

large axial forces. Should the brace yield force be so large as to make subassemblage 

testing impractical, the engineer is expected to make use of the Provisions that allow 

for alternate testing programs, based on building official approval and qualified peer 

review. Such programs may include, but are not limited to, nonlinear finite element 

analysis, partial specimen testing, and reduced-scale testing, in combination with 

full-scale uniaxial testing where applicable or required. 

The steel core material was not included in the list of requirements. The more criti

cal parameter, calculated margin of safety for the steel core projection stability, is 

required to meet or exceed the value used in the prototype. The method of calculating 

the steel core projection stability should be included in the design methodology. 

It is recognized that both test specimens required for brace qualification may have 

been performed as subassemblage tests given that subassemblage tests are generally 

considered more demanding than brace specimen tests. In this case there would be 
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two tests available to determine the factor of safety against overall brace buckling. 

It is not intended that the more conservative of these must be used in design. Testing 

facilities often are not large enough to test braces of sufficient length to determine 

accurate factors of safety for large capacity braces resulting in very conservative fac

tors of safety for overall casing buckling. It is not intended that the more conservative 

factors of safety dictate design when a more representative subassemblage test is also 

available. 

The subassemblage test specimen is required to undergo combined axial and rota

tional deformations similar to those in the prototype. It is recognized that identical 

braces, in different locations in the building, will undergo different maximum axial 

and rotational deformation demands. In addition, the maximum rotational and axial 

deformation demands may be different at each end of the brace. The engineer is 

--

--

... 

and column 

Fig. C-K3.2. Possible test subassemblages. 
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expected to make simplifying assumptions to determine the most appropriate combi

nation of rotational and axial deformation demands for the testing program. 

Some subassemblage configurations will require that one deformation quantity be 

fixed while the other is varied as described in the test conditions discussed above. In 

such a case, the rotational quantity may be applied and maintained at the maximum 

value, and the axial deformation applied according to the required loading sequence. 

The engineer may wish to perform subsequent tests on the same subassemblage spec

imen to bound the brace performance. 

3. Brace Test Specimen

The objective of brace test specimen testing is to establish basic design parameters

for the BRBF system.

The allowance of previous test data (similarity) to satisfy these provisions is less

restrictive for uniaxial testing than for subassemblage testing. Subassemblage test

specimen requirements are discussed in Commentary Section K3.2.

A considerable number of uni axial tests have been performed on some brace systems

and the engineer is encouraged, wherever possible, to submit previous test data to

meet these provisions. Relatively few subassemblage tests have been performed. This

type of testing is considered a more demanding test of the overall brace performance.

It is recognized that the fabrication tolerances used by brace manufacturers to achieve

the required brace performance may be tighter than those used for other fabricated

structural steel members. The engineer is cautioned against including excessively

prescriptive brace specifications, as the intent of the Provisions is that the fabrica

tion and supply of the braces is achieved through a performance-based specification

process. It is considered sufficient that the manufacture of the test specimen and the

prototype braces be conducted using the same quality control and assurance proce

dures, and the braces be designed using the same design methodology.

The engineer should also recognize that manufacturer process improvements over

time may result in some manufacturing and quality control and assurance procedures

changing between the time of manufacture of the brace test specimen and of the pro

totype. In such cases reasonable judgment is required.

During the planning stages of either a subassemblage or uniaxial brace test, certain

conditions may exist that cause the test specimen to deviate from the parameters

established in the testing section. These conditions may include:

• Lack of availability of beam, column, and brace sizes that reasonably match those

to be used in the actual building frame

• Test set-up limitations in the laboratory

• Transportation and field-erection constraints

• Actuator-to-subassemblage connection conditions that require reinforcement of

test specimen elements not reinforced in the actual building frame
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In certain cases, both the authority having jurisdiction and the peer reviewer may 

deem such deviations acceptable. The cases in which such deviations are accept

able are project-specific by nature and, therefore, do not lend themselves to further 

description in this Commentary. For these specific cases, it is recommended that the 

engineer of record demonstrate that the following objectives are met: 

• Reasonable relationship of scale

• Similar design methodology

• Adequate system strength

• Stable buckling-restraint of the steel core in the prototype

• Adequate rotation capacity in the prototype

• Adequate cumulative strain capacity in the prototype

In many cases it will not be practical or reasonable to test the exact brace connections 

present in the prototype. These provisions are not intended to require such testing. In 

general, the demands on the steel core extension-to-gusset plate connection are well 

defined due to the known axial capacity of the brace and the limited flexural capac

ity of the steel core extension. While the subsequent design of the bolted or welded 

gusset plate connection is itself a complicated issue and the subject of continuing 

investigation, it is not intended that these connections become the focus of the testing 

program. 

For the purposes of utilizing previous test data to meet the requirements of this sec

tion, the requirements for similarity between the brace and subassemblage brace test 

specimen can be considered to exclude the steel core extension connection to the 

frame. 

The intent is to allow test data from previous test programs to be presented where 

possible. See Commentary Section K3.2. 

The intent of this provision is to ensure that the end connections of the brace test 

specimen reasonably represent those of the prototype. It is possible that due to fabri

cation or assembly constraints, variations in fit-up, faying-surface preparation, or bolt 

or pin hole fabrication and size may occur. In certain cases, such variations may not 

be detrimental to the qualification of a successful cyclic test. The final acceptability 

of variations in brace-end connections rests on the opinion of the building official. 

4. Loading History

The loading sequence requires each tested brace to achieve ductilities corresponding

to 2.0 times the design story drift and a cumulative inelastic axial ductility capacity

of 200 times the yield displacement. Both of these requirements are based on a study

in which a series of nonlinear dynamic analyses was conducted on model buildings

in order to investigate the performance of this system. The ductility capacity require

ment represents a mean of response values (Sabelli et al., 2003). The cumulative

ductility requirement is significantly higher than expected for the design basis earth

quake, but testing of braces has shown this value to be easily achieved. It is expected
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Example Brace Testing Protocol 

[Comm. K3. 

Cumulative Inelastic 

Cycle Deformation Inelastic Deformation Deformation 

2@ /.\by 

2@ ½i.\bm 

2@ i.\bm 

2@ 1 1/21.\bm 

2 @ 21.\bm 

4 @ 1 1/21.\bm 

= 4@ 2.01.\by 

=4@ 4.01.\by 

= 2@ 6.01.\by 

- 2 @ 8.01.\by 

= 2 @ 6.01.\by 

= 2*4*(1.\by /.\by)= 01.\by 

= 2*4*(2.01.\by - /.\by) = 81.\by 

= 2*4*(4.01.\by- /.\by)= 241.\by 

= 2*4*(6.01.\by - /.\by) = 401.\by 

- 2*4*(8.01.\by /.\by) - 561.\by 

= 4*4*(6.01.\by /.\by) = 801.\by 

01.\by = 01.\by 

01.\by + 81.\by = 81.\by 

81.\by + 241.\by = 321.\by 

321.\by + 401.\by = 721.\by 

721.\by+ 56A =1 

1281.\by + 801.\by = 2081.\by 

Cumulative inelastic deformation at end of protocol = 208Llby 

that as more test data and building analysis results become available these require

ments may be revisited. 

The ratio of brace yield deformation, i'iby, to the brace deformation corresponding to 

the design story drift, !'ibm, must be calculated in order to define the testing protocol. 

This ratio is typically the same as the ratio of the displacement amplification factor 

(as defined in the applicable building code) to the actual overstrength of the brace; the 

minimum overstrength is determined by the resistance factor (LRFD) or the safety 

factor (ASD) in Section F4.5b.2. 

Engineers should note that there is a minimum brace deformation demand, !'ibm, cor

responding to 1 % story drift. Providing overstrength beyond that required to so limit 

the design story drift may not be used as a basis to reduce the testing protocol require

ments. Testing to at least twice this minimum (in other words, to 2% drift) is required. 

Table C-K3. l shows an example brace test protocol. For this example, it is assumed 

that the brace deformation corresponding to the design story drift is four times the 

yield deformation; it is also assumed that the design story drift is larger than the 1 % 

minimum. The test protocol is then constructed in accordance with Section K3.4c. In 

order to calculate the cumulative inelastic deformation, the cycles are converted from 

multiples of brace deformation at the design story drift, !'ibm, to multiples of brace 

yield deformation, i'iby· Since the cumulative inelastic drift at the end of the 2.0!'ibm

cycles is less than the minimum of 2001'1by required for brace tests, additional cycles 

to l .51'1bm are required. At the end of four such cycles, the required cumulative inelas

tic deformation has been reached. 

Dynamically applied loads are not required by the Provisions. The use of slowly 

applied cyclic loads, widely described in the literature for brace specimen tests, is 

acceptable for the purposes of these Provisions. It is recognized that dynamic loading 

can considerably increase the cost of testing, and that few laboratory facilities have 

the capability to apply dynamic loads to large-scale test specimens. Furthermore, the 

Seismic Provisions for Structural Steel Buildings. July 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Comm. K3.] CYCLIC TESTS FOR QUALIFICATION OF 

BUCKLING-RESTRAINED BRACES 

9.1-403 

available research on dynamic loading effects on steel test specimens has not demon

strated a compelling need for such testing. 

If rate-of-loading effects are thought to be potentially significant for the steel core 

material used in the prototype, it may be possible to estimate the expected change 

in behavior by performing coupon tests at low (test cyclic) and high (dynamic earth

quake) load rates. The results from brace tests would then be factored accordingly. 

5. Instrumentation

Minimum instrumentation requirements are specified to permit determination of nec

essary data. It is expected that alternative instrumentation adequate for these purposes

will be used in some cases.

6. Materials Testing Requirements

Tension testing of the steel core material used in the manufacture of the test speci

mens is required. In general, there has been good agreement between coupon test

results and observed tensile yield strengths in full-scale uniaxial tests. Material testing

required by this section is consistent with that required for testing of beam-to-column

moment connections. For further information on this topic, refer to Commentary Sec

tion K2.6.

7. Test Reporting Requirements

The results reported are necessary for conformance demonstration and for determina

tion of strain-hardening and compression-overstrength requirements. As nonlinear

modeling becomes more common, the production of test data to calibrate nonlin

ear elements is becoming an important secondary function. Little data exists on the

behavior of braces beyond their design range; such information can be useful in veri

fying the reliability of the system.

8. Acceptance Criteria

The acceptance criteria are written so that the minimum testing data that must be sub

mitted is at least one subassemblage test and at least one uniaxial test. In many cases

the subassemblage test specimen also qualifies as a brace test specimen provided the

requirements of Section K3.3 are met. If project specific subassemblage testing is

to be performed it may be simplest to perform two subassemblage tests to meet the

requirements of this section. For the purposes of these requirements a single subas

semblage test incorporating two braces in a chevron or other configuration is also

considered acceptable.

Depending on the means used to connect the test specimen to the subassemblage or

test apparatus, and the instrumentation system used, bolt slip may appear in the load

versus displacement history for some tests. This may appear as a series of downward

spikes in the load versus displacement plot and is not generally a cause for concern,

provided the behavior does not adversely affect the performance of the brace or brace

connection.
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These acceptance criteria are intended to be minimum requirements. The 1.5 limit 

in Section K3.8, requirement (d), is essentially a limitation on � based on available 

test data, where � is the compression strength adjustment factor. Currently available 

braces should be able to satisfy this requirement. 
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9.2-xiv 

SYMBOLS 

This Standard uses the following symbols in addition to the terms defined in the Specification 

for Structural Steel Buildings (ANSI/ AISC 3 60- 1 6) and the Seismic Provisions for Structural 

Steel Buildings (ANSI/ AISC 3 4 1- 1 6). Some definitions in the following list have been sim

plified in the interest of brevity. In all cases, the definitions given in the body of the Standard 

govern. Symbols without text definitions, used in only one location and defined at that loca

tion, are omitted in some cases. The section or table number on the right refers to where the 

symbol is first used. 

Symbol 

Ac 

Ac 

As 

A1b 
Avb 
Ay-link 
A'y-link 
A_1_

C1 

E 

FExx 
Ff 
Ffi, 
Fnt 
Fnt 
Fnv 
Fnv 
Fpr 
Fpr 

Fsu 

Fu 

Fub 
Fub 

Definition Section 

Contact areas between continuity plate and column flanges that have 

attached beam flanges, in.
2 

(mm
2) . . • • • . . • • • . . . • • . . . • • . . • • • . . • • • . . • • .  6.5

Area of concrete in column, in.
2 

(mm
2) • . . • • • . . • • • . . • • . . . • • . . . • • . . • • •  10.8

Area of steel in column, in.
2 

(mm
2) . . • • • . . • • . . . • • . . . • • . . • • • . . • • • . . • •  10.8 

Gross area of a tension bolt measured through its shank, in.
2 

(mm
2) . • • • . . • •  13.6 

Gross area of a shear bolt measured through its shank, in.
2 

(mm
2) . . • • . . . • •  13.6 

Yield area of reduced Yield-Link section, in.
2 

(mm
2) • . . • • • . . • • • . . • • . . . • •  12.9 

Estimated required Yield-Link yield area, in.
2 

(mm
2) • . . • • • . . • • • . . • • . . . • •  12.9 

Perpendicular amplified seismic drag or chord forces transferred through 

the SidePlate connection, resulting from applicable building code, kips (N) .. 1 1.7 

In-plane factored lateral drag or chord axial forces transferred along the frame 

beam through the SidePlate connection, resulting from load case l .OEQ per 

applicable building code, kips (N) ................................... 1 1.7 

Factor to account for peak connection strength, including strain hardening, 

local restraint, additional reinforcement, and other connection conditions ... 2.4.3 

Factor used in Equation 6.8- 1 7  .................................... 6.8.2 

Modulus of elasticity of steel= 2 9,000 ksi (200 000 MPa) ................ 13.6 

Filler metal classification strength, ksi (MPa) ........................... 9.9 

Maximum force in the T-stub and beam flange, kips (N) ................. 13.6 

Factored beam flange force, kips (N) ............................... 6.8.1 

Nominal tensile strength of bolt from the AISC Specification, ksi (MPa) ... 6.8.1 

Nominal tensile stress of bolt from the AISC Specification, ksi (MPa) ...... 13.6 

Nominal shear strength of bolt from the AISC Specification, ksi (MPa) .... 6.8.1 

Nominal shear stress of bolt from the AISC Specification, ksi (MPa) ....... 13.6 

Probable maximum force in the T-stub and beam flange, kips (N) ......... 13.6 

Force in the flange plate due to Mf, kips (N) ............................ 7.6 

Required stiffener strength, kips (N) ............................... 6.8.2 

Specified minimum tensile strength of yielding element, ksi (MPa) ....... 2.4.3 

Specified minimum tensile strength of beam material, ksi (MPa) ............ 7 .6 

Specified minimum tensile stress of beam, ksi (MPa) ................... 13.6 
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Fuf 
Fup 

Fup 

Fut 

Fu-link 

Fw 

Fy 

Fyb 

Fyb 

Fye 

Fye 

Fye 

Fyf 
Fyp 

Fys 

Fyt 

Fy-link 

H1, 

Hi 

Hu 

heam 

heam 

111 

ftotal 

Kcomp 

KefJ' 

Kjzange 
K; 

Kslip 

Kstem 

Kten 
L 

L1w1-side 

Le 

SYMBOLS 9.2-xv 

Specified minimum tensile strength of flange material. ksi (MPa) ........... 9.9 

Specified minimum tensile strength of end-plate material. ksi (MPa) ...... 6.8.1 

Specified minimum tensile strength of plate material, ksi (MPa) ............ 7 .6 

Specified minimum tensile stress of T-stub, ksi (MPa) .................. 13.6 

Specified minimum tensile strength of Yield-Link stem material, ksi (MPa) .. 12.9 

Nominal weld design strength per the AISC Specification, ksi (MPa) ........ 9.9 

Specified minimum yield stress of the yielding element, ksi (MPa) ........ 2.4.3 

Specified minimum yield stress of beam material, ksi (MPa) ............ 6.8.1 

Specified minimum yield stress of the beam, ksi (MPa) . . . . . . . . . . . . . . 1 1.4(3) 

Specified minimum yield stress of column flange material, ksi (MPa) ...... 6.8.2 

Specified minimum yield stress of column web material, ksi (MPa) ....... 6.8.2 

Specified minimum yield stress of the column, ksi (MPa) ............. 1 1.4(3) 

Specified minimum yield stress of flange material, ksi (MPa) .............. 9.9 

Specified minimum yield stress of end-plate material, ksi (MPa) .......... 6.8.1 

Specified minimum yield stress of stiffener material, ksi (MPa) .......... 6.8.1 

Specified minimum yield stress of the T-stub, ksi (MPa) ................. 13.6 

Specified minimum yield stress of Yield-Link stem material, ksi (MPa) ..... 12.9 

Distance along column height from ¼ of column depth above the top edge 

of lower-story side plates to ¼ of column depth below bottom edge of 

upper-story side plates, in. (mm) ................................. 1 1.4(3) 

Height of story below node, in. (mm) ................................ 10.8 

Height of story above node, in. (mm) ................................ 10.8 

Moment of inertia of the beam in plane of bending, in.4 (mm4) ..... Figure 1 1.1 6

Strong-axis moment of inertia of the beam, in.4 (mm4) ................... 13.6

Moment of inertia of the T-flange per pair of tension bolts, in.4 (mm4) ...... 13.6

Approximation of moment of inertia due to beam hinge location 

and side plate stiffness, in.4 (mm4) ............................ Figure 1 1.1 6

Elastic axial stiffness contribution due to bending stiffness in Yield-Link 

flange, kip/in. (N/mm) ............................................ 12.9 

Elastic axial stiffness contribution due to nonyielding section of Yield-Link, 

kip/in. (N/mm) .................................................. 12.9 

Elastic axial stiffness contribution due to yielding section of Yield-Link, 

kip/in. (N/mm) .................................................. 12.9 

Initial stiffness of a T-stub in compression, kip/in. (N/mm) ............... 13.6 

Effective elastic axial stiffness of Yield-Link, kip/in. (N/mm) ............. 12.9 

Initial stiffness of a T-flange, kip/in. (N/mm) .......................... 13.6 

Initial stiffness of the connection, kip-in./rad (N-mm/rad) ................ 13.6 

Initial stiffness of the slip mechanism between a T-stem and beam flange, 

kip/in. (N/mm) ................................................. 13.6 

Initial stiffness of a T-stem, kip/in. (N/mm) ........................... 13.6 

Initial stiffness of a T-stub in tension, kip/in. (N/mm) ................... 13.6 

Distance between column centerlines, in. (mm) . . . . . . . . . . . . . . . . . . . . . 1 1.3(5) 

Length of nonreduced Yield-Link at beam side, in. (mm) ............. Fig. 12.2 

Clear distance, in direction of force, between edge of the hole and edge 

of the adjacent hole or edge of material, in. (mm) ...................... 6.8. l 
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9.2-xvi SYMBOLS 

Lcol-side Length of nonreduced Yield-Link at column side, in. (mm) ........... Fig. 12.2 

Lcrit Length of critical shear plane through cover plate as shown in 

Figure C- 11.6, in. (mm) ................................ Commentary 11.7 

L1;1; Length of bracket, in. (mm) .................................... Table 9.1 

L1, Horizontal edge distance for bolts in Yield-Link flange to column flange 

connection, in. (mm) ......................................... Fig. 12.2 

Lehb Horizontal end distance of the beam measured from the end of the beam 

to the centerline of the first row of shear bolts or to the centerline of 

Lvb 

Ly-link 

Mgroup 

Mu-sp 

Mye-link 
N 

the web bolts, in. (mm) ........................................... 13.6 

Vertical edge distance for bolts in Yield-Link flange to column flange 

connection, in. (mm) ......................................... Fig. 12.2 

Distance between plastic hinge locations, in. (mm) ...................... 5.8 

Theoretical length of the connected beam measured between the working 

points of the adjacent columns, in. (mm) .............................. 13.6 

Length of shear connection, in. (mm) ................................ 13.6 

Length of end plate stiffener, in. (mm) .............................. 6.7.4 

Length of the shear bolt pattern in the T-stems and beam flanges, in. (mm) ... 13.6 

Length of reduced Yield-Link section, in. (mm) .................... Fig. 12.2 

Moment at collar bolts, kip-in. (N-mm) .............................. 10.8 

Factored gravity moments from cantilever beams that are not in the plane of 

the moment frame but are connected to the exterior face of the side plates, 

resulting from code-applicable load combinations, kip-in. (N-mm) . ........ 11.7 

Maximum probable moment demand at any connection element, 

kip-in. (N-mm) .................................................. 11.7 

Column flange flexural strength, kip-in. (N-mm) ...................... 6.8.2 

Probable maximum moment at face of column, kip-in. (N-mm) ............ 5.8 

Moment developed at face of column, kip-in. (N-mm) ................... 13.6 

Moment without prying action in bolts, kip-in. (N-mm) .............. Table 6.2 

Plastic moment of beam based on expected yield stress, kip-in. (N-mm) ...... 5.8 

Probable maximum moment at plastic hinge, kip-in. (N-mm) ............ 2.4.3 

Additional moment due to shear amplification from center of 

reduced beam section to centerline of column, kip-in. (N-mm) .......... 5.4( 2) 

Plastic moment nominal strength of the column below the node, about the axis 

under consideration, considering simultaneous axial loading and loading about 

the transverse axis, kip-in. (N-mm) .................................. 10.8 

Plastic moment nominal strength of the column above the node, about the axis 

under consideration considering simultaneous axial loading and loading about 

the transverse axis, kip-in (N-mm) .................................. 10.8 

Moment in shear plate at the column face, kip-in. (N-mm) ............... 12.9 

Additional moment due to the beam shear acting on a lever arm extending 

from the assumed point of plastic hinging to the centerline of the column, 

kip-in. (N-mm) .................................................. 10.8 

Moment at expected Yield-Link yield, kip-in. (N-mm) ................... 12.9 

Thickness of beam flange plus two times the reinforcing fillet weld size, 

in. (mm) ..................................................... 6.8.2 
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p 

Pr-weld 
Pr-link 
Psur 

Pye-link 
P'y-link 
Rpt 
Rn 
Rn 
RJ;Z 

Rt 

Treq 
Vbolts 
Vcant 

V,f 
Vcol 

Vt 
Vgravity 
vh 

VRBS 

SYMBOLS 9.2-xvii 

Axial load acting on the column at the section under consideration in accordance 

with the applicable load combination specified by the building code, but not 

considering amplified seismic load, kips (N) .......................... 10.8 

Required strength of Yield-Link stem to Yield-Link flange weld, kips (N) ... 12.9 

Probable maximum tensile strength of Yield-Link, kips (N) ............... 12.9 

Expected slip load of the shear bolts between the beam flange and T-stem, 

kips (N) ....................................................... 13.6 

Minimum specified tensile strength of bolt, kips (N) ................ Table 6.2 

Required axial strength of beam web-to-column flange connection, 

kips (N) ....................................................... 12.9 

Expected yield strength of the Yield-Link, kips (N) ..................... 12.9 

Estimated required Yield-Link yield force, kips (N) ..................... 12.9 

Minimum bolt pretension, kips (N) .................................. 10.8 

Required force for continuity plate design, kips (N) .................... 6.8.1 

Nominal strength ................................................. 7.6 

Nominal panel zone shear strength, kips (N) ........................... 10.8 

Ratio of expected tensile strength to specified minimum tensile strength 

for flange material ................................................ 9.9 

Ultimate strength of fillet weld, kips (N) ................... Commentary 11.4 

Required panel zone shear strength, kips (N) .......................... 10.8 

Ratio of expected yield stress to specified minimum yield stress, Fy, ...... 2.4.3

Distance from face of column to nearest row of bolts, in. (mm) ............ 7 .6 

Distance from the face of the column to the first row of shear bolts, 

in. (mm) ...................................................... 13.6 

Distance from face of column to plastic hinge, in. (mm) ............... 2.3.2a 

Tension force per bolt, kips/bolt (N/bolt) ............................. 13.6 

Nominal tension strength per bolt of the T-flange corresponding to a 

plastic mechanism in the T-flange, kips/bolt (N/bolt) ................... 13.6 

Nominal tension strength per bolt of the T-flange corresponding to a 

mixed-mode failure of the T-flange, kips/bolt (N/bolt) .................. 13.6 

Nominal tension strength per bolt of the T-flange corresponding to bolt fracture 

without T-flange yielding, kips/bolt (N/bolt) .......................... 13.6 

Required T-stub force per tension bolt, kips/bolt (N/bolt) ................ 13.6 

Probable maximum shear at collar bolts, kips (N) ....................... 10.8 

Factored gravity shear forces from cantilever beams that are not in the 

plane of the moment frame but are connected to the exterior face of the side 

plates, resulting from code-applicable load combinations, kips (N) ......... 11. 7 

Probable maximum shear at face of collar flange, kips (N) ............... 10.8 

Column shear, kips (N) ........................................... 10.8 

Probable maximum shear at face of column, kips (N) ................... 10.8 

Beam shear force resulting from 1.2D + f1L + 0.2S, kips (N) .............. 5.8 

Beam shear force at plastic hinge location, kips (N) ..................... 7.6 

Larger of the two values of shear force at center of reduced beam 

section at each end of beam, kips (N) .............................. 5.4( 2) 
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9.2-xviii 

Viws 

WT 

Wwhit 

Ye 
Ye 

Ym 
Yp 

zb 

Zc 

Ze 

Zxb 

Zxc 

Zx,net 

a 

a 

a 

a 

a' 

b 

b 

SYMBOLS 

Smaller of the two values of shear force at center of reduced beam 
section at each end of beam, kips (N) ...................... Commentary 5.8 
Required shear strength of beam and beam web-to-column 
connection, kips (N) ............................................... 5.8 
Factored gravity shear forces from gravity beams that are not in 
the plane of the moment frame but are connected to the exterior surfaces of 
the side plate, resulting from the load combination of 1.2D + f1L + 0.2S 
(wheref1 is the load factor determined by the applicable building code for 
live loads, but not less than 0.5), kips (N) ............................. 11.7 
Width of the T-stub measured parallel to the column flange width, in. (mm) . 13.6 
Whitmore width of the stem of the T-stub, in. (mm) .................... 13.6 
Column flange yield line mechanism parameter, in. (mm) .............. 6.8.2 
Yield-line parameter used to determine column-flange strength ............ 13.6 
Simplified column flange yield-line mechanism parameter ................ 9.9 
End-plate yield line mechanism parameter, in. (mm) ................ Table 6.2 
Nominal plastic section modulus of beam, in.3 (mm3) • • • • • • • • • • • • • • • • • • •  11 .4
Plastic section modulus of the column about either axis, in. 3 (mm3) .••...•• 10.8 
Effective plastic modulus of section (or connection) at location of a 
plastic hinge, in.3 (mm3) ..••..•••..•••..••...••...••..•••..•••..• 2.4.3 
Equivalent plastic section modulus of column at a distance of¼ the 
column depth from top and bottom edge of side plates, projected to 
beam centerline, in.3 (mm3) •...••..•••..•••..••...••...••..•••.. 11.4(3) 
Plastic section modulus at the center of reduced beam section, in.3 (mm3) ••.. 5.8 
Plastic section modulus about x-axis, in.3 (mm3) ..••...••...••..•••..•••. 5.8 
Plastic section modulus about the x-axis of the gross section of the beam 
at the location of the plastic hinge, in.3 (mm3) ••..••...••...••..•••..••• 13.6 
Plastic modulus of beam about x-axis, in.3 (mm3) • • • • • • • • • • • • • • • • • • • • • • •  11.7
Plastic modulus of column about x-axis, in.3 (mm3) ••..•••..•••..••...•• 11.7 
Plastic section modulus of the net section of the beam at the location 
of the plastic hinge, in. 3 (mm3) .••...••..•••..•••..••...••...••..••• 13.6 
Horizontal distance from face of column flange to start of a reduced 
beam section cut, in. (mm) ....................................... 5.4( 2) 
Distance from outside face of the collar to reduced beam section 
cut, in. (mm) ................................................... 10.8 
Horizontal distance from centerline of bolt holes in shear plate to 
face of column, in. (mm) . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1 2.4( 2) 
Distance between bolt line and outside edge of T-flange, in. (mm) ......... 13.6 
Distance between inside edge of bolt line and outside edge of T-flange, 
in.(mm) ...................................................... 13.6 
Horizontal distance from inside tension bolts and edge of column flange, 
in. (mm) ...................................................... 13.6 
Width of compression element as defined in the AISC Specification, 

in. (mm) .................................................... 2.3.2b 
Length of reduced beam section cut, in. (mm) ....................... 5.4( 2) 
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h 

h 

h' 

hbb 

hbm-side 

he 

hef 

heal-side 

hje 

hjlange 

hjp 

hjt 

hp 

hyield 
C 

d 

db 

db 

db-brp 

db-flange 

db-sp 

db-stem 

db,req 

de 

de!, dc2 

de 

de.ff 

g 

g 
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Vertical distance from centerline of bolt holes in Yield-Link flange to 

face of Yield-Link stem, in, (mm) ................................... 12.9 

Distance between effective T-stem and bolt line in the T-flange, in. (mm) ... 13.6 

Distance between effective T-stem and inside edge of bolt line in T-flange, 

in. (mm) ....................................................... 13.6 

Width of bracket, in. (mm) .................................... Table 9.1 

Width of nonreduced Yield-Link at beam side, in. (mm) ............. Fig. 12.2 

Horizontal distance from column web to inside tension bolts, in. (mm) ..... 13.6 

Width of column flange, in. (mm) .................................... 9.9 

Width of nonreduced Yield-Link at column side, in. (mm) ............ Fig. 12.2 

Flange width of the column, in. (mm) ............................... 13.6 

Width of Yield-Link flange at column side, in. (mm) ................ Fig. 12.2 

Width of flange plate, in. (mm) ...................................... 7 .6 

Flange width of the T-stub, in. (mm) ................................ 13.6 

Width of end plate, in. (mm) ................................... Table 6.1 

Width of reduced Yield-Link section, in. (mm) ..................... Fig. 12.2 

Depth of cut at center of reduced beam section, in. (mm) ................. 5.8 

Overall depth of beam, in. (mm) ................................... 5.3.1 

Diameter of column flange bolts, in. (mm) ............................. 9.9 

Depth of the beam, in. (mm) ....................................... 13.6 

Diameter of bolt connecting buckling restraint plate to beam flange, 

in. (mm) ................................................. Figure 12.3 

Diameter of bolt connecting Yield-Link flange to column flange, in. (mm) ... 12.9 

Diameter of bolts in shear plate, in. (mm) ............................. 12.9 

Diameter of bolts connecting Yield-Link stem to beam flange, in. (mm) ..... 12.9 

Required bolt diameter, in. (mm) .................................. 6.8.1 

Depth of column, in. (mm) ...................................... 5.4( 2) 

Depth of column on each side of a bay in a moment frame, in. (mm) . . . . 11.3( 5) 

Column bolt edge distance, in. (mm) ............................ Table 9.2 

Effective depth of beam, calculated as the centroidal distance between 

bolt groups in the upper and lower brackets, in. (mm) .................... 9.9 

Effective depth of collar comer assembly leg, in. (mm) .................. 10.8 

Depth of vertical shear element, in. (mm) .................. Commentary 11. 7 

Diameter of the tension bolts between the T-flange and the column flange, 

in. (mm) ...................................................... 13.6 

Diameter or width of the holes in the T-flange for the tension bolts, 

in. (mm) ...................................................... 13.6 

Diameter of the shear bolts between the T-stem and the beam flange, 

in. (mm) ...................................................... 13.6 

Diameter of the holes in the T-stem for the shear bolts, in. (mm) .......... 13.6 

Specified compressive strength of concrete fill, ksi (MPa) ............... 10.8 

Load factor determined by the applicable building code for live loads 

but not less than 0.5 .............................................. 5.8 

Horizontal distance (gage) between fastener lines, in. (mm) .......... Table 6.1 

Column bolt gage, in. (mm) .................................... Table 9.1 
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p 
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SYMBOLS 

Vertical distance between rows of bolts in connection of Yield-Link flange 

to column flange, in. (mm) .................................... Fig. 12.2 

Gage of interior tension bolts in the column flange, in. (mm) ............. 13.6 

Horizontal distance between rows of bolts in connection of Yield-Link stem 

to beam flange, in. (mm) ...................................... Fig. 12.2 

Gage of the tension bolts in the T-stub, in. (mm) ....................... 13.6 

Gage of the shear bolts in the T-stub, in. (mm) ......................... 13.6 

Distance from the centerline of a compression flange to the tension-side 

inner bolt rows in four-bolt extended and four-bolt stiffened extended 

end-plate moment connections, in. (mm) ......................... Table 6.2 

Height of bracket, in. (mm) .................................... Table 9.1 

Height of Yield-Link flange, in. (mm) ............................ Fig. 12.2 

Distance from centerline of compression flange to the centerline of the 

ith tension bolt row, in. (mm) ..................................... 6.8. l 

Distance from centerline of compression flange to the tension-side outer 

bolt row in four-bolt extended and four-bolt stiffened extended end-plate 

moment connections, in. (mm) ................................. Table 6.2 

Height of plate, in. (mm) ........................................ 8.6( 2) 

Height of stiffener, in. (mm) ...................................... 6.7.4 

Distance from web centerline to flange toe of fillet, in. (mm) .............. 3.6 

Distance from outer face of a column flange to web toe of fillet ( design 

value) or fillet weld, in. (mm) ..................................... 6.8.2 

Largest value of k1 used in production, in. (mm) ......................... 3.6 

Bracket overlap distance, in. (mm) ................................... 9.9 

Effective length of horizontal shear plate, in. (mm) .......... Commentary 11.7 

Length of available fillet weld, in. (mm) ............................... 9.9 

Total length of available fillet weld at collar corner assembly, in. (mm) ...... 10.8 

Total length of available fillet weld at collar web extension, in. (mm) ....... 10.8 

Number of bolts .................................................. 7.6 

Number of bolts at compression flange ............................. 6.8.1 

Number of beam bolts ........................................ Table 9.3 

Number of bolts in Yield-Link stem-to-beam flange connection ........... 12.9 

Total number of bolts in shear plate .................................. 12.9 

Number of column bolts ...................................... Table 9.1 

Number of collar bolts per collar flange .............................. 10.8 

Number of inner bolts ........................................... 6.8.1 

Number of outer bolts ........................................... 6.8.1 

Number of rows of bolts in Yield-Link stem ........................... 12.9 

Number of tension bolts connecting the T-flange to the column flange ...... 13.6 

Number of shear bolts connecting the T-stem to the beam flange ........... 13.6 

Perpendicular tributary length per bolt, in. (mm) ........................ 9.9 

Width of the T-stub tributary to a pair of tension bolts, in./bolt (mm /bolt) ... 13.6 

Vertical distance between inner and outer row of bolts in eight-bolt 

stiffened extended end-plate moment connection, in. (mm) ........... Table 6.1 

Column bolt pitch, in. (mm) ................................... Table 9.2 
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SYMBOLS 9.2-xxi 

Vertical distance from inside of a beam tension flange to nearest 

inside bolt row, in. (mm) ...................................... Table 6.1 

Vertical distance from outside of a beam tension flange to nearest 

outside bolt row, in. (mm) ..................................... Table 6.1 

Vertical distance from continuity plate to horizontal row of tension bolts, 

in. (mm) ...................................................... 13.6 

Distance from inside face of continuity plate to nearest inside 

bolt row, in. (mm) .............................................. 6.7.2 

Distance from outside face of continuity plate to nearest outside 

bolt row, in. (mm) .............................................. 6.7.2 

Radius of horizontal bracket, in. (mm) ........................... Table 9.2 

Nominal tensile strength of a tension bolt, kips/bolt (N/bolt) ............. 13.6 

Nominal shear strength of a shear bolt, kips/bolt (N/bolt) ................ 13.6 

Required tension force per bolt in Yield-Link flange to column flange 

connections, kips/bolt (N/bolt) ..................................... 12.9 

Required collar bolt tension strength, kips (N) ......................... 10.8 

Radius of bracket stiffener, in. (mm) ............................ Table 9.2 

Distance from centerline of most inside or most outside tension 

bolt row to the edge of a yield line pattern, in. (mm) ................ Table 6.2 

Spacing of bolt rows in a bolted flange plate moment connection, in. (mm) ... 7 .6 

Vertical distance defining potential yield-line pattern in column flange, 

in. (mm) ...................................................... 13.6 

Distance from center of last row of bolts to beam-side end of 

Yield-Link, in. (mm) ......................................... Fig. 12.2 

Distance from the reduced section of the Yield-Link to the center of 

the first row of bolts, in. (mm) .................................. Fig. 12.2 

Spacing between bolts for Yield-Link flange-to-column-flange 

connection, in. (mm) ......................................... Fig. 12.2 

Spacing between rows of bolts for Yield-Link stem-to-beam-flange 

connection, in. (mm) ......................................... Fig. 12.2 

Spacing of the shear bolts in the T-stub, in. (mm) ...................... 13.6 

Vertical distance from center of the top ( or bottom) shear plate bolt to 

center of center shear plate bolt, in. (mm) ............................. 12.9 

Distance from center of plastic hinge to the centroid of the collar bolts, 

in. (mm) ....................................................... 10.8 

Distance from center of plastic hinge to face of column, in. (mm) .......... 10.8 

Distance from center of plastic hinge to center of column, in. (mm) ........ 10.8 

Thickness of beam flange, in. (mm) .................................. 5.8 

Thickness of beam web, in. (mm) .................................. 6.8.1 

Wall thickness of HSS or built-up box column, in. (mm) ................. 10.8 

Distance from face of the column to outside face of the collar, in. (mm) ..... 10.8 

Thickness of continuity plates, in. (mm) ............................. 13.6 

Thickness of cover plates, in. (mm) ....................... Commentary 11.7 

Thickness of column web, in. (mm) ................................ 6.8.2 

Fillet weld size required to join collar comer assembly to column, in. (mm) .. 10.8 
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SYMBOLS 

Fillet weld size required to join each side of beam web to collar web 

extension, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , 10,8 

Flange thickness of the beam, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , 13,6 

Flange thickness of the column, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , 13,6 

Thickness of Yield-Link flange, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , Fig, 12,2 

Flange thickness of the T-stub, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , 13,6 

Flange thickness of the T-stub above which prying is negligible, in, (mm) , , , 13,6 

Effective thickness of collar corner assembly leg, in, (mm) , , , , , , , , , , , , , , , 10,8 

Thickness of end-plate, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , Table 6, l 

Thickness of stiffener, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , 6,8, l 

Stem thickness of the T-stub, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , 13,6 

Effective stem thickness of the T-stub used for prying calculations (see 

Figure l 3,6 and Equation l 3,6-5 1 ), in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , 13,6 

Thickness of Yield-Link stem, in, (mm) , , , , , , , , , , , , , , , , , , , , , , , , , , Fig, 12,2 

Minimum size of fillet weld, in, (mm), , , , , , , , , , , , , , , , , , , , , , , , , , , , Table 9,2 

Uniform beam gravity load, kips per linear ft 

(N per linear mm) , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , , Commentary 5,8 

Distributed load on beam, kip/ft (N/mm), using the load combination 

1,2D+f1L+0,2S,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,, ,10,8 

Distance from plastic hinge location to centroid of connection element, 

in .(mm) ....................................................... 11.7 

Axial deformation in Yield-Link at a connection rotation of 0,0 4 rad, .. , , , , . 12,9 

Axial deformation in Yield-Link at a connection rotation of 0,07 rad, .. , , , .. 12,9 

Expected deformation at the onset of slip, 0,0 076 in, ( 0.19 mm) .. , , .. , , , , . 13,6 

Axial deformation in Yield-Link at expected yield, in, (mm) ,,,.,,,.,,, ... 12,9 

Connection rotation at expected yield of Yield-Link, rad .,, , , .. , , ... , , . , . 12,9 

Adjustment factor for predicting the expected slip load of the connection, ... 13,6 

Adjustment factor to account for shear deformation in the T-flange 

outside of the tension bolts. . , , . , , , , , . , , , . , , , ... , , . , . , , , . , , , . , , , , .. 13,6 

Adjustment factor to account for shear deformation in the T-flange 

between the tension bolts, ... , , .. , , , .. , , , .. , , ... , , ... , , .. , , , .. , , , .. 13,6 

Factor accounting for net area ofT-stub flange ......................... 13 .6 

Resistance factor for ductile limit states . , , , . , , , , .. , , . , . , , , . , , , .. , , , . 2.4, l 

Resistance factor for nonductile limit states , .. , , , , . , , . , . , , ... , , .. , , , , 2.4, l 
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9.2-xxiii 

GLOSSARY 

This Standard uses the following terms in addition to the terms defined in the Specification 

for Structural Steel Buildings (ANSI/ AISC 360-16) and the Seismic Provisions for Structural 

Steel Buildings (ANSI/AISC 341-16). 

Air carbon arc cutting. Process of cutting steel by the heat from an electric arc applied simul

taneously with an air jet. 

Backing. Piece of metal or other material, placed at the weld root to facilitate placement of 

the root pass. 

Backgouge. Process of removing by grinding or air carbon arc cutting all or a portion of the 

root pass of a complete-joint-penetration groove weld, from the reverse side of a joint 

from which a root was originally placed. 

Cascaded weld ends. Method of terminating a weld in which subsequent weld beads are 

stopped short of the previous bead, producing a cascade effect. 

Concrete structural slab. Reinforced concrete slab or concrete fill on steel deck with a total 

thickness of 3 in. (75 mm) or greater and a concrete compressive strength in excess of 

2,000 psi (14 MPa). 

Full-length beam erection method. A method of erecting a SidePlate steel frame that employs 

a full-length beam assembly consisting of the beam with shop-installed cover plates (if 

required) and vertical shear elements (except for HSS beams) that are fillet-welded near 

the ends of the beam. In the field, the full-length beams are lifted up in between pre

installed side plates and are joined to the plates with fillet welds. 

Horizantal shear plate (HSP). Plates that transfer a portion of the moment in the side plates 

to the web of a wide-flange column in a SidePlate moment connection. 

Link-beam erection method. A method of erecting a SidePlate steel frame that utilizes col

umn tree assemblies with shop-installed beam stubs, which are then connected in the field 

to a link beam using complete-joint-penetration (CJP) groove welds. 

Nonfusible backing. Backing material that will not fuse with the base metals during the 

welding process. 

Plastic hinge location. Location in a column-beam assembly where inelastic energy dissipa

tion is assumed to occur through the development of plastic flexural straining. 

Probable maximum moment at the plastic hinge. Expected moment developed at a plastic 

hinge location along a member, considering the probable (mean) value of the material 

strength for the specified steel and effects of strain hardening. 

Reinforcing fillet. Fillet weld applied to a groove welded T-joint to obtain a contour to reduce 

stress concentrations associated with joint geometry. 

Root. Portion of a multi-pass weld deposited in the first pass of welding. 

Thermal cutting. Group of cutting processes that severs or removes metal by localized melt

ing, burning or vaporizing of the workpiece. 
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9.2-xxiv GLOSSARY 

Vertical shear elements (VSE). Structural elements that transfer shear from a wide-flange 

beam web to the outboard edge of the side plates in a SidePlate moment connection. 

Weld tab. Piece of metal affixed to the end of a welded joint to facilitate the initiation and 

termination of weld passes outside the structural joint. 
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1.1. SCOPE 

CHAPTER 1 

GENERAL 

9.2-1 

This Standard specifies design, detailing, fabrication and quality criteria for con

nections that are prequalified in accordance with the AISC Seismic Provisions for 

Structural Steel Buildings (herein referred to as the AISC Seismic Provisions) for 

use with special moment frames (SMF) and intermediate moment frames (IMF). The 

connections contained in this Standard are prequalified to meet the requirements in 

the AISC Seismic Provisions only when designed and constructed in accordance with 

the requirements of this Standard. Nothing in this Standard shall preclude the use of 

connection types contained herein outside the indicated limitations, nor the use of 

other connection types, when satisfactory evidence of qualification in accordance 

with the AISC Seismic Provisions is presented to the authority having jurisdiction. 

1.2. REFERENCES 

The following publications form a part of this Standard to the extent that they are 

referenced and applicable: 

American Institute of Steel Construction (AISC) 

ANSI/ AISC 341-16 Seismic Provisions for Structural Steel Buildings (herein referred 

to as the AISC Seismic Provisions) 

ANSI/ AISC 360-16 Specification for Structural Steel Buildings (herein referred to as 

the AISC Specification) 

AISC Steel Construction Manual, 14th Ed. 

American Society of Mechanical Engineers (ASME) 

ASME B46. l -09 Suiface Texture, Suiface Roughness, Waviness, and Lay 

American Society for Nondestructive Testing (ASNT) 

ASNT-TC-l a-2011 Personnel Qualification and Certification in Nondestructive 

Testing 

ASTM International (ASTM) 

A36/A36M-14 Standard Specification for Carbon Structural Steel 

A354-I I Standard Specification for Quenched and Tempered Alloy Steel Bolts, Studs, 

and Other Externally Threaded Fasteners 

A370-15 Standard Test Methods and Definitions for Mechanical Testing of Steel 

Products 

A488/A488M-16 Standard Practice for Steel Castings, Welding, Qualifications of 

Procedures and Personnel 
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9.2-2 REFERENCES [Sect. 1.2. 

A490-l 4a Standard Specification for Heat-Treated Steel Structural Bolts, Alloy Steel, 

Heat Treated, 150 ksi Minimum Tensile Strength 

A572/ A572M-l 5 Standard Specification for High-Strength Low-Alloy Columbium

Vanadium Structural Steel 

A574-l 3 Standard Specification for Alloy Steel Socket Head Cap Screws 

A609/A609M-12 Standard Practice for Castings, Carbon, Low-Alloy, and Martens

itic Stainless Steel, Ultrasonic Examination Thereof 

A668/ A668M-l 5 Standard Specification for Steel Forgings, Carbon and Alloy, for 

General Industrial Use 

A781/A781M-14b Standard Specification for Castings, Steel and Alloy, Common Re

quirements, for General Industrial Use 

A788/A788M-15 Standard Specification for Steel Forgings, General Requirements 

A802/A802M-95(2015) Standard Practice for Steel Castings, Swface Acceptance 

Standards, Visual Examination 

A903/A903M-99(2012)el Standard Specification for Steel Castings, Surface Accep

tance Standards, Magnetic Particle and Liquid Penetrant Inspection 

A913/A913M-15 Standard Specification for High-Strength Low-Alloy Steel Shapes 

of Structural Quality, Produced by Quenching and Self-Tempering Process ( QST) 

A958/A958M-15 Standard Specification for Steel Castings, Carbon and Alloy, 

with Tensile Requirements, Chemical Requirements Similar to Standard Wrought 

Grades 

A992/ A992M-l l (2015) Standard Specification for Structural Steel Shapes 

B 19-15 Standard Specification for Cartridge Brass Sheet, Strip, Plate, Bar, and Disks 

B36/B36M-l 3 Standard Specification for Brass Plate, Sheet, Strip, and Rolled Bar 

El86-15 Standard Reference Radiographs for Heavy Walled [2 to 4½ in. (50.8 to 

114 mm)] Steel Castings 

E446-15 Standard Reference Radiographs for Steel Castings Up to 2 in. (50.8 mm) 

in T hickness 

E709-l 5 Standard Guide for Magnetic Particle Examination 

Fl 852-14 Standard Specification for "Twist Off" Type Tension Control Structural 

Bolt/Nut/Washer Assemblies, Steel, Heat Treated, 120/105 ksi Minimum Tensile 

Strength 

F3125/F3125M-15a Specification for High Strength Structural Bolts, Steel and Alloy 

Steel, Heat Treated, 120 ksi (830 MPa) and 150 ksi (1040 MPa) Minimum Tensile 

Strength, Inch and Metric Dimensions 

American Welding Society (AWS) 

AWS C4.I :2010 Criteria for Describing Oxygen-Cut Surfaces 

AWS Dl.l/Dl.lM-2015 Structural Welding Code-Steel 

AWS Dl.8/Dl.SM-2016 Structural Welding Code-Seismic Supplement 

Manufacturers Standardization Society (MSS) 

MSS SP-55-2011 Quality Standard for Steel Castings for Valves, F langes and Fit

tings and Other Piping Components-Visual Method for Evaluation of Surface 

Irregularities 
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Sect. 1.3.] GENERAL 9.2-3 

Research Council on Structural Connections (RCSC) 

Specification for Structural Joints using High-Strength Bolts, 2014 (herein referred to 

as the RCSC Specification) 

1.3. GENERAL 

All design, materials and workmanship shall conform to the requirements of the 

AISC Seismic Provisions and this Standard. The connections contained in this Stan

dard shall be designed according to the load and resistance factor design (LRFD) 

provisions. Connections designed according to this Standard are permitted to be used 

in structures designed according to the LRFD or allowable strength design (ASD) 

provisions of the AISC Seismic Provisions. 
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CHAPTER 2 

DESIGN REQUIREMENTS 

2.1. SPECIAL AND INTERMEDIATE MOMENT FRAME 

CONNECTION TYPES 

The connection types listed in Table 2.1 are prequalified for use in connecting beams 

to column flanges in special moment frames (SMF) and intermediate moment frames 

(IMF) within the limitations specified in this Standard. 

2.2. CONNECTION STIFFNESS 

All connections contained in this Standard shall be considered fully restrained (Type 

FR) for the purpose of seismic analysis. 

Exception: For the Simpson Strong-Tie Strong Frame connection, a partiaJly 

restrained (Type PR) connection, the seismic analysis must include the force

deformation characteristics of the specific connection per Section l 2.9. 

2.3. MEMBERS 

The connections contained in this Standard are prequalified in accordance with the 

requirements of the AISC Seismic Provisions when used to connect members meeting 

the limitations of Sections 2.3.1, 2.3.2 or 2.3.3, as applicable. 

1. Rolled Wide-Flange Members

Rolled wide-flange members shall conform to the cross-section profile limitations

applicable to the specific connection in this Standard.

2. Built-up Members

Built-up members having a doubly symmetric, I-shaped cross section shaJI meet the

following requirements:

(1) Flanges and webs shaJI have width, depth and thickness profiles similar to

rolled wide-flange sections meeting the profile limitations for wide-flange sec

tions applicable to the specific connection in this Standard.

(2) Webs shall be continuously connected to flanges in accordance with the require

ments of Sections 2.3.2a or 2.3.2b, as applicable.

2a. Built-up Beams 

The web and flanges shall be connected using complete-joint-penetration (CJP) 

groove welds with a pair of reinforcing fillet welds within a zone extending from 

the beam end to a distance not less than one beam depth beyond the plastic hinge 
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Sect. 2.3.] MEMBERS 9.2-5 

TABLE 2.1. 
Prequalified Moment Connections 

Connection Type Chapter Systems 

Reduced beam section (RBS) 5 SMF, IMF 

Bolted unstiffened extended end plate (BUEEP) 6 SMF, IMF 

Bolted stiffened extended end plate (BSEEP) 6 SMF, IMF 

Bolted flange plate (BFP) 7 SMF, IMF 

Welded unreinforced flange-welded web (WUF-W) 8 SMF, IMF 

Kaiser bolted bracket (KBB) 9 SMF, IMF 

ConXtech ConXL moment connection (ConXL) 10 SMF, IMF 

SidePlate moment connection (SidePlate) 11 SMF, IMF 

Simpson Strong-Tie Strong Frame moment connection 12 SMF, IMF 

Double-tee moment connection 13 SMF, IMF 

location, Sh, unless specifically indicated in this Standard. The minimum size of these 

fillet welds shall be the lesser of 5/16 in. (8 mm) and the thickness of the beam web.

Exception: This provision shall not apply where individual connection prequalifica

tions specify other requirements. 

2b. Built-up Columns 

Built-up columns shall conform to the provisions of subsections (1) through ( 4 ), as 

applicable. Built-up columns shall satisfy the requirements of the AISC Specification, 

except as modified in this section. Transfer of all internal forces and stresses between 

elements of the built-up column shall be through welds. 

(1) I-Shaped Columns

The elements of built-up I-shaped columns shall conform to the requirements of

the AISC Seismic Provisions.

Within a zone extending from 12 in. (300 mm) above the upper beam flange to

12 in. (300 mm) below the lower beam flange, unless specifically indicated in

this Standard, the column webs and flanges shall be connected using CJP groove

welds with a pair of reinforcing fillet welds. The minimum size of the fillet

welds shall be the lesser of 5li6 in. (8 mm) and the thickness of the column web.

Exception: For SidePlate moment connections, each column flange may

be connected to the column web using a pair of continuous fillet welds. The

required shear strength of the fillet welds, <!>Rn, shall equal the shear developed

at the column flange-to-web connection where the shear force in the column is

the smaller of

( a) The nominal shear strength of the column per AISC Specification Equation

G2-l.
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9.2-6 MEMBERS [Sect. 2.3. 

(b) The maximum shear force that can be developed in the column when plastic
hinge(s) form in the connected beam(s).

(2) Boxed Wide-Flange Columns

The wide-flange shape of a boxed wide-flange column shall conform to the
requirements of the AISC Seismic Provisions.

The width-to-thickness ratio, b/t, of plates used as flanges shall not exceed
0.6� E/ Fy , where b shall be taken as not less than the clear distance between
plates.

The width-to-thickness ratio, h/tw, of plates used only as webs shall conform to
the requirements of the AISC Seismic Provisions.

Within a zone extending from 12 in. (300 mm) above the upper beam flange to
12 in. (300 mm) below the lower beam flange, flange and web plates of boxed
wide-flange columns shall be joined by CJP groove welds. Outside this zone,
plate elements shall be continuously connected by fillet or groove welds.

(3) Built-up Box Columns

The width-to-thickness ratio, b/t, of plates used as flanges shall not exceed
0.6� E/ Fy , where b shall be taken as not less than the clear distance between
web plates.

The width-to-thickness ratio, h/tw, of plates used only as webs shall conform to
the requirements of the AISC Seismic Provisions.

Within a zone extending from 12 in. (300 mm) above the upper beam flange
to 12 in. (300 mm) below the lower beam flange, flange and web plates of box
columns shall be joined by CJP groove welds. Outside this zone, box column
web and flange plates shall be continuously connected by fillet welds or groove
welds.

Exception: For ConXL moment connections, partial-joint-penetration (PJP)

groove welds conforming to the requirements of Section l 0.3.2 shall be per
mitted within the zone extending from 12 in. (300 mm) above the upper beam
flange to 12 in. (300 mm) below the lower beam flange.

(4) Flanged Cruciform Columns

The elements of flanged cruciform columns, whether fabricated from rolled
shapes or built up from plates, shall meet the requirements of the AISC Seismic

Provisions.

Within a zone extending from 12 in. (300 mm) above the upper beam flange to
12 in. (300 mm) below the lower beam flange, the web of the tee-shaped sec
tions shall be welded to the web of the continuous I-shaped section with CJP
groove welds with a pair of reinforcing fillet welds. The minimum size of fillet
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welds shall be the lesser of 5/i6 in. (8 mm) or the thickness of the column web. 
Continuity plates shall conform to the requirements for wide-flange columns. 

Exception: For SidePlate moment connections. the web of the tee-shaped 
section(s) may be welded to the web of the continuous I-shaped section with 
a pair of continuous fillet welds. The required strength of the fillet welds, <!>Rn, 
shall equal the shear developed at the column web to tee-shaped section connec
tion where the shear force in the column is the smaller of 

(a) The shear strength of the column section per AISC Specification Equation
02-1.

(b) The maximum shear that can be developed in the column when plastic
hinge(s) form in the connected beam(s).

3. Hollow Structural Sections (HSS)

The width-to-thickness ratio, h/tw, of HSS members shall conform to the require
ments of the AISC Seismic Provisions and shall conform to additional cross-section
profile limitations applicable to the individual connection as specified in the appli
cable chapter.

User Note: Only the ConXL and SidePlate connections allow the use of HSS 
sections. 

2.4. CONNECTION DESIGN PARAMETERS 

1. Resistance Factors

Where available strengths are calculated in accordance with the AISC Specification,

the resistance factors specified therein shall apply. When available strengths are cal
culated in accordance with this Standard, the resistance factors <!>d and <l>n shall be used
as specified in the applicable section of this Standard. The values of <!>d and <l>n shall
be taken as follows:

(a) For ductile limit states

<!>d= 1.00

(b) For nonductile limit states

<l>n
= 0.90

2. Plastic Hinge Location

The distance of the plastic hinge from the face of the column, Sh, shall be taken in
accordance with the requirements for the individual connection as specified herein.

3. Probable Maximum Moment at Plastic Hinge

The probable maximum moment at the plastic hinge shall be:

Mpr = CprRyFyZe 
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where 
Ry = ratio of the expected yield stress to the specified minimum yield stress, 

F
y
, as specified in the AISC Seismic Provisions

Ze = effective plastic section modulus of section (or connection) at location 
of the plastic hinge, in.3 (mm3) 

C
p
r = factor to account for peak connection strength, including strain hardening, 

local restraint, additional reinforcement and other connection conditions. 
Unless otherwise specifically indicated in this Standard, the value of C

p
r

shall be: 

where 

F
y

+Fu 
C

p
r = � --:::; 1.2 

2F
y 

Fu = specified minimum tensile strength of yielding element, ksi (MPa) 
F

y 
= specified minimum yield stress of yielding element, ksi (MPa) 

(2.4-2) 

4. Continuity Plates

Beam flange continuity plates shall be provided in accordance with the AISC Seismic

Provisions.

Exceptions:

I. For bolted end-plate connections, continuity plates shall be provided in accor
dance with Section 6.5.

2. For the Kaiser bolted bracket connection, the provisions of Chapter 9 shall
apply. When continuity plates are required by Chapter 9, thickness and detail
ing shall be in accordance with the AISC Seismic Provisions.

3. For the SidePlate connection, beam flange continuity plates are not required.
Horizontal shear plates as defined in Chapter 11 may be required.

4. For the Simpson Strong-Tie Strong Frame connection, continuity plates shall be
provided in accordance with Section 12.9.

2.5. PANEL ZONES 

Panel zones shall conform to the requirements of the AISC Seismic Provisions. 

Exception: For the SidePlate moment connection, the contribution of the side plates 
to the overall panel zone strength shall be considered as described in Section 11.4(2). 

2.6. PROTECTED ZONE 

The protected zone shall be as defined for each prequalified connection. Unless other
wise specifically indicated in this Standard, the protected zone of the beam shall be 
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defined as the area from the face of the column flange to one-half of the beam depth 

beyond the plastic hinge. The protected zone shall meet the requirements of the AISC 

Seismic Provisions, except as indicated in this Standard. Bolt holes in beam webs, 

when detailed in accordance with the individual connection provisions of this Stan

dard, shall be permitted. 
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CHAPTER 3 

WELDING REQUIREMENTS 

3.1. FILLER METALS 

Filler metals shall conform to the requirements of the AISC Seismic Provisions.

3.2. WELDING PROCEDURES 

Welding procedures shall be in accordance with the AISC Seismic Provisions.

3.3. BACKING AT BE A M-TO-COLUMN AND CONT INUITY 

PLATE-TO-COLUMN JOINTS 

1. Steel Backing at Continuity Plates

Steel backing used at continuity plate-to-column welds need not be removed. At col

umn flanges, steel backing left in place shall be attached to the column flange using a

continuous 5/i6-in. (8-mm) fillet weld on the edge below the CJP groove weld.

When backing is removed, the root pass shall be backgouged to sound weld metal and

backwelded with a reinforcing fillet. The reinforcing fillet shall be continuous with a

minimum size of 5/16 in. (8 mm).

2. Steel Backing at Beam Bottom Flange

Where steel backing is used with CJP groove welds between the bottom beam flange

and the column, the backing shall be removed.

Following the removal of steel backing, the root pass shall be backgouged to sound

weld metal and backwelded with a reinforcing fillet. The size of the reinforcing fillet

leg adjacent to the column flange shall be a minimum of 5/16 in. (8 mm), and the rein

forcing fillet leg adjacent to the beam flange shall be such that the fillet toe is located

on the beam flange base metal.

Exception: If the base metal and weld root are ground smooth after removal of the

backing, the reinforcing fillet adjacent to the beam flange need not extend to base

metal.

3. Steel Backing at Beam Top Flange

Where steel backing is used with CJP groove welds between the top beam flange and

the column, and the steel backing is not removed, the steel backing shall be attached

to the column by a continuous 5/16-in. (8-mm) fillet weld on the edge below the CJP

groove weld.
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4. Prohibited Welds at Steel Backing

9.2-11 

Backing at beam flange-to-column flange joints shall not be welded to the underside

of the beam flange, nor shall tack welds be permitted at this location. If fillet welds

or tack welds are placed between the backing and the beam flange in error, they shall

be repaired as follows:

(1) The weld shall be removed such that the fillet weld or tack weld no longer

attaches the backing to the beam flange.

(2) The surface of the beam flange shall be ground flush and shall be free of defects.

(3) Any gouges or notches shall be repaired. Repair welding shall be done with

E7018 SMAW electrodes or other filler metals meeting the requirements of

Section 3.1 for demand critical welds. A special welding procedure specifica

tion (WPS) is required for this repair. Following welding, the repair weld shall

be ground smooth.

5. Nonfusible Backing at Beam Flange-to-Column Joints

Where nonfusible backing is used with CJP groove welds between the beam flanges

and the column, the backing shall be removed and the root backgouged to sound weld

metal and backwelded with a reinforcing fillet. The size of the reinforcing fillet leg

adjacent to the column shall be a minimum of 5!i6 in. (8 mm), and the reinforcing fillet

leg adjacent to the beam flange shall be such that the fillet toe is located on the beam

flange base metal.

Exception: If the base metal and weld root are ground smooth after removal of the

backing, the reinforcing fillet adjacent to the beam flange need not extend to base

metal.

3.4. WELD TABS 

Where used, weld tabs shall be removed to within Vs in. (3 mm) of the base metal 

surface and the end of the weld finished, except at continuity plates where removal 

to within ¼ in. (6 mm) of the plate edge shall be permitted. Removal shall be by 

air carbon arc cutting (CAC-A), grinding, chipping, or thermal cutting. The process 

shall be controlled to minimize errant gouging. The edges where weld tabs have been 

removed shall be finished to a surface roughness of 500 µ-in. (13 microns) or better. 

The contour of the weld end shall provide a smooth transition to adjacent surfaces, 

free of notches, gouges, and sharp corners. Weld defects greater than 1li6 in. (2 mm)

deep shall be excavated and repaired by welding in accordance with an applicable 

WPS. Other weld defects shall be removed by grinding, faired to a slope not greater 

than 1 :5. 

3.5. TACK WELDS 

In the protected zone, tack welds attaching backing and weld tabs shall be placed 

where they will be incorporated into a final weld. 
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3.6. CONTINUITY PLATES 

Along the web, the corner clip shall be detailed so that the clip extends a distance of at 

least 1 ½ in. (38 mm) beyond the published kdet dimension for the rolled shape. Along 

the flange, the plate shall be clipped to avoid interference with the fillet radius of the 

rolled shape and shall be detailed so that the clip does not exceed a distance of ½ in. 

(13 mm) beyond the published k1 dimension. The clip shall be detailed to facilitate 

suitable weld terminations for both the flange weld and the web weld. When a curved 

corner clip is used, it shall have a minimum radius of ½ in. (13 mm). 

At the end of the weld adjacent to the column web/flange juncture, weld tabs for 

continuity plates shall not be used, except when permitted by the engineer of record. 

Unless specified to be removed by the engineer of record, weld tabs shall not be 

removed when used in this location. 

Where continuity plate welds are made without weld tabs near the column fillet 

radius, weld layers shall be permitted to be transitioned at an angle of 0° to 45°

measured from the vertical plane. The effective length of the weld shall be defined as 

that portion of the weld having full size. Nondestructive testing (NDT) shall not be 

required on the tapered or transition portion of the weld not having full size. 

3.7. QUALITY CONTROL AND QUALITY ASSURANCE 

Quality control and quality assurance shall be in accordance with the AISC Seismic

Provisions. 
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BOLTING REQUIREMENTS 

4.1. FASTENER ASSEMBLIES 

9.2-13 

Bolts shall be pretensioned high-strength bolts conforming to ASTM F3125 Grades 

A325, A325M, A490, A490M, F l  852 or F2280, unless other fasteners are permitted 

by a specific connection. 

4.2. INSTALLATION REQUIREMENTS 

Installation requirements shall be in accordance with AISC Seismic Provisions and 

the RCSC Specification, except as otherwise specifically indicated in this Standard. 

4.3. QUALITY CONTROL AND QUALITY ASSURANCE 

Quality control and quality assurance shall be in accordance with the AISC Seismic 

Provisions. 
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CHAPTER 5 

REDUCED BEAM SECTION (RBS) 
MOMENT CONNECTION 

5.1. GENERAL 

In a reduced beam section (RBS) moment connection (Figure 5.1), portions of the 

beam flanges are selectively trimmed in the region adjacent to the beam-to-column 

connection. Yielding and hinge formation are intended to occur primarily within the 

reduced section of the beam. 

5.2. SYSTEMS 

RBS connections are prequalified for use in special moment frame (SMF) and inter

mediate moment frame (IMF) systems within the limits of these provisions. 

5.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

u ··t,:;
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Fig. 5.1. Reduced beam section connection. 
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(I) Beams shall be rolled wide-flange or built-up I-shaped members conforming to

the requirements of Section 2.3.

(2) Beam depth shall be limited to a maximum of W36 (W920) for rolled shapes.
Depth of built-up sections shall not exceed the depth permitted for rolled wide
flange shapes.

(3) Beam weight shall be limited to a maximum of 302 lb/ft (447 kg/m).

(4) Beam flange thickness shall be limited to a maximum of I¾ in. (44 mm).

(5) The clear span-to-depth ratio of the beam shall be limited as follows:

(a) For SMF systems, 7 or greater.

(b) For IMF systems, 5 or greater.

(6) Width-to-thickness ratios for the flanges and web of the beam shall conform to
the requirements of the AISC Seismic Provisions.

When determining the width-to-thickness ratio of the flange, the value of ht
shall not be taken as less than the flange width at the ends of the center two
thirds of the reduced section provided that gravity loads do not shift the location
of the plastic hinge a significant distance from the center of the reduced beam
section.

(7) Lateral bracing of beams shall be provided in conformance with the AISC Seis
mic Provisions. Supplemental lateral bracing shall be provided near the reduced
section in conformance with the AISC Seismic Provisions for lateral bracing
provided adjacent to the plastic hinges.

When supplemental lateral bracing is provided, its attachment to the beam shall
be located no greater than d/2 beyond the end of the reduced beam section
farthest from the face of the column, where d is the depth of the beam. No
attachment of lateral bracing shall be made to the beam in the protected zone.

Exception: For both systems, where the beam supports a concrete structural
slab that is connected between the protected zones with welded shear connec
tors spaced a maximum of 12 in. (300 mm) on center, supplemental top and
bottom flange bracing at the reduced section is not required.

(8) The protected zone shall consist of the portion of beam between the face of the

column and the end of the reduced beam section cut farthest from the face of the
column.

2. Column Limitations

Columns shall satisfy the following limitations:

(I) Columns shall be any of the rolled shapes or built-up sections permitted in Sec
tion 2.3.

(2) The beam shall be connected to the flange of the column.

(3) Rolled shape column depth shall be limited to W36 (W920) maximum. The
depth of built-up wide-flange columns shall not exceed that for rolled shapes.
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Flanged cruciform columns shall not have a width or depth greater than the 
depth allowed for rolled shapes. Built-up box-columns shall not have a width or 
depth exceeding 24 in. (610 mm). Boxed wide-flange columns shall not have a 
width or depth exceeding 24 in. ( 610 mm) if participating in orthogonal moment 
frames. 

(4) There is no limit on the weight per foot of columns.

(5) There are no additional requirements for flange thickness.

(6) Width-to-thickness ratios for the flanges and web of columns shall conform to
the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of columns shall conform to the requirements of the AISC Seismic
Provisions.

5.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(I) Panel zones shall conform to the requirements of the AISC Seismic Provisions.

(2) Column-beam moment ratios shall be limited as follows:

(a) For SMF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions. The value of 2.M'�1, shall
be taken equal to 'I(M

p
r + Muv), where M

pr is computed according to
Equation 5.8-5, and where Muv is the additional moment due to shear ampli
fication from the center of the reduced beam section to the centerline of the
column. Muv can be computed as VRBS (a+ b/2 + dc

/2), where VRBS is the
shear at the center of the reduced beam section computed per Step 4 of Sec
tion 5.8, a and bare the dimensions shown in Figure 5.1, and de is the depth
of the column.

(b) For IMF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions.

5.5. BEAM FLANGE-TO-COLUMN FLANGE WELD LIMITATIONS 

Beam flange-to-column flange connections shall satisfy the following limitations: 

(1) Beam flanges shall be connected to column flanges using complete-joint
penetration (CJP) groove welds. Beam flange welds shall conform to the
requirements for demand critical welds in the AISC Seismic Provisions.

(2) Weld access hole geometry shall conform to the requirements of the AISC
Specification.

5.6. BEAM WEB-TO-COLUMN FLANGE CONNECTION LIMITATIONS 

Beam web to column flange connections shall satisfy the following limitations: 

(1) The required shear strength of the beam web connection shall be determined
according to Equation 5.8-9.
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(2) Web connection details shall be limited as follows:

(a) For SMF systems. the beam web shall be connected to the column flange

using a CJP groove weld extending between weld access holes. The single

plate shear connection shall extend between the weld access holes as shown

in Figure 5.1. The single-plate shear connection shall be permitted to be

used as backing for the CJP groove weld. The thickness of the plate shall

be at least 3/s in. (10 mm). Weld tabs are not required at the ends of the CJP

groove weld at the beam web. Bolt holes in the beam web for the purpose

of erection are permitted.

(b) For IMF systems, the beam web shall be connected to the column flange as

required for SMF systems.

Exception: For IMF, it is permitted to connect the beam web to the column

flange using a bolted single-plate shear connection. The bolted single-plate

shear connection shall be designed as a slip-critical connection, with the

design slip resistance per bolt determined according to the AISC Specifica

tion. For seismic loading, the nominal bearing strength at bolt holes shall

not be taken greater than the value given by Equation J3-6a of the AISC

Specification. The design shear strength of the single-plate shear connec

tion shall be determined based on shear yielding of the gross section and

on shear rupture of the net section. The plate shall be welded to the column

flange with a CJP groove weld or with fillet welds on both sides of the

plate. The minimum size of the fillet weld on each side of the plate shall

be 75% of the thickness of the plate. Standard holes shall be provided in

the beam web and in the plate, except that short-slotted holes (with the slot

parallel to the beam flanges) may be used in either the beam web or in the

plate, but not in both. Bolts are permitted to be pretensioned either before

or after welding.

5.7. FABRICATION OF FLANGE CUTS 

The reduced beam section shall be made using thermal cutting to produce a smooth 

curve. The maximum surface roughness of the thermally cut surface shall be 500 µ-in. 

( 13 microns) in accordance with ANSI B46. l ,  as measured using A WS C4. l Sample 4 

or a similar visual comparator. All transitions between the reduced beam section and 

the unmodified beam flange shall be rounded in the direction of the flange length to 

minimize notch effects due to abrupt transitions. Corners between the reduced section 

surface and the top and bottom of the flanges shall be ground to remove sharp edges, 

but a minimum chamfer or radius is not required. 

Thermal cutting tolerances shall be plus or minus ¼ in. (6 mm) from the theoretical 

cut line. The beam effective flange width at any section shall have a tolerance of plus 

or minus 3/s in. (10 mm). 

Gouges and notches that occur in the thermally cut RBS surface may be repaired by 

grinding if not more than ¼ in. (6 mm) deep. The gouged or notched area shall be 

faired in by grinding so that a smooth transition exists, and the total length of the area 
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ground for the transition shall be no less than five times the depth of the removed 

gouge on each side of the gouge. If a sharp notch exists, the area shall be inspected by 

magnetic particle testing (MT) after grinding to ensure that the entire depth of notch 

has been removed. Grinding that increases the depth of the RBS cut more than ¼ in. 

(6 mm) beyond the specified depth of cut is not permitted. 

Gouges and notches that exceed ¼ in. (6 mm) in depth, but not exceeding ½ in. 

( 13 mm) in depth, and those notches and gouges where repair by grinding would 

increase the effective depth of the RBS cut beyond tolerance may be repaired by 

welding. The notch or gouge shall be removed and ground to provide a smooth root 

radius of not less than ¼ in. (6 mm) in preparation for welding. The repair area shall 

be preheated to a minimum temperature of 150°F (66°C) or the value specified in

AWS Dl.1/Dl.lM, whichever is greater, measured at the location of the weld repair. 

Notches and gouges exceeding ½ in. ( 13 mm) in depth shall be repaired only with a 

method approved by the engineer of record. 

5.8. DESIGN PROCEDURE 

Step 1. Choose trial values for the beam sections, column sections and RBS dimen

sions a, b and c (Figure 5.1) subject to the limits: 

where 

0.5bbf-:;, a-:;, 0.75b1,r

0.65d-:;, b -:;, 0.85d 

O.lb1,r -:;,_ c-:;, 0.25b1,r

(5.8- 1) 

(5.8- 2) 

(5.8-3) 

a = horizontal distance from face of column flange to start of an RBS cut, 

in. (mm) 

b = length of RBS cut, in. (mm) 

bbf = width of beam flange, in. (mm) 

c = depth of cut at center of reduced beam section, in. (mm) 

d = depth of beam, in. (mm) 

Confirm that the beams and columns are adequate for all load combinations specified 

by the applicable building code, including the reduced section of the beam, and that 

the design story drift for the frame complies with applicable limits specified by the 

applicable building code. Calculation of elastic drift shall consider the effect of the 

reduced beam section. In lieu of more detailed calculations, effective elastic drifts 

may be calculated by multiplying elastic drifts based on gross beam sections by 1.1 

for flange reductions up to 50% of the beam flange width. Linear interpolation may 

be used for lesser values of beam width reduction. 

Step 2. Compute the plastic section modulus at the center of the reduced beam 

section: 
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where 
ZRss = plastic section modulus at center of reduced beam section. in.3 (mm3)

Zx = plastic section modulus about x-axis. for full beam cross section. 
in.3 (mm3)

lbf = thickness of beam flange, in. (mm) 

Step 3. Compute the probable maximum moment, Mpr, at the center of the reduced 
beam section: 

(5.8-5) 

Step 4. Compute the shear force at the center of the reduced beam sections at each 
end of the beam. 

The shear force at the center of the reduced beam sections shall be determined from 
a free-body diagram of the portion of the beam between the centers of the reduced 
beam sections. This calculation shall assume the moment at the center of each reduced 
beam section is Mpr and shall include gravity loads acting on the beam based on the 
load combination 1.2D + f1L + 0.2S, where f1 is the load factor determined by the 
applicable building code for live loads, but not less than 0.5. 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off of the structure. 

Step S. Compute the probable maximum moment at the face of the column. 
The moment at the face of the column shall be computed from a free-body diagram 
of the segment of the beam between the center of the reduced beam section and the 
face of the column, as illustrated in Figure 5 .2. 

Based on this free-body diagram, the moment at the face of the column is computed 
as follows: 

' 

b 
sh

= a+ -
2 

� RBS 

Fig. 5.2. Free-body diagram between center of RBS and face of column. 
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where 

Mt = probable maximum moment at face of column, kip-in. (N-mm) 

Sh = distance from face of column to plastic hinge, in. (mm) 
=a+ b/2, in. (mm) 

[Sect. 5.8. 

(5.8-6) 

VRss = larger of the two values of shear force at center of the reduced beam 

section at each end of beam, kips (N) 

Step 6. Compute Mpe, the plastic moment of the beam based on the expected yield 

stress: 

Mpe = RyFyZx (5.8-7) 

Step 7. Check the flexural strength of the beam at the face of the column: 

Mt<;. fj)JMpe (5.8-8) 

If Equation 5.8-8 is not satisfied, adjust the values of c, a and b, or adjust the section 

size, and repeat Steps 2 through 7. 

Step 8. Determine the required shear strength, Vu, of beam and beam web-to-column 
connection from: 

2Mpr 
Vu = 

- -
+ V.gravitv 

Lh 

where 

Lh = distance between plastic hinge locations, in. (mm) 

(5.8-9) 

Vgravity = beam shear force resulting from 1.2D + f1L + 0.2S (where !1 is the 

load factor determined by the applicable building code for live loads, 
but not less than 0.5), kips (N) 

Vu = required shear strength of beam and beam web-to-column connection, 

kips (N) 

Check design shear strength of beam according to Chapter G of the AISC Spec(fication. 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 
ASCE/SEI 7 -16. When using the International Building Code, a factor of O. 7 must 

be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off of the structure. 

Step 9. Design the beam web-to-column connection according to Section 5.6. 

Step 10. Check continuity plate requirements according to Chapter 2. 

Step 11. Check column-beam relationship limitations according to Section 5.4. 
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CHAPTER 6 

BOLTED UNSTIFFENED AND STIFFENED 

EXTENDED END-PLATE MOMENT CONNECTIONS 

6.1. GENERAL 

Bolted end-plate connections are made by welding the beam to an end-plate and 

bolting the end-plate to a column flange. The three end-plate configurations shown 

in Figure 6.1 are covered in this section and are prequalified under the AISC Seismic 

Provisions within the limitations of this Standard. 

The behavior of this type of connection can be controlled by a number of different 

limit states including flexural yielding of the beam section, flexural yielding of the 

end-plates, yielding of the column panel zone, tension rupture of the end-plate bolts, 

shear rupture of the end-plate bolts, or rupture of various welded joints. The design 

criteria provide sufficient strength in the elements of the connections to ensure that 

the inelastic deformation of the connection is achieved by beam yielding. 

6.2. SYSTEMS 

Extended end-plate moment connections are prequalified for use in special moment 

frame (SMF) and intermediate moment frame (IMF) systems. 

Exception: Extended end-plate moment connections with concrete structural slabs 

are prequalified only if: 

(1) In addition to the limitations of Section 6.3, the nominal beam depth is not less

than 24 in. (600 mm);

(2) There are no shear connectors within 1.5 times the beam depth from the face of

the connected column flange; and

(a) (b) (c) 
Fig. 6.1. Extended end-plate configurations: (a)four-bolt 

unstiffened, 4£; (b) four-bolt stiffened, 4ES; (c) eight-bolt stiffened, 8ES. 
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(3) The concrete structural slab is kept at least 1 in. (25 mm) from both sides of

both column flanges. It is permitted to place compressible material in the gap

between the column flanges and the concrete structural slab.

6.3. PREQUALIFICATION LIMITS 

Table 6.1 is a summary of the range of parameters that have been satisfactorily tested. 

All connection elements shall be within the ranges shown. 

1. Beam Limitations

Beams shall satisfy the following limitations:

(1) Beams shall be rolled wide-flange or built-up I-shaped members conforming to

the requirements of Section 2.3. At moment-connected ends of welded built-up

sections, within at least the depth of beam or three times the width of flange,

whichever is less, the beam web and flanges shall be connected using either a

complete-joint-penetration (CJP) groove weld or a pair of fillet welds each hav

ing a size 75% of the beam web thickness but not Jess than ¼ in. (6 mm). For

the remainder of the beam, the weld size shall not be less than that required to

accomplish shear transfer from the web to the flanges.

(2) Beam depth, d, shall be limited to values shown in Table 6.1.

(3) There is no limit on the weight per foot of beams.

( 4) Beam flange thickness shall be limited to the values shown in Table 6.1.

(5) The clear span-to-depth ratio of the beam shall be limited as follows:

(a) For SMF systems, 7 or greater.

(b) For IMF systems, 5 or greater.

(6) Width-to-thickness ratios for the flanges and web of the beam shall conform to

the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of beams shall be provided in accordance with the AISC Seismic

Provisions.

(8) The protected zone shall be determined as follows:

(a) For unstiffened extended end-plate connections: the portion of beam

between the face of the column and a distance equal to the depth of the

beam or three times the width of the beam flange from the face of the col

umn, whichever is Jess.

(b) For stiffened extended end-plate connections: the portion of beam between

the face of the column and a distance equal to the location of the end of the

stiffener plus one-half the depth of the beam or three times the width of the

beam flange, whichever is less.

2. Column Limitations

Columns shall satisfy the following limitations:
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TABLE 6.1 
Parametric Limitations on Prequalification 

Four-Bolt Unstiffened Four-Bolt Stiffened Eight-Bolt Stiffened 
(4E) (4ES) (SES) 

Parameter 
Maximum Minimum Maximum Minimum Maximum Minimum 
in. (mm) in. (mm) in. (mm) in. (mm) in. (mm) in. (mm) 

tbt ¾ (19) 3/s (10) ¾ (19) 3/s (10) 1 (25) 9/,6 (14) 

bbt 9¼ (235) 6 (152) 9 (229) 6 (152) 12¼ (311) 7½ (190) 

d 55 (1400) 13¾ (349) 24 (610) 13¾ (349) 36 (914) 18 (457) 

tp 2¼ (57) ½ (13) 1 ½ (38) ½ (13) 2½ (64) ¾ (19) 

bp 10¾ (273) 7 (178) 10¾ (273) 7 (178) 15(381) 9 (229) 

g 6 (152) 4 (102) 6 (152) 3¼ (83) 6 (152) 5 (127) 

Pt;, Pto 4½ (114) 1 ½ (38) 5½ (140) 1¾ (44) 2 (51) 15/s (41) 

Pb - - - - 3¾ (95) 3½ (89) 

bbt = width of beam flange, in. (mm) 

b
p 

= width of end-plate, in. (mm) 

d = depth of connecting beam, in. (mm) 

g horizontal distance between bolts, in. (mm) 

Pb vertical distance between the inner and outer row of bolts in an SES connection, in. (mm) 

Pti = vertical distance from the inside of a beam tension flange to the nearest inside bolt row, in. (mm) 

Pto = vertical distance from the outside of a beam tension flange to the nearest outside bolt row, in. (mm) 

tbf = thickness of beam flange, in. (mm) 

Ip 
= thickness of end-plate, in. (mm) 

(1) Columns shall be any of the rolled shapes or built-up sections permitted in Sec

tion 2.3.

(2) The end-plate shall be connected to the flange of the column.

(3) Rolled shape column depth shall be limited to W36 (W920) maximum. The

depth of built-up wide-flange columns shall not exceed that for rolled shapes.

Flanged cruciform columns shall not have a width or depth greater than the

depth allowed for rolled shapes.

(4) There is no limit on the weight per foot of columns.

(5) There are no additional requirements for flange thickness.

(6) Width-to-thickness ratios for the flanges and web of the column shall conform

to the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of columns shall conform to the requirements of the AISC Seis

mic Provisions.
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6.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(1) Panel zones shall conform to the requirements of the AISC Seismic

Provisions.

(2) Column-beam moment ratios shall conform to the requirements of the AISC
Seismic Provisions.

6.5. CONTINUITY PLATES 

Continuity plates shall satisfy the following limitations: 

(1) The need for continuity plates shall be determined m accordance with
Section 6.8.

(2) When provided, continuity plates shall conform to the requirements of
Section 6.8.

(3) Continuity plates shall be attached to columns by welds in accordance with the
AISC Seismic Provisions.

Exception: Continuity plates less than or equal to 1/s in. (10 mm) shall be permitted 
to be welded to column flanges using double-sided fillet welds. The required strength 
of the fillet welds shall not be less than F

y
Ac, where Ac is defined as the contact areas 

between the continuity plate and the column flanges that have attached beam flanges 
and F

y 
is defined as the specified minimum yield stress of the continuity plate. 

6.6. BOLTS 

Bolts shall conform to the requirements of Chapter 4. 

6.7. CONNECTION DETAILING 

1. Gage

The gage, g, is as defined in Figures 6.2 through 6.4. The maximum gage dimension
is limited to the width of the connected beam flange.

2. Pitch and Row Spacing

The minimum pitch distance is the bolt diameter plus ½ in. (13 mm) for bolts up to
I in. (25 mm) diameter, and the bolt diameter plus ¾ in. (19 mm) for larger diameter
bolts. The pitch distances, PJi and PJb, are the distances from the face of the beam
flange to the centerline of the nearer bolt row, as shown in Figures 6.2 through 6.4.
The pitch distances, Psi and Pso, are the distances from the face of the continuity plate
to the centerline of the nearer bolt row, as shown in Figures 6.2 through 6.4.

The spacing, Pb, is the distance between the inner and outer row of bolts in an SES
end-plate moment connection and is shown in Figure 6.4. The spacing of the bolt
rows shall be at least 22/2 times the bolt diameter.
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Fig. 6.2. Four-bolt unstiffened extended end-plate (4£) geometry. 
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Fig. 6.3. Four-bolt stiffened extended end-plate (4ES) geometry. 
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User Note: A distance of three times the bolt diameter is preferred. The distance 

must be sufficient to provide clearance for any welds in the region. 

3. End-Plate Width

The width of the end-plate shall be greater than or equal to the connected beam flange 

width. The effective end-plate width shall not be taken greater than the connected 

beam flange plus 1 in. (25 mm). 

4. End-Plate Stiffener

The two extended stiffened end-plate connections, Figures 6.1 (b) and ( c ), require a 

stiffener welded between the connected beam flange and the end-plate. The minimum 

stiffener length, Ls1, shall be: 

hsr 
Lsr = -- -

tan 30° 
(6.9-1) 

where hs1 is the height of the stiffener, equal to the height of the end-plate from the 

outside face of the beam flange to the end of the end-plate as shown in Figure 6.5. 

The stiffener plates shall be terminated at the beam flange and at the end of the end

plate with landings not less than 1 in. (25 mm) long. The stiffener shall be clipped 

V 

de 

Pw -• -"'-. 

Pb 
fsc -e-- • Pro 

--

-� fib 
Pb Pr; 
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-

t,, IP 
d 

-• -

---• -

-� 
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=/ -• 
h,, 

L,, 

V 

Fig. 6.4. Eight-bolt stiffened extended end-plate (8ES) geometry. 
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where it meets the beam flange and end-plate to provide clearance between the stiff

ener and the beam flange weld. 

When the beam and end-plate stiffeners have the same material strengths, the thick
ness of the stiffeners shall be greater than or equal to the beam web thickness. If the 

beam and end-plate stiffener have different material strengths, the thickness of the 

stiffener shall not be less than the ratio of the beam-to-stiffener plate material yield 
stresses times the beam web thickness. 

5. Finger Shims

The use of finger shims (illustrated in Figure 6.6) at the top and/or bottom of the

connection and on either or both sides is permitted, subject to the limitations of the

RCSC Specification.

6. Welding Details

Welding of the beam to the end-plate shall conform to the following limitations:

(1) Weld access holes shall not be used.

(2) The beam flange to end-plate joint shall be made using a CJP groove weld with
out backing. The CJP groove weld shall be made such that the root of the weld

-11
--

1 in. (25 mm) 

• • 

• • 
1 in. (25mm) 

• • 

• • 

• • 

• • 

• • 

• • 

Fig. 6.5. End-plate stiffener layout and geometry for 8ES. Geometry for 4ES similar. 
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is on the beam web side of the flange. The inside face of the flange shall have a 
5/i6-in. (8-mm) fillet weld. These welds shall be demand critical. 

(3) The beam web to end-plate joint shall be made using either fillet welds or CJP

groove welds. When used, the fillet welds shall be sized to develop the full

strength of the beam web in tension from the inside face of the flange to 6 in.

(150 mm) beyond the bolt row farthest from the beam flange.

(4) Backgouging of the root is not required in the flange directly above and below

the beam web for a length equal to l .5k1. A full-depth PJP groove weld shall be

permitted at this location.

(5) When used, all end-plate-to-stiffener joints shall be made using CJP groove

welds.

Exception: When the stiffener is 1/s in. (10 mm) thick or less, it is permitted to

use fillet welds that develop the strength of the stiffener.

11 
II 
II 

_
___ JL ___ • 

-----,r-----

11 

•--- ---• 

• • 

• • 

Fig. 6.6. Typical use of finger shims. 
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6.8. DESIGN PROCEDURE 

Connection geometry is shown in Figures 6.2, 6.3 and 6.4 for the 4E, 4ES and SES 
connections, respectively. 

1. End-Plate and Bolt Design

Step 1. Determine the sizes of the connected members (beams and column) and
compute the moment at the face of the column, MJ.

= distance between plastic hinge locations, in. (mm) 
= length of stiffener, as shown in Figure 6.5, in. (mm) 

(6.8-1) 

= probable maximum moment at plastic hinge, kip-in. (N-mm), given 
by Equation 2.4-1 

Sh = distance from face of column to plastic hinge, in. (mm) 
= the lesser of d/2 or 3bb.tfor an unstiffened connection (4E) 
= L81 + tp for a stiffened connection (4ES, SES) 

Vgravity = beam shear force resulting from 1.2D + fiL + 0.2S (where f1 is a load 
factor determined by the applicable building code for Jive loads, but 
not less than 0.5), kips (N) 

Vu = shear force at end of beam, kips (N) 
2Mpr 

= --+Vgravity (6.8-2) 
Lh 

b1,J = width of beam flange, in. (mm) 
d = depth of connecting beam, in. (mm) 

tr = thickness of end-plate, in. (mm) 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance 
with ASCE/SEI 7-16. When using the International Building Code, a factor 
of 0.7 must be used in lieu of the factor of 0.2 for S (snow) when the roof 
configuration is such that it does not shed snow off of the structure. 

Step 2. Select one of the three end-plate moment connection configurations and 
establish preliminary values for the connection geometry (g, Pfi, Pfo, p1,, g, hi, etc.) 
and bolt grade. 

Step 3. Determine the required bolt diameter, d1; req'd, using one of the following 
expressions. 

For four-bolt connections (4E, 4ES): 

db,req =
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For eight-bolt connections (SES): 

(6.8-4) 

where 
Fn1 = nominal tensile strength of bolt from the AISC Specification, ksi (MPa) 
h; = distance from centerline of the beam compression flange to the 

centerline of ith tension bolt row 
h0 = distance from centerline of compression flange to tension-side outer 

bolt row, in. (mm) 
<l>n =0.90 

Step 4. Select a trial bolt diameter, db, not less than that required in Section 6.8.1 
Step 3. 

Step 5. Determine the required end-plate thickness, tp,req'd· 

1.11 Mt

<!>dFypYp

tp,req = (6,8-5) 

where 
Fyp = specified minimum yield stress of end-plate material, ksi (MPa) 
Yp = end-plate yield line mechanism parameter from Tables 6.2, 6.3 or 6.4, 

in. (mm) 
<!>d = 1.00 

Step 6. Select an end-plate thickness, tp, not less than the required value. 

Step 7. Calculate Ftu, the factored beam flange force. 

where 
d = depth of beam, in. (mm) 

Mt F1u=-�-
d tht

tht = thickness of beam flange, in. (mm) 

(6,8-6) 

Step 8. Check shear yielding of the extended portion of the four-bolt extended 
unstiffened end-plate (4E): 

F1u/2 � <)>dRn = <)>d(0.6)Fyphptp (6.8-7) 

where hp is the width of the end-plate, in. (mm), to be taken as not greater than the 
width of the beam flange plus 1 in. (25 mm). 

If Equation 6.8-7 is not satisfied, increase the end-plate thickness or increase the yield 
stress of the end-plate material. 
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TABLE 6.2 
Summary of Four-Bolt Extended Unstiffened 
End-Plate Yield Line Mechanism Parameter 

End-Plate Geometry and 

Yield Line Pattern 

ho r 

� 

End-

Plate 

1 · i bp • I 
g 

I .-r 
l l ·-�d, - -

Pro ,_ ;= tbf ,_ 

---:: >-,-r-pfi

s 

,-c-

fbw 

' 

0.-
tp 

• • 

• • 

y
P 

= bP 

[ hi(-1 
+ 1 )+ha(-1 

J 2 Pt; s Pto 

Bolt Force Model 

-

rho 
M,p > 

h1 

1 
J 

2 
- +-[h1 (P1i +s)] 2 g 

1 
s =

2
)bP

g Note: If Pti> s, use Pfi= s.

-

a ---- 2P, 

B ---- 2P, 

I 

•
-

9.2-31 

Step 9. Check shear rupture of the extended portion of the end-plate in the four-bolt 
extended unstiffened end-plate (4E): 

Ffu/2:,; <!Jn Rn = <!Jn(0.6)F upAn (6.8-8) 

where 
An = net area of end-plate 

= tp[hp 2(db + l/s)] when standard holes are used, in.2 

= tp[hp 2(db + 3)] when standard holes are used, mm2 

Fup = specified minimum tensile stress of end-plate, ksi (MPa) 
db = bolt diameter, in. (mm) 

If Equation 6.8-8 is not satisfied, increase the end-plate thickness or increase the yield 
stress of the end-plate material. 

Step 10. If using either the four-bolt extended stiffened end-plate (4ES) or the eight
bolt extended stiffened end-plate (SES) connection, select the end-plate stiffener 
thickness and design the stiffener-to-beam flange and stiffener-to-end-plate welds. 

(
Fyb)ts ;c: tbw -Fys
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TABLE 6.3 
Summary of Four-Bolt Extended Stiffened 

End-Plate Yield Line Mechanism Parameter 
End-Plate Geometry and 

Yield Line Pattern Bolt Force Model 

Case 1 (de s; s) Case 2 (de > s) 

[Sect. 6.8. 

1· I . 
---- 2P, 

,f 
� 

• 

• 

Case 1 

(des; s) 

Case2 

(de> s) 

• 

• 

do 
Pro 
lbr 
Pr, 
s 

t Ir ,f
� 

•

• 

•

• 

s 

Pro 
lbr 
Pr, 
s 

bp [ ( 1 1) ( 1 1 )] 2 Y
p

= - h1 -+- +h0 -+- +-[h1 (pfi +s)+h0 (s+Pta )] 2 Pt; s s Pta g 
1 s = - 'bg Note. If p1; > s, use Pt;= s.
2'-J Up::J 

where 

Fyb = specified minimum yield stress of beam material, ksi (MPa) 

Fys = specified minimum yield stress of stiffener material, ksi (MPa) 

fbw = thickness of beam web, in. (mm) 

ts = end-plate stiffener thickness, in. (mm) 

---- 2P, 

The stiffener geometry shall conform to the requirements of Section 6.7.4. In addi

tion, to prevent local buckling of the stiffener plate, the following width-to-thickness 

criterion shall be satisfied: 

hst 
< 0.56 {I 

ts - 'y Fys
(6.8-10) 

where hsr is the height of the stiffener, in. (mm), equal to the height of the end-plate 

from the outside face of the beam flange to the end of the end-plate. 
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TABLE 6.4 
Summary of Eight-Bolt Extended Stiffened 
End-Plate Yield Line Mechanism Parameter 

End-Plate Geometry and 

Yield Line Pattern 

Case 1 (de :'> s) Case 2 (de > s) 

Case 1 

(de:'> s) 

Case2 

(de> s) 

• • 

• • 

• • 

• • 

d, 

P, 

Peo 
t,, 

P!i 

P, 
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1

,Jt;g s=- b g Note.lfp1;>s,usep1;=s.
2 p 

• • 

• • 

• • 

• • 

Bolt Force Model 

s 

P, 

P,, 
t,, 
pfi 

P, 

s 

M,, 

9.2-33 

_..,_ 2P1 

-a- 2P1 

-a- 2P1 

---- 2P1 

The stiffener-to-beam-flange and stiffener-to-end-plate welds shall be designed to 

develop the stiffener plate in shear at the beam flange and in tension at the end-plate. 

Either fillet or CJP groove welds are suitable for the weld of the stiffener plate to the 

beam flange. CJP groove welds shall be used for the stiffener-to-end-plate weld. If 

the end-plate is 1/s in. (10 mm) thick or less, double-sided fillet welds are permitted. 

Step 11. The bolt shear rupture strength of the connection is provided by the bolts at 

one ( compression) flange; thus 
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where 
Ab = nominal gross area of bolt, in.2 (mm2)

Fnv = nominal shear strength of bolt from the AISC Specification, ksi (MPa) 
Vu = shear force at end of the beam, kips (N), given by Equation 6.8-2 
nb = number of bolts at compression flange 

= 4 for 4E and 4ES connections 
= 8 for SES connections 

Step 12. Check bolt-bearing/tear-out failure of the end-plate and column flange: 

(6.8-12) 

where 

Fu = specified minimum tensile strength of end-plate or column flange 
material, ksi (MPa) 

Le = clear distance, in direction of force, between edge of the hole and edge 
of the adjacent hole or edge of material, in. (mm) 

db = diameter of bolt, in. (mm) 
n; = number of inner bolts 

= 2 for 4E and 4ES connections 
= 4 for SES connections 

n0 = number of outer bolts 
= 2 for 4E and 4ES connections 
= 4 for SES connections 

rni = I .2 LetFu < 2.4dbtFu for each inner bolt 
rno = I .2 LetFu < 2.4dbtFu for each outer bolt 
t = end-plate or column flange thickness, in. (mm) 

Step 13. Design the flange-to-end-plate and web-to-end-plate welds usmg the 
requirements of Section 6.7.6. 

2. Column-Side Design

Step 1. Check the column flange for flexural yielding:

1.11 Mt

<!JdFycYe

where 

(6.8-13) 

Fye = specified minimum yield stress of column flange material, ksi (MPa) 
Ye = unstiffened column flange yield line mechanism parameter from 

Table 6.5 or Table 6.6, in. (mm) 
fef = column flange thickness, in. (mm) 

If Equation 6.8-13 is not satisfied, increase the column size or add continuity plates. 

If continuity plates are added, check Equation 6.8-13 using Ye for the stiffened col
umn flange from Tables 6.5 and 6.6. 

Step 2. If continuity plates are required for column flange flexural yielding, deter
mine the required stiffener force. 
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Sect. 6.8.] DESIGN PROCEDURE 9.2-35 

TABLE 6.5 
Summary of Four-Bolt Extended Column Flange 

Yield Line Mechanism Parameter 
Unstiffened Column Flange 

Geometry and Yield Line Pattern 
Stiffened Column Flange 

Geometry and Yield Line Pattern 

I • I • 
b,1 

• • • • 

Unstiffened Y
e

= b;' [ h1(�)+h0(�) ]+¾[ h1( s+ 
3
: )+ ho( s+% )+ c; ]+%

Column 
Flange 

Stiffened 
Column 
Flange 

Y
e

= bet lh/ ..!+-1 I+ hJ _! +-1
-1J+ �[ h1 (s+ Psi)+ ho (s + Pso )] 

2 l S Psi ) l S Pso ) g 
1 s = -�b e1g Note: If Psi> s, use Psi= s. 
2 

The column flange flexural design strength is 

2 <pd M cf = <!>d FycYctcf

s 
Pso
Psi
s 

(6.8-14) 

where Ye is the unstiffened column yield line mechanism parameter from Table 6.5 or 
Table 6.6, in. (mm). Therefore, the equivalent column flange design force is 

<!>dMcf 
<!>dRn = ( ) 

d fb_f 
(6.8-15) 

Using <pdRn, the required force for continuity plate design is determined in Sec
tion 6.8.2 Step 6. 
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TABLE 6.6 
Summary of Eight-Bolt Extended Column Flange 

Yield Line Mechanism Parameter 
Unstiffened Column Flange 

Geometry and Yield Line Pattern 
Stiffened Column Flange 

Geometry and Yield Line Pattern 

h, 

h2 

Unstiffened 
Column 
Flange 

Stiffened 

Column 
Flange 

• 

• 

• 

• 

• 

• 

• 

• 

s 

Pb 

C 

s 

h, 

fc1 

s = -)bc1g Note: If Psi> s, use Psi = s. 

2 

h2 
h, I 

h4 

• 

• 

• 

• 
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• 

• 

•
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Step 3. Check the local column web yielding strength of the unstiffened column web 
at the beam flanges. 

Strength requirement: 

where 

Ftu:::; $JRn 

Rn= Ci(6kc + t1,J+ 2tp)Fyctcw 

(6.8-16) 

(6.8-17) 

C1 = 0.5 if the distance from the column top to the top face of the beam flange 
is less than the depth of the column 

= 1.0 otherwise 
Fye = specified minimum yield stress of column web material, ksi (MPa) 
kc = distance from outer face of column flange to web toe of fillet ( design 

value) or fillet weld, in. (mm) 
tcw = column web thickness, in. (mm) 

If the strength requirement of Equation 6.8-16 is not satisfied, column web continuity 
plates are required. 

Step 4. Check the unstiffened column web buckling strength at the beam compres
sion flange. 

Strength requirement: 

(6.8-18) 

where$= 0.75. 

(a) When F1u is applied at a distance greater than or equal to d,/2 from the end
of the column

(6.8-19) 

(b) When Fju is applied at a distance less than dc/2 from the end of the column

12tgw )EFyc Rn =- -�- -
h 

(6.8-20) 

where h is the clear distance between flanges less the fillet or corner radius for rolled 
shapes; clear distance between flanges when welds are used for built-up shapes, in. 
(mm) 

If the strength requirement of Equation 6.8-18 is not satisfied, then column web con
tinuity plates are required. 

Step 5. Check the unstiffened column web crippling strength at the beam compression 
flange. 
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Strength requirement: 

(6.8-21) 

where <j> = 0.75. 

(a) When Ftu is applied at a distance greater than or equal to dc/2 from the end
of the column

Rn
= 0.80 dw [1+3 ( 

N) 
(

few 
)1 .5] 

de fef 
(6.8-22) 

(b) When Ftu is applied at a distance less than dc/2 from the end of the column
(i) for N/dc :,:; 0.2,

Rn
= 0.40 tZw l 3 N few 

[ ( ) ( )1 .5]
+ 

de fef 

(ii) for N/de > 0.2,

where 

R, � 0.40 t?w [1 + ( :: 02 
l 
(';; r]

N = hr+ 2w + 2fp, in. (mm) 
de = overall depth of column, in. (mm) 
fp = end-plate thickness, in. (mm) 

EF ye f,J 
few 

(6.8-23) 

(6.8-24) 

w = leg size of fillet weld or groove weld reinforcement, if used, in. (mm) 

If the strength requirement of Equation 6.8-21 is not satisfied, then column web con
tinuity plates are required. 

Step 6. If stiffener plates are required for any of the column side limit states, the 
required strength is 

(6.8-25) 

where min(<J>Rn) is the minimum design strength value from Section 6.8.2 Step 2 (col
umn flange bending), Step 3 (column web yielding), Step 4 (column web buckling), 
and Step 5 (column web crippling). 

The design of the continuity plates shall also conform to Chapter E of the AISC Seis

mic Provisions, and the welds shall be designed in accordance with Section 6.5(3). 

Step 7. Check the panel zone in accordance with Section 6.4( 1 ). 
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CHAPTER 7 

BOLTED FLANGE PLATE (BFP) 
MOMENT CONNECTION 

7.1. GENERAL 

9.2-39 

Bolted flange plate (BFP) moment connections utilize plates welded to column 

flanges and bolted to beam flanges. The top and bottom plates must be identical. 

Flange plates are welded to the column flange using CJP groove welds and beam 

flange connections are made with high-strength bolts. The beam web is connected to 

the column flange using a bolted shear tab with bolts in short-slotted holes. Details 

for this connection type are shown in Figure 7 .1. Initial yielding and plastic hinge 

formation are intended to occur in the beam in the region near the end of the flange 

plates. 

7.2. SYSTEMS 

Bolted flange plate connections are prequalified for use in special moment frame 

(SMF) and intermediate moment frame (IMF) systems within the limitations of these 

prov1s1ons. 

Continuity and doubler 
plates as required 

Protected zone = Sh + d

sh 

Fig. 7.1. Bolted flange plate moment connection. 
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Exception: Bolted flange plate connections in SMF systems with concrete structural 

slabs are only prequalified if the concrete structural slab is kept at least l in. (25 mm) 

from both sides of both column flanges. It is permissible to place compressible mate

rial in the gap between the column flanges and the concrete structural slab. 

7.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

(1) Beams shall be rolled wide-flange or built-up I-shaped members conforming to

the requirements in Section 2.3.

(2) Beam depth shall be limited to a maximum of W36 (W920) for rolled shapes.

Depth of built-up sections shall not exceed the depth permitted for rolled wide

flange shapes.

(3) Beam weight shall be limited to a maximum of 150 lb/ft (223 kg/m).

(4) Beam flange thickness shall be limited to a maximum of 1 in. (25 mm).

(5) The clear span-to-depth ratio of the beam shall be limited as follows:

(a) For SMF systems, 9 or greater.

(b) For IMF systems, 7 or greater.

(6) Width-to-thickness ratios for the flanges and web of the beam shall conform to

the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of beams shall be provided as follows:

Lateral bracing of beams shall conform to the requirements of the AISC Seismic

Provisions. To satisfy the requirements of Chapter E of the AISC Seismic Pro

visions for lateral bracing at plastic hinges, supplemental lateral bracing shall

be provided at both the top and bottom beam flanges, and shall be located a

distance of d to 1.5d from the bolt farthest from the face of the column. No

attachment of lateral bracing shall be made within the protected zone.

Exception: For both SMF and IMF systems, where the beam supports a con

crete structural slab that is connected along the beam span between protected

zones with welded shear connectors spaced at a maximum of 12 in. (300 mm)

on center, supplemental top and bottom flange bracing at plastic hinges is not

required.

(8) The protected zone consists of the flange plates and the portion of the beam

between the face of the column and a distance equal to one beam depth, d,

beyond the bolt farthest from the face of the column.

2. Column Limitations

Columns shall satisfy the following limitations:

(1) Columns shall be any of the rolled shapes or built-up sections permitted in Sec

tion 2.3.
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Sect. 7.5.] CONNECTION DETAILING 

(2) The beam shall be connected to the flange of the column.

9.2-41 

(3) Rolled shape column depth shall be limited to W36 (W920) maximum when

a concrete structural slab is provided. In the absence of a concrete structural

slab, the rolled shape column depth is limited to Wl4  (W360) maximum.

Flanged cruciform columns shall not have a width or depth greater than the

depth allowed for rolled shapes. Built-up box columns shall not have a width or

depth exceeding 24 in. (600 mm). Boxed wide-flange columns shall not have a

width or depth exceeding 24 in. (600 mm) if participating in orthogonal moment

frames.

(4) There is no limit on weight per foot of columns.

(5) There are no additional requirements for flange thickness.

(6) Width-to-thickness ratios for the flanges and web of columns shall conform to

the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of columns shall conform to the requirements of the AISC Seismic

Provisions.

7.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(1) Panel zones shall conform to the requirements of the AISC Seismic

Provisions.

(2) Column-beam moment ratios shall conform to the requirements of the AISC

Seismic Provisions.

7.5. CONNECTION DETAILING 

1. Plate Material Specifications

All connection plates shall conform to one of the following specifications: ASTM

A36/A36M or A572/A572M Grade 50 (345).

2. Beam Flange Plate Welds

Flange plates shall be connected to the column flange using CJP groove welds and

shall be considered demand critical. Backing, if used, shall be removed. The root pass

shall be backgouged to sound weld metal and back welded.

3. Single-Plate Shear Connection Welds

The single-plate shear connection shall be welded to the column flange. The single

plate to column-flange connection shall consist of CJP groove welds, two-sided PJP

groove welds, or two-sided fillet welds.

4. Bolt Requirements

Bolts shall be arranged symmetrically about the axes of the beam and shall be limited

to two bolts per row in the flange plate connections. The length of the bolt group shall
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not exceed the depth of the beam. Standard holes shall be used in beam flanges. Holes 
in flange plates shall be standard or oversized holes. Bolt holes in beam flanges and
in flange plates shall be made by drilling or by sub-punching and reaming. Punched
holes are not permitted. 

User Note: Although standard holes are permitted in the flange plate, their use
will likely result in field modifications to accommodate erection tolerances. 

Bolts in the flange plates shall be ASTM F3 l 25 Grade A490, Grade A490M or
Grade F2280 assemblies. Threads shall be excluded from the shear plane. Bolt diam
eter is limited to 1 l/s in. (28 mm) maximum. 

5. Flange Plate Shims

Shims with a maximum overall thickness of¼ in. (6 mm) may be used between the
flange plate and beam flange as shown in Figure 7 .1. Shims, if required, may be fin
ger shims or may be made with drilled or punched holes. 

7.6. DESIGN PROCEDURE 

Step 1. Compute the probable maximum moment at the plastic hinge, Mpr, in accor
dance with Section 2.4.3. 

Step 2. Compute the maximum bolt diameter to prevent beam flange tensile rupture. 

For standard holes with two bolts per row: 

db :;; bJ (1 Ry
F

y) ½ m.
2 R1Fu 

d :;; bJ (1 Ry
Fy 

J 3 mm
b 2 R1Fu 

(7.6-2) 

(7.6-2M) 

Select a bolt diameter. Check that the edge distance for the beam flange holes satisfies
the AISC Specification requirements. 

Step 3. Assume a flange plate thickness, tp. Estimate the width of the flange plate,
hJp , considering bolt gage, bolt edge distance requirements, and the beam flange
width. Determine the controlling nominal shear strength per bolt considering bolt
shear and bolt bearing: 

(7.6-3) 

where 
Ab = nominal unthreaded body area of bolt, in.2 (mm2) 

Fnv = nominal shear strength of bolt from the AISC Specification, ksi (MPa) 
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Fub = specified minimum tensile strength of beam material. ksi (MPa) 
Fup = specified minimum tensile strength of plate material. ksi (MPa) 

db = nominal bolt diameter, in. (mm) 

y = beam flange thickness, in. (mm) 
tp = flange plate thickness, in. (mm) 

9.2-43 

Step 4. Select a trial number of bolts. 

User Note: The following equation may be used to estimate the trial number of 
bolts. 

l.25M
pr

n>---�� 

- <l>nrn ( d + t p)

where 

n = number of bolts rounded to next higher even number increment 
d = beam depth, in. (mm) 

(7.6-4) 

Step S. Determine the beam plastic hinge location, Sh, as dimensioned from the face 
of the column. 

where 
S 1 = distance from face of column to nearest row of bolts, in. (mm) 
n = number of bolts 
s = spacing of bolt rows, in. (mm) 

(7.6-5) 

The bolt spacing between rows, s, and the edge distance shall be sufficiently large to 
ensure that le, as defined in the AISC Specification, is greater than or equal to 2db. 

Step 6. Compute the shear force at the beam plastic hinge location at each end of the 
beam. 

The shear force at the hinge location, Vh, shall be determined from a free-body dia
gram of the portion of the beam between the plastic hinge locations. This calculation 
shall assume the moment at the plastic hinge location is M

pr and shall include gravity 
loads acting on the beam based on the load combination of 1.2D + !1 L + 0.2S, where 
Dis the dead load; .fi is the load factor determined by the applicable building code for 
live loads, but not less than 0.5; Lis the live load; and S is the snow load. 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off of the structure. 
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Step 7. Calculate the moment expected at the face of the column flange. 

Mf = Mpr + VhSh (7.6-6) 

where Vh is the larger of the two values of shear force at the beam hinge location at 
each end of the beam, kips (N). 

Equation 7.6-6 neglects the gravity load on the portion of the beam between the 
plastic hinge and the face of the column. The gravity load on this small portion of the 
beam is permitted to be included. 

Step 8. Compute Fpr, the force in the flange plate due to Mf 

Mf Fpr = -�-
( d + tp)

where 
d = depth of beam, in. (mm) 
tp = thickness of flange plate, in. (mm) 

Step 9. Confirm that the number of bolts selected in Step 4 is adequate. 

Fpr n "?.--
<l>nrn 

(7.6-7) 

(7.6-8) 

Step 10. Check that the thickness of the flange plate assumed in Step 3 is adequate: 

Fpr tp "?. -� -
<l>c1Fybjp 

where 

Fy = specified minimum yield stress of flange plate, ksi (MPa) 
bfp = width of flange plate, in. (mm) 

Step 11. Check the flange plate for the limit state of tensile rupture. 

Fpr :::; <l>nRn 

(7.6-9) 

(7.6-10) 

where Rn is defined in the tensile rupture provisions of Chapter J of the AISC 
Specification. 

Step 12. Check the beam flange for the limit state of block shear rupture. 

(7.6-11) 

where Rn is as defined in the block shear rupture provisions of Chapter J of the AISC 
Specification. 

Step 13. Check the flange plate for the limit states of compression buckling. 

(7.6-12) 

where Rn is defined in the compression buckling provisions of Section J4.4 of the 
AISC Specification. 
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User Note: When checking compression buckling of the flange plate, the effective 
length, KL, may be taken as 0.65S1. 

Some iteration from Steps 3 through 13 may be required to determine an acceptable 
flange plate size. 

Step 14. Determine the required shear strength, Vu, of the beam and the beam-web
to-column connection from: 

where 

2M
pr

Vu = 
- -

+ V
gravity

Lh

Lh = distance between plastic hinge locations, in. (mm)

(7.6-13) 

V
gravity = beam shear force resulting from 1.2D +fiL + 0.2S (where !1 is a load 

factor determined by the applicable building code for live loads, but 
not less than 0.5), kips (N) 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off of the structure. 

Check design shear strength of beam according to the AISC Specification. 

Step 15. Design a single-plate shear connection for the required shear strength, Vu, 
calculated in Step 14 and located at the face of the column, meeting the requirements 
of the AISC Specification. 

Step 16. Check the continuity plate requirements according to Chapter 2. 

Step 17. Check the column panel zone according to Section 7.4. 

The required shear strength of the panel zone shall be determined from the summa
tion of the moments at the column faces as determined by projecting moments equal 
to R

y
F

y
Ze at the plastic hinge points to the column faces. Ford, add twice the thick

ness of the flange plate to the beam depth. 
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CHAPTER 8 

WELDED UNREINFORCED FLANGE-WELDED WEB 
(WUF-W) MOMENT CONNECTION 

8.1. GENERAL 

In the welded unreinforced flange-welded web (WUF-W) moment connection, inelas

tic rotation is developed primarily by yielding of the beam in the region adjacent 

to the face of the column. Connection rupture is controlled through special detail

ing requirements associated with the welds joining the beam flanges to the column 

flange, the welds joining the beam web to the column flange, and the shape and finish 

of the weld access holes. An overall view of the connection is shown in Figure 8.1. 

8.2. SYSTEMS 

WUF-W moment connections are prequalified for use in special moment frame (SMF) 

and intermediate moment frame (IMF) systems within the limits of these provisions. 

8.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

(I) Beams shall be rolled wide-flange or built-up I-shaped members conforming to

the requirements of Section 2.3.

V 

-

R 
:e 
I 
' 
' 

I 
' 
' 

!• 
' 
' 

' 
' 
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1. 

k 
-

V 
Protected zone 

I d 

Fig. 8.1. WUF-W moment connection. 
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(2) Beam depth is limited to a maximum of W36 (W920) for rolled shapes. Depth

of built-up sections shall not exceed the depth permitted for rolled wide-flange

shapes.

(3) Beam weight is limited to a maximum of 150 lb/ft (224 kg/m).

(4) Beam flange thickness is limited to a maximum of 1 in. (25 mm).

(5) The clear span-to-depth ratio of the beam is limited as follows:

(a) For SMF systems, 7 or greater.

(b) For IMF systems, 5 or greater.

(6) Width-to-thickness ratios for the flanges and web of the beam shall conform to

the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of beams shall be provided as follows:

Lateral bracing of beams shall conform to the requirements of the AISC Seis

mic Provisions. To satisfy the requirements of the AISC Seismic Provisions for

lateral bracing at plastic hinges, supplemental lateral bracing shall be provided

at both the top and bottom beam flanges, and shall be located at a distance of

d to l .5d from the face of the column. No attachment of lateral bracing shall

be made to the beam in the region extending from the face of the column to a

distanced from the face of the column.

Exception: For both SMF and IMF systems, where the beam supports a con

crete structural slab that is connected along the beam span between protected

zones with welded shear connectors spaced at a maximum of 12 in. (300 mm)

on center, supplemental top and bottom flange bracing at plastic hinges is not

required.

(8) The protected zone consists of the portion of beam between the face of the col

umn and a distance one beam depth, d, from the face of the column.

2. Column Limitations

Columns shall satisfy the following limitations:

(1) Columns shall be any of the rolled shapes or built-up sections permitted in Sec

tion 2.3.

(2) The beam shall be connected to the flange of the column.

(3) Rolled shape column depth shall be limited to a maximum of W36 (W920). The

depth of built-up wide-flange columns shall not exceed that for rolled shapes.

Flanged cruciform columns shall not have a width or depth greater than the

depth allowed for rolled shapes. Built-up box columns shall not have a width or

depth exceeding 24 in. (600 mm). Boxed wide-flange columns shall not have a

width or depth exceeding 24 in. (600 mm) if participating in orthogonal moment

frames.

(4) There is no limit on the weight per foot of columns.

(5) There are no additional requirements for flange thickness.
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(6) Width-to-thickness ratios for the flanges and web of columns shall conform to
the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of columns shall conform to the requirements of the AISC Seis

mic Provisions.

8.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(1) Panel zones shall conform to the requirements of the AISC Seismic Provisions.

(2) Column-beam moment ratios shall be limited as follows:

(a) For SMF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions. The value of 'i..M�h shall be
taken equal to 'i..(M

pr + Muv), where M
pr is computed according to Step 1

in Section 8.7, and Muv is the additional moment due to shear amplification
from the plastic hinge to the centerline of the column. Muv is permitted to be
computed as Vh(dc/2), where Vh is the shear at the plastic hinge computed
per Step 3 of Section 8.7, and de is the depth of the column.

(b) For I MF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions.

8.5. BEAM FLANGE-TO-COLUMN FLANGE WELDS 

Beam flange-to-column flange connections shall satisfy the following limitations: 

(1) Beam flanges shall be connected to column flanges using complete-joint
penetration (CJP) groove welds. Beam flange welds shall conform to the
requirements for demand critical welds in the AISC Seismic Provisions.

(2) Weld access hole geometry shall conform to the requirements of AWS Dl.8/
D 1.8M Section 6.11.1.2. Weld access hole quality requirements shall conform
to the requirements of AWS Dl.8.

8.6. BEAM WEB-TO-COLUMN CONNECTION LIMITATIONS 

The overall details of the beam web-to-column flange connection are shown in Fig
ure 8.2. Single-plate shear connections shall conform to the requirements shown 
in Figure 8.2. Beam web-to-column flange connections shall satisfy the following 
limitations: 

(1) A single-plate shear connection shall be provided with a thickness equal at
least to that of the beam web. The height of the single plate shall allow a ¼-in.
(6-mm) minimum and ½-in. (12-mm) maximum overlap with the weld access
hole at the top and bottom as shown in Figure 8.3. The width shall extend 2 in.
(50 mm) minimum beyond the end of the weld access hole.

(2) The single-plate shear connection shall be welded to the column flange. The
design shear strength of the welds shall be at least h

p
tp(0.6R

y
F

yp
), where h

p

is the length of the plate, as shown in Figure 8.2, and t
p 

is the thickness of
the plate.
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(3) The single-plate shear connection shall be connected to the beam web with fillet

welds, as shown in Figures 8.2 and 8.3. The size of the fillet weld shall equal the

thickness of the single plate minus 1li6 in. (2 mm). The fillet welds shall extend

along the sloped top and bottom portions of the single plate, and along the verti

cal single plate length, as shown in Figures 8.2 and 8.3. The fillet welds on the

sloped top and bottom portions of the single plate shall be terminated at least

½ in. ( 12 mm) but not more than 1 in. (25 mm) from the edge of the weld access

hole, as shown in Figure 8.3.

( 4) Erection bolts in standard holes or horizontal short slots are permitted as needed.

(5) A CJP groove weld shall be provided between the beam web and the column

flange. This weld shall be provided over the full length of the web between

weld access holes, and shall conform to the requirements for demand critical

welds in the AISC Seismic Provisions and AWS D1.8/Dl.8M. Weld tabs are

not required. Weld tabs, if used, must be removed after welding in accordance

with the requirements of Section 3.4. When weld tabs are not used, the use of

cascaded weld ends within the weld groove shall be permitted at a maximum

angle of 45°. Nondestructive testing (NDT) of cascaded weld ends need not be

performed.

8.7. DESIGN PROCEDURE 

Step 1. Compute the probable maximum moment at the plastic hinge, Mpr, in accor

dance with Section 2.4.3. The value of Ze shall be taken as equal to Zx of the beam 

section and the value of Cpr shall be taken as equal to 1.4. 

>-�-< CJP beam web to column flange weld 

A-""TT---<:. Single plate to beam web weld 

� -- - - -Erection bolts in standard holes or

horizontal short slots are permitted as

needed for erection loads and safety

Single plate to column flange weld

Fig. 8.2. General details of beam web-to-column flange connection. 
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User Note: The Cpr value of 1.4 for WUF-W moment connections is based on 
experimental data that shows a high degree of strain hardening. 

Step 2. The plastic hinge location shall be taken to be at the face of the column; that 
is, sh= 0. 

Step 3. Compute the shear force, Vh, at the plastic hinge location at each end of the 
beam. 

The shear force at the plastic hinge locations shall be determined from a free-body 
diagram of the portion of the beam between the plastic hinges. This calculation shall 

b I 

I 
d 
-

I 

I ... ......... I 

I 
r 

J 
' cf'.,.. ' 

a ' 
I ' 

•I'''''' ' 
I '''
I ''
I '''

•I ''
I ' 
I 
I ''
I '''
I 
I 

I 
• 

' ' 
I ' e a ' c\/ ' 

I I 
I ''
L.. 

I / I 
I 

-

b 
I d 
I 

Notes 

a = 
b = 

C = 

d = 

e = 

¼ in. (6 mm) minimum,½ in. (12 mm) maximum 
1 in. (25 mm) minimum 
30° (±10°) 
2 in. (50 mm) minimum 
½ in. (12 mm) minimum distance, 1 in. (25 mm) 
maximum distance from end of fillet weld to edge of 
access hole 

Fig. 8.3. Details at top and bottom of single-plate shear connection. 
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assume the moment at each plastic hinge is Mpr and shall include gravity loads acting 

on the beam between the hinges based on the load combination 1.2D + f1L + 0.2S. 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 

ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 

be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 

that it does not shed snow off of the structure. 

Step 4. Check column-beam relationship limitations per Section 8.4. For SMF, the 

required shear strength of the panel zone, per the AISC Seismic Provisions, shall be 

determined from the summation of the probable maximum moments at the face of the 

column. The probable maximum moment at the face of the column shall be taken as 

Mpr, computed per Step l .  Provide doubler plates as necessary. 

Step 5. Check beam design shear strength: 

The required shear strength, Vu, of the beam shall be taken equal to the larger of the 

two values of Vh computed at each end of the beam in Step 3. 

Step 6. Check column continuity plate requirements per Section 2.4.4. Provide con

tinuity plates as necessary. 
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CHAPTER 9 

KAISER BOLTED BRACKET (KBB) 
MOMENT CONNECTION 

The user's attention is called to the fact that compliance with this chapter of the standard 

requires use of an invention covered by patent rights. By publication of this standard, no 

position is taken with respect to the validity of any claim(s) or of any patent rights in connec

tion therewith. The patent holder has filed a statement of willingness to grant a license under 

these rights on reasonable and nondiscriminatory terms and conditions to applicants desir

ing to obtain such a license. The statement may be obtained.from the standards developer. 

9.1. GENERAL 

In a Kaiser bolted bracket (KBB) moment connection, a cast high-strength steel 

bracket is fastened to each beam flange and bolted to the column flange as shown 

in Figure 9.1. The bracket attachment to the beam flange is permitted to be either 

(a) (b) 
Fig. 9.1. Kaiser bolted bracket connection. 

(a) W-series connection; (b) B-series connection.

Prequalified Connections for Special and Intermediate 
Steel Moment Frames for Seismic Applications, May 12, 2016 

AMERICAN INSTUTUE OF STEEL CONSTRUCTION 



Sect. 9.3.] PREQUALIFICATION LIMITS 9.2-53 

welded (Figure 9.la) or bolted (Figure 9.lb). When welded to the beam flange. the 

five W-series bracket configurations available are shown in Figure 9.2. When bolted 

to the beam flange, the two B-series bracket configurations available are shown in 

Figure 9.3. The bracket configuration is proportioned to develop the probable maxi

mum moment strength of the connected beam. Yielding and plastic hinge formation 

are intended to occur primarily in the beam at the end of the bracket away from the 

column face. 

9.2. SYSTEMS 

KBB connections are prequalified for use in special moment frame (SMF) and inter

mediate moment frame (IMF) systems within the limits of these provisions. 

Exception: KBB SMF systems with concrete structural slabs are prequalified only 

if the concrete structural slab is kept at least I in. (25 mm) from both sides of both 

column flanges and the vertical flange of the bracket. It is permitted to place com

pressible material in the gap in this location. 

9.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

(I) Beams shall be rolled wide-flange or built-up I-shaped members conforming to

the requirements of Section 2.3.

(a) (b) (c) 
Fig. 9.2. Kaiser bolted bracket W-series configurations: (a) six column bolts, Wl.O; 

(b) four column bolts, W2.0 and W2.l; and (c) two column bolts, W3.0 and W3.l.

(a) (b) 
Fig. 9.3. Kaiser bolted bracket B-series configurations: 

(a) six column bolts, Bl.O, and (b) four column bolts, B2.l.
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(2) Beam depth is limited to a maximum of W33 (W840) for rolled shapes. Depth

of built-up sections shall not exceed the depth permitted for rolled wide-flange

shapes.

(3) Beam weight is limited to a maximum of 130 lb/ft (195 kg/m).

(4) Beam flange thickness is limited to a maximum of 1 in. (25 mm).

(5) Beam flange width shall be at least 6 in. (150 mm) for W-series brackets and at

least 10 in. (250 mm) for B-series brackets.

( 6) The clear span-to-depth ratio of the beam shall be limited to 9 or greater for both

SMF and IMF systems.

(7) Width-to-thickness ratios for the flanges and web of the beam shall conform to

the requirements of the AISC Seismic Provisions.

(8) Lateral bracing of beams shall be provided as follows:

(a) For SMF systems, in conformance with the AISC Seismic Provisions. Sup

plemental lateral bracing shall be provided at the expected plastic hinge in

conformance with the AISC Seismic Provisions.

When supplemental lateral bracing is provided, attachment of supplemental

lateral bracing to the beam shall be located at a distance d to 1.5d from the

end of the bracket farthest from the face of the column, where d is the depth

of the beam. No attachment of lateral bracing shall be made to the beam in

the region extending from the face of the column to a distance d beyond the

end of the bracket.

(b) For IMF systems, in conformance with the AISC Seismic Provisions.

Exception: For both systems, where the beam supports a concrete structural 

slab that is connected between the protected zones with welded shear connec

tors spaced at maximum of 12 in. (300 mm) on center, supplemental top and 

bottom flange bracing at the expected hinge is not required. 

(9) The protected zone consists of the portion of beam between the face of the col

umn and one beam depth, d, beyond the end of the bracket farthest from the face

of the column.

2. Column Limitations

The columns shall satisfy the following limitations:

(1) Columns shall be any of the rolled shapes or built-up sections permitted in Sec-

tion 2.3.

(2) The beam shall be connected to the flange of the column.

(3) The column flange width shall be at least 12 in. (300 mm).

(4) Rolled shape column depth shall be limited to W36 (W920) maximum when

a concrete structural slab is provided. In the absence of a concrete structural

slab, rolled shape column depth is limited to W l4 (W360) maximum. The
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depth of built-up wide-flange columns shall not exceed that for rolled shapes. 

Flanged cruciform columns shall not have a width or depth greater than the 
depth allowed for rolled shapes. Built-up box columns shall not have a width or 

depth exceeding 16 in. (400 mm). Boxed wide-flange columns shall not have a 

width or depth exceeding 16 in. ( 400 mm) if participating in orthogonal moment 
frames. 

(5) There is no limit on the weight per foot of columns.

(6) There are no additional requirements for flange thickness.

(7) Width-to-thickness ratios for the flanges and web of columns shall conform to

the requirements of the AISC Seismic Provisions.

(8) Lateral bracing of the columns shall conform to the requirements of the AISC

Seismic Provisions.

3. Bracket Limitations

The high strength cast-steel brackets shall satisfy the following limitations:

( 1) Bracket castings shall conform to the requirements of Appendix A.

(2) Bracket configuration and proportions shall conform to Section 9.8.

(3) Holes in the bracket for the column bolts shall be vertical short-slotted holes.
Holes for the beam bolts shall be standard holes.

(4) Material thickness, edge distance and end distance shall have a tolerance of

±V16 in. (2 mm). Hole location shall have a tolerance of ±½6 in. (2 mm). The

overall dimensions of the bracket shall have a tolerance of ±1/8 in. (3 mm).

9.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(1) Panel zones shall conform to the requirements in the AISC Seismic Provisions.

(2) Column-beam moment ratios shall conform to the requirements of the AISC

Seismic Provisions.

9.5. BRACKET-TO-COLUMN FLA NGE CONNECTION LIMITATIONS 

Bracket-to-column flange connections shall satisfy the following limitations: 

(1) Column flange fasteners shall be pretensioned ASTM F3 l 25 Grades A490,

A490M, A354 Grade BD bolts, or A354 Grade BD threaded rods and shall
conform to the requirements of Chapter 4.

(2) Column flange bolt holes shall be ½ in. (3 mm) larger than the nominal bolt
diameter. Bolt holes shall be drilled or subpunched and reamed. Punched holes
are not permitted.

(3) The use of finger shims on either or both sides at the top and/or bottom of

the bracket connection is permitted, subject to the limitations of the RCSC

Specification.
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(4) When bolted to a box column, a steel washer plate shall be inserted between

the box column and the bracket on both faces of the column. The washer plate

shall be ASTM A572/ A572M Grade 50 (345) or better and shall be designed to

transfer the bolt forces to the outside edges of the column. Where required, the

vertical plate depth may extend beyond the contact surface area by up to 4 in.

(102 mm). The plate thickness shall not exceed 3 in. (75 mm). The fasteners

shall pass through the interior of the box column and be anchored on the oppo

site face. The opposite face shall also have a steel washer plate.

(5) When connecting to the orthogonal face of a box column concurrent with a

connection on the primary column face, a 1 ¾-in. ( 44-mm) steel spacer plate

shall be inserted between the beam flanges and the brackets of the orthogonal

connection. The spacer plate shall be made of any of the structural steel materi

als included in the AISC Specification and shall be the approximate width and

length matching that of the bracket contact surface area.

9.6. BRA CKET-TO-BEAM FLA NGE CONNECTION LIMITATIONS 

Bracket-to-beam-flange connections shall satisfy the following limitations: 

(I) When welded to the beam flange, the bracket shall be connected using fillet

welds. Bracket welds shall conform to the requirements for demand critical

welds in the AISC Seismic Provisions and AWS D 1.8/D 1.8M, and to the require

ments of AWS DI.I/DI.IM. The weld procedure specification (WPS) for the

fillet weld joining the bracket to the beam flange shall be qualified with the

casting material. Welds shall not be started or stopped within 2 in. (50 mm) of

the bracket tip and shall be continuous around the tip.

(2) When bolted to the beam flange, fasteners shall be pretensioned ASTM F3 l 25

Grade A490 or Grade A490M bolts with threads excluded from the shear plane

and shall conform to the requirements of Chapter 4.

(3) Beam flange bolt holes shall be 1 ½2 in. (29 mm) and shall be drilled using the

bracket as a template. Punched holes are not permitted.

(4) When bolted to the beam flange, a 1/8-in. (3-mm) -thick brass washer plate with

an approximate width and length matching that of the bracket contact surface

area shall be placed between the beam flange and the bracket. The brass shall be

a half-hard tempered ASTM B 19 or B36/B36M sheet.

(5) When bolted to the beam flange, a I-in. (25-mm) -thick by 4-in. (100-mm)

-wide ASTM A572/A572M Grade 50 (345) plate washer shall be used on the

opposite side of the connected beam flange.

9.7. BEA M WEB-TO-COLUMN CONNECTION LIMITATIONS 

Beam web-to-column flange connections shall satisfy the following limitations: 

(I) The required shear strength of the beam web connection shall be determined

according to Section 9.9.
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(2) The single-plate shear connection shall be connected to the column flange using

a two-sided fillet weld, two-sided PJP groove weld, or CJP groove weld.

9.8. CONNECTION DETAILING 

If welded to the beam flange, Figure 9.4 shows the connection detailing for the 

W-series bracket configurations. If bolted to the beam flange, Figure 9.5 shows the

connection detailing for the B-series bracket configurations. Table 9.1 summarizes

the KBB proportions and column bolt parameters. Table 9.2 summarizes the design

proportions for the W-series bracket configuration. Table 9.3 summarizes the design

proportions for the B-series bracket configurations.

9.9. DESIGN PROCEDURE 

Step 1. Select beam and column elements which satisfy the limits of Section 9.3. 

Step 2. Compute the probable maximum moment, Mpr, at the location of the plastic 

hinge according to Section 2.4.3. 

Step 3. Select a trial bracket from Table 9 .1. 

de ++--+-- --

hbb 
Pb ++-+----

1 in. (25 mm) 

Continuity plate 
where required 

4 in. (100 mm) 

�
in. (13mm) 

Fig. 9.4. W-series connection detailing. 

½ in. (13 mm) 

2 in. 50 mm) 
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Step 4. Compute the shear force at the beam hinge location at each end of the beam. 

The shear force at the hinge location, Vh, shall be determined from a free-body dia

gram of the portion of the beam between the hinge locations. This calculation shall 
assume the moment at the hinge location is Mpr and shall include gravity loads acting

on the beam based on the load combination 1.2D + f1L + 0.2S, kips (N), where !1 is 

the load factor determined by the applicable building code for live loads, but not less 
than 0.5. 

User Note: The load combination of l.2D + fiL + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 

that it does not shed snow off of the structure. 

Step S. Compute the probable maximum moment at the face of the column: 

M1= Mpr + VhSh

bbb g l�s--1--;(-===!======i:==+.4:_: ,..._ ______ --! 

2f in. (63 mm) 

4 in. (100 mm) 

Additional bolt 

(9.9-1) 

___ 6 in. (150 mm) 

3 in. (75 mm) TYP 

½ in. (3 mm) Brass 
washer plate 

2 in. (50 mm) 

1 in. (25 mm) 

Continuity plate 
where required 

Backing bar notch _ _ _J 

½ in. (13 mm) 

where required 

Fig. 9.5. B-series connection detailing. 
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TABLE 9.1 
Kaiser Bolted Bracket Proportions 

Number 

Bracket Bracket Bracket of Column 

Length, Height, Width, Column Bolt 
Bracket Lbb hbb bbb Bolts, Gage,g 

Designation in. (mm) in. (mm) in. (mm) ncb in. (mm) 

W3.0 16 (400) 5½ (140) 9 (229) 2 5½ (140) 

W3.1 16 (400) 5½ (140) 9 (229) 2 5½ (140) 

W2.0 16 (400) 8¾ (222) 9½ (241) 4 6 (152) 

W2.1 18 (450) 8¾ (222) 9½ (241) 4 6½ (165) 

W1.0 25½ (648) 12 (305) 9½ (241) 6 6½ (165) 

B2.1 18 (450) 8¾ (222) 10 (250) 4 6½ (165) 

B1.0 25½ (648) 12 (305) 10 (250) 6 6½ (165) 

TABLE 9.2 
W-Series Bracket Design Proportions

Bracket 
Designation 

W3.0 

W3.1 

W2.0 

W2.1 

W1.0 

Bracket 

Designation 

B2.1 

B1.0 

Column Column Bracket Bracket Bracket 

Bolt Edge Bolt Stiffener Stiffener Horizontal 
Distance, Pitch, Thickness, Radius, Radius, 

de Pb fs rv 'h 

in. (mm) in. (mm) in. (mm) in. (mm) in. (mm) 

2½ (64) n.a. 1 (25) n.a. 28(711) 

2½ (64) n.a. 1 (25) n.a. 28(711) 

2¼ (57) 3½ (88) 2 (50) 12 (300) 28 (711) 

2¼ (57) 3½ (88) 2 (50) 16 (400) 38 (965) 

2 (50) 3½ (88) 2 (50) 28 (711) n.a.

TABLE 9.3. 
B-Series Bracket Design Proportions

Column Bracket Bracket 

Bolt Edge Column Stiffener Stiffener Number 
Distance, Bolt Pitch, Thickness, Radius, of Beam 

de Pb fs rv Bolts, 

in. (mm) in. (mm) in. (mm) in. (mm) nbb 

2 (50) 3½ (88) 2 (50) 16 (400) 8 or 10 

2 (50) 3½ (88) 2 (50) 28 (711) 12 
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Column 
Bolt 

Diameter 
in. (mm) 

11/s (35) 

1 ½ (38) 

13/s (35) 

1 ½ (38) 

1½ (38) 

1½ (38) 

1½ (38) 

Minimum 
Fillet Weld 

Size, 
w 

in. (mm) 

½ (13) 

5/a (16) 

¾ (19) 

1/s (22) 

1/a (22) 

Beam 

Bolt 
Diameter 

in. (mm) 

1 Ya (28) 

1 Ya (28) 
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where 

MJ = probable maximum moment at face of the column, kip-in. (N-mm) 

S1, = distance from face of the column to plastic hinge, in. (mm) 

= Lbh per Table 9.1, in. (mm) 

V1, = larger of the two values of shear force at beam hinge location at each end 

of beam, kips (N) 

Equation 9.9-1 neglects the gravity load on the portion of the beam between the plas

tic hinge and the face of the column. If desired, the gravity load on this small portion 

of the beam is permitted to be included. 

Step 6. The following relationship shall be satisfied for the bracket column bolt ten

sile strength: 

(9.9-2) 

where 

Ab = bolt nominal cross-sectional area, in.2 (mm2) 

F111 = nominal tensile strength of bolt from the AISC Specification, ksi (MPa) 

deff = effective beam depth, calculated as the centroidal distance between bolt 

groups in the upper and lower brackets, in. (mm) 

ncb = number of column bolts per Table 9.1 
MJ

Tut = -� (9.9-3) 
d4fncb 

Step 7. Determine the mm1mum column flange width to prevent flange tensile 

rupture: 

(9.9-4) 

(9.9-4M) 

where 

Fyf = specified minimum yield stress of flange material, ksi (MPa) 

Fuf = specified minimum tensile strength of flange material, ksi (MPa) 

Ry = ratio of expected yield stress to specified minimum yield stress for 

flange material 

R1 = ratio of expected tensile strength to specified minimum tensile strength 

for flange material 

hcf = width of column flange, in. (mm) 

d1, = diameter of column flange bolts, in. (mm) 

Prequalified Connections for Special and Intermediate 

Steel Moment Frames for Seismic Applications, May 12, 2016 

AMERICAN lNSTUTUE OF STEEL CONSTRUCTION 



Sect. 9.9.] DESIGN PROCEDURE 9.2-61 

Step 8. Check the minimum column flange thickness to eliminate prying action: 

where 
b' = 0.5 (g - k1 - 0.5tcw - db) 

g = column bolt gage, in. (mm) 

4.44ru1b' 

<j)JpFy 

k1 = column web centerline distance to flange toe of fillet, in. (mm) 

p = perpendicular tributary length per bolt, in. (mm) 
= 3.5 in. (88 mm) for Wl.O and B 1.0 
= 5.0 in. (125 mm) for all other brackets 

tcw = column web thickness, in. (mm) 

(9.9-5) 

(9.9-6) 

If the selected column flange thickness is less than that required to eliminate prying 
action, select a column with a satisfactory flange thickness or include the bolt prying 
force in Equation 9.9- 2 per Part 9 of the AISC Steel Construction Manual.

Step 9. The column flange thickness shall satisfy the following requirement to elimi
nate continuity plates: 

where 
Ym = simplified column flange yield line mechanism parameter 

= 5.9 forW3.0 and W3.l 
= 6.5 for W2.0, W2. l and B2. l 
= 7.5 forWJ.O and Bl.O 

(9.9-7) 

tcf = minimum column flange thickness required to eliminate continuity plates, 
in. (mm) 

Step 10. Continuity Plate Requirements 

For W 14 and shallower columns, continuity plates are not required if Equation 9. 9-7 
is satisfied. For column sections deeper than W14, continuity plates shall be provided. 

Step 11. If the bracket is welded to the beam flange proceed to Step 14; otherwise, 
determine the minimum beam flange width to prevent beam flange tensile rupture: 
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where 
hbf = width of beam flange, in. (mm) 
db = diameter of beam flange bolts, in. (mm) 

[Sect. 9.9. 

Step 12. The following relationship shall be satisfied for the beam bolt shear strength: 

where 

MJ 
- -��- - <1.0 
<l>nFnvAbdeffnbb 

(9.9-9) 

Fnv = nominal shear strength of bolt from the AISC Specification, ksi (MPa) 
n1,1, = number of beam bolts per Table 9.3 

Step 13. Check the beam flange for block shear per the following: 

MJ 
-:S:<pnRn

def! 
(9.9-10) 

where R11 is as defined in the block shear provisions of Chapter J of the AISC 
Specification. 

Step 14. If the bracket is bolted to the beam flange, proceed to Step 15. Otherwise, 
the following relationship shall be satisfied for the fillet weld attachment of the 
bracket to the beam flange: 

where 

F w = nominal weld design strength per the AISC Specification 
=0.60FExx 

F EXX = filler metal classification strength, ksi (MPa) 
lw = length of available fillet weld, in. (mm) 

= 2(Lbb - 2.5 in. - l)

= 2(Lbb - 64 mm - l)

where 
Lbb = bracket length per Table 9.3, in. (mm) 
l = bracket overlap distance, in. (mm) 

= 0 in. (0 mm) if bbf ;c: bbb

= 5 in. (125 mm) if bbf < bbb 

w = minimum fillet weld size per Table 9.2, in. (mm) 

(9.9-11) 

(9.9-12) 
(9.9-12M) 

Step 15. Determine the required shear strength, Vu, of the beam and beam web-to
column connection from: 

2M
pr 

Vu = -- + Vgravity
Lh 
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where 
L1, = distance between plastic hinge locations. in. (mm) 
Vgravity = beam shear force resulting from 1.2D + f1L + 0.2S (where !1 is a load 

factor determined by the applicable building code for Jive loads, but 
not less than 0.5), kips (N) 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off of the structure. 

Check design shear strength of beam according to Chapter G of the AI SC Specification. 

Step 16. Design the beam web-to-column connection according to Section 9.7. 

Step 17. Check column panel zone according to Section 9.4. Substitute the effective 
depth, deff, of the beam and brackets for the beam depth, d. 

Step 18. (Supplemental) If the column is a box configuration, determine the size of 
the steel washer plate between the column flange and the bracket such that: 

where 

-tcw - g)
Zx :::C-��----

4<J>dFydeff 

Fy = specified minimum yield stress of washer material, ksi (MPa) 

Zx = plastic section modulus of washer plate, in.3 (mm3)

g = column bolt gage, in. (mm) 
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CHAPTER10 

CONXTECH CONXL MOMENT CONNECTION 

The user's attention is called to the fact that compliance with this chapter of the standard 
requires use of an invention covered by patent rights.* By publication of this standard, no 
position is taken with respect to the validity of any claim( s) or of any patent rights in con
nection therewith. The patent holder has filed a statement of willingness to grant a license 

under these rights on reasonable and nondiscriminatory terms and conditions to applicants 
desiring to obtain such a license, and the statement may be obtained from the standards 
developer. 

10.1. GENERAL 

The ConXtech® ConXC
M 

moment connection permits full-strength, fully restrained 
connection of wide-flange beams to concrete-filled 16-in. (400-mm) square HSS 
or built-up box columns using a high-strength, field-bolted collar assembly. Beams 
are shop-welded to forged flange and web fittings (collar flange assembly) and are 
field-bolted together through either forged or cast steel column fittings (collar cor
ner assembly) that are shop welded to the columns. Beams may include reduced 
beam section (RBS) cutouts if necessary to meet strong-column/weak-beam crite
ria. ConXL connections may be used to provide moment connections to columns in 
orthogonal frames. All moment beams connecting to a ConXL node (intersection of 
moment beams and column) must be of the same nominal depth. 

Figure l 0.1 shows the connection geometry and major connection components. Each 
ConXL collar assembly is made up of either forged or cast colJar corners and forged 
collar flanges. At each ConXL node, there are four collar corner assemblies (Fig
ure 10.2), one at each corner of the square built-up or HSS column. Each ConXL 
node also contains four collar flange assemblies (Figure 10.3), one for each face of 
the square column. Each collar flange assembly can contain the end of a moment 
beam that is shop-welded to the colJar flange assembly. The combination of collar 
corner assemblies, colJar flange assemblies, and square concrete-filled column create 
the ConXL node. 

Figure 10.2 shows the collar corner assemblies. The collar corner assembly is made 
up of a colJar corner top (CCT) piece; a collar corner bottom (CCB) piece; and for 
beam depths greater than 18 in. (460 mm), a collar corner middle (CCM) piece. The 
CCT, CCB and CCM are partial-joint-penetration (PJP) groove welded together to 

* The connectors and structures illustrated are covered by one or more of the following U.S. and foreign

patents: U.S. Pat. Nos.: 7,941,985; 6,837,016; 7,051,917; 7,021,020; Australia Pat. Nos.: 2001288615;

2004319371; Canada Pat. Nos.: 2,458,706; 2,564,195; China Pat. Nos.: ZL OJ 8 23730.4; ZL 2004 8

0042862.5; Japan Pat. Nos.: 4165648; 4427080; Mexico Pat. Nos.: 262,499; 275284; Hong Kong Pat. No.:

I 102268. Other U.S. and foreign patent protection pending.
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Collar flange assembly 

GENERAL 9.2-65 

Collar corner 
assembly 

Moment beams 
on any or all faces 

Square steel HSS or built-up column 

Fig. 10.1. Assembled ConXL moment connection. 

�--Column 

Collar Corner Top (CCT) piece 

Collar Corner Middle (CCM) piece 

Collar Corner Bottom (CCB) piece 

Fig. 10.2. Column with attached collar corner assemblies. 
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create the collar comer assembly; they are then shop fillet welded to the comers of 

the square column. 

Figure 10.3 shows the collar flange assembly. Each collar flange assembly is made 

up of a collar flange top (CFT), collar flange bottom (CFB), and a collar web exten

sion (CWX). 

If a beam at the node requires a moment connection, the CFT ( or CFB) is aligned with 

and shop-welded to the top ( or bottom) flange of the beam. 

Moment-connected beam webs are also shop-welded to the CWX. If a beam at the 

node does not require a moment connection, the size of the CWX remains unchanged, 

and a shear plate connection is shop-welded to the CWX to accommodate a non

moment-connected beam that does not need to match the nominal depth of the 

moment-connected beam(s). 

If no beams exist on a node at a particular column face, the CFT and CFB are aligned 

at the nominal depth of the moment beam, and the CWX shall be permitted to be 

optionally omitted. 

Section 10.9 contains drawings indicating the dimensions of individual pieces. 

Columns are delivered to the job site with the collar corner assemblies shop-welded 

to the column at the proper floor framing locations. Beams are delivered to the job 

site with the collar flange assemblies shop-welded to the ends of the beams. During 

frame erection, the collar flange assemblies with or without beams are lowered into 

� --Collar Flange Top (CFT) piece

� --Collar Web Extension (CWX) piece

� --Collar Flange Bottom (CFB) piece 

Fig. 10.3. Collar flange assembly. 
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the column collar corner assemblies. When all four faces of the column are filled with 

collar flanges, the collar bolts are inserted and pretensioned, effectively clamping and 

compressing the collar flange assemblies around the collar corner assemblies and 

square column. 

Beam flange flexural forces in moment beams are transferred to the collar flange 

assemblies via CJP groove welds. Collar flanges transfer compressive beam flange 

forces to the collar corners through flexure of the collar flange and direct bearing onto 

the collar corners. The collar flange transfers beam flange tensile forces in flexure to 

the pretensioned collar bolts. The collar bolts transfer these forces in tension through 

the orthogonal collar flanges, which then transfer the forces through the rear collar 

bolts attached to the collar flange on the opposite face of the column. These combined 

forces are then transferred to the column walls through a combination of bearing and 

the fillet welds attaching the collar corners to the column. Finally, a portion of these 

forces are transferred to the concrete fill, which is in direct contact with the column 

walls. 

The behavior of this connection is controlled by flexural hinging of the beams adja

cent to the collar assembly. When RBS cutouts are provided, yielding and plastic 

hinge formation primarily occur within the reduced beam section. 

10.2. SYSTEMS 

A 

The ConXL moment connection is prequalified for use in special moment frame 

(SMF) and intermediate moment frame (IMF) systems within the limits of these 

provisions. The ConXL moment connection is prequalified for use in planar moment

resisting frames or in orthogonal intersecting moment-resisting frames. 

ConXL SMF systems with concrete structural slabs are prequalified only if a vertical 

flexible joint at least I in. (25 mm) thick is placed in the concrete slab around the col

lar assembly and column, similar to that shown in Figure 10.4. 

Deck 
Support 

Compressible 
material 

Plan 

Beam 

A 

Section A-A 

Fig.10.4. Use of compressible material to isolate structural slab from connection. 
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10.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

(1) Beams shall be rolled wide-flange or built-up I-shaped members conforming to

the requirements of Section 2.3.

(2) Beam depths shall be limited to the folJowing beam shapes or their built-up

equivalents: W30 (W760), W27 (W690), W24 (W610), W21 (W530) and Wl8

(W460).

(3) Beam flange thickness shall be limited to a maximum of I in. (25 mm).

(4) Beam flange width shall be limited to a maximum of 12 in. (300 mm).

(5) The clear span-to-depth ratio of the beam shall be limited as follows:

(a) For SMF systems, 7 or greater.

(b) For IMF systems, 5 or greater.

(6) Width-to-thickness ratios for beam flanges and webs shall conform to the limits

of the AISC Seismic Provisions. The value of ht used to determine the width

to-thickness ratio of beams with RBS cutouts shall not be Jess than the flange

width at the center two-thirds of the reduced section provided that gravity loads

do not shift the location of the plastic hinge a significant distance from the cen

ter of the reduced beam section.

(7) Lateral bracing of beams shall conform to the applicable limits of the AISC

Seismic Provisions.

Exception: For SMF and IMF systems, where the beam supports a concrete

structural slab that is connected between the protected zones with welded shear

connectors spaced at a maximum of 12 in. (300 mm) on center, supplemental

top and bottom flange bracing at the expected hinge is not required.

(8) For RBS connections, the protected zone consists of the portion of the connec

tion assembly and beam between the column face and the farthest end of the

reduced beam section. For beams without reduced beam sections, the protected

zone consists of the portion of the connection assembly and beam extending

from the column face to a distance of d from the outside face of the collar

flange.

2. Column Limitations

Columns shall satisfy the following limitations:

(1) Columns shall be square 16 in. (400 mm) HSS sections or square 16 m.

(400 mm) built-up box sections permitted in Section 2.3.

(2) There is no limit on column weight per foot.

(3) Column wall thickness shall not be Jess than 1/s in. (IO mm). Column wall thick

ness for HSS columns shall not be less than 1/s in. (IO mm) nominal.
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(4) Width-to-thickness ratios for columns shall conform to the applicable limits for

filled composite columns in the AISC Seismic Provisions.

(5) Lateral bracing of columns shall conform to the applicable limits in the AISC

Seismic Provisions.

(6) Columns shall be completely filled with structural concrete having unit weight

not less than 110 lb/ft3 (17 kN/m3). Concrete shall have 28-day compressive

strength not less than 3,000 psi (21 MPa).

(7) Flanges and webs of built-up box columns shall be connected using partial

joint-penetration groove welds with a groove weld size not less than ¾ of the

thickness of the connected plates in accordance with Figure 10.5.

3. Collar Limitations

Collars shall satisfy the following limitations:

(1) Collar forgings shall conform to the requirements of Appendix B, Forging

Requirements. Forged parts shall conform to the material requirements of

ASTM A572/A572M Grade 50 (Grade 345).

(2) Cast collar parts shall conform to the requirements of Appendix A, Casting

Requirements. Cast parts shall conform to the requirements of ASTM A958/

A958M Grade SC8620, class 80/50.

(3) Collar configuration and proportions shall conform to Section 10.9, ConXL Part

Drawings.

( 4) Collar flange bolt holes shall be 1/s in. (3 mm) larger than the nominal bolt diam

eter. Bolt holes shall be drilled.

>-
I 

f-t-j 

Fig. 10.5. Built-up box column.flange-to-web connection detail. 
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(5) Collar corner bolt holes shall be 1/8 in. (3 mm) larger than the nominal bolt diam

eter. Bolt holes shall be drilled.

(6) Material thickness, edge distance, end distance and overall dimension shall

have a tolerance of± 1/i6 in. (2 mm).

(7) Faying surfaces shall be machined and meet the requirements for Class A slip

critical surfaces as defined in the AISC Specification.

10.4. COLLAR CONNECTION LIMITATIONS 

Collar connections shall satisfy the following limitations: 

(1) Collar bolts shall be pretensioned 1 ¼-in. (31.8-mm) -diameter high-strength

bolts conforming to ASTM A574 with threads excluded from the shear plane

and shall conform to the requirements of Sections 4.2 and 4.3.

(2) The collar bolts shall be pretensioned to the requirements for ASTM F3125

Grade A490 bolts in the RCSC Specification.

(3) Welding of CCT, CCM and CCB pieces to form collar comer assemblies shall

consist of partial-joint-penetration groove welds per Figure 10.6.

0 0 0 0 

Elevation 

(5/i5 in.) (8 mm)/0"2 in. 50 mm 
70 

( ) 

Bottom View 

Fig. 10.6. Collar corner assembly welding. 
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(4) Welding of collar comer assemblies to columns shall consist of flare bevel
groove welds with 1/s-in. (10-mm) fillet reinforcing per Figure 10.7.

(5) Collar flanges shall be welded to CWX pieces with 5!i6-in. (8-mm) fillet welds.
each side per Figure 10.8.

HSS Column 

¾ in. (19 mm) 

Built-Up Column 

Collar corner part is 
machined to accept 

built-up column 

return T & B (typ.) 3/s in. (10 mm) 

3/s in. (10 mm) 

Detail A 

¾ in. (19 mm) return 

T & B (typ.) 

Detail B 

Fig. IO. 7. Collar-corner-assembly-to-column weld, plan view. 

T&B 
5/i6 in. (8 mm)

5/i6 in. (8 mm) 

Fig. 10.8. Collar-web-extension-to-collar-flange welds, elevation. 
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(6) Beams shall be welded to collar flange assemblies with complete-joint

penetration groove welds per Figure 10.9.

10.5. BEAM WEB-TO-COLLAR CONNECTION LIMITATIONS 

Beam-web-to-collar connections shall satisfy the following limitations: 

(1) The required shear strength of the beam web connection shall be determined

according to Section 10.8.

(2) The beam web is welded to the collar web extension (CWX) with a two-sided

fillet weld. The fillet welds shall be sized to develop the required shear strength

of the connection.

10.6. BEAM FLANGE-TO-COLLAR FLANGE WELDING LIMITATIONS 

Welding of the beam to the collar flange shall conform to the following limitations: 

(1) Weld access holes are not allowed. Welding access to top and bottom flanges

shall be made available by rotating the beam to allow a CJP weld in the flat

position (position l G per AWS D 1.1/D l .  lM).

(2) The beam-flange-to-collar-flange weld shall be made with a CJP groove weld

within the weld prep area of the collar flange. Reinforcing 5/16-in. (8-mm) fil

let welds shall be placed on the back side of the CJP groove welds. The CJP

flange weld shall conform to the requirements for demand critical welds in the

AISC Seismic Provisions and AWS Dl.8/Dl.8M and to the requirements of

AWS Dl.1/Dl.lM.

10.7. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(1) Panel zones shall conform to the applicable requirements of the AISC Seismic

Provisions.

(2) Column-beam moment ratios shall be limited as follows:

CJPT&BTYP 

DEMAND CRITICAL WELD 

TYP >---+----J�------i 

Detail A 

Fig. 10.9. Collar-flange-assembly-to-beam welds, elevation. 
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(a) For SMF systems, the column-beam moment ratio about each principal axis
shall conform to the requirements of the AISC Seismic Provisions consid
ering simultaneous development of the expected plastic moments in the
moment-connected beams framing into all sides of the ConXL node.

(b) For IMF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions.

10.8. DESIGN PROCEDURE 

Step 1. Compute the probable maximum moment at the plastic hinge, M
pr, in accor

dance with Section 2.4.3. 

(2.4-1) 

where 

C
p
,= 

+ Fu 
:,; 1.2 (for RBS beams) (2.4-2) 

2F
y 

C
pr

= I. l (for non-RBS beams) 
Fu = specified minimum tensile strength of yielding element, ksi (MPa) 
F

y 
= specified minimum yield stress of yielding element, ksi (MPa) 

R
y 

= ratio of expected yield stress to specified minimum yield stress, F
y
, as 

specified in the AISC Seismic Provisions 
Ze = effective plastic section modulus of the section at location of plastic hinge, 

in.3 (mm3)

For beams with an RBS cutout, the plastic hinge shall be assumed to occur at the 
center of the reduced section of beam flange. For beams without an RBS cutout, the 
plastic hinge shall be assumed to occur at a distance d/2 from the outside face of the 
collar (see Figure 10.10), where dis the beam depth. 

Step 2. Compute the shear force, Vh, at the location of the plastic hinge at each end 

of the beam. 

The shear force at each plastic hinge location shall be determined from a free-body 
diagram of the portion of the beam between the plastic hinge locations. This calcula
tion shall assume that the moment at the center of the plastic hinge is M

pr and shall 
consider gravity loads acting on the beams between plastic hinges in accordance with 
the equation: 

where 

2M
p
r 

½, = - -+ Vgravity 
Lh 

Lh = distance between plastic hinge locations, in. (mm) 

(10.8-1) 

Vgravity = beam shear force resulting from 1.2D + f1L + 0.2S (where !1 is the load 
factor determined by the applicable building code from live loads, but 
not less than 0.5), kips (N). 
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User Note: The load combination of 1.2D + fiL + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off of the structure. 

When concentrated loads are present on the beam between the points of plastic 
hinging, they must be considered using standard considerations of statics when 
calculating the beam shear and using the same load combination. 

Step 3. Confirm that columns are adequate to satisfy biaxial strong column-weak 
beam conditions. For the purpose of satisfying this requirement, it shall be permitted 
to take the yield strength of the column material as the specified F

y 
and to consider 

the full composite behavior of the column for axial load and flexural action. 

User Note: The specified value of Fy need not be the minimum value associated 
with the grade of steel if project specifications require a higher minimum yield 
strength. 

The value of 'i.M�b about each axis shall be taken equal to 'i.(M
pr + Mv), where M

pr

is computed according to Equation 2.4.3-1, and where Mv is the additional moment 
due to the beam shear acting on a lever arm extending from the assumed point of 

8.00 in. (200 mm) 7.13 in. (181 mm) 

a+i2
2 ,..._ --�----- with RBS 

,.._--��--- without RBS 

Assumed plastic 
hinge location 

,__ --Outside face of collar flange 

Fig. 10. 10. Assumed plastic hinge location. 

Prequalified Connections for Special and Intermediate 

Steel Moment Frames for Seismic Applications, May 12, 2016 

AMERICAN lNSTUTUE OF STEEL CONSTRUCTION 

d 



Sect. 10.8.] DESIGN PROCEDURE 9.2-75 

plastic hinging to the centerline of the column. Mv on each side of the column can be 
computed as the quantity vh�'!,. where Vh is the shear at the point of theoretical plastic 
hinging, computed in accordance with Equation l 0.8-1 and Sh is the distance of the 
assumed point of plastic hinging to the column centerline. 

For beams with reduced beam section (RBS) cutout, the distance Sh shall be taken 
as the distance from the center of the column to the center of the reduced section of 
beam flange. For beams without an RBS cutout. the distance sh shall be taken as the 
distance from the center of the column to a point one-half the beam depth (d/2) from 
the outside face of collar (see Figure 10.10). 

The value of IM�c about each axis shall be taken as: 

where 

"' 
* * * IM;b 

,:..,M pc = M pcu + M pc/+ ( ) 
d 

Hu+Hz 

Hu = height of story above node, in. (mm) 
Hz = height of story below node, in. (mm) 

(10.8-2) 

M*pcu = plastic moment nominal strength of column above node, about axis 
under consideration considering simultaneous axial loading and 
loading about transverse axis, kip-in. (N-mm) 

M*pcl = plastic moment nominal strength of column below node, about axis 
under consideration considering simultaneous axial loading and 
loading about transverse axis, kip-in. (N-mm) 

For sections with equal properties about both axes, it is permitted to take M�cu and 
M*pcl as: 

AsF
y + 0.85Ac.f;

where 
Ac = area of concrete in column, in.2 (mm2)

As = area of steel in column, in.2 (mm2)

f�. = specified compressive strength of concrete fill, ksi (MPa) 

(10.8-3) 

Pu = axial load acting on column at section under consideration in accordance 
with the applicable load combination specified by the building code, but 
not considering amplified seismic load, kips (N) 

Zc = plastic section modulus of the column about either axis, in.3 (mm3)

Step 4. Compute the moment at the collar bolts for each beam: 

(] 0.8-4) 

where 
Mbolts = moment at collar bolts, kip-in. (N-mm) 
Sbolts = distance from center of plastic hinge to centroid of collar bolts, in. 

(mm) 
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where 

DESIGN PROCEDURE 

fcollar b 
= +a+ (for RBS beams)

2 2 

lcollar d 
(f RBS b )+ or non- earns 

2 2 

a = distance from outside face of colJar to RBS cut, in. (mm) 
b = length of RBS cut, in. (mm) 

[Sect. I 0.8. 

(10.8-5) 

(10.8-6) 

tcollar = distance from face of the column to outside face of colJar, taken as 
71/s in. (181 mm) as ilJustrated in Figure 10.10 

Step S. Verify that the beam flange force does not exceed the available tensile 
strength of the bolts at the flange connection. The following relationship shall be 
satisfied for the collar bolts tensile strength: 

rut 
- - -:,:;1.0

454,000 

where 
Rpt = minimum bolt pretension, kips (N) 
ncf = number of colJar bolts per colJar flange 

=8 

r ut = required colJar bolt tensile strength, kips (N) 

Mbolts 
= 0_ 177 

Mbolts 

ncJd sin 45° d 

(10.8-7) 

(]0.8-7M) 

(I 0.8-8) 

Step 6: Compute Vbolts, the probable maximum shear at the collar bolts, equal to the 
shear at the plastic hinge, Vi,, plus any additional gravity loads between the plastic 
hinge and center of the collar flange, using the load combination of Step 2. Confirm 
that ViJOtts is less than the slip-critical, Class A bolt design strength in accordance with 
the AISC Specification and using a resistance factor, (j>, of unity. 

User Note: Note that for 1 ¼-in. (31.8-mm)-diameter ASTM A574 bolts, the 
value of T1, is the same as for 1 ¼-in. (31.8-mm)-diameter ASTM F3125 Grade 
A490 or Grade A490M bolts and has a value of 102 kips ( 454 kN). 

Step 7: Compute VcJ, the probable maximum shear at the face of collar flange, equal 
to the shear at the plastic hinge, Vh, plus any additional gravity loads between the 
plastic hinge and the outside face of the collar flange using the load combination of 
Step 2. 

Check the design shear strength of the beam according to the requirements of the 
AISC Specification against V,f 
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Step 8: Determine required size of the fillet weld connecting the beam web to the 
collar web extension (CWX) using the following relationship: 

cwx Jive! 
tf � <l>nFwzSWX

(10.8-9) 

where 
F w = nominal weld design strength per the AISC Specification 

= 0.60F EXX, ksi (MPa)
z;WX 

= total length of available fillet weld at CWX, in. (mm), taken as 54 in. 
(1370 mm) for W30 (W760) sections, 48 in. (1220 mm) for W27 
(W690) sections, 42 in. (1070 mm) for W24 (W610) sections, 36 in. 
(914 mm) for W2I (W530) sections, and 30 in. (760 mm) for WI 8 
(W 460) sections 

t.fwx 
= fillet weld size required to join each side of beam web to CWX, in. (mm) 

Step 9: Compute V.t, the probable maximum shear at the face of column, equal to the 
shear at the plastic hinge, Vh, plus any additional gravity loads between the plastic 
hinge and the face of the column using the load combination of Step 2. 

Determine size of fillet weld connecting collar corner assemblies to column using the 
following relationship: 

where 

cc Jivf 
ft• >---'�. - ,+. F, zCC 

yn w w
(10.8-10) 

z;C 
= total length of available fillet weld at collar corner assembly, in. (mm), 

taken as 72 in. (1830 mm) for W30 (W760) sections, 66 in. (1680 mm) 
for W27 (W690) sections, 60 in. (1520 mm) for W24 (W610) sections, 
54 in. (1370 mm) for W21 (W530) sections, and 48 in. (1220 mm) for 
WIS (W460) sections 

t.fc
= fillet weld size required to join collar corner assembly to column, in. 

(mm) 

Step 10: Determine the required shear strength of the column panel zone, R[Z, using 
the following relationship: 

where 
Hu + Hz H = 

Veal= column shear, kips (N) 

I(Mpr + Vhsh) 
H 

de = depth of column, in. (mm) 
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Sf = distance from center of plastic hinge to face of column, in. (mm) 
b

= teollar +a+- (RBS beam) (10.8-13) 
2 

d
= teollar +- (non-RBS beam) (10.8-14) 2 

sh = distance from center of plastic hinge to center of column, in. (mm) 
de b 

= -+teollar +a+- (RBS beam) (10.8-15) 
2 2 

de d 
= -+teollar +- (non-RBS beam) (10.8-16) 

2 2 

Step 11: Determine the nominal design panel zone shear strength, qiRfZ, using the 
following relationship: 

(I 0.8-l 8) 

where 
A

pz = 
2dcteol +4(dfftff) (10.8-19) 

df f = effective depth of collar corner assembly leg, taken as 3 ½ in. (89 mm) 
tcol = wall thickness of HSS or built-up box column, in. (mm) 
tff = effective thickness of collar comer assembly leg, taken as V2 in. (13 mm) 

User Note: If the required strength exceeds the design strength, the designer may 
increase the column section and/or decrease the beam section strength, assuring 
that all other design criteria are met. 

10.9. PART DRAWINGS 

Figures 10.11 through 10.19 provide the dimensions of the various components of the 
ConXtech ConXL moment connection. 
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ConXL COLLAR FLANGE TOP 

UNITS: IN/ MM SIZE: A 

Fig. 10.11. Forged collar.flange top ( CFT). 
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Na 
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Fig. 10.12. Forged collar flange bottom (CFB). 
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Fig. 10.14. Forged collar corner bottom (CCB). 
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Fig. 10.15. Forged collar corner middle (CCM). 
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CHAPTER 11 

SIDEPLATE MOMENT CONNECTION 

The user's attention is called to the fact that compliance with this chapter of the standard 
requires use of an invention covered by multiple U.S. and foreign patent rights.* By publica
tion of this standard, no position is taken with respect to the validity of any claim( s) or of any 
patent rights in connection therewith. The patent holder has filed a statement of willingness 
to grant a license under these rights on reasonable and nondiscriminatory terms and condi
tions to applicants desiring to obtain such a license, and the statement may be obtained from 
the standard's developer. 

11.1. GENERAL 

The SidePlate® moment connection is a fully restrained connection of beams (com

prising either rolled or built-up wide-flange sections or hollow structural sections) to 

columns (comprising either rolled or built-up wide-flange sections, built-up biaxial 

sections of wide-flange and/or tee section(s), or built-up box column sections) using 

fillet welds and interconnecting plates to connect the moment-resisting beam to its 

corresponding column as shown in Figure 11.1. 

The connection system is typically constructed exclusively of fillet welds (except for 

flare bevel groove welds at rounded edges of HSS sections as applicable) for both 

shop fabrication and field erection. The connection features a physical separation, or 

gap, between the face of the column flange and the end of the beam. The connection 

of the beam to the column is accomplished with parallel full-depth side plates that 

sandwich and connect the beam(s) and the column together. Top and bottom beam 

flange cover plates (rectangular or U-shaped) are used at the end(s) of the beam, as 

applicable, which also serve to bridge any difference between flange widths of the 

beam(s) and of the column. Column horizontal shear plates and beam vertical shear 

elements ( or shear plates as applicable) are attached to the column and beam webs, 

respectively. 

Figure 11.2 shows the connection geometry and major connection components for 

uniaxial configurations. Figure 11.3 shows the connection geometry and major con

nection components for biaxial configurations, capable of connecting up to four 

beams to a column. 

Moment frames that utilize the SidePlate connection system can be constructed using 

one of three methods. Most commonly, construction is with the SidePlate FRAME® 

* The SidePlate® connection configurations and structures illustrated herein, including their described

fabrication and erection methodologies, are protected by one or more of the following U.S. and foreign

patents: U.S. Pat. Nos.: 5,660,017; 6,138,427; 6,516,583; 6,591,573; 7,178,296; 8,122,671; 8,122,672;

8,146,322; 8,176,706; 8,205,408; Mexico Pat. No.: 208,750; New Zealand Pat. No.: 300,351; British Pat.

No.: 2497635; all held by MiTek Holdings LLC. Other U.S. and foreign patent protection are pending.
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configuration that utilizes the full-length beam erection method, as shown in Fig

ure 11.4a. This method employs a full-length beam assembly consisting of the beam 

with shop-installed cover plates (if required) and vertical shear elements (except for 

HSS beams), which are fillet-welded near the ends of the beam. 

Column assemblies are typically delivered to the job site with the horizontal shear 

plates and side plates shop fillet welded to the column at the proper floor framing 

locations. Where built-up box columns are used, horizontal shear plates are not 

required, nor applicable. 

During frame erection, the full-length beams are lifted up in between the side plates 

that are kept spread apart at the top edge of the side plates with a temporary shop

installed spreader [Figure l l .4(a)]. A few bolts connecting the beam's vertical shear 

plates (shear elements as applicable) to adjacent free ends of the side plates are ini

tially inserted to provide temporary shoring of the full-length beam assembly, after 

which the temporary spreader is removed. The remaining erection bolts are then 

inserted, and all bolts are installed snug tight. These erection bolts also act as a clamp 

to effectively close any root gap that might have existed between the interior face of 

the side plates and the longitudinal edges of the top cover plate, while bringing the 

top face of the wider bottom cover plate into a snug fit with the bottom edges of the 

Horizontal 

shear plate 

Side plate 

(d) 

(a) 

Cover plate 

Vertical shear 

element 

(b) (c) 

(e) (f) 
Fig. 11.1. Assembled SidePlate uniaxial configurations: (a) one-sided wide flange 

beam and column construction; (b) two-sided wide�flange beam and column 

construction; (c) wide}lange beam to built-up box column; (d) HSS beam without 

cover plates to wide-flange column; (e) HSS beam with cover plates to wide-flange 

column; and (f) HSS beam with cover plates to built-up box column. 
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Shop fillet weld

. 

to beam flange 

Co!umnr- -=__L-=_-=_ _ 
Width l__ -� r � � -

Beam 
Rectangular plate 

-

Shop fillet weld 
to beam flange 
Radius cut 
Shop fillet weld 
to beam flange 

Beam 
U-Shaped-p!ate 

Cover Plate Configurations 

Shop fillet welds 

Shop-installed 
horizontal shear plate 

Plan 

Shop-installed vertical shear plate 
with erection angle or bent plate 
Erection bolts 

Shop-installed cover plate, 
top and bottom 

Field fillet welds 

Shop-installed cover plate, 
top and bottom 
Primary hinge location 

t=r:h��..,L, 
Shop fillet welds, 

horizontal shear plate 
to side plate 

Shop installed side plate 'iF=;....l...=,t-b.
"" 

(a) 

Shop fillet welds 

{b) 

Shop fillet welds 

(c) 

Shop fillet welds 

(d) 

Erection bolts 
Field fillet weld 
Field fillet welds, each side 

Shop or field fillet welds, 
each side 

Field fillet welds 

Shop installed vertical shear plate 
with erection angle or bent plate 

Cover plate 

[Sect. I I. I. 

Fig. 11.2. SidePlate uniaxial configuration geometry and major components: (a) typical 

wideJlange beam to wide�flange column, detail, plan and elevation views; (b) HSS beam 

without cover plates to wide-flange column, plan view; (c) HSS beam with cover plates to 

wide-flange column, plan view; and (d) wide-flange beam to built-up box column, plan view. 
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side plates. To complete the field assembly. four horizontal fillet welds joining the 

side plates to the cover plates are then deposited in the horizontal welding position 

(position 2F per AWS Dl.1/Dl.lM). and, when applicable, two vertical single-pass 

field fillet welds joining the side plates to the vertical shear elements are deposited in 

the vertical welding position (position 3F per AWS D 1.1/D 1.1 M). 

Where the full-length beam erection method using the SidePlate FRAME configu

ration is not used, the original SidePlate configuration may be used. The original 

SidePlate configuration utilizes the link-beam erection method, which connects a 

link beam assembly to the beam stubs of two opposite column tree assemblies with 

field complete-joint-penetration (CJP) groove welds [Figures l l .4(b) and l l .4(c)]. In 

cases where moment frames can be shop prefabricated and shipped to the site in one 

piece, no field bolting or welding is required [Figure ll .4(d)]. As depicted in Fig

ure 11.4, the full-length beam erection method can alternately be configured such that 

the width of bottom flange cover plate is equal to the width of the top cover plate (i.e., 

both cover plates fit within the separation of the side plates), in lieu of the bottom 

WT section each side of 

(a) 

WT section each side of 

(c) 

Wide-flange 
column 

WT section 

Cover plate 

� -- -Horizontal shear plates 

Primary side plate, 
each side 
Beam 

� -- -Secondary side plate, 
each side 

(b) 

(d) 

�- -- Horizontal shear plates 

Primary side plate, 
each side 
Beam 

� -- -Secondary side plate, 
each side 

Fig. 11.3. SidePlate biaxial dual-strong axis configurations in plan view: (a) full four-sided 

wide�flange column configuration; (b) corner two-sided wide}lange column configuration 

with single WT,· (c) tee three-sided wide-flange column configuration with double WT 

(primary); and (d) tee three-sided wide-flange column configuration with single WT. 
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Field connection fillet welds 

Column assembly includes 
side plates 

Temporary spreader 

Full-length beam assembly 

(a) 

Side plate {A} 

GENERAL 

<i'._column 

(c) 

(d) 

Lower into place 

Column assembly includes 
side plates and beam stubs 

Fully rigid field 
beam splice 

(b) 

Link beam 

[Sect. I I. I. 

Erection shear 
tab/backer plate 

Fig. 11.4. SidePlate construction methods: (a) full-length beam erection method (SidePlate 

FRAME configuration); (b) link-beam erection method (original SidePlate configuration); 

(c) link beam-to-beam stub splice detail; and (d) all shop-prefabricated single-story moment

frame (no field welding); multi-story frames are dependent on transportation capabilities.
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cover plate being wider than the distance between side plates. Note that when this 

option is selected by the engineer, the two bottom fillet welds connecting the cover 

plates to the side plates will be deposited in the overhead welding position (position 

4F per AWS Dl.1/Dl.IM). 

The SidePlate moment connection is proportioned to develop the probable maximum 

moment capacity of the connected beam. Beam flexural, axial and shear forces are 

mainly transferred to the top and bottom rectangular cover plates via four shop hori

zontal fillet welds that connect the edges of the beam flange tips to the corresponding 

face of each cover plate (two welds for each beam flange). When the U-shaped cover 

plates are used, the same load transfer occurs via four shorter shop horizontal fillet 

welds that connect the edge of the beam flange tips to the corresponding face of each 

cover plate (two welds for each beam flange), as well as four shop horizontal fillet 

welds that connect the top face of the beam top flange and the bottom face of the 

bottom beam flange to the corresponding inside edge of each U-shaped cover plate 

(two welds for each beam flange face). These same forces are then transferred from 

the cover plates to the side plates via four field horizontal fillet welds that connect 

the cover plates to the side plates. The side plates transfer all of the forces from the 

beam (including that portion of shear in the beam that is transferred from the beam's 

web via vertical shear elements), across the physical gap to the column via shop fillet 

welding of the side plates to the column flange tips (a total of four shop fillet welds; 

two for each column flange), and to the horizontal shear plates (a total of four shop 

fillet welds; one for each horizontal shear plate). The horizontal shear plates are in 

turn shop fillet welded to the column web and under certain conditions, also to the 

inside face of column flanges. 

Plastic hinge formation is intended to occur primarily in the beam beyond the end of 

the side plates away from the column face, with limited yielding occurring in some of 

the connection elements. The side plates, in particular, are designed with the expecta

tion of developing moment capacity larger than the plastic moment capacity of the 

beam, and this results in yielding and strain hardening in the vicinity of the side plate 

protected zones. 

11.2. SYSTEMS 

The SidePlate moment connection is prequalified for use in special moment frame 

(SMF) and intermediate moment frame (IMF) systems within the limits of these 

provisions. The SidePlate moment connection is prequalified for use in planar 

moment-resisting frames and orthogonal intersecting moment-resisting frames (biax

ial configurations, capable of connecting up to four beams at a column), as illustrated 

in Figure 11.3. 

11.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

(1) Beams shall be rolled wide-flange, hollow structural section (HSS), or built-up
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I-shaped beams conforming to the requirements of Section 2.3. Beam flange
thickness shall be limited to a maximum of 2.5 in. (63 mm).

(2) Beam depths shall be limited to W40 (WIOOO) for rolled shapes. Depth of built
up sections shall not exceed the depth permitted for rolled wide-flange shapes.

(3) Beam depths shall be limited as follows for HSS shapes:

(a) For SMF systems, HSS10 (HSS 254) or smaller.

(b) For IMF systems, HSS12 (HSS 304.8) or smaller.

(4) Beam weight is limited to 302 lb/ft (449 kg/m).

(5) The ratio of the hinge-to-hinge span of the beam, Lh, to beam depth, d, shall be
limited as follows:

(a) For SMF systems, Lh/d is limited to:

• 6 or greater with rectangular shaped cover plates.

• 4.5 or greater with U-shaped cover plates.

(b) For IMF systems, Lh/d is limited to 3 or greater.

The hinge-to-hinge span of the beam, Lh, is defined as the distance between the 
locations of plastic hinge formation at each moment-connected end of that beam. 
The location of plastic hinge shall be taken as one-third of the beam depth, d/3, 
away from the end of the side plate extension, as shown in Figure 11.5. Thus, 

Lh = L - ½(dcJ + dc2) - 2(0.33 + 0.77)d 

Bay width, L

�--Side plate {A} extension--� 
(approx. 0.77 d) 

(-0.??dbm), lyp. 

I d 

Plastic hinge 

Hinge-to-hinge 
length, Lh 

d 

3 

======::i II 

=nr---, ll 
O Ill I li 

Ill I ll 

� 0::: : li 
II! I 11 I!! I ll 
111 I ll 

o I!! I JI 

=�L---� 11 

Fig. 11.5. Plastic hinge location and hinge-to-hinge length. 
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Sect. 11.3.] PREQUALIFICATION LIMITS 

where 

L = distance between column centerlines, in. (mm) 

9.2-95 

de 1, dc2 = depth of column on each side of a bay in a moment frame, 

in. (mm) 

User Note: The 0.33d constant represents the distance of the plastic hinge from 

the end of the side plate extension. The 0.77d constant represents the typical 

extension of the side plates from the face of column flange. 

(6) Width-to-thickness ratios for beam flanges and webs shall conform to the limits

of the AISC Seismic Provisions.

(7) Lateral bracing of wide-flange beams shall be provided in conformance with the

AISC Seismic Provisions. Lateral bracing of HSS beams shall be provided in

conformance with Appendix 1, Section l .3.2c of the AISC Specification, taking

M{/ M2 = -1 in AISC Specification Equation A-1-7. For either wide-flange or

HSS beams, the segment of the beam connected to the side plates shall be con

sidered to be braced. Supplemental top and bottom beam flange bracing at the

expected hinge is not required.

(8) The protected zone in the beam shall consist of the portion of the beam as

shown in Figures 11.6 and 11.7.

2. Column Limitations

Columns shall satisfy the following limitations:

(1) Columns shall be any of the rolled shapes, built-up I-shaped sections, flanged

cruciform sections consisting of rolled shapes or built-up from plates or built-up

box sections meeting the requirements of Section 2.3.

(2) The beam shall be connected to the side plates that are connected to the flange

tips of the column.

(3) Rolled shape column depth shall be limited to W44 (W l JOO). The depth of

built-up wide-flange columns shall not exceed that for rolled shapes. Flanged

Gap +4 in. (100 mm) 

6 in. (150 mm) 

Side plate {A} --Ht--<... d 

protected zone 

Beam protected zone 

Fig. 11.6. Location of beam and side plate protected zones (one-sided connection shown). 
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9.2-96 PREQUALIFICATION LIMITS [Sect. 11.3. 

cruciform columns shall not have a width or depth greater than the depth allowed 

for rolled shapes. Built-up box columns shall not have a width exceeding 24 in. 

(610 mm). 

( 4) There is no limit on column weight per foot.

(5) There are no additional requirements for column flange thickness.

(6) Width-to-thickness ratios for the flanges and webs of columns shall conform to

the requirements of the AISC Seismic Provisions.

(7) Lateral bracing of columns shall conform to the requirements of the AISC Seis

mic Provisions.

3. Connection Limitations

The connection shall satisfy the following limitations:

( 1) All connection steel plates, which consist of side plates, cover plates, horizontal

shear plates, and vertical shear elements, must be fabricated from structural

steel that complies with ASTM A572/ A572M Grade 50 (Grade 345).

Exception: The vertical shear element as defined in Section 11.6 may be fabri

cated using ASTM A36/ A36M material.

(2) The extension of the side plates beyond the face of the column shall be within

the range of 0.65d to 1.0d, where dis the nominal depth of the beam.

(3) The protected zone in the side plates shall consist of a portion of each side plate

that is 6 in. (150 mm) high by a length of the gap distance plus 4 in. (100 mm)

long, centered at the gap region along the top and bottom edges of each side

plate (Figures 11.6 and 11.7).

11.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

(1) Beam flange width and thickness for rolled shapes shall satisfy the following

equations for geometric compatibility (see Figure 11.8):

Side plate {A} 
protected zones 

Gap +4 in. (100 mm) 0.83d = 0.33d (to plastic hinge)+ 0.5d 

Beam protected zone 

Fig. I I. 7. Location of beam and side plate protected zones (two-sided connection shown). 
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Sect. 11 .4.] 

where 

COLUMN-BEAM RELATIONSHIP LIMITATIONS 

hbj+ l .ltbJ+ ½ in. s:; hcf

hbf+ l.ltbf+ 12 mm s:; hc:t 

hbf = width of beam flange, in. (mm) 
hc:t = width of column flange, in. (mm) 
fbf = thickness of beam flange, in. (mm) 

9.2-97 

(11.4-1) 

(11.4-IM) 

(2) Panel zones shall conform to the applicable requirements of the AISC Seismic

Provisions.

User Note: The column web panel zone strength shall be determined by Section 
Jl0.6a of the AISC Specification.

(3) Column-beam moment ratios shall be limited as follows:

(a) For SMF systems, the column-beam moment ratio shall conform to the require
ments of the AISC Seismic Provisions as follows:

(1) The value of 2.,M�b shall be the sum of the projections of the expected
flexural strengths of the beam(s) at the plastic hinge locations to the
column centerline (Figure 11.9). The expected flexural strength of the
beam shall be computed as:

I 

I I 
I I 

r 
I I 

tt bf 

Fig. 11.8. Geometric compatibility. 
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Plastic hinge 

Inflection point 

2 

COLUMN-BEAM RELATIONSHIP LIMITATIONS [Sect. 11.4. 

(11.4-2) 

where 
Fyb = specified minimum yield stress of beam, ksi (MPa) 
Mv = additional moment due to shear amplification from the center 

of the plastic hinge to the centerline of the column. Mv shall 
be computed as the quantity Vhsh, where Vh is the shear at the 
point of theoretical plastic hinging, computed in accordance 
with Equation 11.4-3, and Sh is the distance of the assumed 
point of plastic hinging to the column centerline, which is 
equal to half the depth of the column plus the extension of 
the side plates beyond the face of column plus the distance 
from the end of the side plates to the plastic hinge, d/3. 

2M
p
r 

vh =--+\!gravity 
Lh 

(11.4-3) 

= distance between plastic hinge locations, in. (mm) 
= probable maximum moment at plastic hinge, kip-in. 

(N-mm) 
V

graviry = beam shear force resulting from 1.2D + f1L + 0.2S (where 

!1 is the load factor determined by the applicable building 
code for live loads, but not less than 0.5), kips (N) 

Hu 
2 

L2 
-

2
-

Inflection point 

\ 
M*pb1 \ 

\ 

vpc2 

!!.£..---,-+f--f----
4 

sh 

� -- -t--- - Theoretical plastic hinge

2 

Plastic hinge 

L111 
2 

Inflection point 

Theoretical plastic hinge 

Inflection point 

Fig. 11.9. Force and distance designations for computation of column-beam moment ratios. 
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Sect. 11 .4.] COLUMN-BEAM RELATIONSHIP LIMITATIONS 9.2-99 

R
y 

= ratio of expected yield stress to specified minimum yield 
stress Fy as specified in the AISC Seismic Provisions 

Zb = nominal plastic section modulus of beam, in. 3 (mm3)

User Note: The load combination of 1.2D + f1L + 0.2S is in 
conformance with ASCE/SEI 7-16. When using the International 
Building Code, a factor of 0.7 must be used in lieu of the factor 
of 0.2 for S (snow) when the roof configuration is such that it 
does not shed snow off the structure. 

(2) The value of 2.M�c shall be the sum of the projections of the nominal
flexural strengths (Mpc) of the column above and below the connection
joint, at the location of theoretical hinge formation in the column (i.e.,
one quarter the column depth above and below the extreme fibers of
the side plates), to the beam centerline, with a reduction for the axial
force in the column (Figure 11.9). The nominal flexural strength of the
column shall be computed as:

(11.4-4) 

where 
Fye = the minimum specified yield strength of the column at the 

connection, ksi (MPa) 
H = story height, in. (mm) 
Hh = distance along column height from ¼ of column depth 

above top edge of lower story side plates to ¼ of column 
depth below bottom edge of upper story side plates, in. 
(mm) 

Puc/Ag = ratio of column axial compressive load, computed in 
accordance with load and resistance factor provisions, to 
gross area of the column, ksi (MPa) 

Zc = plastic section modulus of column, in.3 (mm3) 

Zee = the equivalent plastic section modulus of column (Zc) at a 
distance of ¼ column depth from top and bottom edge of 
side plates, projected to beam centerline, in.3 (mm3), and 
computed as: 

(11.4-5) 

(b) For IMF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions.
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9.2-100 CONNECTION WELDING LIMITATIONS [Sect. I 1.5. 

11.5. CONNECTION WELDING LIMITATIONS 

Filler metals for the welding of beams, columns and plates in the SidePlate con

nection shall meet the requirements for seismic force-resisting system welds in the 

AISC Seismic Provisions. 

User Note: Mechanical properties for filler metals for seismic force-resisting 

system welds are detailed in A WS D 1. 8/D l. SM as referenced in the AISC Seismic 

Provisions. 

Web only, unless noted >-
{
=
3
�
}
�� 

otherwise 

Shear tab 

Plan 

Elevation 

0 

0 

0 

Horizontal shear plate {D} 

Side plate {A} to column flange 

[demand critical] 

B 

Side plate {A} 

Fig. II.JO. One-sided SidePlate moment connection (A-type), column shop detail. 
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Sect. 11.5.] CONNECTION WELDING LIMITATIONS 9.2-101 

The following welds are considered demand critical welds: 

(I) Shop fillet weld { 2} that connects the inside face of the side plates to the column

(see plan views in Figures 11.10, 11.11 and 11.12) and for biaxial dual-strong

axis configurations connects the outside face of the secondary side plates to the

outside face of primary side plates (see Figure 11.3).

(2) Shop fillet weld { 5} that connects the edge of the beam flange to the beam

flange cover plate (see Figure 11.13).

(3) Shop fillet weld { 5a} that connects the outside face of the beam flange to the

beam flange U-shaped cover plate (see Figure I 1.13).

( 4) Field fillet weld { 7} that connects the beam flange cover plates to the side plates

(see Figure 11.14 ), or connects the HSS flange to the side plates.

Web only, unless noted>-��__, 

otherwise 

Plan view 

B 0 

Elevation 

A 

0 

0 

Side plate {A} to column flange 
[demand critical] 

B 

Fig. I I.I I. Two-sided SidePlate moment connection (B-type), column shop detail. 
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11.6. CONNECTION DETAILING 

The following designations are used herein to identify plates and welds in the Side

Plate connection shown in Figures 11. l O through 11.15: 

1. Plates

{A} Side plate, located in a vertical plane parallel to the web(s) of the beam, con

necting frame beam to column.

Web only, unless noted ,__��

otherwise 

0 

Plate {D} to side plate {A} >---,-
{1
'"'"
}
,-,--, 

Plan 

0 

Elevation 

Side plate {A} to column flange 

[demand critical] 

Side plate {A} 

Fig. 11.12. Two-sided SidePlate moment connection (C-type), column shop detail. 
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Sect. 11.6.] CONNECTION DETAILING 9.2-103 

{B} Beam flange cover plate bridging between side plates {A}, as applicable.

{ C} Vertical shear plate.

{D} Horizontal shear plate (HSP). This element transfers horizontal shear from the

top and bottom edges of the side plates {A} to the web of a wide-flange column.

{ E} Erection angle. One of the possible vertical shear elements { F}.

{F} Vertical shear elements (VSE). These elements, which may consist of angles

and plates or bent plates, transfer shear from the beam web to the outboard edge

of the side plates {A}.

2. Welds

C 

{ 1 } Shop fillet weld connecting exterior edge of side plate {A} to the horizontal

shear plate {D} or to the web of built-up box column. 

{ 2} Shop fillet weld connecting inside face of side plate {A} to the tip of the column

flange, and for biaxial dual-strong axis configurations connects outside face of

secondary side plates to outside face of primary side plates.

{ 3} Shop fillet weld connecting horizontal shear plate { D} to wide-flange col

umn web. Weld { 3} is also used at the column flanges where required to resist

orthogonal loads through the connection due to collectors, chords or cantilevers.

Cover plate {B}, 
top and bottom 

Cover plate {B}, 
top and bottom 

,,_,_��-<Flange to cover plate {B} 
[demand critical] 

Plan, 
Rectangular cover plate 

Plan, 

LI-shaped cover plate {B} 

C 
Top cover plate {B} 

111-�=-< Vertical shear plate {C) 
to beam web 

Cover plate {B} to beam flange 
[demand critical] 

Elevation Section C-C 

Fig. 11.13. Full-length beam shop detail. 
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{ 4} Shop fillet weld connecting vertical shear elements { F} to the beam web, and

where applicable, the vertical shear plate { C} to the erection angle { E}.

{ 5} Shop fillet weld connecting beam flange tip to cover plate { B}.

{5a} Shop fillet weld connecting outside face of beam flange to cover plate {B} 

U-shaped slot.

{ 6} Field vertical fillet weld connecting vertical shear element ( angle or bent plate)

{F} to end of side plate {A}.

{ 7} Field horizontal fillet weld connecting the cover plate { B} to the side plate {A},

or connects HSS flange to side plates.

Gap 

�------1n=� 
,,, 
,,,
,,,,,,
::: 0 

",",
::, 
::: 0 
,,, ,,,______ ..1.e.::::: 

Elevation 

Section B-B 

When required per connection 

J----c-�--,--( schedule, edge of side plate {A} 
to erection angle {E} 

B 

Erection angle {E} 

or vertical shear plate 
as occurs 

Fig. 11.14. Full-length beam-to-side plate field erection detail. 
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Figure 11.10 shows the connection detailing for a one-sided moment connection con
figuration in which one beam frames into a column (A-type). Figure 11.11 shows the 
connection detailing for a two-sided moment connection configuration in which the 
beams are identical (B-type). Figure 11.12 shows the connection detailing for a two
sided moment connection configuration in which the beams differ in depth (C-type). 
Figure 11.13 shows the full-length beam assembly shop detail. Figure 1 1.14 shows 
the full-length beam-to-side-plate field erection detail. If two beams frame into a 
column to form a corner, the connection detailing is referred to as a D-type (not 
shown). The connection detailing for a three-sided and four-sided moment connec
tion configuration is referred to as an E-type and F-series, respectively (not shown). 
Figure 11.15 shows the link beam-to-beam stub splice detail used with the original 
SidePlate configuration. 

11.7. DESIGN PROCEDURE 

Step 1. Choose trial frame beam and column section combinations that satisfy geo
metric compatibility based on Equation 11.4-1 or 11.4-1 M. For SMF systems, check 
that the section combinations satisfy the preliminary column-beam moment ratio 
given by: 

where 
Fyb = specified minimum yield stress of beam, ksi (MPa) 
Fye = specified minimum yield stress of column, ksi (MPa) 
Zxb = plastic section modulus of beam, in. 3 (mm3) 

Zxc = plastic section modulus of column, in.3 (mm3)

(&_splice 

F 

(11.7-1) 

X ,-1-...J..,,.J--1 Weld beam to flanges prior to 

Column 

Elevation 

beam web, [demand critical] 

,--L----Y--1 [demand critical] 

Beam 

depth 

'----Link beam 

Fig. 11.15. Link-beam erection method detail. 
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Step 2. Approximate the effects on global frame performance of the increase in lat
eral stiffness and strength of the SidePlate moment connection, due to beam hinge 
location and side plate stiffening, in the mathematical elastic steel frame computer 
model by using 100% rigid offset in the panel zone and by increasing the moment of 
inertia, elastic section modulus, and plastic section modulus of the beam to approxi
mately three times that of the beam, for a distance of approximately 77% of the beam 
depth beyond the column face ( approximately equal to the extension of the side plate 
beyond the face of the column), illustrated in Figure 11.16. 

SMF beams that have a combination of shallow depth and heavy weight (i.e., beams 
with a relatively large flange area such as those found in the widest flange series of 
a particular nominal beam depth) require that the extension of the side plate {A} be 
increased, up to the nominal depth of the beam, d.

User Note: This increase in extension of side plate {A} lengthens fillet weld {7}, 
thus limiting the extremes in the size of fillet weld { 7}. Regardless of the extension 
of the side plate {A}, the plastic hinge occurs at a distance of d/3 from the end of 
the side plates. 

Step 3. Confirm that the frame beams and columns satisfy all applicable building 
code requirements, including, but not limited to, stress checks and design story drift 
checks. 

100% rigid ftota! = 3/beam (approx.) 

i ---Column 

� 
�-s;de plate 

/
Beam 

• 

----

/ 0 

0 

-$- Plastic hinge 
I 

0 

--

0.77d 0.33d 

Fig. 11.16. Modeling of component stiffness for linear-elastic analysis. 
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Step 4. Confirm that the frame beam and column sizes comply with prequalification 

limitations per Section 11.3. 

Step 5. Upon completion of the preliminary and/or final selection of lateral load 

resisting frame beam and column member sizes using SidePlate connection technol

ogy, the engineer of record submits a computer model to SidePlate Systems, Inc. In 

addition, the engineer of record shall submit the following additional information, as 

applicable: 

Vgravity = factored gravity shear in moment frame beam resulting from the 

load combination of 1.2D + .f1L + 0.2S (where .f1 is the load factor

determined by the applicable building code for live loads, but not less 

than 0.5), kips (N) 

User Note: The load combination of 1.2D + .f1L + 0.2S is in conformance with 

ASCE/SEI 7-16. When using the 2015 International Building Code, a factor of 0. 7 

must be used in lieu of the factor of 0.2 for S (snow) when the roof configuration 

is such that it does not shed snow off of the structure. 

(a) Factored gravity shear loads, Vi and/or V2, from gravity beams that are not

in the plane of the moment frame, but connect to the exterior face of the side

plate(s) where

Vi, V2 = beam shear force resulting from the load combination of 

1.2D + .fi L + 0.2S ( where fi is the load factor determined by the 

applicable building code for live loads, but not less than 0.5), 

kips (N) 

(b) Factored gravity loads, Meant and Vcant, from cantilever gravity beams that are

not in the plane of the moment frame, but connect to the exterior face of the side

plate(s) where

Meant = cantilever beam moment resulting from code applicable load 

combinations, kip-in. (N-mm) 

Vcant = cantilever beam shear force resulting from code applicable load 

combinations, kips (N) 

User Note: Code applicable load combinations may need to include the following 

when looking at cantilever beams: 1.2D + .f1L + 0.2S and (1.2 + 0.2Sns)D + pQe +
.f1L + 0.2S, which are in conformance withASCE/SEI 7-16. When using the 2015

International Building Code, a factor of 0.7 must be used in lieu of the factor of 

0.2 for S (snow) when the roof configuration is such that it does not shed snow off 

of the structure. 

(c) Perpendicular amplified seismic lateral drag or chord axial forces, A_1_, trans

ferred through the SidePlate connection.
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A_1_ = amplified seismic drag or chord force resulting from the applicable 

building code, kips (N) 

User Note: Where linear-elastic analysis is used to determine perpendicular 

collector or chord forces used to design the SidePlate connection, such forces 

should include the applicable load combinations specified by the building code, 

including considering the amplified seismic load (Q0). Where nonlinear analysis 
or capacity design is used, collector or chord forces determined from the analysis 

are used directly, without consideration of additional amplified seismic load. 

(d) In-plane factored lateral drag or chord axial forces, Au, transferred along the

frame beam through the SidePlate connection.

Au = amplified seismic drag or chord force resulting from applicable 

building code, kips (N) 

Step 6. Upon completion of the mathematical model review and after additional 

information has been supplied by the engineer of record, SidePlate engineers pro
vide project-specific connection designs. Strength demands used for the design of 

critical load transfer elements (plates, welds and column) throughout the SidePlate 
beam-to-column connection and the column are determined by superimposing maxi

mum probable moment, Mpr, at the known beam hinge location, then amplifying 

the moment demand to each critical design section, based on the span geometry, as 
shown in Figure 11.5, and including additional moment due to gravity loads. For each 

of the design elements of the connection, the moment demand is computed per Equa
tion 11.7-2 and the associated shear demand is computed as: 

(I 1.7-2) 

where 

Cpr = connection-specific factor to account for peak connection strength, 

including strain hardening, local restraint, additional reinforcement, and 

other connection conditions. The equation used in the calculation of the 

Cpr is provided by SidePlate as part of the connection design. 

User Note: In practice, the value of Cpr for SidePlate connections 
as determined from testing and nonlinear analysis ranges from 1.15 

to 1.35. 

F
y 

= specified minimum yield stress of yielding element, ksi (MPa) 

Lh = distance between plastic hinge locations, in. (mm) 

Mgroup = maximum probable moment demand at any connection element, kip

in. (N-mm) 
Mpr = maximum probable moment at plastic hinge per Section 2.4.3, kip-in. 

(N-mm), computed as: 
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Sect. 11.7.] DESIGN PROCEDURE 9.2-109 

R
y 

= ratio of expected yield stress to specified minimum yield stress, F
y 

Vgravity = gravity beam shear resulting from 1.2D + f1L + 0.2S (where !1 is the 
load factor determined by the applicable building code for live loads, 
but not less than 0.5), kips (N) 

Vu = maximum shear demand from probable maximum moment and 
factored gravity loads, kips (N), computed as: 

2M
pr 

Vu = 
- -

+ Vgravity 
Lh 

Z, = plastic section modulus of beam about x-axis, in.3 (mm3) 

(11.7-4) 

x = distance from plastic hinge location to centroid of connection element, 
in. (mm) 

Step 7. SidePlate designs all connection elements per the proprietary connection 
design procedures contained in SidePlate FRAME Connection Design Software (ver
sion 5.2, revised January 2013). The version is clearly indicated on each page of 
calculations. The final design includes structural notes and details for the connections. 

User Note: The procedure uses an ultimate strength design approach to size 
plates and welds, incorporating strength, plasticity and fracture limits. For welds, 
an ultimate strength analysis incorporating the instantaneous center of rotation 
may be used as described in the AISC Steel Construction Manual. Refer to the 
Commentary for an in-depth discussion of the process. 

In addition to the column web panel zone strength requirements, the column web 
shear strength shall be sufficient to resist the shear loads transferred at the top and 
bottom of the side plates. The design shear strength of the column web shall be deter
mined in accordance with AISC Specification Section 02.1. 

Step 8. Engineer of record reviews SidePlate calculations and drawings to ensure 
that all project specific connection designs have been appropriately designed and 
detailed based on information provided in Step 5. 
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CHAPTER12 

SIMPSON STRONG-TIE STRONG FRAME 

MOMENT CONNECTION 

The user's attention is called to the fact that compliance with this chapter of the standard 
requires use of an invention covered by patent rights.* By publication of this standard, no 
position is taken with respect to the validity of any claim(s) or of any patent rights in connec
tion therewith. The patent holder has filed a statement of willingness to grant a license under 
these rights on reasonable and nondiscriminatory terms and conditions to applicants desir
ing to obtain such a license. The statement may be obtained from the standard's developer. 

12.1. GENERAL 

The Simpson Strong-Tie® Strong Frame® moment connection is a partially restrained 

(Type PR) connection that uses a modified shear plate connection (single-plate shear 

connection) for shear transfer and a modified T-stub connection (the Yield-LinkrM 

structural fuse) for moment transfer, as shown in Figure 12.1. The shear plate utilizes 

a three-bolt connection wherein the upper and lower bolt holes in the shear plate are 

horizontal slots and the center bolt hole is a standard hole. Matching holes in the 

beam web are all standard holes. This prevents moment transfer through the shear 

plate connection. While all shear plate bolts participate in shear resistance, the center 

bolt is designed to also resist the axial force in the beam at the connection. The modi

fied T-stub connections, which bolt to both the beam flange and column flange, are 

configured as yielding links and contain a reduced yielding area in the stem of the 

link that is prevented from buckling in compression via a separate buckling restraint 

plate. The connection is based on a capacity-based design approach, wherein connec

tion response remains elastic under factored load combinations, and seismic inelastic 

rotation demand is confined predominantly within the connection with little, if any, 

inelastic behavior expected from the members. 

12.2. SYSTEMS 

The Simpson Strong-Tie connection is prequalified for use in special moment frame 

(SMF) and intermediate moment frame (IMF) systems within the limits of these 

prov1s1ons. 

12.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

* The proprietary design of the Yield-Link structural fuse and its use in moment-resisting connections is

protected under U.S. Pat. Nos.: 8,375,652; 8,001,734; 8,763,310; Japan Pat. No.: 5398980; and China Pat.

No.: ZL2007l 030153 l.4. Other U .S and foreign patent protection are pending.
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(1) Beams shall be rolled wide-flange or welded built-up I-shaped members

(2) Beam depth is limited to a maximum of W16 (W4IO) for rolled shapes. Beam

depth for built-up members shall not exceed the maximum depth of the permit

ted Wl6  (W4IO) shapes.

(3) There are no limits on the beam web width-to-thickness ratio beyond those

listed in the AISC Specification. The beam flange width-to-thickness ratio shall

not exceed Ar per Table B4. l b  of the AISC Spec{fication, and flange thickness

shall not be less than 0.40 in. (10 mm).

(4) Lateral bracing of beams and joints: there are no requirements for stability brac

ing of beams or joints beyond those in the AISC Specification.

(5) The protected zone shall consist of the Yield-Links, the shear plate, and the por

tions of the beam in contact with the Yield-Links and shear plate.

Standard 
hole 

User Note: Limits on beam weight and span-to-depth ratio are not required 

for the SST moment connection because plastic hinging in the connection 

occurs solely within the Yield-Links. Span-to-depth ratio is typically limited 

to control moment gradient and beam shear, both of which are limited by the 

shear plate connection within the design procedure. 

Protected zone (top and bottom 
Yield-Link and shear tab region) 
Buckling resistant plate bolt 

Link to beam flange bolts 

Beam 

Reduced region at 

� 

a,,"Ue< s<ec 

� : ::::1 

Yield-Link stem 

Buckling restraint plate spacer 
Buckling restraint plate. 
typical top and bottom 
Yield-Link to column flange bolts 

Yield-Link flange 

Fig. 12.1. Simpson Strong-Tie Strong Frame moment connection. 
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2. Column Limitations

Columns shall satisfy the following limitations:

(1) Columns shaJJ be any of the roJled or built-up I-shaped members permitted in

Section 2.3.

(2) The beam shall be connected to the flange of the column.

(3) Column depth is limited to a maximum of W18 (W460) for rolled shapes. Col

umn depth for built-up members shall not exceed the maximum depth permitted

for WJ8  (W460) shapes.

(4) There is no limit on the weight per foot of columns.

(5) There are no additional requirements for flange thickness.

(6) Column width-to-thickness ratios shall comply with the following:

(a) Where column-to-foundation connections are designed to restrain column

end rotation, column width-to-thickness ratios shaJJ comply with AISC 341

Table D 1.1 for highly ductile members within the first story.

(b) At other locations and for other conditions, column width-to-thickness

ratios shaJJ comply with the AISC Specification.

(7) Lateral bracing of columns shaJJ be provided in accordance with the AISC Seis

mic Provisions.

Exception: When columns are designed in accordance with Section 12.9 and

maximum nominal flexural strength, Mn, outside the panel zone is limited such

that Mn :,; F
y
Sx, it is permitted that bracing be provided at the level of the top

flange of the beam only.

3. Bolting Limitations

Bolts shall conform to the requirements of Chapter 4.

Exceptions:

(1) The foJlowing connections shaJJ be made with ASTM F3125 Grade A325 or

A325M bolts installed either as snug-tight or pretensioned, except as noted. It

shaJJ be permitted to use ASTM F1852 bolts for pretensioned applications.

(a) Yield-Link flange-to-column flange bolts

(b) Buckling restraint plate bolts installed snug tight

( c) Shear-plate bolts

(2) The Yield-Link stem-to-beam flange bolts shaJJ be pretensioned ASTM F3125

Grade A325, A325M, A490, A490M, F l  852 or F2280 bolt assemblies. Faying

surface preparation between the Yield-Link stem and beam flange shaJJ not be

required, but faying surfaces shaJJ not be painted.
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12.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam connection-to-column connections shall satisfy the following limitations: 

( 1) Panel zones shall conform to the requirements of the AISC Specification.

(2) Column-beam connection moment ratios shall be limited as follows:

(a) For SMF systems, the column-beam connection moment ratio shall con
form to the requirements of the AISC Seismic Provisions. The value of
2..M;:b shall be taken equal to I (M

p
r + Muv ), where M

pr is computed
according to Equation 12.9-16, and where Muv is the additional moment
due to shear amplification from the center bolt in the shear plate to the
centerline of the column. Muv is computed as Vu (a+ de /2 ), where Vu is the
shear at the shear-plate connection computed per Step 12 of Section 12.9, a
is the distance from the centerline of the shear-plate bolts to the face of the
column as shown in Figure 12.3c, and de is the depth of the column.

(b) For IMF systems, the column-beam moment ratio shall conform to the
requirements of the AISC Seismic Provisions.

12.5. CONTINUITY PLATES 

Continuity plates shall satisfy the following limitations: 

(1) The need for continuity plates shall be determined in accordance with Section
12.9.

(2) Where required, design of continuity plates shall be in accordance with the
AISC Specification.

(3) Continuity plates may be welded to the column flange and column web with
fillet welds.

12.6. YIELD-LINK FLANGE-TO-STEM WELD LIMITATIONS 

Yield-Link flange-to-stem connections may be CJP groove welds or double-sided 
fillet welds. 

(1) CJP groove welds shall conform to the requirements of demand critical welds in
the AISC Seismic Provisions.

(2) Double-sided fillet welds shall be designed to develop the tensile strength of
the unreduced Yield-Link stem at the column side, bcol-side, and shall be demand
critical.

12.7. FABRICATION OF YIELD-LINK CUTS 

The reduced section of the Yield-Link shall be cut using the following methods: 
laser, plasma, or water-jet method. Maximum roughness of the cut surface shall be 
250 µ-in. (6.5 microns) in accordance with ASME B46. l .  All transitions between 
the reduced section of the Yield-Link, and the nonreduced sections of the Yield-Link 
shall utilize a smooth radius, R, as shown in Figure 12.2a, where R = ½ in. ( 12 mm). 
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Leal-side Ly -link Lbm-side 

Sc Sstem 

bcol-side 

• • 

(a) Yield-Link plan view

CJP per AWS D1 .8, demand critical 

Fillet weld alternate, demand critical 

__j l--t flange 

(b) Yield-Link elevation view

• 

(c) Yield-Link flange view

Fig. 12.2. Yield-Link geometries. 
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Cutting tolerance at the reduced section shall be plus or minus ½6 in. (2 mm) from 

the theoretical cut line. 

12.8. CONNECTION DETAILING 

1. Beam Coping

Beams shall be coped in accordance with Figure 12.3(a).

2. Yield-Links

Yield-Links shall conform to the requirements of Figures 12.2 and 12.3, and shall be

welded from ASTM A572 Grade 50 material or cut from rolled sections conforming

to the ASTM A992 or ASTM A9 l 3 Grade 50 specification. Yield-Link stem thickness

shall be 0.50 in. (13 mm), with a thickness tolerance of plus 0.03 in. (0.8 mm) and

minus 0.01 in. (0.25 mm). Yield-Link flange edge distances, Lv and Lh, shall conform

to AISC Specification Tables J3.4 or J3.4M.

3. Shear Plate Connection Bolts

The shear-plate connection shall include a single column of three bolts as shown

in Figure 12.1. Top and bottom holes in the shear-plate shall be slotted per

Section 12.8.5(b).

4. Shear-Plate Shear Connection Welds

The single-shear plate connection shall be welded to the column flange. The sin

gle shear plate to column flange weld may consist of double-sided fillet welds, PJP

welds, or CJP welds, sized in accordance with Section 12.9, Step 15.4.

5. Bolt Hole Requirements

(a) Standard bolt holes shall be provided in the beam flanges and beam webs. Over

sized holes or vertical slots are permitted in the column flanges.

(b) The top and bottom holes in the shear plate shall be slots to accommodate a

connection rotation of at least 0.07 rad. The center hole in the shear plate shall

be a standard hole.

(c) Bolt holes in the Yield-Link stem and beam flange shall be drilled, sub-punched

and reamed, laser cut, plasma cut, or cut by water-jet. Bolt hole surface rough

ness shall be per AISC Specification requirements.

6. Buckling Restraint Assembly

The buckling restraint assembly consists of the buckling restraint plate, the buck

ling restraint spacer plate, and the buckling restraint bolts and shall conform to the

requirements of Figure 12.3. The buckling restraint plate shall be 0.875 in. (22 mm)

thick, with a specified minimum yield stress F
y 

� 50 ksi (345 MPa) and shall extend

to the end of the cut region on the Yield-Link plate. The buckling restraint spacer plate

shall have the same thickness at the Yield-Link stem, with a specified minimum yield
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� 
Face of column (not shown) 

• 

• 
,,: � -. 
'. ', '1 ' '\I 

'. ' 
\ : 

Yield-Link (spacer and buckling 
restraint plate not shown) 

Start of flange cope shall be aligned with 
center of web holes for shear plate connection 
Acceptable cope area. Maintain edge distances as required to supply 
required design strength and comply with minimum edge distances 
in accordance with A1SC360. 
Clearance with Yield-Link flange for 0.07 rad 
rotation about center bolt hole shall be provided 

Center bolt hole 

� -- - - - - ---- - - ----------- - - - - - ---1 

(a) Beam coping

Face of column (not shown) 

i----Ly-link ---I 

lL 2 y�link 

r---------1 ' ' 

Yield-Link (bolts to beam and column 
flanges not shown for clarity) 

: ---+:----t- - - - -�
\ ___ t _________ J ---

0.125 in. (3 mm) clearance 

(b) Buckling restraint spacer plate placement

Fig. 12.3. Connection detailing. 
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Leal-side 

CONNECTION DETAILING 

Buckling restraint plate length 

10.0 in. (250 mm) max. 

Yield-Link (bolts to beam 

---+--1.00 in. 
and column flanges not 

shown for clarity) 

Buckling restraint plate 

Buckling restraint plate spacer 

Beam 

(c) Buckling restraint plate and Yield-Link Lcol-sidc limitations

lL 

M;o.2>d�0j �
:.i_�db-brp 

I lL I
2 y -link 

(d) Buckling restraint spacer plate dimensions.

Fig. 12.3. Connection detailing. 
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stress F y  ::C: 36 ksi (250 MPa). Buckling restraint bolts shall have a minimum diameter 
of 0.625 in. (16 mm) and a maximum diameter of 0.75 in. (20 mm). 

7. Shims

The use of finger shims at the Yield-Link flange-to-column flange is permitted, sub
ject to the limitations of the RCSC Specification.

12.9. DESIGN PROCEDURE 

Step 1. Choose trial values for the beam sections and column sections subject to 
the prequalification limits of Section 12.3 assuming fully restrained beam-to-column 
connections and all load combinations specified by the applicable building code. 
Estimate the design story drift for compliance with the applicable limits specified by 
the applicable building code as 1.2 times larger than the value calculated assuming 
fully restrained connections. 

Step 2. Check the strength and deflection of the beam assuming the beam is simply 
supported between shear-plate connections. Check beam strength for the applicable 
vertical load combinations of the applicable building code. Check that the deflection 
of the beam under dead and live loads is less than Lh/360, where Lh is the length of 
the beam between the center of the shear plate bolts at each end of the beam. 

User Note: The deflection check serves to estimate beam stiffness needed to limit 
member end rotations. Other values may be acceptable. 

Step 3. Estimate the required Yield-Link yield strength from Step 1. 

P;_link = Mu /( CJ1bd) 

where 
A;-link = estimated required Yield-Link yield area, in.2 (mm2) 

(12.9-1) 

(12.9-2) 

Fy-link = specified minimum yield stress of Yield-Link stem material, ksi 
(MPa) 

Mu = moment demand from elastic analysis assuming fully restrained 
connections, kip-in. (N-mm) 

P;-link = estimated required Yield-Link yield force, kips (N) 
d = depth of beam, in. (mm) 
Cf1b = 0.90 

Step 4. Determine the nonreduced width and length of the Yield-Link at column 
side. See Figure 12.2(a). 

Step 4.1. Determine nonreduced Yield-Link stem widths, heal-side and bbm-side·

User Note: Try setting heal-side and bbm-side equal to the minimum beam 
flange width and column flange width, respectively. 
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Step 4.2. Nonreduced Yield-Link stem length at column side, Leal-side, shall 

have maximum length equal to 5 in. (127 mm) and a minimum length equal to 

a tpange+ I in. (a tpange+ 25 mm). See Figure 12.3(c). 

Step S. Determine the width of the yielding section of the Yield-Link stem, 

byield, where the thickness of the Yield-Link stem, fstem, shall be taken as ½ in. 

(13 mm). 

byield,req'd � A;-link /tsrem (12.9-3) 

The value of byield,req'd shall not exceed the least of 0.5bcal-side, 0.5bbm-side, or 3½ in. 

(88 mm). 

Step 6. Determine the minimum yielding length of the Yield-Link stem, Ly-link, such 

that the axial strain in the straight portion of the Yield-Link is Jess than or equal to 

0.085 in.fin. at 0.05 rad of connection rotation. 

L .
= 

0.05 (d + tsrem)+ 2Ry-lmk
0.085 2 

(12.9-4) 

where R, the radius between the reduced width and the nonreduced width at the beam 

and column sides, is taken as ½ in. (13 mm). 

Step 7. Compute the expected yield strength and probable maximum tensile strength 

of the Yield-Link. 

where 

Pye-link = Ay-link Ry Fy-link 

Pr-link = Ay-link Rr Fu-link 

(12.9-5) 

(12.9-6) 

Ay-link = area of reduced Yield-Link section (byietd)Ustem ), in.2 (mm2
)

Fu-link = specified minimum tensile strength of Yield-Link stem material, 

ksi (MPa) 

Rt = ratio of expected tensile strength to specified minimum tensile 

strength, Fu, as related to overstrength in material yield stress, Ry; 
taken as 1.2 for Yield-Link stem material 

Ry = ratio of the expected yield stress to specified minimum yield stress, Fy; 
taken as 1. 1 for Yield-Link stem material 

Step 8. Determine the nonreduced width, bbm-side, and length, Lbm-side, at beam side 

of the Yield-Link using Pr-link from Step 7. 

Step 8.1. Design bolts for shear transfer between the Yield-Link stem and the 

beam flange per the AISC Specification and determine bolt diameter, db-stem· 

Step 8.2. Determine the nonreduced width of the Yield-Link stem on the beam 

side, bbm-side· 

User Note: Try setting bbm-side equal to heal-side from Step 4.1. 

Prequalified Connections for Special and Intermediate 

Steel Moment Frames for Seismic Applications, May 12, 2016 

AMERICAN lNSTUTUE OF STEEL CONSTRUCTION 



9.2-120 DESIGN PROCEDURE [Sect. 12.9. 

Step 8.3. Determine the nonreduced length of the Yield-Link stem at beam 

side, Lbm-side· 

Lbm-side =Sc+ [(nrows - 1) X Ssteml + Sb (12.9-7) 

where 

nrows = number of rows of bolts from Step 8.1.

Sb = distance from center of last row of bolts to beam-side end ofYield-

Link stem, from Table J3.4 of the AISC Specification, in. (mm) 

Sc = distance from reduced section of Yield-Link to center of first row

of bolts, equal to 1.5db-stem, in. (mm)

Sstem = spacing between rows of bolts for Yield-Link stem to beam flange

connection, minimum 22/2db-stem, in. (mm)

Step 8.4. Check the Yield-Link stem at the beam side for tensile yielding, ten

sile rupture, block shear rupture, and bolt bearing (where deformation at the hole 

is a design consideration) per the AISC Specification. Check the beam flange for 

bolt bearing (where deformation at the bolt hole is a design consideration) and 

block shear rupture per the AISC Spec(fication. 

Step 9. Design the Yield-Link flange-to-column flange connection using Pr-link from

Step 7. 

Step 9.1. Design bolts for tension force transfer between the Yield-Link flange 

and the column flange per the AISC Specification and determine the diameter of 

the flange bolts, db:flange· The required tension force per bolt in the Yield-Link

flange to column flange connection, r1, is equal to Pr-link/4. 

Step 9.2. Determine the thickness of the Yield-Link flange, lftange, required to

prevent prying action. 

tflange = (12.9-8) 

b' = ( b- db1[ange /2) (12.9-9) 

where 

b = vertical distance from centerline of bolts in Yield-Link flange to

face of Yield-Link stem, in. (mm) 

db-flange = diameter of bolt connecting Yield-Link flange and column

flange, in. (mm) 

p = minimum of bflange/2 or �flange, in. (mm)

Step 9.3. Check the thickness of the Yield-Link flange, tflange, for shear yielding

and shear rupture per the AISC Specification. 

Step 9.4. Design the stem-to-flange weld of the Yield-Link as either a CJP weld 

or a double-sided fillet weld that will develop the tensile strength of the Yield

Link at the column side, Pr-weld: 
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Pr-weld = hcol-sidelstemRtFu-link (12.9-10) 

Step 10. Select the buckling restraint plate (BRP) per Section 12.8.6. 

Step 11. Verify the elastic frame drift and connection moment demand by account
ing for actual connection stiffness. 

Step 11.1. Model the connection using a pair of nonlinear axial links or a 
nonlinear rotational spring at each connection, determined from the following 
properties: 

Keff 

= elastic axial stiffness contribution due to bending stiffness in Yield
Link flange, kip/in. (N/mm) [w . r3 l

= (0.75)(192)£ col-s
t; 

flange (12.9-11) 

3 

g flange 
= elastic axial stiffness contribution due to nonyielding section of 

Yield-Link, kip/in. (N/mm) 

fstemhcol-sideE 

Lcol-side + Sc + lv 
where 

(12.9-12) 

lv = 0 when four or fewer bolts are used at Yield-Link-to-beam 
connection 

= Sstem/2 when more than four bolts are used at Yield-Link-to-beam 
connection 

= elastic axial stiffness contribution due to yielding section ofYield
Link, kip/in. (N/mm) 

lstemhyield E 

Ly-link 
(12.9-13) 

= effective elastic axial stiffness of Yield-Link, kip/in. (N/mm) 
K1K2K3 

(12.9-14) 

= probable maximum moment capacity of Yield-Link pair, kip-in. 
(N-mm) 

= Pr-link (d + lstem) (12.9-16) 
Mye-link = expected yield moment of Yield-Link pair, kip-in. (N-mm) 

nbolt 
L'lo.04 

=Pye-link(d+tstem) (12.9-15) 
= number of bolts in Yield-Link stem-to-beam-flange connection 
= axial deformation in Yield-Link at a connection rotation of 0.04 rad 

0.04(d + lstem) 
2 

(12.9-17) 

= axial deformation in Yield-Link at a connection rotation of 0.07 rad 
0.07(d + f.,tem)

2 
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fly = axial deformation in Yield-Link at expected yield, in. (mm) 

Pye-link 

Keff 
= connection rotation at expected yield of Yield-Link, rad 

fly 

0.5(d + fstem) 

[Sect. 12.9. 

(12.9-19) 

(12.9-20) 

All other terms were previously defined or shown in Figure 12.2. Refer to 
Figure I2.4(a) for a plot of Yield-Link axial force versus Yield-Link axial 
deformation. Refer to Figure l 2.4(b) for the moment versus rotation relation
ship required for the analysis and modeling of the Simpson Strong-Tie moment 
connection. 

Step 11.2. Considering the applicable drift limit and alJ applicable load combi
nations specified by the applicable building code, but not including the amplified 
seismic load, verify that: 

(a) The connection moment demand, Mu, is less than or equal to the connection
design moment capacity, <!>Mn, taking <I> as 0.90 and Mn as Mye-link/Ry.

(b) The drift complies with applicable limits.

Adjust connection stiffness and/or number of connections as needed to comply. 

Step 12. Determine the required shear strength, V u, of the beam and beam web-to
column flange connection using: 

where 

2Mpr 
Vu = -- + Vgravity 

Lh 
(12.9-21) 

L1, = horizontal distance between centerlines of the bolts in shear plate at 
each end of beam, in. (mm) 

V gravity = shear force in the beam, kips (N), resulting from 1.2D + f1L + 0.2S 
(where !1 is the load factor determined by the applicable building 
code for live loads, but not less than 0.5). The shear force at the shear 
plate connection shalJ be determined from a free-body diagram of the 
portion of the beam between the shear plate connections. 

User Note: The load combination of 1.2D + f1L + 0.2S is in conformance with 
ASCE/SEI 7-16. When using the International Building Code, a factor of0.7 must 
be used in lieu of the factor of 0.2 for S (snow) when the roof configuration is such 
that it does not shed snow off the structure. 

Step 13. Verify the beam and column sizes selected in Step I. 

Step 13.1. Beams shalJ satisfy the AISC Spec(fication considering: 

(a) Gravity load from alJ applicable load combinations.
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c 
(I) 
E 
0 
� 
C: 
0 

(I) 
C: 
C: 
0 
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DESIGN PROCEDURE 

P,.11nk 

P,.11nk 

Yield-Link Axial Deformation 

(a) Yield-Link axial.force vs. Yield-Link axial deformation.

Mpr-link 

-0.07 -0.04

0.04 0.07 

Connection Rotation (rad} 

(b) Connection moment vs. rotation.

Fig. 12.4. Simpson Strong-Tie moment connection modeling parameters. 
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(b) Axial force due to seismic effects determined as the minimum of the maxi
mum the system can deliver or as determined from the amplified seismic
load.

( c) The application of M
pr at each end of the beam as required.

Step 13.2. Column strength shall satisfy the AISC Specification considering 
loads from all applicable load combinations in the applicable building code, 
where the seismic effects are determined from the minimum of either the maxi
mum the system can deliver or the amplified seismic loads. According to Section 
12.3 2.(7), if column bracing is only provided at the level of the top flange of the 
beam, in addition to the requirements of the AISC Specification, the maximum 
design flexural strength of the column outside the panel zone, <j>!,Mn, shall be 
taken as <j>bMn :c:; <PbF

y
Sx, where <Pb= 0.90. 

Step 14. Check the column-beam relationship limitations according to Section 12.4. 

Step 15. Design the beam web-to-column flange connection for the following 
required strengths: 

Mu-sp 
= moment in shear plate at column face, kip-in. (N-mm) 
= Vua 

P u-sp 
= required axial strength of the connection shall be taken as the 

minimum of the following: 

( 1) The maximum axial force the system can deliver.

(2) The axial force calculated using the load combinations of the appli
cable building code, including the amplified seismic load.

Vu = Vu from Step 12. 
a = horizontal distance from centerline of the bolt holes in shear plate to 

face of the column, in. (mm). See Figure l 2.3(c). 

Step 15.1. 

(a) Calculate the maximum shear plate bolt shear by sizing the shear plate center
bolt to take all axial load from the beam and a portion of the vertical loads,

Vu-bolt,, kips (N). ( )22 Vu 
Vu-bolt = Pu-sp + 

nbolt-sp 

(12.9-22) 

where nbolt-sp 
is 3, the total number of bolts in the shear plate. 

(b) Select a bolt diameter, db-sp 
that satisfies the AISC Specification.

Step 15.2. Determine the shear-plate geometry required to accommodate a con
nection rotation of ±0.07 rad. 

Lslot = db-sp + 1/s in.+ 0.14Svert 

LsloF db-sp + 3 mm+ 0.14Svert 
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where 

db-sp = diameter of bolts in shear plate, in (mm)

Sverr = vertical distance from center of top (or bottom) shear plate bolt to 

center of center shear-plate bolt, in. (mm) 

Step 15.3. Check the shear plate for tension and shear yielding, tension and 

shear rupture, block shear, combined tension and bending yielding at the column 

face, and bolt bearing, where deformation at the bolt hole is a design consider

ation, per the AISC Specification. 

Step 15.4. Size the weld at the shear plate-to-column flange joint to develop 

the plate in shear, tension and bending. For double fillet welds, the minimum 

leg size shall be ¼tp. 

Step 15.5. Check the beam web for tension and shear yielding, tension and 

shear rupture, block shear, and bolt bearing, where deformation at the bolt hole 

is a design consideration, per the AISC Specification. 

Step 15.6. Detail the beam flange and web cope such that the flange begins at 

a point aligned with the centerline of the shear-plate bolts. Check entering and 

tightening clearances as appropriate. See Figure I2.3(a). 

User Note: Checking the beam web for flexure at the cope is not required since 

the flange copes do not extend beyond the centerline of the bolts in the beam 

shear-plate connection. 

Step 16. Check the column panel zone shear strength per the AISC Specification. 

The required shear strength shall be determined from the summation of the probable 

maximum axial strengths of the Yield-Link. Doubler plates shall be used as required. 

Step 17. Check the column web for the concentrated force(s) of Pr-link, according to 

the AISC Specification. 

Step 18. Check the minimum column flange thickness for flexural yielding. 

1.1 
(12.9-24) 

where 

Fye = specified minimum yield strength of column flange material, ksi (MPa) 

Ye = column flange yield line mechanism parameter from Table 6.5 or 6.3. 

For connections away from column ends, Table 6.5 shall be used. For 

connections at column ends, Table 6.3 shall be used. An unstiffened 

column flange connection at the end of a column may be used where a 

rational analysis demonstrates that the unstiffened column flange design 

moment strength, as controlled by flexural yielding of the column flange, 

meets or exceeds the connection moment demand, Mpr-link· 
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Step 19. If a continuity plate or stiffener plate is required for any of the column limit 
states in Steps 17 and 18, the required strength, F.,11, is 

F,,u = Pr-link - minimum (qiR11) (12.9-25) 

where 
cpR11 = design strengths from Step 17, kips (N) 

Step 19.1. Design the continuity plate or stiffener plate per the AISC 
Specification. 

Step 19.2. Design the stiffener-to-column web weld and the stiffener to-column 
flange weld per the AISC Specification.

The continuity plate or stiffener shall conform to Section Jl 0.8 of the AISC Specifica

tion and shall have a minimum thickness of¼ in. (6 mm). 
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CHAPTER13 

DOUBLE-TEE MOMENT CONNECTIONS 

13.1. GENERAL 

9.2-127 

Double-tee connections utilize T-stub components that are bolted to both the column 

flange and the beam flanges using high-strength bolts. Either four bolts or eight bolts 

attach the T-stub components to the column flanges. The top and bottom T-stubs shall 

be identical. T-stubs shall be cut from rolled sections. The beam web is connected to 

the column with a bolted single-plate shear connection. A detail for this connection is 

shown in Figure 13 .1. Yielding and hinge formation are intended to occur in the beam 

near the ends of the stems of the T-stubs. Figures 13.2 through 13.6 provide details 

regarding the dimensioning notation used in this chapter. 

Continuity plates (reqd.) 

Finger shims (if reqd.) 

T-flange

Fig. 13.1. Typical double-tee connection. 
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Fig. 13.2. Beam dimensions.for double-tee connections. 
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Fig. 13.3. Column and shear plate dimensions for double-tee connections. 
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13.2. SYSTEMS 

db 

Double-tee connections are prequalified for use in special moment frame (SMF) and 

intermediate moment frame (IMF) systems within the limitation of these provisions. 

Exception: Double-tee connections in SMF systems with concrete structural slabs 

are prequalified only if: 

1. There are no welded steel headed stud anchors attached to the beam flange

between the face of the column and a location one beam depth beyond the shear

bolts farthest from the face of the column; and

2. The concrete slab is kept at least 1 in. (25 mm) from both sides of both column

flanges and the T-stub flange. It is permitted to place compressible material in

the gap between the face of the T-stub and the concrete slab.

Lehb 
Svb, typ. 

dvhb 

I I I I I 

• • • • • 

brb 9vb 

• • • • • • 

t 
I 

t 

t
whsp

1 

I 

Swb, typ.I 
I 

I I 

I I 

• I 

I I 

I 

• 
I 

I 

• 
I 

I 

• 
I 

Fig. 13.4. Additional beam dimensions for double-tee connections. 
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Svb • typ. 

1-r t---t-r t
I I I I I I 

-+-+-+-+-+-+ 

1st 

'-------.l.-----,,j,.._----..1.----.l.---...l.---..l.----, J_ 

-! 

Fig. 13.5. T-stub dimensions for double-tee connections. 

bf/ 9tb 

b b' 

a a' 

Fig. 13.6. T-stub flange dimensions for double-tee connections. 
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User Note: Note that connections designed for use in SMF and IMF systems 

must be designed as fully restrained (FR) connections. It is possible to design 

double-tee connections that qualify as partially restrained (PR), even when they 

satisfy all of the strength requirements stipulated within this specification. As a 

result, care must be taken during design to ensure that the connections resulting 

from this chapter have not only adequate strength, but that they also have adequate 

stiffness. 

13.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Beams shall satisfy the following limitations:

(1) Beams shall be rolled wide-flange or welded built-up I-shaped members con

forming to the requirements in Section 2.3.

(2) Beam depth, db, is limited to a maximum of W24 (W610) for rolled shapes. The

depth of built-up members shall not exceed the depth permitted for rolled wide

flange shapes.

(3) Beam weight is limited to a maximum of 55 lb/ft (82 kg/m).

( 4) Beam flange thickness is limited to a maximum of 5/s in. (15 mm).

(5) The clear span-to-depth ratio of the beam shall be limited to 9 or greater for both

SMF and IMF systems.

(6) Width-to-thickness ratios for the flanges and web of the beam shall conform to

the limits of the AISC Seismic Provisions.

(7) Lateral bracing of beams shall be in conformance with the AISC Seismic Provi

sions for SMF or IMF systems, as applicable. To satisfy the requirements for

lateral bracing at plastic hinges, lateral bracing shall be provided at a location on

the beam that is between db and 1.5db beyond the bolt farthest from the face of

the column. No attachment of lateral bracing shall be made to the beam within

the protected zone.

Exception: For both SMF and IMF systems, where the beam supports a con

crete structural slab that is connected between the protected zones with welded

steel headed stud anchors, spaced a maximum of 12 in (300 mm) on center,

supplemental lateral bracing at plastic hinges is not required.

(8) The protected zone consists of the T-stubs and the portion of the beam between

the face of the column and one beam depth, d, beyond the bolt farthest from the

face of the column.

2. Column Limitations

Columns shall satisfy the following limitations:

(1) The beam shall be connected to the flange of the column.
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(2) Columns shall be any of the rolled shapes, welded built-up I-shapes, or flanged

cruciform columns permitted in Section 2.3.

(3) Rolled shape column depth shall be limited to W36 (W920) maximum when a

concrete structural slab is provided. In the absence of a concrete structural slab,

rolled shape column depth is limited to WI4 (W360) maximum. The depth of

built-up I-shaped columns shall not exceed that for rolled shapes. Flanged cru

ciform columns shall not have a width or depth greater than the depth allowed

for rolled shapes.

(4) Width-to-thickness ratios for the flanges and web of the column shall conform

to the applicable limits of the AISC Seismic Provisions.

(5) Lateral bracing of columns shall conform to the applicable limits of the AISC

Seismic Provisions.

13.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Beam-to-column connections shall satisfy the following limitations: 

( 1) Panel zones shall conform to the applicable requirements of the AISC Seismic

Provisions.

(2) The column-beam moment ratio shall conform to the applicable requirements

of the AISC Seismic Provisions.

13.5. CONNECTION DETAILING 

1. T-Stub Material Specifications

T-stubs shall be cut from rolled sections and shall conform to either ASTM A992/

A992M or ASTM A9l 3/A9I3M Grade 50 (345).

2. Continuity Plates

Continuity plates shall be provided at the column with a thickness not less than the

thickness of the beam flange. Continuity plates shall extend to the edge of the column

flange, less ¼ in. (6 mm). The continuity plate welds shall be provided in accordance

with the AISC Seismic Provisions.

3. Single-Plate Shear Connection Welds

The single-plate shear connection shall be welded to the column flange. The single

plate to column-flange connection shall consist of CJP groove welds, two-sided PJP

groove welds, or two-sided fillet welds.

4. Bolts

Bolts shall satisfy the following requirements:

(1) Bolts shall be arranged symmetrically about the axes of the members.
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(2) Shear bolts in the T-stem-to-beam-flange connection shall be limited to two
bolts per row. Tension bolts in the T-flange-to-column-flange connection shall
be arranged in two horizontal rows of either two or four bolts.

(3) Types of holes:

(a) Standard holes shall be used in the beam flange and column flange.

(b) Standard or short-slotted holes (with slots aligned parallel to the axis of the
beam) shall be used in either the beam web or the shear plate.

( c) Standard or oversized holes shall be used in the T-stem.

(d) Standard, oversized or short-slotted holes (with slots aligned parallel to the
axis of the column) shall be used in the T-flange.

(4) Bolt holes in the T-stubs and beam flanges shall be drilled or sub-punched and
reamed. Bolt holes in the shear tab and the beam web may be drilled, sub
punched and reamed, punched or thermally cut.

(5) The ratio of tension-bolt gage to T-flange thickness, g1b /tft, shall be no larger
than 7.0.

(6) All bolts shall be installed as pretensioned high-strength bolts.

(7) Faying surfaces of the beam flange and T-stem shall satisfy the requirements for
slip-critical connections in accordance with AISC Specification Section 13.8.
Faying surfaces shall have a Class A slip coefficient or higher.

User Note: The use of oversized holes in the T-stem with pretensioned bolts that 
are not designed as slip critical is permitted, consistent with Section D2.2 of the 
AISC Seismic Provisions. 

5. T-Stub Shims

(I) Steel shims with a maximum thickness of¼ in. (6 mm) may be used between
the stems of the tees and the flanges of the beam at either or both locations,
subject to the limitations of the RCSC Specification.

(2) The use of finger shims between the flanges of the tees and the flange of the
column is permitted at either or both locations, subject to the limitations of the
RCSC Specification.

13.6. DESIGN PROCEDURE 

Step 1. Compute the probable maximum moment at the plastic hinge. 

where 
Cpr = factor to account for peak strength as defined in Section 2.4.3 
Fyb = specified minimum yield stress of the beam, ksi (MPa) 

(13.6-1) 

R
y 

= ratio of expected yield stress to the specified minimum yield stress 
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Zx = plastic section modulus about the x-axis of the gross section of the beam 
at the location of the plastic hinge, in.3 (mm3)

Step 2. Determine the shear bolt diameter. To preclude a net section fracture of the 
beam flange, the net section of the beam section shall satisfy the following: 

where 
Fub = specified minimum tensile strength of beam, ksi (MPa) 

(13.6-2) 

R1 = ratio of expected tensile strength to the specified minimum tensile 
strength 

Zx,net = plastic section modulus of the net section of the beam at the location of 
the plastic hinge, in.3 (mm3)

User Note: Zx,net of the beam may be computed by accounting for only the 
holes in the tension flange or, more simply, Zx,net of the beam may be computed 
by accounting for the holes in both flanges. Note that if the former approach is 
employed, the plastic neutral axis will not be at the mid-depth of the beam, which 
complicates the calculations somewhat. If the latter approach is employed, the 
calculations are a bit simpler and the requirement of Equation 13.6-2 may be met 
with a maximum shear bolt diameter that is determined by: 

where 

(13.6-3) 

(13.6-3M) 

db = depth of the beam, in. (mm) 
dvb = diameter of the shear bolts between the T-stem and the beam flange, 

in. (mm) 
fjb = flange thickness of the beam, in. (mm) 

Step 3. Determine the design shear strength per shear bolt based on the limit states 
of shear fracture and material bearing as follows: 

where 

l bolt shear 

<l>rnv = min beam flange bearing 

T-stem bearing

<l>nFnvAvb 

<!>d 2.4dvblfbFub 

<!>d 2.4dvbl.,t Fut 

Avb = gross area of a shear bolt measured through its shank, in.2 (mm2)

(13.6-4) 

Fnv = nominal shear stress of a bolt from the AISC Specification, ksi (MPa) 
dvb = diameter of the shear bolts between the T-stem and the beam flange, in. 

(mm) 
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rnv = nominal shear strength of a shear bolt, kips/bolt (N/bolt) 

lfb = flange thickness of the beam, in. (mm) 

lst = stem thickness of the T-stub, in. (mm) 

<!>d = 1.00 

<l>n =0.90 

9.2-135 

Step 4. Estimate the number of shear bolts, nvb, required in each beam flange as 

follows: 

where nvb is an even integer. 

l.25Mpr
nvb� --� 

d1,<)>r,,v 
(13.6-5) 

Step S. Determine the location of the plastic hinge in the beam. The plastic hinge is 

assumed to form at the shear bolts farthest from the face of the column. The distance 

from the face of the column to the plastic hinge, Sh, based on the estimated number of 

shear bolts, the horizontal end distance, and bolt spacing is: 

(13.6-6) 

where 
(nvb 

) .
Lvb = Svb 

2
- I , m. (mm) (13.6-7) 

S 1 = distance between the face of the column and the first row of shear bolts, 

in. (mm) 

Svb = spacing of the shear bolts, in. (mm) 

Step 6. Calculate the shear force at the beam plastic hinge location at each end of the 

beam. The shear force at the hinge location, Vh , shall be determined from a free-body 

diagram of the portion of the beam between the plastic hinge locations. This calcula

tion shall assume the moment at the plastic hinge location is Mpr and shall include 

gravity loads acting on the beam based on the load combination 1.2D + f1L + 0.2S, 

where !1 is the load factor determined by the applicable building code for live loads, 

but not less than 0.5. 

User Note: The load combination 1.2D + J1L + 0.2S is in conformance with 

ASCE/SEI 7-16. When using the 2015 International Building Code, a factor of 

0.7 must be used in lieu of the factor of 0.2 when the roof configuration is such 

that it does not shed snow off of the structure. 

Step 7. Compute the expected beam moment at the face of the column. The moment 

developed at the face of the column, M1; shall be determined as: 

where 

Vh = Beam shear force at plastic hinge location, kips (N) 

Step 8. Compute the probable force in the T-stub, Fpr, due to Mf 
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Mf F --�-pr - 1.05db

[Sect. 13.6. 

(13.6-11) 

where l .05db is used to estimate the sum of the depth of the beam and the thickness 
of the T-stem. 

Step 9. Determine the size of the T-stem required. The stem thickness shall be deter
mined based on the limit states of gross section yielding and net section fracture 
( checked in this step) and compression due to flexural buckling ( checked in Step 16). 

In sizing the T-stem, the Whitmore width, Wwhit, shall be estimated as: 

Wwhit = 2Lvb tan 30° + g vb 

where 
gvb = Gage of shear bolts in the T-stub, in. (mm) 

The minimum stem thickness, t81, based on yielding of the T-stem is: 

Fpr 
tsr :2'. -.- -��- --mm ( Wr , Wwhir) <!>d Fy1 

where 
F

y1 = specified minimum yield stress of the T-stub, ksi (MPa) 

(13.6-12) 

(13.6-13) 

Wr = width of the T-stub measured parallel to the column flange width, in. (mm) 

The minimum stem thickness, t81, based on fracture of the T-stem is: 

where 

Fpr 
t,1 :2: - -� -- - -��- - - - - -�· 

<l>nFitt[ min(Wr,Wwh;i) 2(dvht + ½6 in.)] 

Fpr 
fst :2'. 

<l>nFut [mm(Wr ,Wwh;i) 2(dvht +2 mm)] 

Fu1 = specified minimum tensile stress ofT-stub, ksi (MPa) 

(13.6-14) 

(13.6-14M) 

dvht = diameter of the holes in the T-stem for the shear bolts, in. (mm) 

To ensure that compression buckling of the T-stem will not control, select the thick
ness of the T-stem such that: 

S1 
t,1 >-�-. - 9.60 

(13.6-15) 

where 
S 1 = distance from the face of the column to the first row of shear bolts, 

in. (mm) 
tti = flange thickness of the T-stub, in. (mm) 

Step 10. Determine the size of the bolts connecting the T-stub to the column flange. 
The minimum diameter of the tension bolts, d1b, shall be determined as: 
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( 13.6-16) 

where 
Fn1 = nominal tensile stress of bolt from the AISC Specification, ksi (MPa) 
nib = number of tension bolts connecting the T-flange to the column flange 

Step 11. Determine the preliminary configuration of the T-flange. The flange width 
of the T-stub, bt1, shall be computed as: 

(13.6-17) 

where 
a = l .5d1b ::;; 1.25b (13.6-18) 
b = distance between effective T-stem and bolt line in the T-flange, in. (mm) 
gt!, = gage of the tension bolts in the T-stub, in. (mm) 

User Note: The limit of a ::;; 1.25b in Equation 13.6-18 is a computation limit 
only and is not a physical limitation on the dimension a. The dimension b may be 
estimated as 0.40g1b for preliminary estimation of prying forces. 

The design strength of a single tension bolt, q>rn1, shall be computed as: 

(13.6-19) 

where 
A1b = gross area of a tension bolt measured through its shank, in.2 (mm2)

The required T-flange strength, Treq, in units of kips per tension bolt (N per tension 
bolt) shall be computed as: 

(13.6-20) 

The minimum flange thickness, lji, based on a mixed-mode failure, which will typi
cally govern, shall be computed as: 

where 
' 

J d a =a+2 tb 

b' = b ½d1b 
2Wr 

p=-
nib 

(13.6-21) 

(13.6-23) 

(13.6-24) 

(13.6-22) 

In certain situations, the term under the radical in Equation l 3.6-21 can be negative, 
resulting in an erroneous required flange thickness. An alternate formulation of Equa
tion 13.6-21 that can be applied in these cases is: 
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(13.6-25) 

where 

(13.6-26) 

User Note: In all cases, the flange thickness required to eliminate prying action 
can be computed as: 

fJt,crit = (13.6-27) 

Step 12. Select a W-shape from which the T-stubs will be cut. AW-shape from which 
the T-stubs will be cut shall be selected based on: 

1. The minimum depth required to accommodate the setback and horizontal end
distance of the beam, S1, and the length of the shear-bolt group, Lvb, found in
Step 5.

2. The minimum web thickness, t.,1, found in Step 9.
3. The minimum flange width, bti, and flange thickness, tp, found in Step 11.

Step 13. Check the connection rotational stiffness to ensure that the connection is 
classified as fully restrained. The following shall be satisfied: 

where 

K 18El!,eam; :2'. -- -
-Lo 

E = modulus of elasticity of steel = 29,000 ksi (200,000 MPa) 
heam = strong axis moment of inertia of the beam, in.4 (mm4)

(13.6-28) 

L0 = theoretical length of the connected beam measured between the 
working points of the adjacent columns, in. (mm) 

K; 
Kten + Kcom p 

= [ 
K

fi:nge + -K-.,:-em- + -K-�z, -J 

Kcomp = [-1-
+ 

_l _J-l 
Ksrem Kslip 
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12nibEI ft ( a'l3a + 3b'l3b) 
Kfiange = 

b'313h ( 4a'l3a + 3b'l3b) 
a

t,1E(Wr -bfb )
2

K., tem = 

L.,tem [ (Wr - bjb) + bfb In(�)] 
where 

Lstem = length of stem, in. (mm) 
P.l'tip 

Kslip =--
L'lslip 

Pslip = nvb<X( 0.70Fn1Avb )µ 

where 

9.2-139 

(13.6-32) 

(13.6-33) 

(13.6-34) 

(13.6-35) 

a = 1.00 for ASTM F3125 Grades A325, A325M and F1852 bolts 
= 0.88 for ASTM F3125 Grades A490, A490M and F2280 bolts 

= 12 
12£111 

13a = 
l + 2 Gpt11a' 

!31; = l + I2Elft 
2 GptJib' 

L'lslip = 0.0076 in. (0.19 mm) 

(13.6-36) 

(13.6-37) 

(13.6-38) 

(13.6-39) 

Step 14. Compute the maximum force in the T-stub due to Mf Using the actual 
T-stem thickness, the actual flange force that is to be carried by the T-stubs, Fi; shall
be computed as:

(13.6-40) 

Step 15. Back-check the strength of the shear bolts with the actual flange force. Use 
$rnv from Step 3 to confirm that the number of shear bolts, nvb, estimated in Step 4 is 
adequate to resist the actual flange force, Ff 

(13.6-41) 

Step 16. Back-check the strength of the T-stem using the maximum beam flange 
force. Back-check that the gross section yielding, net section fracture, and flexural 
buckling strengths of the T-stem are adequate to resist the maximum flange force, Fr. 

For stem gross section yielding 

$Rn = q)dFyt min(Wr, Wwhit )tst 
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For stem net section fracture

For stem flexural buckling

If KL/r :,:; 25 then

KL= (0.75)(S1 -tJt)
= 2_60(S1 -tfi) 

r WTtJ1 
tst 

12WTtst 

[Sect. 13.6. 

(13.6-43)

(13.6-43M)

(13.6-44)

(13.6-45)

If KL/r > 25 then <!>Rn is determined using the provisions in Section E3 of the
AISC Specification using KL/r as determined previously and taking <I> equal
to <l>n-

Step 17. Back-check the flange strength of the T-stub. The flange strength of the
T-stub shall be computed as: 

(13.6-46)

where <)>Tis the minimum of <)>T1 (plastic flange mechanism), <)>T2 (mixed-mode fail
ure), and <)>T3 (tension bolt fracture with no prying), as computed in the following. 

For the limit state of a plastic mechanism in the tension flange, the design
strength per tension bolt shall be calculated as: 

(13.6-47)

For the limit state of tension flange yielding followed by fracture of the bolts ( a
mixed-mode failure), the design strength per tension bolt shall be calculated as:

<)>T = 

<)>r,,1a' + p
<)>JFyitJi

2 a'+b' 4(a'+b')
(13.6-48)

For the limit state of bolt fracture without yielding of the tension flange, the
design strength per tension bolt shall be calculated as: 

where
a' = a+½d1b

a =(½)(bfi g1b):,'.;l .25b

b' = b ½d1b
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b = (½)(gtb fst,eff) (13.6-53) 

2WT 
(13.6-22) p 

nib 

fst 
fst,eff = k1 + 

2 
(13.6-54) 

8 = (1 d;t) (13.6-26) 

where 

d11,1 = diameter or width of holes in T-flange for the tension bolts, in. (mm) 

Step 18. Check the bearing and tear-out strength of the beam flange and T-stem. 

Bearing and tearout of the shear bolts shall be checked in a manner consistent with 

Chapter J of the AISC Specification. For these calculations, bearing and tearout are 

considered to be ductile failure modes. 

Step 19. Check block shear of the beam flange and the T-stem. Block shear of the 

T-stem and beam flange shall be checked in a manner consistent with Chapter J of the 

AISC Specification. For the purpose of this design, the block shear failure shall be 

considered a ductile failure mode and <!>d shall be used. 

The alternate block shear mechanism illustrated in Figure 13. 7 need not be checked. 

Step 20. Determine the configuration of the shear connection to the web. 

User Note: Because of the large setback required, the shear connection will most 

likely need to be designed as an extended shear tab. Most importantly, the length 

of the shear connection, Lsc, should be determined so as to fit between the flanges 

of the T-stubs allowing ample clearance. 

Fig. 13. 7. Alternate block shear mechanism. 
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Step 21. Check the column flange for flexural yielding (see Figure 13.8): 

The column flange flexural design strength is 

$Rn = (pdFycYcfJc 

where 

[Sect. 13.6. 

(13.6-55) 

F
ye

= specified minimum yield stress of column flange material, ksi (MPa) 

(2)( 
ache + h; ache + h;

)Ye= - s + Ps + - - -+ - - - (13.6-56) 
h s Ps

----1 re;-----

/ I I \ 
.J! I I � 
•-..... 11 /. 

__ _J_,J k'._L_ __ 

/ 71 I' -..... I I 
\ I I ; 

__ J_\� �;_L __

9tb 

s 

tcp -r �-�t �jWOZOZl.l4- 1· 
1-9;c

Fig. 13.8. Dimension for yield-line analysis of column flange. 
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g;c 

2 

htc = flange width of the column, in. (mm) 

g;c = gage of interior tension bolts in the column flange, in. (mm) 

g1b = gage of tension bolts in T-stub, in. (mm) 

Ps 

s 

gtb fcp 
--�:::;s

2 

� 
2 

fcp = thickness of continuity plates, in. (mm) 

Alternatively, the column flange thickness shall satisfy the following: 

1.l!Ftljc· 2': 
$dFycYc

9.2-143 

(13.6-58) 

(13.6-59) 

(13.6-60) 

(13.6-61) 

User Note: The presence of continuity plates stiffening the column flanges 

precludes the need to check prying forces resulting from column-flange 

deformations. 

Step 22. Check the column web strength for web yielding, web crippling, and panel

zone shear failures in accordance with the AISC Seismic Provisions.

Step 23. Detail continuity plates and, if required, detail doubler plates in accordance 

with the AISC Seismic Provisions.
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CASTING REQUIREMENTS 

Al. CAST STEEL GRADE 

9.2-145 

Cast steel grade shall be in accordance with ASTM A958/A958M Grade SC8620 

class 80/50. 

A2. QUALITY CONTROL (QC) 

1. Inspection and Nondestructive Testing Personnel

Visual inspection and nondestructive testing shall be conducted by the manufac

turer in accordance with a written practice by qualified inspectors. The procedure

and qualification of inspectors is the responsibility of the manufacturer. Qualification

of inspectors shall be in accordance with ASNT-TC-1 a or an equivalent standard.

The written practice shall include provisions specifically intended to evaluate defects

found in cast steel products. Qualification shall demonstrate familiarity with inspec

tion and acceptance criteria used in evaluation of cast steel products.

2. First Article Inspection (FAI) of Castings

The first article is defined as the first production casting made from a permanently

mounted and rigged pattern. FAI shall be performed on the first casting produced from

each pattern. The first article casting dimensions shall be measured and recorded. FAI

includes visual inspection in accordance with Section A2.3, nondestructive testing in

accordance with Section A2.4, tensile testing in accordance with Section A2.6, and

Charpy V-notch testing in accordance with Section A2.7.

3. Visual Inspection of Castings

Visual inspection of all casting surfaces shall be performed to confirm compliance

with ASTM A802/ A802M and MSS SP-55 with a surface acceptance Level I.

4. Nondestructive Testing (NDT) of Castings

4a. Procedures

Radiographic testing (RT) shall be performed by quality assurance (QA) according to

the procedures prescribed in ASTM E446 and ASTM E 186 with an acceptance Level

III or better.

Ultrasonic testing (UT) shall be performed by QA according to the procedures pre

scribed by ASTM A609/A609M Procedure A with an acceptance Level 3, or better.
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Magnetic particle testing (MT) shall be performed by QA according to the procedures 

prescribed by ASTM E709 with an acceptance Level V, or better, in accordance with 

ASTM A903/A903M. 

4b. Required NDT 

(1) First Article

RT and MT shall be performed on the first article casting.

(2) Production Castings

UT shall be performed on 100% of the castings.

MT shall be performed on 50% of the castings.

(3) Reduction of Percentage of UT

The UT rate is permitted to be reduced if approved by the engineer of record and

the authority having jurisdiction. The UT rate may be reduced to 25%, provided

the number of castings not conforming to Section A2.4a is demonstrated to be

5% or less. A sampling of at least 40 castings shall be made for such reduction

evaluation. This reduction is not permitted for castings with weld repairs.

(4) Reduction of Percentage of MT

The MT rate is permitted to be reduced if approved by the engineer of record

and the authority having jurisdiction. The MT rate may be reduced to 10%, pro

vided the number of castings not conforming to Section A2.4a is demonstrated

to be 5% or less. A sampling of at least 20 castings shall be made for such reduc

tion evaluation. This reduction is not permitted for castings with weld repairs.

5. Weld Repair Procedures

Castings with discontinuities that exceed the requirements of Section A2.4a shall be

weld repaired. Weld repair of castings shall be performed in accordance with ASTM

A488/ A488M. The same testing method that discovered the discontinuities shall be

repeated on repaired castings to confirm the removal of all discontinuities that exceed

the requirements of Section A2.4a.

6. Tensile Requirements

Tensile tests shall be performed for each heat in accordance with ASTM A370 and

ASTM 781/A781M.

7. Charpy V-Notch (CVN) Requirements

CVN testing shall be performed in accordance with ASTM A370 and ASTM 781/

A 781 M. Three notched specimens shall be tested with the first heat, and with each

subsequent 20th ton (18,100 kg) of finished material. The specimens shall have a

minimum CVN toughness of 20 ft-lb (27 J) at 70°F (21 °C).
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8. Casting Identification

9.2-147 

The castings shall be clearly marked with the pattern number and a unique serial num
ber for each individual casting providing traceability to heat and production records.

A3. MANUFACTURER DOCUMENTS 

1. Submittal to Patent Holder

The following documents shall be submitted to the patent holder, prior to the initia
tion of production as applicable:

(1) Material chemical composition report

(2) First article inspection report

2. Submittal to Engineer of Record and Authority Having Jurisdiction

The following documents shall be submitted to the engineer of record and the author
ity having jurisdiction, prior to, or with shipment as applicable:

(1) Production inspection and NDT reports

(2) Tensile and CVN test reports

(3) Weld repair reports

(4) Letter of approval by the patent holder of the manufacturer's FAI report
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APPENDIX B 

FORGING REQUIREMENTS 

[App. Bl. 

Bl. FORGED STEEL GRADE 

Raw material shall conform to the requirements of ASTM A572/ A572M, Grade 50 

(345). The forging process shall conform to the requirements of ASTM A 788 and 

ASTM A668. Mechanical properties shall conform to the requirements of Table B 1.1. 

B2. BAR STOCK 

Bar stock shall be cut to billets appropriate to the part being forged. A ll billets shall 

be marked with the heat number. 

B3. FORGING TEMPERATURE 

Billets shall be forged at a minimum temperature of 2 ,  I 50°F (1, l 80°C) and a maxi

mum temperature of 2 ,250°F (1230°C). 

B4. HEAT TREATMENT 

Immediately following impression forging, the part being forged shall be normalized 

for one hour at 1,650°F (899°C) then air cooled. 

BS. FINISH 

Finished forgings shall have shot blast finish, clean of mill scale. 

B6. QUALITY ASSURANCE 

One sample of bar stock from each heat shall be cut to a length of 6 in. (150 mm) and 

forged to a 5-in. by 2-in.-thick bar (125 mm by 50 mm). Samples shall be marked 

with longitudinal and transverse directions. Chemistry and physical properties in 

accordance with Table B 1.1 shall be verified to ASTM A572/ A572M Grade 50 (345) 

for both the longitudinal and transverse directions on each sample. 

Magnetic particle testing shall be conducted on the initial 12 pieces from each run 

to verify tooling and forging procedures. Cracks shall not be permitted. If cracks are 

found, the tooling or forging procedure shall be modified, and an additional 12 initial 

pieces shall be tested. This process shall be repeated until 12 crack-free samples are 

obtained prior to production. 

B7. DOCUMENTATION 

Laboratory test data documenting chemistry, strength, elongation, reduction of area, 

and Charpy requirements for the samples tested in accordance with Section B6 shall 

be submitted. 
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TABLE 81.1 
Required Mechanical Properties 

Yield strength 50 ksi (345 MPa) minimum 

Tensile strength 65 ksi (450 MPa) minimum 

Elongation in 2 in. (50 mm) 22% minimum 

Reduction of area 38% minimum 

Charpy V-notch toughness 20 ft-lb at 70°F (27 J at 21 °C) 

Inspection reports documenting satisfactory performance of magnetic particle tests 

per Section B6 shall be submitted. 

Certification of conformance with the requirements of this Appendix shall be submit

ted to the purchaser. 
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COMMENTARY 

on Prequalified Connections for 
Special and Intermediate 
Steel Moment Frames for 
Seismic Applications 

9.2-151 

May 12, 2016 

This Commentary is not part of ANSI/AISC 358-16, Prequalified Connections for Special 

and Intermediate Steel Moment Frames for Seismic Applications. It is included for informa

tional purposes only. 

INTRODUCTION 

The Standard is intended to be complete for normal design usage. 

The Commentary furnishes background information and references for the benefit of the 

design professional seeking further understanding of the basis, derivations and limits of the 

Standard. 

The Standard and Commentary are intended for use by design professionals with demon

strated engineering competence. 
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CHAPTER 1 

GENERAL 

1.1. SCOPE 

Design of special moment frames (SMF) and intermediate moment frames (IMF) in 

accordance with the AISC Seismic Provisions for Structural Steel Buildings (AISC, 

2016a), hereafter referred to as the AISC Seismic Provisions, and applicable building 

codes includes an implicit expectation that they will experience substantial inelastic 

deformations when subjected to design-level earthquake ground shaking, gener

ally concentrated at the moment-resisting beam-to-column connections. In the 1994 

Northridge earthquake, a number of steel moment frame buildings were found to 

have experienced brittle fractures that initiated at the welded beam flange-to-column 

flange joints of moment connections. These brittle fractures were unexpected and 

were quite different from the anticipated behavior of ductile beam flexural yield

ing in plastic hinge zones. Where they occurred, these brittle fractures prevented the 

formation of ductile plastic hinge zones and resulted in frame behavior substantially 

different from that upon which the design requirements for these systems were based. 

Following this discovery, the Federal Emergency Management Agency (FEMA) pro

vided funding to a coalition of universities and professional associations, known as 

the SAC Joint Venture. Over a period of six years, the SAC Joint Venture, with par

ticipation from AISC, AISI, AWS, and other industry groups, conducted extensive 

research into the causes of the damage that had occurred in the Northridge earthquake 

and effective means of reducing the possibility of such damage in future earthquakes. 

Numerous issues were identified in the SAC studies as contributing causes of these 

brittle fractures. This Standard specifically addresses the following four causes that 

were identified in the SAC study: 

(1) Connection geometries that resulted in large stress concentrations in regions of

high triaxiality and limited ability to yield;

(2) Use of weld filler metals with low inherent notch toughness and limited ductility;

(3) High variability in the yield strengths of beams and columns, resulting in unan

ticipated zones of weakness in connection assemblies; and

(4) Welding practice and workmanship that fell outside the acceptable parameters

of the AWS DI.I/DI.IM, Structural Welding Code, at that time.

A more complete listing of the causes of damage sustained in the Northridge earth

quake may be found in a series of publications (FEMA 350, FEMA 351, FEMA 352, 

FEMA 353, FEMA 355C, and FEMA 355D) published in 2000 by the SAC Joint Ven

ture that presented recommendations for design and construction of moment resisting 

frames designed to experience substantial inelastic deformation during design ground 
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shaking. These recommendations included changes to material specifications for 

base metals and welding filler metals, improved quality assurance procedures during 

construction, and the use of connection geometries that had been demonstrated by 

testing and analysis to be capable of resisting appropriate levels of inelastic deforma

tion without fracture. Most of these recommendations have been incorporated into 

the AISC Seismic Provisions as well as into AWS Dl.8/D1.8M, Structural Welding 

Code-Seismic Supplement (AWS, 2016). 

Following the SAC Joint Venture recommendations, the AISC Seismic Provisions 

require that moment connections used in special or intermediate steel moment frames 

be demonstrated by testing to be capable of providing the necessary ductility. Two 

means of demonstration are acceptable. One means consists of project-specific test

ing in which a limited number of full-scale specimens, representing the connections 

to be used in a structure, are constructed and tested in accordance with a protocol pre

scribed in Chapter K of the AISC Seismic Provisions. Recognizing that it is costly and 

time consuming to perform such tests, the AISC Seismic Provisions also provide for 

prequalification of connections consisting of a rigorous program of testing, analyti

cal evaluation and review by an independent body, the Connection Prequalification 

Review Panel (CPRP). Connections contained in this Standard have met the criteria 

for prequalification when applied to framing that complies with the limitations con

tained herein and when designed and detailed in accordance with this Standard. 

1.2. REFERENCES 

References for this Standard are listed at the end of the Commentary. 

1.3. GENERAL 

Connections prequalified under this Standard are intended to withstand inelastic 

deformation primarily through controlled yielding in specific behavioral modes. To 

obtain connections that will behave in the indicated manner, proper determination of 

the strength of the connection in various limit states is necessary. The strength formu

lations contained in the LRFD method are consistent with this approach. 
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CHAPTER 2 

DESIGN REQUIREMENTS 

2.1. SPECIAL AND INTERMEDIATE MOMENT FRAME 

CONNECTION TYPES 

Limitations included in this Standard for various prequalified connections include 

specification of permissible materials for base metals, mechanical properties for 

weld filler metals, member shape and profile, connection geometry, detailing, and 

workmanship. These limitations are based on conditions, demonstrated by testing 

and analytical evaluation, for which reliable connection behavior can be attained. It

is possible that these connections can provide reliable behavior outside these limita

tions; however, this has not been demonstrated. When any condition of base metal, 

mechanical properties, weld filler metals, member shape and profile, connection 

geometry, detailing, or workmanship falls outside the limitations specified herein, 

project-specific qualification testing should be performed to demonstrate the accept

ability of connection behavior under these conditions. 

Limited testing of connections of wide-flange beams to the webs of I-shaped col

umns had been conducted prior to the Northridge earthquake by Tsai and Popov 

(1986, 1988). This testing demonstrated that these "minor-axis" connections were 

incapable of developing reliable inelastic behavior even at a time when major axis 

connections were thought capable of developing acceptable behavior. No significant 

testing of such minor axis connections following the Northridge earthquake has been 

conducted. Consequently, such connections are not currently prequalified under this 

Standard. 

Similarly, although there has been only limited testing of connections in assemblies 

subjected to biaxial bending of the column, the judgment of the CPRP was that as 

long as columns are designed to remain essentially elastic and inelastic behavior is 

concentrated within the beams, it would be possible to obtain acceptable behavior of 

beam-column connection assemblies subjected to biaxial loading. Flanged cruciform 

section columns, built-up box columns, and boxed wide-flange columns are permitted 

to be used in assemblies subjected to biaxial loading for those connection types where 

inelastic behavior is concentrated in the beam, rather than in the column. It should 

be noted that the strong column-weak beam criteria contained in the AISC Seismic

Provisions are valid only for planar frames. When both axes of a column participate 

in a moment frame, columns should be evaluated for the ability to remain essentially 

elastic while beams framing to both column axes undergo flexural hinging. 

Nearly all moment frame connection tests have been performed on single- or double

sided beam-column subassemblies with the beam perpendicular to the vertical axis of 

the column (i.e., a level beam) and coplanar with the strong axis of the column (i.e., 
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unskewed). The reality of building construction is that sloping beams occur in most 

structures, such as at the roof. Occasionally, skewed configurations are required to 

accommodate architectural requirements. 

This Standard does not contain provisions that explicitly address sloped or skewed 

moment frame beams because of the wide variety of connections that have obtained 

prequalification and the lack of systematic physical testing for each connection. Pro

fessional judgment, therefore, is required to determine whether a proposed frame 

geometry is appropriately covered by the prequalification limits in this Standard. 

One factor to consider when evaluating the impact of frame beam slope is the abso

lute angle at which the beam slopes. For example, even so-called "flat" roofs slope 

at approximately ¼ in./ft, which equates to an angle of 1.2°. Testing of frame beams 

using reduced beam sections sloping at 28° (Ball et al., 2010) indicates that at this 

angle the performance of the connection can be adversely impacted depending on 

how it is configured. The former angle likely is not significant, while the latter angle 

appears to be, at least for the reduced beam section. It is reasonable to assume that 

different connections will likely have different thresholds above which the slope 

becomes significant because of characteristics that govern connection behavior. 

For example, connection geometry and limit states that govern connection behavior 

will likely influence the threshold above which frame beam slope becomes sig

nificant. Connection performance of sloped beams is expected to be influenced by 

components of differing length or changes in geometry (e.g., the relative distance 

from the face of column to the first bolt or the length of the flange plate). These 

variations may impose different levels of load on components at the top flange versus 

those on the bottom flange due to changes in relative stiffness. The relative onset of 

limit states such as local flange buckling, prying and the like may be influenced by 

the angle of slope and is expected to vary from connection type to connection type. 

Limited analytical studies have been performed relative to the impact of beam skew 

on connection performance. Prinz and Richards (2016) report that frame beam skew 

angles between 10° and 20° in reduced beam section connections appear to cause 

limited increases in column torsional demand and limited additional flange tip yield

ing. They also report that skew angles of 10° reduce low cycle fatigue capacity in the 

reduced section region by less than one cycle. Thus, skew angles of less than 5 ° to 

10° might be considered acceptable in reduced beam sections connections. Similar 

analytical studies have not been conducted for other connection geometries. 

2.3. MEMBERS 

2. Built-up Members

The behavior of built-up I-shaped members has been extensively tested in bolted

end-plate connections and has been demonstrated to be capable of developing the

necessary inelastic deformations. These members have not generally been tested

in other prequalified connections; however, the conditions of inelastic deformation
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imposed on the built-up shapes in these other connection types are similar to those 

tested for the bolted end-plate connections. 

2b. Built-up Columns 

Four built-up column cross-section shapes are covered by this Standard. These are 

illustrated in Figure C-2.1 and include: 

(1) I-shaped welded columns that resemble standard rolled wide-flange shapes in
cross-section shape and profile.

(2) Cruciform W-shape columns, fabricated by splitting a wide-flange section in
half and welding the webs on either side of the web of an unsplit wide-flange
section at its mid-depth to form a cruciform shape, each outstanding leg of
which terminates in a rectangular flange.

(3) Box columns, fabricated by welding four plates together to form a closed box
shaped cross section.

(4) Boxed W-shape columns constructed by adding side plates to the sides of an
I-shaped cross section.

The preponderance of connection tests reviewed as the basis for prequalifications 
contained in this Standard consisted of rolled wide-flange beams connected to the 
flanges of rolled wide-flange columns. A limited number of tests of connections of 
wide-flange beams to built-up box section columns were also reviewed (Anderson 
and Linderman, 1991; Kim et al., 2008). 

( a) I-shaped section (b) Flanged cruciform section

( c) Box section (d) Boxed W-shape section

Fig. C-2.1. Column shapes. Plate preparation and welds are not shown. 
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The flanged cruciform column and boxed wide-flange columns have not specifically 

been tested. However, it was the judgment of the CPRP that as Jong as such column 

sections met the limitations for I-shaped sections and box-shaped sections, respec

tively, and connection assemblies are designed to ensure that most inelastic behavior 

occurred within the beam as opposed to the column, the behavior of assemblies 

employing these sections would be acceptable. Therefore, prequalification has been 

extended to these cross sections for connection types where the predominant inelastic 

behavior is in the beam rather than the column. 

2.4. CONNECTION DESIGN PARAMETERS 

1. Resistance Factors

A significant factor considered in the formulation of resistance factors is the occur

rence of various limit states. Limit states that are considered brittle (nonductile) and

subject to sudden catastrophic failure are typically assigned lower resistance fac

tors than those that exhibit yielding (ductile) failure. Because, for the prequalified

connections, design demand is determined based on conservative estimates of the

material strength of weak elements of the connection assembly, and because materi

als, workmanship and quality assurance are more rigorously controlled than for other

structural elements, resistance factors have been set somewhat higher than those tra

ditionally used. It is believed that these resistance factors, when used in combination

with the design, fabrication, erection, and quality-assurance requirements contained

in the Standard, will provide reliable service in the prequalified connections.

2. Plastic Hinge Location

This Standard specifies the presumed location of the plastic hinge for each prequali

fied connection type. In reality, inelastic deformation of connection assemblies is

generally distributed to some extent throughout the connection assembly. The plastic

hinge locations specified herein are based on observed behavior during connection

assembly tests and indicate the locations of most anticipated inelastic deformation in

connection assemblies conforming to the particular prequalified type.

3. Probable Maximum Moment at Plastic Hinge

The probable plastic moment at the plastic hinge is intended to be a conservative

estimate of the maximum moment likely to be developed by the connection under

cyclic inelastic response. It includes consideration of likely material overstrength and

strain hardening.

4. Continuity Plates

Beam flange continuity plates serve several purposes in moment connections. They

help to distribute beam flange forces to the column web, they stiffen the column web

to prevent local crippling under the concentrated beam-flange forces, and they mini

mize stress concentrations that can occur in the joint between the beam flange and

column due to nonuniform stiffness of the attached elements.
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Almost all connection assembly testing has been conducted on specimens that 

include a significant length (typically one-half story height) of column above and 

below the beam or beams framing into the column. Thus, the condition that typically 

exists in a structure's top story, where the column terminates at the level of the beam 

top flange, has not specifically been tested to demonstrate acceptable detailing. A 

cap plate detail similar to that illustrated in Figure C-2.2 is believed to be capable of 

providing reliable performance when connection elements do not extend above the 

beam top flange. In some connections, e.g., extended end-plate and Kaiser bolted 

bracket connections, portions of the connection assembly extend above the column 

top flange. In such cases, the column should be extended to a sufficient height above 

the beam flange to accommodate attachment and landing of those connection ele

ments. The stiffener plates should be placed in the column web, opposite the beam 

top flange, as is done at intermediate framing levels. 

The attachment of continuity plates to column webs is designed to be capable of 

transmitting the maximum shear forces that can be delivered to the continuity plate. 

This may be limited by the beam-flange force, the shear strength of the continuity 

plate itself, or the welded joint between the continuity plate and column flange. 

The AISC Seismic Provisions require that continuity plates be attached to column 

flanges with CJP groove welds so the strength of the beam flange can be prop

erly developed into the continuity plate. For single-sided connections in which a 

Cap plate welded to column to develop 

beam flange force to column web 

• 

• 

• 

• 

�-�--- Welds, bolts and other 

details as required by 

connection prequalification 

Fig. C-2.2. Example cap plate detail at column top for RBS connection. 
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moment-connected beam attaches to only one of the column flanges, it is generally 

not necessary to use CJP groove welds to attach the continuity plate to the column 

flange that does not have a beam attached. In such cases, acceptable performance 

can often be obtained by attaching the continuity plate to the column with a pair of 

minimum-size fillet welds. 

When beams are moment connected to the side plates of boxed wide-flange column 

sections, continuity plates or cap plates should always be provided opposite the beam 

flanges, as is required for box section columns. 
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CHAPTER 3 

WELDING REQUIREMENTS 

3.3. BACKING AT BEAM-TO-COLUMN AND CONTINUITY 

PLATE-TO-COLUMN JOINTS 

At the root of groove welds between beam flanges or continuity plates and column 

flanges, the inherent lack of a fusion plane between the left-in-place steel backing 

and the column flange creates a stress concentration and notch effect, even when the 

weld has uniform and sound fusion at the root. Further, when ultrasonic testing is 

performed, this left-in-place backing may mask significant flaws that may exist at the 

weld root. These flaws may create a more severe notch condition than that caused by 

the backing itself (Chi et al., 1997). 

1. Steel Backing at Continuity Plates

The stress and strain level at the groove weld between a continuity plate and column

flange is considerably different than that at the beam flange-to-column flange con

nection; therefore, it is not necessary to remove the backing. The addition of the fillet

weld beneath the backing makes the inherent notch at the interface an internal notch,

rather than an external notch, reducing the notch effect. When backing is removed,

the required reinforcing fillet weld reduces the stress concentration at the right-angle

intersection of the continuity plate and the column flange.

2. Steel Backing at Beam Bottom Flange

The removal of backing, whether fusible or nonfusible, followed by backgouging to

sound weld metal, is required so that potential root defects within the welded joint are

detected and eliminated, and the stress concentration at the weld root is eliminated.

The influence of left-in-place steel backing is more severe on the bottom flange,

as compared to the top flange, because at the bottom flange, the stress concentra

tion from the backing occurs at the point of maximum applied and secondary tensile

stresses in the groove weld, at the weld root, and at the outer fiber of the beam flange.

A reinforcing fillet weld with a 5/16-in. (8-mm) leg on the column flange helps to

reduce the stress concentration at the right-angle intersection of the beam flange and

column flange and is placed at the location of maximum stress. The fillet weld's hori

zontal leg may need to be larger than 5li6 in. (8 mm) to completely cover the weld root

area, eliminating the potential for multiple weld toes at the root that serve as small

stress concentrations and potential fracture initiation points. When grinding the weld

root and base metal area, previously deposited weld toe regions and their associated
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fracture initiation sites are removed, and the horizontal leg of the fillet weld need not 

be extended to the base metal. 

3. Steel Backing at Beam Top Flange

Because of differences in the stress and strain conditions at the top and bottom flange

connections, the stress/strain concentration and notch effect created by the backing/

column interface at the top flange is at a lower level, compared to that at the bottom

flange. Therefore, backing removal is not required. The addition of the reinforcing

fillet weld makes the inherent notch at the interface an internal notch, rather than an

external notch, further reducing the effect. Because backing removal, backgouging

and backwelding would be performed through an access hole beneath the top flange,

these operations should be avoided whenever possible.

4. Prohibited Welds at Steel Backing

Tack welds for beam flange-to-column connections should be made within the weld

groove. Tack welds or fillet welds to the underside of the beam at the backing would

direct stress into the backing itself, increasing the notch effect at the backing/column

flange interface. In addition, the weld toe of the tack weld or fillet weld on the beam

flange would act as a stress concentration and a potential fracture initiation site.

Proper removal of these welds is necessary to remove the stress concentration and

potential fracture initiation site. Any repair of gouges and notches by filling with weld

metal must be made using filler metals with the required notch toughness.

5. Nonfusible Backing at Beam Flange-to-Column Joints

After nonfusible backing is removed, backgouging to sound metal removes potential

root flaws within the welded joint. A reinforcing fillet weld with a 5/16-in. (8-mm) leg

on the column flange helps reduce the stress concentration at the right-angle intersec

tion of the beam flange and column flange.

The fillet weld's horizontal leg may need to be larger than 5!i6 in. (8 mm) to completely

cover the weld root area, eliminating the potential for small stress concentrations and

potential fracture initiation points. When grinding the weld root and base metal area,

previously deposited weld toe regions and their associated fracture initiation sites are

removed; therefore, the horizontal leg of the fillet weld need not be extended to base

metal.

3.4. WELD TABS 

Weld tabs are used to provide a location for initiation and termination of welds out

side the final weld location, improving the quality of the final weld. The removal of 

weld tabs is performed to remove the weld discontinuities and defects that may be 

present at these start and stop locations. Because weld tabs are located at the ends of 

welds, any remaining weld defects at the weld-end removal areas may act as external 

notches and fracture initiation sites and are, therefore, removed. A smooth transition 

is needed between base metal and weld to minimize stress concentrations. 
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3.5. TACK WELDS 

Tack welds outside weld joints may create unintended load paths and may create 

stress concentrations that become crack initiation sites when highly strained. By 

placing tack welds within the joint, the potential for surface notches and hard heat 

affected zones (HAZs) is minimized. When placed within the joint, the HAZ of a tack 

weld is tempered by the subsequent passes for the final weld. 

Tack welds for beam flange-to-column connections are preferably made in the weld 

groove. Tack welds of backing to the underside of beam flanges would be unaccept

able, and any tack welds between weld backing and beam flanges are to be removed 

in accordance with Section 3.3.4. Steel backing may be welded to the column under 

the beam flange, where a reinforcing fillet is typicalJy placed. 

When tack welds for the attachment of weld tabs are placed within the weld joint, 

they become part of the final weld. 

3.6. CONTINUITY PLATES 

The rotary straightening process used by steel rolling miJJs to straighten roJled sec

tions cold works the webs of these shapes in and near the k-area. This cold working 

can result in an increase in hardness, yield strength, ultimate tensile strength, and 

yield-to-tensile ratio and a decrease in notch toughness. In some instances, Charpy 

V-notch toughness has been recorded to be less than 2 ft-lb at 70°F [3 J at 20°C] (Bar

som and Korvink, 1998). These changes do not negatively influence the in-service

behavior of uncracked shapes. However, the potential for post-fabrication k-area base

metal cracking exists in highly restrained joints at the weld terminations for column

continuity plates, web doublers, and thermal cut coped beams.

When the minimum clip dimensions are used along the member web, the available 

continuity plate length must be considered in the design and detailing of the welds 

to the web. For filJet welds, the filJet weld should be held back one to two weld sizes 

from each clip. For groove welds, weld tabs should not be used in the k-area because 

they could cause base metal fracture from the combination of weld shrinkage, the 

stress concentration/notch effect at the weld end, and the low notch-toughness web 

material. 

When the maximum clip dimensions are used along the member flange, the width

hence, the capacity-of the continuity plate is not reduced substantiaJJy. Care must 

be used in making quality weld terminations near the member radius, as the use of 

common weld tabs is difficult. If used, their removal in this region may damage the 

base metal, necessitating difficult repairs. The use of cascaded ends within the weld 

groove may be used within the dimensional limits stated. Because of the incomplete 

filling of the groove, the unusual configuration of the weld, and the relatively low 

level of demand placed upon the weld at this location, nondestructive testing of cas

caded weld ends in groove welds at this location is not required. 
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3.7. QUALITY CONTROL AND QUALITY ASSURANCE 

9.2-163 

Chapter J of the AISC Seismic Provisions specifies the minimum requirements for a 

quality assurance plan for the seismic force-resisting system. It may be appropriate 

to supplement the Chapter J provisions with additional requirements for a particular 

project based on the qualifications of the contractor(s) involved and their demon

strated ability to produce quality work. Contract documents are to define the quality 

control (QC) and quality assurance (QA) requirements for the project. 

QC includes those tasks to be performed by the contractor to ensure that their materi

als and workmanship meet the project's quality requirements. Routine welding QC 

items include personnel control, material control, preheat measurement, monitoring 

of welding procedures, and visual inspection. 

QA includes those tasks to be performed by an agency or firm other than the contrac

tor. QA includes monitoring of the performance of the contractor in implementing 

the contractor's QC program, ensuring that designated QC functions are performed 

properly by the contractor on a routine basis. QA may also include specific inspection 

tasks that are included in the contractor's QC plan, and may include nondestructive 

testing of completed joints. 
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CHAPTER 4 

BOLTING REQUIREMENTS 

4.1. FASTENER ASSEMBLIES 

ASTM F3 l 25 Grade F 1852 twist-off type tension-control fastener assemblies are 

appropriate equivalents for ASTM F3 l 25 Grade A325 or A325M bolts. ASTM F3125 

Grade F2280 twist-off type tension control fastener assemblies are appropriate substi

tutes for ASTM F3 l 25 Grade A490 or A490M bolts. Such assemblies are commonly 

produced and used and are addressed by the RCSC Specification for Structural Joints 

Using High-Strength Bolts (RCSC, 2014). 

4.2. INSTALLATION REQUIREMENTS 

Section D2 of the AISC Seismic Provisions designates all bolted joints to be preten

sioned joints, with the additional requirement that the joint's faying surfaces meet 

Class A conditions for slip-critical joints. Some connection types designate the bolted 

joint to be designed as slip-critical, and others waive the faying surface requirements 

of the AISC Seismic Provisions. 

4.3. QUALITY CONTROL AND QUALITY ASSURANCE 

See Commentary Section 3.7. 
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MOMENT CONNECTION 

5.1. GENERAL 

9.2-165 

In a reduced beam section (RBS) moment connection, portions of the beam flanges 

are selectively trimmed in the region adjacent to the beam-to-column connection. In 

an RBS connection, yielding and hinge formation are intended to occur primarily 

within the reduced section of the beam and thereby limit the moment and inelastic 

deformation demands developed at the face of the column. 

A large number of RBS connections have been tested under a variety of conditions 

by different investigators at institutions throughout the world. A listing of relevant 

research is presented in the references at the end of this document. Review of avail

able test data indicates that RBS specimens, when designed and constructed according 

to the limits and procedures presented herein, have developed interstory drift angles 

of at least 0.04 rad under cyclic loading on a consistent basis. Tests on RBS connec

tions show that yielding is generally concentrated within the reduced section of the 

beam and may extend, to a limited extent, to the face of the column. Peak strength 

of specimens is usually achieved at an interstory drift angle of approximately 0.02 to 

0.03 rad. Specimen strength then gradually reduces due to local and lateral-torsional 

buckling of the beam. Ultimate failure typically occurs at interstory drift angles of 

approximately 0.05 to 0.07 rad, by low cycle fatigue fracture at local flange buckles 

within the RBS. 

RBS connections have been tested using single-cantilever type specimens (one beam 

attached to a column), and double-sided specimens (specimen consisting of a single 

column with beams attached to both flanges). Tests have been conducted primarily 

on bare-steel specimens, although some testing is also reported on specimens with 

composite slabs. Tests with composite slabs have shown that the presence of the slab 

provides a beneficial effect by helping to maintain the stability of the beam at larger 

interstory drift angles. 

Most RBS test specimens were tested pseudo-statically, using a loading protocol in 

which applied displacements are progressively increased, such as the loading protocol 

specified in ATC-24 (ATC, 1992) and the loading protocol developed in the FEMA/ 

SAC program and adopted in Chapter K of the AISC Seismic Provisions. Two speci

mens were tested using a loading protocol intended to represent near-source ground 

motions that contain a large pulse. Several specimens were also tested dynamically. 

Radius-cut RBS specimens have performed well under all of these loading condi

tions. See Commentary Section 5.7 for a discussion of other shapes of RBS cuts. 
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5.2. SYSTEMS 

Review of the research literature presented in the reference section at the end of this 

document and summarized in Commentary Section 5.1 indicates that the radius-cut 

RBS connection meets the prequalification requirements in Section Kl of the AISC 

Seismic Provisions for special and intermediate moment frames. 

5.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

A wide range of beam sizes has been tested with the radius-cut RBS. The smallest

beam size reported in the literature was a Canadian W530x82, roughly equivalent to a

W21 x50. The heaviest beam reported was a W36x300 (W920x446) (FEMA, 2000e ),

which is no longer produced. Although the AISC Seismic Provisions permit limited

increases in beam depth and weight compared to the maximum sections tested, the

prequalification limits for maximum beam depth and weight were established based

on the test data for a W36x300 (W920x446). It was the judgment of the CPRP that

for the purposes of establishing initial prequalification limits, adherence to the maxi

mum tested specimen would be appropriately conservative. There is no evidence that

modest deviations from the maximum tested specimen would result in significantly

different performance, and the limit on maximum flange thickness is approximately

4% thicker than the 1.68-in. (43-mm) flange in a W36x300 (W920x446).

Beam depth and beam span-to-depth ratio are significant in the inelastic behavior

of beam-to-column connections. For the same induced curvature, deep beams will

experience greater strains than shallower beams. Similarly, beams with a shorter span

to-depth ratio will have a sharper moment gradient across the beam span, resulting

in reduced length of the beam participating in plastic hinging and increased strains

under inelastic rotation demands. Most of the beam-to-column assemblies that have

been tested had configurations approximating beam spans of about 25 ft (7.6 m) and

beam depths varying from W30 (W760) to W36 (W920) so that beam span-to-depth

ratios were typically in the range of eight to ten (FEMA, 2000e). Given the degree to

which most specimens significantly exceeded the minimum interstory drift demands,

it was judged reasonable to set the minimum span-to-depth ratio at seven for SMF

and five for IMF.

Local buckling requirements for members subjected to significant inelastic rotation

are covered in the AISC Seismic Provisions. For the purposes of calculating the width

to-thickness ratio, it is permitted to take the flange width at the two-thirds point of the

RBS cut. This provision recognizes that the plastic hinge of the beam forms within

the length of the RBS cut, where the width of the flange is less than at the uncut sec

tion. This provision will result in a lower width-to-thickness ratio when taken at the

RBS cut compared to that at the uncut section. Many of the RBS tests conducted as

a part of the FEMA/SAC program used a W30x99 (W760x147) beam that does not

quite satisfy the flange width-to-thickness ratio at the uncut section. Nevertheless,

the tests were successful. For these reasons, it was judged reasonable to permit the

calculation of the width-to-thickness ratio a reasonable distance into the RBS cut.
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In developing this prequalification, the CPRP also reviewed lateral bracing require

ments for beams with RBS connections. Some concerns were raised in the past that 

the presence of the RBS flange cuts might make the beam more prone to lateral

torsional buckling and that supplemental lateral bracing should be provided at the 

RBS. The issue of lateral bracing requirements for beams with RBS connections was 

subsequently investigated in both experimental and analytical studies (FEMA, 2000f; 

Yu et al., 2000). These studies indicated that for bare steel specimens (no compos

ite slab), interstory drift angles of 0.04 rad can be achieved without a supplemental 

lateral brace at the RBS, as long as the normal lateral bracing required for beams in 

SMF systems is provided in accordance with Section Dl.2b of the AISC Seismic

Provisions. 

Studies also indicated that although supplemental bracing is not required at the RBS

to achieve 0.04 -rad interstory drift angles, the addition of a supplemental brace can 

result in improved performance. Tests on RBS specimens with composite slabs 

indicated that the presence of the slab provided a sufficient stabilizing effect that a 

supplemental brace at the RBS is not likely to provide significantly improved per

formance (FEMA, 2000f; Engelhardt, 1999; Tremblay et al., 1997). Based on the 

available data, beams with RBS connections that support a concrete structural slab 

are not required to have a supplemental brace at the RBS.

In cases where a supplemental brace is provided, the brace should not be connected 

within the reduced section (protected zone). Welded or bolted brace attachments in 

this highly strained region of the beam may serve as fracture initiation sites. Conse

quently, if a supplemental brace is provided, it should be located at or just beyond the 

end of the RBS that is farthest from the face of the column. 

The protected zone is defined as shown in Figure 5.1 and extends from the face of 

the column to the end of the RBS farthest from the column. This definition is based 

on test observations that indicate yielding typically does not extend past the far end 

of the RBS cut. 

2. Column Limitations

Nearly all tests of RBS connections have been performed with the beam flange 

welded to the column flange (i.e., strong-axis connections). The limited amount of 

weak-axis testing has shown acceptable performance. In the absence of more tests, 

the CPRP recommended limiting prequalification to strong-axis connections only. 

The majority of RBS specimens were constructed with Wl 4 (W360) columns. How

ever, a number of tests have also been conducted using deeper columns, including 

WIS, W27 and W36 (W460, W690 and W920) columns. Testing of deep-column 

RBS specimens under the FEMA/SAC program indicated that stability problems may 

occur when RBS connections are used with deep columns (FEMA, 2000f). In FEMA 

350 (FEMA, 2000b), RBS connections were only prequalified for Wl2 (W310) and 

Wl4 (W360) columns. 
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The specimens in the FEMA/SAC tests conducted showed a considerable amount 

of column twisting (Gilton et al., 2000). However, two of the three specimens tested 

achieved 0.04-rad rotation, albeit with considerable strength degradation. The third 

specimen just fell short of 0.04-rad rotation and failed by fracture of the column web 

near the k-area. Subsequent study attributed this fracture to column twisting. 

Subsequent to the FEMA/SAC tests, an analytical study (Shen et al., 2002) concluded 

that boundary conditions used in these tests may not be representative of what would 

be found in an actual building. Consequently, the large-column twisting (and, pre

sumably, resultant k-area column fracture) seen in the FEMA/SAC tests would not 

be expected in real buildings. The study also concluded that deep columns should not 

behave substantially different from WI4 (W360) columns and that no special bracing 

is needed when a slab is present. This was followed by a more extensive analytical 

and large-scale experimental investigation on RBS connections with columns up to 

W36 (W920) in depth (Ricles et al., 2004). This investigation showed that good per

formance can be achieved with deep columns when a composite slab is present or 

when adequate lateral bracing is provided for the beam and/or column in the absence 

of a slab. Based on a review of this recent research, the prequalification of RBS con

nections is extended herein to include W36 (W920) columns. 

The behavior of RBS connections with cruciform columns is expected to be similar to 

that of a rolled wide-flange column because the beam flange frames into the column 

flange, the principal panel zone is oriented parallel to that of the beam, and the web of 

the cut wide-flange column is to be welded with a CJP groove weld to the continuous 

web I ft above and below the depth of the frame girder. Given these similarities and 

the lack of evidence suggesting behavioral limit states different from those associ

ated with rolled wide-flange shapes, cruciform column depths are limited to those 

imposed on wide-flange shapes. 

Successful tests have also been conducted on RBS connections with built-up box 

columns. The largest box column for which test data were available was 24 in. by 

24 in. (600 mm by 600 mm). Consequently, RBS connections have been prequalified 

for use with built-up box columns up to 24 in. (600 mm). Limits on the width-to

thickness ratios for the walls of built-up box columns are specified in Section 2.3.2b(3) 

and were chosen to reasonably match the box columns that have been tested. 

The use of box columns participating in orthogonal moment frames-that is, with 

RBS connections provided on orthogonal beams-is also prequalified. Although no 

data were available for test specimens with orthogonal beams, this condition should 

provide ostensibly the same performance as single-plane connections, because the 

RBS does not rely on panel zone yielding for good performance and the column is 

expected to remain essentially elastic for the case of orthogonal connections. 

Based on successful tests on wide-flange columns and on built-up box columns, boxed 

wide-flange columns would also be expected to provide acceptable performance. 

Consequently, RBS connections are prequalified for use with boxed wide-flange col

umns. When moment connections are made only to the flanges of the wide-flange 

portion of the boxed wide-flange, the column may be up to W36 (W920) in depth. 
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When the boxed wide-flange column participates in orthogonal moment frames, then 

neither the depth nor the width of the column is allowed to exceed 24 in. (600 mm), 

applying the same limits as for built-up boxes. 

5.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

Column panel zone strength provided on RBS test specimens has varied over a wide 

range. This includes specimens with very strong panel zones (no yielding in the panel 

zone), specimens with very weak panel zones ( essentially all yielding in the panel 

zone and no yielding in the beam), and specimens where yielding has been shared 

between the panel zone and the beam. Good performance has been achieved for all 

levels of panel zone strength (FEMA, 2000f), including panel zones that are substan

tially weaker than permitted in AISC Seismic Provisions Section E3.6e. However, 

there are concerns that very weak panel zones may promote fracture in the vicinity of 

the beam-flange groove welds due to "kinking" of the column flanges at the bound

aries of the panel zone. Consequently, the minimum panel zone strength specified 

in Section E3.6e of the AISC Seismic Provisions is required for prequalified RBS

connections. 

5.5. BEAM FLANGE-TO-COLUMN FLANGE WELD LIMITATIONS 

Complete-joint-penetration groove welds joining the beam flanges to the column 

flanges provided on the majority of RBS test specimens have been made by the 

self-shielded flux cored arc welding process (FCAW-S) using electrodes with a min

imum specified Charpy V-notch toughness. Three different electrode designations 

have commonly been used in these tests: E71T-8, E70TG-K2 and E70T-6. Further, 

for most specimens, the bottom flange backing was removed and a reinforcing fil

let added, top flange backing was fillet welded to the column, and weld tabs were 

removed at both the top and bottom flanges. 

Test specimens have employed a range of weld access-hole geometries, and results 

suggest that connection performance is not highly sensitive to the weld access-hole 

geometry. Consequently, prequalified RBS connections do not require specific 

access-hole geometry. Weld access holes should satisfy the requirements of Sec

tion 6.11 of AWS D l.8/D1.8M (AWS, 2016). The alternative geometry for weld 

access holes specified in Section 6.11.1.2 of AWS D1.8/D l.8M is not required for 

RBS connections. 

5.6. BEAM WEB-TO-COLUMN CONNECTION LIMITATIONS 

Two types of web connection details have been used for radius-cut RBS test speci

mens: a welded and a bolted detail. In the welded detail, the beam web is welded 

directly to the column flange using a complete-joint-penetration (CJP) groove weld. 

For the bolted detail, pretensioned high-strength bolts are used. Specimens with both 

types of web connections have achieved at least 0.04-rad interstory drift angles, and 

consequently, both types of web connection details were permitted for RBS connec

tions in FEMA 350 (2000b). 
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Previous test data (Engelhardt et al., 2000) indicate that beyond an interstory drift 

angle of 0.04 rad, specimens with bolted web connections show a higher incidence 

of fracture occurring near the beam-flange groove welds, as compared to specimens 

with welded web connections. Thus, while satisfactory performance is possible with 

a bolted web connection, previous test data indicate that a welded web is beneficial in 

reducing the vulnerability of RBS connections to fracture at the beam-flange groove 

welds. 

Subsequent to the SAC/FEMA testing on RBS connections, a test program (Lee et al., 

2004) was conducted that directly compared nominally identical RBS connections 

except for the web connection detail. The RBS specimens with welded web connec

tions achieved a 0.04-rad interstory drift angle, whereas RBS specimens with bolted 

web connections failed to achieve 0.04 rad. 

Thus, while past successful tests have been conducted on RBS connections with 

bolted web connections, recent data have provided contradictory evidence, suggest

ing bolted web connections may not be suitable for RBS connections when used 

for SMF applications. Until further data are available, a welded web connection is 

required for RBS connections prequalified for use in SMF. For IMF applications, 

bolted web connections are acceptable. 

The beam web-to-plate CJP groove weld is intended to extend the full distance 

between the weld access holes to minimize the potential for crack-initiation at the ends 

of the welds-hence, the requirement for the plate to extend from one weld access 

hole to the other. All specimens were tested with the full-depth weld configuration. 

5.7. FABRICATION OF FLANGE CUTS 

Various shapes of flange cutouts are possible for RBS connections, including a con

stant cut, a tapered cut, and a radius cut. Experimental work has included successful 

tests on all of these types of RBS cuts. The radius cut avoids abrupt changes of cross 

section, reducing the chances of a premature fracture occurring within the reduced 

section. Further, the majority of tests reported in the literature used radius-cut RBS

sections. Consequently, only the radius-cut RBS shape is prequalified. 

An issue in the fabrication of RBS connections is the required surface finish and 

smoothness of the RBS flange cuts. No research data was found that specifically 

addressed this issue. Consequently, finish requirements for RBS cuts were chosen by 

the CPRP based on judgment and are consistent with those specified in FEMA 350 

(2000b). 

5.8. DESIGN PROCEDURE 

Dimensions of the RBS cuts for the test specimens reported in the literature vary 

over a fairly small range. The distance from the face of the column to the start of 

the RBS radius cut (designated as a in Figure 5.1) ranged from 50 to 75% of the 

beam-flange width. The length of the cuts (designated as bin Figure 5.1) varied from 

approximately 75 to 85% of the beam depth. The amount of flange width removed at 
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the minimum section of the RBS varied from about 38 to 55%. Flange removal for 

prequalified RBS connections is limited to a maximum of 50% to avoid excessive 

loss of strength or stiffness. 

The design procedure presented herein for prequalified RBS connections is similar to 

that presented in FEMA 350 (2000b). The overall basis for sizing the RBS radius cut 

in this design procedure is to limit the maximum beam moment that can develop at 

the face of the column to the actual plastic moment (based on expected yield stress) of 

the beam when the minimum section of the RBS is fully yielded and strain hardened. 

Test data indicate that connecting the beam at the face of the column in accordance 

with the requirements herein allows the connection to resist this level of moment 

while minimizing the chance of fracture at the beam-flange groove welds. 

Step 4 of the design procedure requires computation of the shear force at the center 

of the RBS radius cut. This shear force is a function of the gravity load on the beam 

and the plastic moment capacity of the RBS. An example calculation is shown in Fig

ure C-5. l for the case of a beam with a uniformly distributed gravity load. 

In Step S, Equation 5.8-6 neglects the gravity load on the portion of the beam between 

the center of the reduced beam section and the face of the column. If desired, the 

(a) 

I I 

(b) 

Fig. C-5.1. Example calculation o.f shear at center o.f RBS cuts: 

(a) beam with RBS cuts and un(form gravity load; (b) free-body

diagram of beam between RBS cuts and calculation of shear at RBS. 
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gravity load on this small portion of the beam is permitted to be included in the free

body diagram shown in Figure 5.2 and in Equation 5.8-6. 

For gravity load conditions other than a uniform load, the appropriate adjustment 

should be made to the free-body diagram in Figure C-5.1 and to Equations C-5.8-1 

and C-5.8-2. 

V, _ 2Mpr 
RBS ___ _ 

Lh 2 

(C-5.8-1) 

(C-5.8-2) 

Equations C-5.8-1 and C-5.8-2 assume that plastic hinges will form at the RBS at 

each end of the beam. If the gravity load on the beam is very large, the plastic hinge 

at one end of the beam may move toward the interior portion of the beam span. If 

this is the case, the free-body diagram in Figure C-5. l should be modified to extend 

between the actual plastic hinge locations. To determine whether Equations C-5.8-1 

and C-5.8-2 are valid, the moment diagram for the segment of the beam shown in 

Figure C-5. l(b)-that is, for the segment of the beam between the centers of the RBS

cuts-is drawn. If the maximum moment occurs at the ends of the span, then Equa

tions C-5.8-1 and C-5.8-2 are valid. If the maximum moment occurs within the span 

and exceeds Mpe of the beam (see Equation 5.8-7), then the modification described 

above will be needed. 

Nearly all moment frame connection tests have been performed on single- or double

sided beam-column subassemblies with the beam perpendicular to the vertical axis of 

the column (i.e., a level beam). Nevertheless, sloping beams occur in most structures, 

such as at the roof. This Standard does not contain provisions that explicitly address 

sloped beams because of the lack of systematic physical testing. Professional judg

ment, therefore, is required to determine whether a proposed frame beam slope is 

appropriately covered by the prequalification limits in this Standard. 

Shallow slopes are not thought to significantly reduce connection performance, but 

identifying a threshold above which this is no longer true has not been determined. 

Testing of frame beams using reduced beam sections sloping at 28 degrees (Ball et 

al., 2010) indicates that at this angle the performance of the connection is adversely 

impacted unless adjustments are made in the geometry of the reduced beam sec

tion cut. When the a dimension was equal at the top and bottom flanges (i.e., the 

centerline of the RBS is parallel to the vertical axis of the column), physical testing 

produced fracture of the beam flange CJP weld at the toe location in both specimens 

tested at lower than anticipated drift demands. Finite element analyses by Kim et al. 

(2010) showed that connections with the centerline of the RBS connection perpen

dicular to the beam flanges (i.e., using unequal a dimensions) reduces the demand on 

the beam flange weld at the toe location, see Figure C-5.2. 
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Frame girder � 
with RBS 
connection 

Centerline of ---� 
RBS perpendicular 
to beam centerline 

/Frame
/ ,d column 

Fig. C-5.2. Analytical studies (Kim et al., 2010) suggest that 

sloped frame beam with RBS centerline perpendicular to beam flanges 

perform better than !f RBS centerline is parallel to column centerline. 
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CHAPTER 6 

BOLTED UNSTIFFENED AND STIFFENED 

EXTENDED END-PLATE MOMENT CONNECTIONS 

6.1. GENERAL 

The three extended end-plate moment configurations currently addressed in this 

chapter are the most commonly used end-plate connection configurations in steel 

moment frames. AISC Design Guide 4, Extended End-Plate Moment Connections, 

Seismic and Wind Applications (Murray and Sumner, 2003) provides background, 

design procedures, and complete design examples for the three configurations. The 

guide was developed before this Standard was written, and there are small differences 

between the design procedures in the guide and in Section 6.8. The primary differ

ences are in the resistances factors. The Standard supersedes the design guide in all 

instances. 

Prequalification test results for the three extended end-plate moment connections are 

found in FEMA (1997); Meng (1996); Meng and Murray (1997); Ryan and Murray 

(1999); Sumner et al. (2000a); Sumner et al. (2000b); Sumner and Murray (2001); and 

Sumner and Murray (2002). Results of similar testing but not used for prequalification 

are found in Adey et al. (1997); Adey et al. (1998); Adey et al. (2000); Castellani et al. 

(1998); Coons (1999); Ghobarah et al. (1990); Ghobarah et al. (1992); Johnstone and 

Walpole (1981 ); Korol et al. (1990); Popov and Tsai (1989); and Tsai and Popov (1990). 

The intent of the design procedure in Section 6.8 is to provide an end-plate moment 

connection with sufficient strength to develop the strength of the connected flexural 

member. The connection does not provide any contribution to inelastic rotation. All 

inelastic deformation for an end-plate connection is achieved by beam yielding and/ 

or column panel zone deformation. 

The design procedure in Section 6.8 is based on Borgsmiller and Murray (1995) 

and is similar to the "thick plate" procedure in AISC Design Guide 16, Flush and 

Extended Multiple-Row Moment End-Plate Connections (Murray and Shoemaker, 

2002). The procedure is basically the same as that in FEMA 350 (2000b), but with 

much clarification. Applicable provisions in FEMA 353 (2000d) are incorporated 

into the procedure as well. 

6.2. SYSTEMS 

The three extended end-plate moment connections in Figure 6.1 are prequalified for 

use in IMF and SMF systems, except in SMF systems where the beam is in direct 

contact with concrete structural slabs. The exception applies only when shear studs 

are used to attach the concrete slab to the connected beam and is because of the lack 

of test data to date. Prequalification testing has generally been performed with bare 
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steel specimens. Sumner and Murray (2002) performed one test in which a slab was 

present. In this test, headed studs were installed from near the end-plate moment 

connection to the end of the beam, and the concrete was in contact with the column 

flanges and web. The lower bolts failed prematurely by tension rupture because of 

the increase in the distance from the neutral axis due to the presence of the composite 

slab. In later testing, Murray repeated this test but placed a flexible material between 

the vertical face of the end plate and the slab to inhibit slab participation in transfer of 

load to the column. This specimen performed acceptably and resulted in provisions 

for using concrete structural slabs when such flexible material is placed between the 

slab and the plate. 

6.3. PREQUALIFICATION LIMITS 

The parametric limitations in Table 6.1 were determined from reported test data in 

the prequalification references. Only connections that are within these limits are 

prequalified. 

For tapered members, the depth of the beam at the connection is used to determine 

the limiting span-to-depth ratio. 

1. Beam Limitations

The beam size limitations in Table 6.1 are directly related to connection testing.

Because many of the tested beam sections were built-up members, the limitations

are in cross-section dimensions instead of rolled-beam designations. There is no

evidence that modest deviations from these dimensions will result in significantly

different performance.

Similar to RBS testing, most of the tested beam-column assemblies had configura

tions approximating beam span-to-depth ratios in the range of 8 to 10. However, it

was judged reasonable to set the minimum span-to-depth ratio at 7 for SMF and 5

for IMF.

The protected zone requirements are based on test observations.

2. Column Limitations

Extended end-plate moment connections may be used only with rolled or built-up

I-shaped sections and must be flange connected. There are no other specific column

requirements for extended end-plate moment connections.

6.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

There are no specific column-to-beam relationship limitations for extended end-plate 

moment connections. 

6.5. CONTINUITY PLATES 

Continuity plate design must conform to the requirements of Section 2.4.4. The 

design procedure in Section 6.8 contains provisions specific to extended end-plate 
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moment connections, and the procedure is discussed generally in AISC Design Guide 

13, Wide-Flange Column Stiffening at Moment Connections (Carter, 1999). 

6.6. BOLTS 

Prequalification tests have been conducted with both pretensioned ASTM F3125 

Grade A325 and A490 bolts. Bolt length should be such that at least two complete 

threads are between the unthreaded portion of the shank and the face of the nut after 

the bolt is pretensioned. Slip-critical connection provisions are not required for end

plate moment connections. 

6.7. CONNECTION DETAILING 

Maximum gage-that is, the horizontal distance between outer bolt columns-is 

limited to the width of the beam flange to ensure a stiff load path. Monotonic tests 

have shown that the stiffness and strength of an end-plate moment connection are 

decreased when the bolt gage is wider than the beam flange. 

Inner bolt pitch-the distance between the face of the beam flange and the first row 

of inside or outside bolts-must be sufficient to allow bolt tightening. The minimum 

pitch values specified have been found to be satisfactory. An increase in pitch dis

tance can significantly increase the required end-plate thickness. 

The end-plate can be wider than the beam flange, but the width used in design calcu

lations is limited to the beam flange width plus 1 in. (25 mm). This limitation is based 

on the CPRP's assessment of unpublished results of monotonic tests of end-plate 

connections. 

The requirements for the length of beam-flange-to-end-plate stiffeners are established 

to ensure a smooth load path. The 30° angle is the same as used for determining the 

Whitmore section width in other types of connections. The required 1-in. (25-mm) 

land is needed to ensure the quality of the vertical and horizontal weld terminations. 

Tests have shown that the use of finger shims between the end-plate and the column 

flange do not affect the performance of the connection (Sumner et al., 2000a). 

Design procedures are not available for connections of beams with composite action 

at an extended end-plate moment connection. Therefore, careful composite slab 

detailing is necessary to prevent composite action that may increase tension forces 

in the lower bolts. Welded steel stud anchors are not permitted within 1 ½ times the 

beam depth, and compressible material is required between the concrete slab and the 

column face (Sumner and Murray, 2002; Yang et al., 2003). 

Cyclic testing has shown that use of weld access holes can cause premature fracture 

of the beam flange at extended end-plate moment connections (Meng and Murray, 

1997). Short to long weld access holes were investigated with similar results. There

fore, weld access holes are not permitted for extended end-plate moment connections. 

Strain gage measurements have shown that the web plate material in the vicinity of 

the inside tension bolts generally reaches the yield strain (Murray and Kukreti, 1988). 
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Consequently, it is required that the web-to-end-plate weld(s) in the vicinity of the 

inside bolts be sufficient to develop the strength of the beam web. 

The beam-flange-to-end-plate and stiffener weld requirements equal or exceed the 

welding that was used to prequalify the three extended end-plate moment connec

tions. Because weld access holes are not permitted, the beam-flange-to-end plate 

weld at the beam web is necessarily a partial-joint-penetration (PJP) groove weld. 

The prequalification testing has shown that these conditions are not detrimental to the 

performance of the connection. 

6.8. DESIGN PROCEDURE 

The design procedure in this section, with some modification, was used to design the 

prequalification test specimens. The procedure is very similar to that in AISC Design 

Guide 4 (Murray and Sumner, 2003), except that different resistance factors are used. 

Example calculations are found in the design guide. Column stiffening example cal

culations are found in AISC Design Guide 13 (Carter, 1999). 
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CHAPTER 7 

BOLTED FLANGE PLATE (BFP) 
MOMENT CONNECTION 

7.1. GENERAL 

The bolted flange plate (BFP) connection is a field-bolted connection. The funda

mental seismic behaviors expected with the BFP moment connection include: 

(1) Initial yielding of the beam at the last bolt away from the face of the column.

(2) Slip of the flange plate bolts, which occurs at similar resistance levels to the

initial yielding in the beam flange, but the slip does not contribute greatly to the

total deformation capacity of the connection.

(3) Secondary yielding in the column panel zone, which occurs as the expected

moment capacity and strain hardening occur.

(4) Limited yielding of the flange plate, which may occur at the maximum

deformations.

This sequence of yielding has resulted in very large inelastic deformation capacity for 

the BFP moment connection, but the design procedure is somewhat more complex 

than some other prequalified connections. 

The flange plates and web shear plate are shop-welded to the column flange and 

field-bolted to the beam flanges and web, respectively. ASTM F3 l 25 Grade A490 

or A490M bolts with threads excluded from the shear plane are used for the beam 

flange connections because the higher shear strength of the Grade A490 or A490M 

bolts reduces the number of bolts required and reduces the length of the flange plate. 

The shorter flange plates that are, therefore, possible reduce the seismic inelastic 

deformation demands on the connection and simplify the balance of the resistances 

required for different failure modes in the design procedure. Flange plate connections 

with ASTM F3125 Grade A325 or A325M bolts may be possible but will be more 

difficult to accomplish because of the reduced bolt strength, greater number of bolts, 

and longer flange plates required. As a result, the connection is not prequalified for 

use with Grade A325 or A325M bolts. 

Prequalification of the BFP moment connection is based upon 20 BFP moment 

connection tests under cyclic inelastic deformation (FEMA, 2000e; Schneider and 

Teeraparbwong, 1999; Sato et al., 2008). Additional evidence supporting prequali

fication is derived from bolted T-stub connection tests (FEMA, 2000e; Swanson et 

al., 2000), because the BFP moment connection shares many yield mechanisms, fail

ure modes, and connection behaviors with the bolted T-stub connection. The tests 

were performed under several deformation-controlled test protocols, but most use 
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variations of the ATC-24 (ATC, 1992) or the SAC steel protocol (Krawinkler et al., 

2000), which are both very similar to the prequalification test protocol of Chapter K 

of the AISC Seismic Provisions (AISC, 2016a). The 20 BFP tests were performed on 

connections with beams ranging in depth from W8 (W200) to W36 (W920) sections, 

and the average total demonstrated ductility capacity exceeded 0.057 rad. Hence, 

the inelastic deformation capacity achieved with BFP moment connections is among 

the best achieved from seismic testing of moment frame connections. However, the 

design of the connection is relatively complex because numerous yield mechanisms 

and failure modes must be considered in the design process. Initial and primary yield

ing in the BFP moment connection is flexural yielding of the beam near the last row 

of bolts at the end of the flange plate. However, specimens with the greatest ductility 

achieve secondary yielding through shear yielding of the column panel zone and 

limited tensile yielding of the flange plate. Hence, a balanced design that achieves 

yielding from multiple yield mechanisms is encouraged. 

Most past tests have been conducted on specimens with single-sided connections, 

and the force-deflection behavior is somewhat pinched as shown in Figure C-7. I. 

Because plastic hinging at the end of the flange plate is the controlling yield mecha

nism, the expected plastic moment at this location dominates the connection design. 

The pinching is caused by a combination of bolt slip and the sequence of yielding 

and strain hardening encountered in the connection. Experiments have shown that 

the expected peak moment capacity at the plastic hinge is typically on the order of 

1.15 times the expected M
p 

of the beam, as defined in the AISC Seismic Provisions,

and the expected moment at the face of the column is on the order of 1.3 to 1.5 times 
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Fig. C-7.1. Moment at.face of column versus total connection rotation.for a BFP moment 

connection with a W30x108 (W760x161) beam and a W14x233 (W360x347) column. 
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the expected M
p 

of the beam, depending upon the span length, number of bolts, and 

length of the flange plate. The stiffness of this connection is usually slightly greater 

than 90% of that anticipated with a truly rigid, fully restrained (FR) connection. This 

reduced stiffness is expected to result in elastic deflection no more than I 0% larger 

than computed with an FR connection, and so elastic calculations with rigid connec

tions are considered to be adequate for most practical design purposes. 

7.2. SYSTEMS 

Review of the research literature shows that BFP moment connections meet the quali

fications and requirements of both SMF and IMF frames. However, no test data are 

available for BFP moment connections with composite slabs, so the BFP moment 

connection is not prequalified with reinforced concrete structural slabs that contact 

the face of the columns. Reinforced concrete structural slabs that make contact with 

the column may: 

• Significantly increase the moment at the face of the column.

• Cause significant increases of the force and strain demands in the bottom flange

plate.

• Result in reduced inelastic deformation capacity of the connection.

Therefore, prequalification of the BFP moment connection is restricted to the case 

where the concrete structural slab has a minimum separation or isolation from the 

column. In general, isolation is achieved if steel stud anchors are not included in the 

protected zone and if the slab is separated from all surfaces of the column by an open 

gap or by use of compressible foam-like material. 

7.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

The SMF prequalification limits largely reflect the range of past testing of the BFP

moment connection. Limits for IMF connections somewhat exceed these limits

because 18 of the past 20 tests used to prequalify the connection developed plastic

rotations larger than those required to qualify as a SMF connection, and all 20 tests

greatly exceed the rotation required to qualify as an IMF connection.

BFP moment connections have been tested with beams as large as the W36x150

(W920x223) while achieving the ductility required for qualification as an SMF. Con

sequently, the W36 (W920) beam depth, 150 lb/ft weight limit (223 kg/m mass limit),

and 1 in. (25 mm) flange thickness limits are adopted in this provision. Past tests have

shown adequate inelastic rotation capacity to qualify as an SMF in tests with span-to

depth ratios less than 5 and greater than 16, so lower bound span-to-depth ratio limits

of 7 and 9 are conservatively adopted for the IMF and SMF applications, respectively.

Inelastic deformation is expected for approximately one beam depth beyond the end

of the flange plate, and limited yielding is expected in the flange plate. As a result, the

protected zone extends from the column face to a distance equal to the depth of the

beam beyond the bolt farthest from the face of the column.
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Primary plastic hinging of the BFP moment connection occurs well away from the 

face of the column, and lateral-torsional deformation will occur as extensive yielding 

develops in the connection. As a result, lateral bracing of the beam is required at the 

end of the protected zone. The bracing is required within the interval between 1 and 

1.5 beam depths beyond the flange bolts farthest from the face of the column. This 

permits some variation in the placement of the lateral support to allow economical 

use of transverse framing for lateral support where possible. As with other moment 

frame connections, supplemental lateral bracing at the column flange connection can 

typically be accommodated by the stiffness of the diaphragm and transverse framing. 

As for other prequalified connections, the BFP moment connection requires compact 

flanges and webs as defined by the AISC Seismic Provisions, and built-up I-shaped 

beams conforming to Section 2.3 are permitted. It should be noted, however, that the 

BFP and most other prequalified connections do not have specific seismic test data 

to document the prequalification of built-up beam sections. This prequalification is 

provided because long experience shows that built-up steel sections provide flexural 

behavior similar to hot-rolled shapes with comparable materials and proportions. 

2. Column Limitations

BFP moment connections have been tested with wide-flange columns up to W14x233

(W360x347) sections. The SMF prequalification limits largely reflect the range of

past testing of the BFP moment connection. All 20 tests were completed with strong

axis bending of the column, and the prequalification of the BFP moment connections

is limited to connections made to the column flange.

As with most other prequalified connections, the BFP moment connection has not

been tested with columns deeper than W14 (W360) sections or with built-up col

umn sections. It was the judgment of the CPRP that the BFP moment connection

places similar or perhaps smaller demands on the column than other prequalified

connections. The demands may be smaller because of the somewhat smaller strain

hardening moment increase achieved with the BFP moment connection as compared

to the welded web-welded flange and other FR connections. The location of yielding

of the BFP moment connection is somewhat analogous to the RBS connection, and

therefore, prequalification limits for the column are comparable to those used for the

RBS connection.

7.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS

The BFP moment connection is expected to sustain primary yielding in the beam

starting at the last flange plate bolt line away from the face of the column. Secondary

yielding is expected in the column panel zone and very limited subsequent yielding is

expected in the flange plate. Yielding in the column outside the connection panel zone

is strongly discouraged. Therefore, the BFP moment connection employs a similar

weak beam-strong column check and panel zone resistance check as used for other

prequalified connections.
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7.5. CONNECTION DETAILING 

The BFP moment connection requires plate steel for the flange plate, shear plate, and 

possibly panel zone doubler plates. Past tests have been performed with plates fabri

cated both from ASTM A36/A36M and A572/A572M Grade 50 (Grade 345) steels. 

Therefore, the prequalification extends to both plate types. The designer should be 

aware of potential pitfalls with the material selection for the flange plate design. The 

flange plate must develop tensile yield strength over the gross section and ultimate 

tensile fracture resistance over the effective net section. A36/ A36M steel has greater 

separation of the nominal yield stress and the minimum tensile strength, and this may 

simplify the satisfaction of these dual requirements. However, variation in expected 

yield stress is larger for A36/ A36M steel, and design calculations may more accu

rately approximate actual flange plate performance with A572/ A572M steel. 

The flange plate welds are shop welds, and these welds are subject to potential sec

ondary yielding caused by strain hardening at the primary yield location in the beam. 

As a result, the welds are required to be demand-critical complete-joint-penetration 

(CJP) groove welds. If backing is used, it must be removed, and the weld must be 

backgouged to sound material and backwelded to ensure that the weld can sustain 

yielding of the flange plate. Because the welds are shop welds, considerable latitude 

is possible in the selection of the weld process as long as the finished weld meets the 

demand critical weld requirements stipulated in the AISC Seismic Provisions. In the 

test specimens used to prequalify this connection, electroslag, gas shielded metal arc, 

and flux cored arc welding have been used. 

The BFP moment connection places somewhat less severe demands on the web con

nection than most FR connections because of the somewhat greater flexibility of the 

bolted flange connection. As a result, the shear plate may be welded with CJP groove 

welds, partial-joint-penetration (PJP) groove welds, or fillet welds. 

Bolts in the flange plate are limited to two rows of bolts, and the bolt holes must be 

made by drilling or sub-punching and reaming. These requirements reflect testing 

used to prequalify the BFP moment connection, but they also reflect practical limita

tions in the connection design. Net section rupture is a clear possibility in the beam 

flange and flange plates, and it is very difficult to meet the net section rupture criteria 

if more than two rows of bolts are employed. 

A single row of bolts causes severe eccentricity in the connection and would lead to 

an excessively long connection. Punched bolt holes without reaming are not permit

ted because punching may induce surface roughness in the hole that may initiate 

cracking of the net section under high tensile stress. As noted earlier, the connection 

is prequalified only for A490 or A490M bolts with threads excluded from the shear 

plane. Bolt diameter is limited to a maximum of 1 Vs in. (28 mm) because larger bolts 

are seldom used and the 1 1/s in. (28 mm) diameter is the maximum used in past BFP 

tests. The bolt diameter must be selected to ensure that flange yielding over the gross 

area exceeds the net section capacity of the beam flange. 
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Oversized bolt holes were included in some past tests because the oversized holes 

permit easier alignment of the bolts and erection of the connection and resulted in 

good performance of the connection. Further, the beam must fit between two welded 

flange plates with full consideration of rolling and fabrication tolerances. As a result, 

shims may be used to simplify erection while ensuring a tight connection fit. 

7.6. DESIGN PROCEDURE 

The BFP moment connection is somewhat more complex than some other connec

tions, because a larger number of yield locations and failure modes are encountered 

with this connection. Step 1 of this procedure defines the maximum expected 

moment, Mpr, at the last bolt away from the face of the column in the flange plate. The 

beam flange must have greater net section fracture resistance than its yield resistance 

because tensile yield of the flange is a ductile mechanism and net section rupture is a 

brittle failure. Step 2 establishes the maximum bolt diameter that can meet this bal

anced criterion. While this requirement is rational, it should be noted that net section 

rupture of the beam flange has not occurred in any past BFP tests, because the beam 

web clearly reduces any potential for flange rupture. 

The shear strength of the flange bolts is the smallest strength permitted based on bolt 

shear with threads excluded from the shear plane, bolt bearing on the flange plate, 

bolt bearing on the beam flange, and block shear considerations. Step 3 provides 

this evaluation. Step 4 is an approximate evaluation of the number of bolts needed 

to develop the BFP moment connection. The moment for the bolts is larger than Mpr 

because the centroid of the bolt group is at a different location than the primary hinge 

location. However, this moment cannot be accurately determined until the geometry 

of the flange plate and bolt spacing are established. The 1.25 factor is used as an 

empirical increase in this moment to provide this initial estimate for the number of 

bolts required. The bolts are tightened to meet slip-critical criteria, but the connection 

is not slip-critical: The bolts are designed as bearing bolts. 

Once the required number of bolts is established, bolt spacing and an initial estimate 

of the flange plate length can be established. This geometry is illustrated and sum

marized in Figure 7. I, and Step 5 defines critical dimensions of this geometry for 

later design checks. 

Step 6 is similar to other connection types in that the shear force at the plastic hinge 

is based upon the maximum shear achieved with maximum expected moments at the 

plastic hinges at both ends of the beam plus the shear associated with appropriate 

gravity loads on the beam. 

Step 7 uses the geometry established in Step 5 and the maximum shear force estab

lished in Step 6 to determine the maximum expected moment at the face of the 

column flange, MJ- The maximum expected force in the flange plate, Fpr, is deter

mined from Mt in Step 8. 

The flange plate bolts cannot experience a tensile force larger than Fpr, so Step 9 

checks the actual number of bolts required in the connection. If this number is larger 
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or smaller than that estimated in Step 4, it may be necessary to change the number of 

bolts and repeat Steps S through 9 until convergence is achieved. 

Steps 10 and 11 check the flange plate width and thickness to ensure that tensile yield 

strength and tensile rupture strength, respectively, exceed the maximum expected 

tensile force in the flange. The net section rupture check of Step 11 employs the 

nonductile resistance factor, while the flange yielding check of Step 10 employs the 

ductile resistance factor; this check also allows limited yielding in the flange plate 

and ensures ductility of the connection. Step 12 checks block shear of the bolt group 

in the flange plate, and Step 13 checks the flange plate for buckling, when Fpr is in 

compression. Both block shear and buckling of the flange plate are treated as non

ductile behaviors. 

Step 14 is somewhat parallel to Step 6 except that the beam shear force at the face 

of the column is established, and this shear force is then used to size and design the 

single shear-plate connection is Step 15. 

Continuity plates and panel zone shear strength are checked in Steps 16 and 17, 

respectively. These checks are comparable to those used for other prequalified 

connections. 

As previously noted, the BFP moment connection has provided quite large inelastic 

rotational capacity in past research. It has done this by attaining primary yielding in 

the beam at the end of the flange plate away from the column and through secondary 

yielding as shear yielding in the column panel zone and tensile yielding in the flange 

plate. Bolt slip occurs but does not contribute greatly to connection ductility. This 

rather complex design procedure attempts to achieve these goals by balancing the 

resistances for different yield mechanisms and failure modes in the connection and 

by employing somewhat greater conservatism for brittle behaviors than for ductile 

behaviors. 
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CHAPTER 8 

WELDED UNREINFORCED FLANGE-WELDED WEB 
(WUF-W) MOMENT CONNECTION 

8.1. GENERAL 

The welded unreinforced flange-welded web ( WUF-W) moment connection is an 

all-welded moment connection, wherein the beam flanges and the beam web are 

welded directly to the column flange. A number of welded moment connections that 

came into use after the 1994 Northridge earthquake, such as the reduced beam sec

tion and connections provided with beam flange reinforcement, were designed to 

move the plastic hinge away from the face of the column. In the case of the WUF-W 

moment connection, the plastic hinge is not moved away from the face of the column. 

Rather, the WUF-W moment connection employs design and detailing features that 

are intended to permit the connection to achieve SMF performance criteria without 

fracture. Key features of the WUF-W moment connection that are intended to control 

fracture are as follows: 

• The beam flanges are welded to the column flange using CJP groove welds that

meet the requirements of demand critical welds in theAISC Seismic Provisions,

along with the requirements for treatment of backing and weld tabs and welding

quality control and quality assurance requirements, as specified in Chapter 3.

• The beam web is welded directly to the column flange using a CJP groove weld

that extends the full-depth of the web-that is, from weld access hole to weld

access hole. This is supplemented by a single-plate connection, wherein a single

plate is welded to the column flange and is then fillet welded to the beam web.

Thus, the beam web is attached to the column flange with both a CJP groove

weld and a welded single-plate connection. The single-plate connection adds

stiffness to the beam web connection, drawing stress toward the web connection

and away from the beam flange-to-column flange connections. The single plate

also serves as backing for the CJP groove weld connecting the beam web to the

column flange.

• Instead of using a conventional weld access hole detail as specified in AISC

Specification Section Jl.6 (AISC, 2016b), the WUF-W moment connection

employs a special seismic weld access hole with requirements on size, shape

and finish that reduce stress concentrations in the region around the access hole

detailed inAWS Dl.8/Dl.8M (AWS, 2016).

Prequalification of the WUF-W moment connection is based on the results of two 

major research and testing programs. Both programs combined large-scale tests with 

extensive finite element studies. Both are briefly described herein. 
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The first research program on the WUF-W moment connection was conducted at 

Lehigh University as part of the SAC-FEMA program. Results are reported in sev

eral publications (Rides et al., 2000, 2002). This test program formed the basis of 

prequalification of the WUF-W moment connection in FEMA 350 (FEMA, 2000e). 

As part of the Lehigh program, tests were conducted on both interior and exterior 

type specimens. The exterior specimens consisted of one beam attached to a column. 

The interior specimens consisted of a column with beams attached to both flanges. 

One of the interior specimens included a composite floor slab. All specimens used 

W36x150 (W920x223) beams. Three different column sizes were used: W14x311, 

W14x398 and W27x258 (W360x463, W360x592 and W690x384). All WUF-W 

moment connection specimens tested in the Lehigh program satisfied the rotation 

criteria for SMF connections (±0.04-rad total rotation). Most specimens significantly 

exceeded the qualification criteria. Considering that the interior type specimens 

included two WUF-W moment connections each, 12 successful WUF-W moment 

connections were tested in the Lehigh program. This research program included 

extensive finite element studies that supported the development of the special seismic 

weld access hole and the details of the web connection. 

The second major research program on the WUF-W moment connection was con

ducted at the University of Minnesota. The purpose of this research program was to 

examine alternative doubler plate details, continuity plate requirements, and effects 

of a weak panel zone. All test specimens used the WUF-W moment connection. 

Results are reported in several publications (Lee et al., 2002, 2005a, 2005b). Six 

interior type specimens were tested in the Minnesota program. All specimens used 

W24x94 beams. Three column sizes were used: W14x283, W14x176 and W14x145. 

All specimens were designed with panel zones weaker than permitted by the AISC 

Seismic Provisions. Two of the test specimens, CRl and CR4, were inadvertently 

welded with low-toughness weld metal. This resulted in premature weld failure in 

specimen CR4 (failure occurred at about 0.015-rad rotation). With the exception of 

CR4, all specimens achieved a total rotation of ±0.04 rad, and sustained multiple 

cycles of loading at ±0.04 rad prior to failure. All successful specimens exhibited 

substantial panel zone yielding, due to the weak panel zone design. This test program 

was also supported by extensive finite element studies. 

Considering the WUF-W moment connection research programs at both Lehigh 

and the University of Minnesota, WUF-W moment connection specimens have 

shown excellent performance in tests. There is only one reported failed test, due to 

the inadvertent use of low-toughness weld metal for beam flange CJP groove welds 

(Minnesota specimen CR4 ). Of all of the WUF-W moment connection specimens that 

showed good performance (achieved rotations of at least ±0.04 rad), approximately 

one-half had panel zones weaker than permitted by the AISC Seismic Provisions. The 

other half satisfied the panel zone strength criteria of the AISC Seismic Provisions.

This suggests that the WUF-W moment connection performs well for both strong 

and weak panel zones; therefore, the connection is not highly sensitive to panel zone 

strength. 
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The protected zone for the WUF-W moment connection is defined as the portion 

of the beam extending from the face of the column to a distance d from the face of 

the column, where d is the depth of the beam. Tests on WUF-W moment connec

tion specimens show that yielding in the beam is concentrated near the face of the 

column, but extends to some degree over a length of the beam approximately equal 

to its depth. 

8.3. PREQUALIFICATION LIMITS 

The WUF-W moment connection is prequalified for beams up to W36 (W920) in 

depth, up to 150 lb/ft in weight (223 kg/m mass limit) and up to a beam flange thick

ness of 1 in. (25 mm). This is based on the fact that a W36x150 (W920x223) is the 

deepest and heaviest beam tested with the WUF-W moment connection. The 1-in. 

(25-mm) flange thickness limitation represents a small extrapolation of the 0.94-in. 

(23.9-mm) flange thickness for the W36x150 (W920x223). Limits are also placed 

on span-to-depth ratio based on the span-to-depth ratios of the tested connections and 

based on judgment of the CPRP. 

Beam lateral bracing requirements for the WUF-W moment connection are identi

cal to those for the RBS moment connection. The effects of beam lateral bracing 

on cyclic loading performance have been investigated more extensively for the RBS 

moment connection than for the WUF-W moment connection. However, the avail

able data for the WUF-W moment connection suggest that beams are less prone to 

lateral-torsional buckling than with the RBS moment connections. Consequently, it is 

believed that lateral bracing requirements established for the RBS moment connec

tion are satisfactory, and perhaps somewhat conservative, for the WUF-W moment 

connection. 

Column sections used in WUF-W moment connection test specimens were WI4 

(W360) and W27 (W690) sections. However, column limitations for the WUF-W 

moment connection are nearly the same as for the RBS moment connection, which 

includes wide-flange shapes up to W36 (W920) and box columns up to 24 in. by 24 in. 

(610 mm by 610 mm). A primary concern with deep columns in moment frames has 

been the potential for twisting and instability of the column driven by lateral-torsional 

buckling of the beam. Because beams with WUF-W moment connections are viewed 

as somewhat less prone to lateral-torsional buckling than beams with RBS moment 

connections, the column limitations established for the RBS moment connection 

were judged as appropriate for the WUF-W moment connection. 

8.4. COLUMN-BE AM RELATIONSHIP LIMITATIONS 

WUF-W moment connection test specimens have shown good performance with a 

range of panel zone shear strengths, ranging from very weak to very strong panel zones. 

Tests conducted at the University of Minnesota (Lee et al., 2005b) showed excellent 

performance on specimens with panel zones substantially weaker than required in the 

AISC Seismic Provisions. However, there are concerns that very weak panel zones 

may contribute to premature connection fracture under some circumstances, and it is 
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believed further research is needed before weak panel zone designs can be prequali

fied. Consequently, the minimum panel zone strength required in AISC Seismic 

Provisions Section E3.6e is required for prequalified WUF-W moment connections 

for SMF. For IMF systems, the AISC Seismic Provisions have no special panel zone 

strength requirements, beyond the AISC Specification. This may lead to designs in 

which inelastic action is concentrated within the panel zone. As  described earlier, 

based on successful tests on WUF-W moment connection specimens with weak panel 

zones, this condition is not viewed as detrimental for IMF systems. 

8.5. BEAM FLANGE-TO-COLUMN FLANGE WELDS 

The welds must meet the requirements of demand critical welds in the AISC Seismic 

Provisions, as well as the detailing and quality control and quality assurance require

ments specified in Chapter 3. These beam flange-to-column flange weld requirements 

reflect the practices used in the test specimens that form the basis for prequalification 

of the WUF-W moment connection and reflect what are believed to be best practices 

for beam flange groove welds for SMF and IMF applications. 

A key feature of the WUF-W moment connection is the use of a special weld access 

hole. The special seismic weld access hole has specific requirements on the size, shape 

and finish of the access hole. This special access hole was developed in research on 

the WUF-W moment connection (Ricles et al., 2000, 2002) and is intended to reduce 

stress concentrations introduced by the presence of the weld access hole. The size, 

shape and finish requirements for the special access hole are specified in AWS Dl.8/ 

DI.SM Section 6.11.1.2 (AWS, 2016).

8.6. BEAM WEB-TO-COLUMN CONNECTION LIMITATIONS 

The beam web is connected to the column flange with a full-depth (weld access hole

to-weld access hole) CJP groove weld, with a single plate serving as backing. The 

single plate is fillet welded to the beam web and also welded to the column flange. 

See Figure 8.2 for detail. The use of the CJP groove weld combined with the fillet

welded single plate is believed to increase the stiffness of the beam web connection. 

The stiffer beam web connection serves to draw stress away from the beam flanges 

and therefore reduces the demands on the beam flange groove welds. 

Most of the details of the beam web-to-column connection are fully prescribed in 

Section 8.6; thus, few design calculations are needed for this connection. An excep

tion to this is the connection of the single plate to the column. This connection must 

develop the shear strength of the single plate, as specified in Section 8.6(2). This can 

be accomplished by the use of CJP groove welds, PJP groove welds, fillets welds, 

or combinations of these welds. The choice of these welds is left to the discretion of 

the designer. In developing the connection between the single plate and the column 

flange, designers should consider the following issues: 

• The use of a single-sided fillet weld between the single plate and the column

flange should be avoided. If the single plate is inadvertently loaded or struck in
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the out-of-plane direction during erection, the fillet weld may break and may 

lead to erection safety concerns. 

• The end of the beam web must be set back from the face of the column flange

a specified amount to accommodate the web CJP root opening dimensional

requirements. Consequently, the single plate-to-column weld that is placed in

the web CJP root opening must be small enough to fit in that specified root

opening. For example, if the CJP groove weld is detailed with a ¼-in. (6-mm)

root opening, a fillet weld between the single plate and the column flange larger

than ¼ in. (6 mm) will cause the root of the CJP groove weld to exceed ¼ in.

(6 mm).

• Placement of the CJP groove weld connecting the beam web to the column

flange will likely result in intermixing of weld metal, with the weld attaching

the single plate to the column flange. Requirements for intermix of filler metals

specified in AWS Dl.8/Dl.8M (AWS, 2016) should be followed in this case.

The CJP groove weld connecting the beam web to the column flange must meet the 

requirements of demand critical welds. Note that weld tabs are permitted, but not 

required, at the top and bottom ends of this weld. If weld tabs are used, they should 

be removed after welding according to the requirements of Section 3.4. If weld tabs 

are not used, the CJP groove weld should be terminated in a manner that minimizes 

notches and stress concentrations, such as with the use of cascaded ends. 

The fillet weld connecting the beam web to the single plate should be terminated a 

small distance from the weld access hole, as shown in Figure 8.3. This is to avoid 

introducing notches at the edge of the weld access hole. 

8.7. DESIGN PROCEDURE 

For the WUF-W moment connection, many of the details of the connection of the 

beam to the column flange are fully prescribed in Sections 8.5 and 8.6. Consequently, 

the design procedure for the WUF-W moment connection largely involves typical 

checks for continuity plates, panel zone shear strength, column-beam moment ratio, 

and beam shear strength. 

With the WUF-W moment connection, yielding of the beam (i.e., plastic hinge for

mation) occurs over the portion of the beam extending from the face of the column 

to a distance of approximately one beam depth beyond the face of the column. For 

purposes of the design procedure, the location of the plastic hinge is taken to be at the 

face of the column. That is, Sh = 0 for the WUF-W moment connection. It should be 

noted that the location of the plastic hinge for design calculation purposes is some

what arbitrary, because the plastic hinge does not occur at a single point but, instead, 

occurs over some length of the beam. The use of Sh = 0 is selected to simplify the 

design calculations. The value of C
pr was calibrated so that when used with Sh = 0, 

the calculated moment at the column face reflects values measured in experiments. 

Note that the moment in the beam at the column face is the key parameter in checking 

panel zone strength, column-beam moment ratio, and beam shear strength. 
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The value of Cpr for the WUF-W moment connection is specified as 1.4, based on an 

evaluation of experimental data. Tests on WUF-W moment connections with strong 

panel zones (Ricles et al., 2000) showed maximum beam moments, measured at the 

face of the column, as high as 1.49Mp, where Mp was based on measured values of 

Fy. The average maximum beam moment at the face of the column was 1.33Mp. 

Consequently, strain hardening in the beam with a WUF-W moment connection is 

quite large. The value of Cpr of 1.4 was chosen to reflect this high degree of strain 

hardening. Combining the value of Cpr = 1.4 with S1, = 0 results in a moment at the 

face of the column, Mf= Mpr = 1.4RyFyZ, that reasonably reflects maximum column 

face moments measured in experiments. 
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KAISER BOLTED BRACKET (KBB) 
MOMENT CONNECTION 

9.1. GENERAL 

9.2-191 

The Kaiser bolted bracket (KBB) moment connection is designed to eliminate field 

welding and facilitate frame erection. Depending on fabrication preference, the 

brackets can be either fillet welded (W-series) or bolted (B-series) to the beam. The 

B-series can also be utilized to improve the strength of weak or damaged connections,

although it is not prequalified for that purpose. Information on the cast steel and the

process used to manufacture the brackets is provided in Appendix A.

The proprietary design of the brackets is protected under U.S. patent number 

6,073,405 held by Steel Cast Connections LLC. Information on licensing rights can 

be found at http://www.steelcastconnections.com. The connection is not prequalified 

when brackets of an unlicensed design and/or manufacture are used. 

Connection prequalification is based on 21 full-scale bolted bracket tests represent

ing both new and repaired applications (Kasai and Bleiman, 1996; Gross et al., 1999; 

Newell and Uang, 2006; and Adan and Gibb, 2009). These tests were performed 

using beams ranging in depth from W16 to W36 (W410 to W920) and columns using 

Wl2, Wl4  and W27 (W310, W360 and W690) sections. Built-up box columns have 

also been tested. The test subassemblies have included both single cantilever and 

double-sided column configurations. Concrete slabs were not present in any tests. 

During testing, inelastic deformation was achieved primarily through the formation 

of a plastic hinge in the beam. Some secondary yielding was also achieved in the col

umn panel zone. Peak strength typically occurred at an interstory drift angle between 

0.025 and 0.045 rad. Specimen strength then gradually decreased with additional 

yielding and deformation. In the KBB testing reported by Adan and Gibb (2009), the 

average specimen maximum interstory drift angle exceeded 0.055 rad. 

9.2. SYSTEMS 

Review of the research literature and testing referenced in this document indicates 

that the KBB moment connection meets the prequalification requirement for special 

and intermediate moment frames. 

The exception associated with concrete structural slab placement at the column and 

bracket flanges is based on testing conducted on the stiffened extended end-plate 

moment connection (Seek and Murray, 2008). While bolted bracket testing has been 

conducted primarily on bare-steel specimens, some limited testing has also been per

formed on specimens with a concrete structural slab. In these tests, the presence of 

the slab provided a beneficial effect by maintaining the stability of the beam at larger 
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interstory drift angles (Gross et al., 1999; Newell and Uang, 2006). However, in the 

absence of more comprehensive testing with a slab, the placement of the concrete is 

subject to the exception. 

9.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

A wide range of beam sizes was tested with bolted brackets. The lightest beam size

reported in the literature was a W16x40 (W410x60). The heaviest beam reported

was a W36x210 (W920x313). In the W36x210 test, the specimen met the require

ments, but subsequently experienced an unexpected nonductile failure of the bolts

connecting the bracket to the column. The next heaviest beams reported to have met

the requirements were W33x130 and W36x150 (W840x193 and W410x60). Based

on the judgment of the CPRP, the maximum beam depth and weight was limited to

match that of the W33x130 (W840x193). The maximum flange thickness was estab

lished to match a modest increase above that of the W36x150 (W410x60).

The limitation associated with minimum beam flange width is required to accommo

date fillet weld attachment of the W-series bracket and to prevent beam flange tensile

rupture when using the B-series bracket.

Bolted bracket connection test assemblies used configurations approximating beam

spans between 24 and 30 ft (7 .3 and 9 .1 m). The beam span-to-depth ratios were in the

range of 8 to 20. Given the degree to which most specimens significantly exceeded

the requirement, it was judged reasonable to set the minimum span-to-depth ratio at

9 for both SMF and IMF systems.

As with other prequalified connections, beams supporting a concrete structural slab

are not required to have a supplemental brace near the expected plastic hinge. If no

floor slab is present, then a supplemental brace is required. The brace may not be

located within the protected zone.

2. Column Limitations

Bolted bracket connection tests were performed with the brackets bolted to the col

umn flange (i.e., strong-axis connections). In the absence of additional testing with

brackets bolted to the column web (weak-axis connections), the prequalification is

limited to column flange connections.

Test specimen wide-flange column sizes ranged from W12x65 to W27x281

(W310x97 to W690x418). Testing performed by Ricles et al. (2004) of deep-column

RBS connections demonstrated that deep columns do not behave substantially dif

ferent from W l4 (W360) columns when a slab is present or when adequate lateral

bracing is provided for the beam and/or column in the absence of a slab. Based on the

similarity in performance to that of the RBS connection, the KBB is prequalified to

include column sizes up to W36 (W920).
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The behavior of a flanged cruciform column in KBB connections is expected to be 

similar to that of a rolled wide-flange. Therefore, flanged cruciform columns are 

prequalified, subject to the limitations imposed on rolled wide-flange shapes. 

Two of the tests were successfully conducted using a built-up box column. In the 

first box column test, connections were made on two opposing column faces. Then, 

in the second test, a connection was made to the orthogonal face of the same column. 

These two tests were intended to prequalify a box column participating in orthogonal 

moment frames. The tested box column was 155/s in. (390 mm) square (Adan and 

Gibb, 2009). Consequently, bolted bracket connections are prequalified for use with 

built-up box columns up to 16 in. (406 mm) square. 

Based on both successful wide-flange and built-up box column testing, acceptable 

performance would also be expected for boxed wide-flange columns. Therefore, the 

use of boxed wide-flange columns is also prequalified. When moment connections 

are made only to the flanges of the wide-flange portion of the boxed wide-flange, 

subject to the bracing limitations mentioned previously, the column may be as deep 

as a W36 (W920). When the boxed wide-flange column participates in orthogonal 

moment frames, neither the depth nor the width of the column is alJowed to exceed 

16 in. (400 mm), applying the same limit as a built-up box. 

3. Bracket Limitations

The ASTM cast steel material specification used to manufacture the brackets is based

on recommendations from the Steel Founders' Society of America (SFSA).

The cast brackets are configured and proportioned to resist applied loads in accor

dance with the limit states outlined by Gross et al. (1999). These limit states include

column flange local buckling; bolt prying action; combined bending and axial load

ing on the bracket; shear; and additionally for the B-series, bolt bearing deformation

and block shear rupture.

In tests representing new applications, the bracket column bolt holes were cast verti

cally short-slotted. The vertically slotted holes provide field instalJation tolerance. In

tests representing a repair application, the holes were cast standard diameter. There

has been no difference in connection performance using either type of cast hole

(Adan and Gibb, 2009).

9.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS

The reduction of column axial and moment strength due to the column bolt holes

need not be considered when checking column-beam moment ratios. Research per

formed by Masuda et al. (1998) indicated that a 30 to 40% loss of flange area due to

bolt holes showed only a corresponding 10% reduction in the yield moment strength.

9.5. BRACKET-TO-COLUMN FLA NGE CONNECTION LIMITATIONS

In the prequalification tests, fasteners joining the bracket to the column flange were

pretensioned ASTM F3125 Grade A490 or A490M bolts. The column bolt head can
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be positioned on either the column or bracket side of the connection. Where possible, 

the column bolts are tightened prior to the bolts in the web shear tab. 

When needed, finger shims between the bracket and column face allow for fit between 

the bracket and column contact surfaces. Tests indicated that the use of finger shims 

does not affect the performance of the connection. 

Because the flanges of a box column are stiffened only at the corners, tightening 

of the column bolts can cause excessive local flange bending. Therefore, as shown 

in Figure C-9.1, a washer plate is required between the box column flange and the 

bracket. 

As shown in Figure C-9.1, orthogonally connected beams framing into a box column 

are raised one-half of the column bolt spacing distance to avoid overlapping the col

umn bolts. 

9.6. BRACKET-TO -BEAM FLANGE CONNECTION LIMITATIONS 

The cast steel brackets are not currently listed as a prequalified material in A WS 

Dl.1/Dl.lM (AWS, 2015). Therefore, the weld procedure specification (WPS) for 

the fillet weld joining the bracket to the beam flange is required to be qualified by test 

with the specific cast material. 

Bolts joining the bracket to the beam flange in prequalification tests have been con

ducted with pretensioned ASTM F3 l 25 Grade A490 or A490M bolts with the threads 

excluded from the shear plane. The beam bolt head can be positioned on either the 

beam or bracket side of the connection. Given the beam bolt pattern and hole size, it 

is necessary to use the bracket as a template when drilling the beam bolt holes. The 

holes must be aligned to permit insertion of the bolts without undue damage to the 

threads. 

The brass washer plate prevents abrading of the beam and bracket contact surfaces. 

In the initial developmental stages of the connection, several specimens configured 

without the brass plate experienced flange net section rupture through the outermost 

bolt holes. Observation of the failed specimens indicated that fracture likely initiated 

at a notch created by the abrading contact surfaces near the hole. Furthermore, energy 

released through the beam-bracket slip-stick mechanism caused loud, intermittent 

bursts of noise, particularly at high levels of inelastic drift (Kasai and Bleiman, 1996). 

To overcome these problems, the brass plate was inserted between the bracket and 

the beam flange. The idea is based on the use of a brass plate as a special friction

based seismic energy dissipator (Grigorian et al., 1992). Although not intended to 

dissipate energy in the bolted bracket connection, the brass plate provides a smooth 

slip mechanism at the bracket-to-beam interface. 

When bolting the bracket to a beam flange, a steel washer or clamp plate is positioned 

on the opposite side of the connected flange. The restraining force of the clamp plate 

prevents local flange buckling from occurring near the outermost bolt holes. In tests 

performed without the clamp plates, flange distortion increased the strains near the 
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CONNECTION LIMITATIONS 

9.2-195 

holes. The increased strain caused necking and fracture through the flange net area. In 

similar tests performed with the clamp plates, yielding and fracture occurred outside 

the connected region through the flange gross area (Kasai and Bleiman, 1996). 

9.7. BEAM WEB-TO-COLUMN CONNECTION LIMITATIONS 

All of the bolted bracket connection tests were performed with a bolted web con

nection where pretensioned high-strength bolts were used. Therefore, the KBB is 

prequalified for a bolted beam web-to-column connection. 

Orthogonal bolt hole, typ. 

1 in. (25 mm) 

Orthogonal bracket, 
beam, and bolts not 

shown for clarity 

Continuity plate 
where required 

2 in. (50 mm) 

3 in. (75 mm typ. 

Fig. C-9.1. Box column connection detailing for KBB.
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9.8. CONNECTION DETAILING 

Both Figures 9.4 and 9.5 show the connection configured with continuity plates where 

required. The use of continuity plates is dictated by the need to satisfy prescribed 

limit states for the flange and web of the column. In a bolted connection, the configu

ration of the fasteners can impede the ability of the continuity plates to effectively 

address these limit states. The design intent for the KBB is to satisfy the prescribed 

limit states without continuity plates. In tests of wide flange columns without con

tinuity plates, the absence of the continuity plates did not appear to promote local 

flange bending or lead to other detrimental effects (Adan and Gibb, 2009). However, 

in the absence of additional tests on deeper column sections, prequalification without 

continuity plates is limited to W l 2 (W3 JO) and W l 4 (W360) sections. 

9.9. DESIGN PROCEDURE 

The design procedure for prequalified KBB connections is intended to develop the 

probable maximum moment capacity of the connecting beam. Test data indicate that 

connecting the brackets to the column and beam in accordance with the requirements 

herein allows the connection to resist this level of moment. 

Tables C-9.1, C-9.JM, C-9.2, and C-9.2M can be used as a guide in selecting trial 

bracket-beam combinations in conjunction with Steps 1 and 3. The tables are based 

on beams that satisfy the limitations of Section 9.3.1 for ASTM A992/A992M or 

A572/A572M Grade 50 (Grade 345) wide-flange shapes. 

Step 4 of the procedure requires computation of the shear force at the expected plastic 

hinge. This shear force is a function of the gravity load on the beam and the plastic 

moment strength. A calculation similar to that for the RBS moment connection is 

required for the case of a beam with a uniformly distributed gravity load as shown 

in Figure C-5.1. For the KBB, Lh is the distance between the expected plastic hinge 

locations and Sh is the distance from the face of the column to the hinge. The explana

tion associated with Equations C-5.8-1 and C-5.8-2 also applies to the KBB. 

Step 6 is based on the limit state of bolt tensile rupture as defined in AISC Speci

fication Section 13.6 (AISC, 2016b ), where the required bolt tensile strength 1s 

determined in Equation 9.9-3. 

Steps 7 and 11 of the procedure apply to rolled or built-up shapes with flange holes, 

proportioned based on flexural strength of the gross section. The flexural strength is 

limited in accordance with the limit state of flange tensile rupture as defined in AISC 

Specification Section F l  3.1. When the flange width is adequate, the tensile rupture 

limit state does not apply. 

Step 8 of the procedure requires a column flange prying action check as outlined in 

AISC Manual Part 9. The computations include provisions from the research per

formed by Kulak et al. (1987). 

Step 9 of the procedure is based on the limit state of column flange local bending as 

defined in AISC Spec(fication Section JI 0.1. The limit state determines the strength 
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TABLE C-9.1 

Recommended W-Series Bracket-Beam Combinations 

Bracket 

Designation Beam Designations 

W1.0 W33x130,W30x124,W30x116,W24x131,W21x122, W21x111 

W2.1 W30x108, W27x114, W27x102, W24x103,W21x93, W18x106,W18x97 

W2.0 
W27x94,W24x94, W24x84,W24x76,W21x83,W21x73, W21x68, 
W21x62,W18x86,W18x71,W18x65 

W3.1 W24x62, W24x55, W21x57, W18x60, W18x55, W16x57 

W3.0 
W21x50, W21x44,W18x50, W18x46, W18x35, W16x50, W16x45, 
W16x40, W16x31 

TABLE C-9.1 M 

Recommended W-Series Bracket-Beam Combinations 

Bracket 

Designation Beam Designations 

W1.0 W840x193, W760x185, W760x173, W610x195,W530x182, W530x165 

W2.1 
W760x161, W690x170, W690x152, W610x153, W530x138, 
W460x158, W460x144 

W2.0 
W690x140, W610x140, W610x125, W610x113, W530x123, W530x109, 
W530x101,W530x92, W460x128,W460x106, W460x97 

W3.1 W610x92,W610x82,W530x85,W460x89,W460x82,W410x85 

W3.0 
W530x74,W530x66,W460x74,W460x68,W460x52,W410x75, 
W410x67, W410x60, W410x46.1 

TABLE C-9.2 

Recommended B-Series Bracket-Beam Combinations 

Bracket 

Designation Beam Designations 

B1.0 W33x130, W30x124, W30x116, W24x131, W21x122, W21x111 

B2.1 W30x108, W27x114, W27x102, W27x94, W18x106, W18x97 

TABLE C-9.2M 

Recommended B-Series Bracket-Beam Combinations 

Bracket 

Designation 

B1.0 

B2.1 

Beam Designations 

W840x193, W760x185, W760x173, W610x195,W530x182, W530x165 

W760x161,W690x170,W690x152,W690x140,W460x158,W460x144 
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of the flange using a simplified yield line analysis. Yield line analysis is a method 

that determines the flexural load at which a collapse mechanism will form in a flat 

plate structure and employs the principle of virtual work to develop an upper bound 

solution for plate strength. Given the bolted bracket configuration, the solution can 

be simplified to determine the controlling yield line pattern that produces the lowest 

failure load. Because a continuity plate would interfere with the installation of the 

connecting bolts, the procedure requires that the column flange thickness adequately 

satisfies the limit state without the requirement to provide continuity plates. 

Although Step 9 requires a flange thickness that will adequately satisfy the column 

flange local bending limit state, the limit states of web local yielding, web crippling, 

and web compression buckling as defined in Sections JI 0.2, Jl 0.3 and JI 0.5 of the 

AISC Specification, respectively, may also be applicable. In shallow seismically 

compact WI2 (W3IO) and WI4 (W360) sections, these additional limit states will 

not control. However, in some deeper sections, the additional limit states may govern. 

Therefore, Step 10 requires continuity plates in the deeper sections to adequately 

address the limit states and to stabilize deep column sections. The plates are posi

tioned at the same level as the beam flange as shown in Figures 9.4 and 9.5. 

Step 12 of the procedure is based on the limit state of bolt shear rupture as defined in 

AISC Specification Section 13.6. When this connection first appeared in the 2009 Sup

plement No. 1 to AISC 358-05, a bolt shear overstrength factor of 1.1 was included in 

the denominator of Equation 9.9-9 based on research subsequently reported by Tide 

(2010). The 2010 AISC Specification has incorporated that factor into the tabulated 

shear strengths of bolts, necessitating its removal here. 

The procedure outlined in Step 12 omits a bolt bearing or tearout limit state check per 

Section 13.10 of the AISC Specification because the provisions of Sections 9.3.1(5) 

and 9.3.1(7) preclude the use of beams where the bolt bearing or tearout would limit 

the strength of the connection. 

Step 14 of the procedure is based on the limit state of weld shear rupture as defined in 

AISC Specification Section J2.4. The procedure assumes a linear weld group loaded 

through the center of gravity. 

Step 18 of the procedure is supplemental if the column is a built-up box configura

tion. The procedure is based on the limit state of yielding (plastic moment) as defined 

in AISC Specification Section F l  1.1. The design assumes a simply supported condi

tion with symmetrical point loads applied at the bolt locations. 
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CHAPTER10 

CONXTECH CONXL MOMENT CONNECTION 

10.1. GENERAL 

The ConXtech® ConXL'" moment connection is designed to provide robust cost 
effective moment framing while eliminating field welding and facilitating fast frame 
erection. The patented ConXL fabrication and manufacturing process utilizes forged 
parts, welding fixtures and robotic welders to produce a standardized connection. 

The collars and collar assemblies illustrated, and methodologies used in their fabrica
tion and erection, are covered by one or more of the U.S. and foreign patents shown 
at the bottom of the first page of Chapter 10. Additional information on the ConXL 
connection can also be found at http://www.conxtech.com. 

Prequalification of the ConXL moment connection is based on the 17 qualifying 
cyclic tests listed in Table C-10.1, as well as nonlinear finite element modeling of 
the connection. The test database includes five biaxial moment connection tests. 
These unprecedented biaxial moment connection tests subjected the framing in the 
orthogonal plane to a constant shear creating a moment across the column-beam joint 
equivalent to that created by the probable maximum moment at the plastic hinge of 
the primary beams, while the framing in the primary plane was simultaneously sub
jected to the qualifying cyclic loading specified by ANSI/ AISC 34 l -05 Appendix S 
(AISC, 2005a) until failure occurred. Tests were conducted using a variety of column
to-beam strength ratios. Many tests were conducted with an intentionally reinforced 
column, consisting of a concrete-filled HSS with an embedded Wl 2 (W310) inside 
the HSS, forcing all inelastic behavior out of the column. In one of the biaxial tests, 
simultaneous flexural yielding of the column was initiated during cycling. Typically, 
failures consist of low-cycle fatigue of a beam flange in the zone of plastic hinging, 
following extensive rotation and local buckling deformation. 

The ConXL connection is a true biaxial moment connection capable of moment
connecting up to four beams to a column. All moment-connected columns require a 
full set of four collar flange top (CFT) pieces and four collar flange bottom (CFB) 
pieces at every beam-column moment connected joint, even if a column face has no 
beam present. Each column face with either a moment-connected beam or simply 
supported beam will have the full collar flange assembly [CFT, CFB, and collar web 
extension (CWX)] with the simply connected beam connected to the CWX with a 
standardized bolted connection. 

Unlike more conventional moment frame design, which focuses on keeping the num
ber of moment-resisting frames to a minimum for reasons of economy, the efficient 
ConXL system distributes the biaxial moment connection to nearly every beam
column-beam joint throughout the structure creating a distributed moment-resisting 
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TABLE C-10.1 
Summary of ConXL Tests 

Test Test 
Column Size 

Primary Axis Secondary Rotation 

No. Condition Beam Axis Beam (rad) 

1101 Planar HSS 16x16x5/s* W18x76 R:: N/A 0.05 

1102 Planar HSS 16x16x5/s* W18x119 N/A 0.05 

1103 Planar HSS 16x16x5/s* W24x84 RBS N/A 0.06 

1104 Planar HSS 16x16x5/s* W24x104 N/A 0.05 

1105 Planar HSS 16x16x5/s* W24x117x6t N/A 0.04 

1106 Planar HSS 16x16x5/s* W24x117x9t N/A 0.04 

1107 Planar HSS 16x16x5/s W21x62 RBS N/A 0.04 

1108 Planar HSS 16x16x5/s W21x62 RBS N/A 0.06 

1201 Planar HSS 16x16x5/s* W30x108 RBS N/A 0.05 

1202 Planar HSS 16x16x5/s* W30x108 RBS N/A 0.05 

1203 Planar HSS 16x16x5/s* W30x90 N/A 0.04 

1204 Planar HSS 16x16x5/s* W30x90 N/A 0.04 

2102 Biaxial BU 16x16x1.25 W30x108 RBS W30x148 0.05 

2103 Biaxial BU 16x16x1.25 W30x108 RBS W30x148 0.06 

2105 Biaxial HSS 16x16x½ W21x55 RBS W21x83 0.06 

2106 Biaxial BU 16x16x1.25** W30x108 RBS W30x148 0.05 

2107 Biaxial BU 16x16x1.25** W30x108 RBS W30x148 0.05 

2111 Biaxial BU 16x16x1.25*** W30x108 RBS W30x148 0.047 

2113 Biaxial BU 16x16x1.25*** W30x108 RBS W30x148 0.047 

. Column consisted of HSS 16 with supplementary W12x136 housed within concrete fill. 

•• Built-up box fabricated using CJP groove welds.

••• Built-up box fabricated using PJP groove welds with groove weld size equal to¾ of flange thickness. 

Beam flanges were trimmed to the indicated width in order to test the ability of the collar to withstand (a) 
narrow-flange beams [6 in. (150 mm) flange] and (b) maximum forces [9 in. (230 mm) flange]. 

BU indicates built-up box section columns. 

space frame. Thus, instead of a Jess redundant structure with more concentrated lat

eral force resistance, all or almost all beam-column connections are moment-resisting 

creating extensive redundancy. The distribution of moment connections throughout 

the structure also allows for reduced framing sizes and provides excellent floor vibra

tion performance due to fixed-fixed beam end conditions. The highly distributed 

lateral force resistance also provides for reduced foundation loads and an inherently 

robust resistance to progressive colJapse. 

Finite element models of tested beam-column assemblies confirm that the contri

bution of concrete column fil] can be accounted for using the gross transformed 

properties of the column. Beams and columns should be modeled without rigid end 
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offsets. Prescriptive reductions in beam stiffness to account for reduced beam sec

tion (RBS) property reductions are conservative for ConXL framing, as the RBS is 

located farther away from the column centerline than is typical of standard RBS con

nections. Therefore, modeling of ConXL assemblies employing RBS beams should 

model the reduced beam sections explicitly, rather than using prescriptive reductions 

in stiffness to account for the beam flange reduction. 

Because ConXL systems have their lateral force resistance distributed throughout 

the structure, torsional resistance can be less than structures with required lateral 

force resistance concentrated on exterior lines. It is possible to minimize this effect 

by selecting stiffer members towards the building perimeter, to increase the torsional 

inertia. 

10.2. SYSTEMS 

The ConXL moment connection is unique in that it meets the prequalification 

requirements for special and intermediate moment frames in orthogonal intersecting 

moment-resisting frames. It can also be used in more traditional plane frame applica

tions. These requirements are met with a single standardized connection. 

The exception associated with concrete structural slab placement at the column and 

collar assembly is based on testing conducted on the stiffened extended end-plate 

moment connection (Seek and Murray, 2005). Early testing by Murray of a bolted

end-plate specimen with a concrete slab in place failed by tensile rupture of the bolts. 

This was postulated to be the result of composite action between the beam and slab, 

resulting in increased beam flexural strength and increased demands on the bolt rela

tive to calculated demands neglecting composite effects. Later testing referenced 

previously demonstrated that placement of a flexible material in the slab adjacent 

to the column sufficiently reduced this composite action and protected the bolts. 

Although ConXL connections have not been tested with slabs present, it is believed 

that the same protective benefits of the flexible material apply to this connection. 

ConXL's highly distributed lateral force resistance reduces the need for metal deck/ 

concrete fill to act as a diaphragm and drag forces to a limited number of moment 

resisting frames. Each moment-resisting column and connected beams resist a tribu

tary lateral load and typically minimal concrete reinforcement or deck attachment is 

required. 

10.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

Minimum beam depth is controlled by the collar dimensions and is 18 in. (460 mm).

Maximum beam depth is controlled by strong-column weak-beam considerations and

is limited to 30 in. (760 mm) for practical purposes. The flange width and thick

ness requirements are limited by the ability of the collar flange to accommodate the

beam flange weld and also by the strength of the bolts. A key ConXL requirement

for allowable beam sections is limiting the force delivered by the beam to the bolts

connecting the collar flange/beam to the collar comer assemblies/column so as to
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not overcome the pretension load applied to the bolts. This requirement is covered in 

detail in Section 10.8. 

ConXL connections have been successfully tested without reduced beam section 

reductions in flange width and are qualified for use without such reductions. How

ever, RBS cuts in beam flanges can be a convenient way to achieve strong column 

weak beam limitations without increasing column weight. 

Lateral bracing of beams is in accordance with the AISC Seismic Provisions. Dur

ing the biaxial moment connection tests, the test beams (W30x108 with 50% RBS, 

W21 x55 with 50% RBS) were not braced at the RBS and were braced at the beam 

ends, l Oft (3 m) from the column center. 

All moment-connected beams are required to meet seismic compaction require

ments of the AISC Seismic Provisions, if RBS beams are used, the width-to-thickness 

ratio is taken within its reduced flange width as permitted for RBS connections 

[Section 5.3.1(6]). 

2. Column Limitations

The key requirement for ConXL moment columns is a square sectional dimension of 

16 in. (400 mm). Section type (built-up box or HSS) can vary, as can steel strength 

and wall thickness. All columns used in ConXL moment connections are concrete

filled with either normal or lightweight concrete, having minimum compressive 

strength of 3,000 psi (21 MPa). Columns are typically filled with concrete at the job 

site after erection and bolting is complete. The concrete is pumped to the top of col

umn and allowed to free-fall the full height of column, using the column as a tremie. 

There are no obstructions, stiffener plates, etc., within the column; thus, the column 

is similar to a tremie-pipe allowing the concrete an unobstructed path to its placement 

with excellent consolidation (Suprenant, 2001). 

Two biaxial beam-column tests (Tests 2111 and 2113, Table C-10. l )  were performed 

with built-up box section columns fabricated using PJP groove welds to join the 

box section flange and web plates as illustrated in Figure l 0.5. In each case, the 

column marginally met biaxial strong column-weak beam requirements, and some 

limited yielding of column flanges was observed in later stages of the tests. Both 

tests reached total rotation demands of 0.047 rad without failure or noticeable loss 

of load carrying ability. In addition, a single cantilever column test (Test 1120) was 

conducted to evaluate the inelastic behavior of box columns with PJP groove welds. 

In this test, a 16-in.-square built-up box column with 1 ¼ in.-thick plates joined using 

a PJP groove weld size of 15/16 in. was subjected to uniaxial ramped cyclic loading in

a cantilever condition while maintaining an applied axial load of 640 kips (approxi

mately 9-ksi axial stress). The specimen was loaded to six cycles of displacement 

each to story drift ratios of 0.00375, 0.005 and 0.0075; four cycles at 0.010 rad; and 

two cycles each at 0.015, 0.020, 0.030 and 0.045 rad. Initial yielding was observed to 

occur at displacements of 0.0075 rad. Minor bowing of the flange plates occurred at 

0.045 rad. The test was terminated without failure and while still exhibiting positive 

Prequalified Connections for Special and Intermediate 

Steel Moment Frames for Seismic Applications, May 12, 2016 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



Comm. 10.7.] COLUMN-BEAM RELATIONSHIP LIMITATIONS 9.2-203 

strain hardening after loading to two cycles at 0.045 rad. No evidence of distress to 

the PJP welds in any of these tests was observed. 

3. Collar Limitations

Appendix B describes the forged steel material specification used to manufacture the

collars. The forging process produces an initial collar (blank collar) slightly larger

than the final overall dimensions. The collar is then machined to their manufacturing

dimensions within the required tolerances.

10.4. COLLAR CONNECTION LIMITATIONS 

The collars are the key elements of the ConXL connection. They are standardized 

components, and no further design or sizing of these components is required. The 

same components are used for all beams and columns. The same is true for the collar 

bolts, where the specification, size, and number of bolts always remain the same. The 

design procedure ensures that column-beam combinations used in the ConXL con

nection fall within the code requirements of these standard connection components. 

The bolts used in the ConXL connection are 1 ¼-in.-diameter ASTM A574 bolts. 

These bolts are similar in chemistry and mechanical properties to ASTM F3 l 25 

Grade A490 bolts but have socket heads to accommodate their use in this connection. 

Metric bolts conforming to ASTM A574M have not been tested and are not prequali

fied for use in this connection. Pretensioning is performed to the requirements for 

1 ¼-in.-diameter ASTM F3125 Grade A490 bolts [102 kips (454 kN) in accordance 

with Table J3 .1 of the 2016 AISC Specification]. 

10.5. BEAM WEB-TO-COLLAR CONNECTION LIMITATIONS 

The collar web extension (CWX) is 1 ½ in. (38 mm) thick; thus, the minimum sized 

fillet weld between the CWX and beam web is a 5!i6-in. (8-mm) fillet weld. This weld 

size for a two-sided fillet weld ( each side of the web) should be sufficient for all 

allowable beams; this should be confirmed during the design procedure calculations. 

10.6. BEA M FLANGE-TO-COLLAR FLANGE WELDING LIMITATIONS 

Welding of the beam flange to the collar flange is performed in a proprietary ConX

tech beam weld fixture, which rotates the beam to allow access to the bottom flange 

for welding in the flat position. The beam weld fixture enables the manufacturing of 

the moment beam within ConXL tolerances. 

10.7. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

The ConXL moment connection is a biaxial connection. Strong-column/weak-beam 

requirements specified by the AISC Seismic Provisions were formulated consider

ing the typical planar framing prevalent in moment-frame construction following the 

1994 Northridge earthquake. Because the ConXL connection is primarily used in 

intersecting moment frames, with biaxial behavior an inherent part of the design, the 

committee felt that it was imperative to require that columns have sufficient strength 
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to develop expected simultaneous flexural hinging in beams framing into all column 

faces. The biaxial calculation considers all moment beams attached to the column. 

This calculation is covered in detail in Section I 0.8. 

10.8. DESIGN PROCEDURE 

Step 1. As with other connections, the first step in the design procedure is to compute 

the probable maximum moment at the plastic hinge. Note that differing Cpr factors 

are applied for RBS and non-RBS beams. The factor for non-RBS beams is compati

ble with the standard requirements in the AISC Seismic Provisions while that for RBS 

beams is compatible with the requirements of this standard for RBS connections. 

Step 2. As with other connections, the equation given for computation of shear 

forces has to include consideration of gravity loads that are present. The equations 

presented in the design procedure assume uniform gravity loading. Modifications to 

these equations are necessary for cases with concentrated loads present. These modi

fications must satisfy static equilibrium requirements. 

Step 3. The ConXL moment connection is a true biaxial moment connection; thus, 

the committee determined that columns must be sufficiently strong to permit simul

taneous development of flexural hinging in all beams framing to a column, not just 

beams along a single plane. This biaxial column-beam moment evaluation is more 

conservative than current AISC Seismic Provisions requirements that consider plastic 

hinging of beams in a single plane only, even though columns supporting moment 

frames in orthogonal directions are possible with other connections using built-up 

box sections or other built-up column sections. In calculating the ConXL biaxial 

column-beam moment ratio, it is permitted to take the actual yield strength of the col

umn material in lieu of the specified minimum yield stress, F
y
, and to consider the full 

composite behavior of the column for axial load and flexural action (interstory drift 

analysis). The default formula for column strength provided in the design procedure 

assumes that equal strength beams are present on all faces of the connection. When 

some beams framing to a column are stronger than others, it is permitted to use basic 

principles of structural mechanics to compute the actual required flexural strength. 

The design procedure also considers the critical beam strength as it relates to the col

umn strength at locations just above the beam's top flange and just below the beam's 

bottom flange, where flexural demand on the columns are greatest. Flexural demand 

on the column within the panel zone is less than at these locations. 

Step 5. The available tensile strength for the bolts used in the ConXL connection is 

specified as the minimum bolt pretension load. The purpose of assigning the mini

mum pretension load as the available bolt tensile strength is to prevent overcoming 

of bolt pretension, at least up to the bolt loading subjected by the probable maximum 

moment. The minimum bolt pretension load is 102 kips (454 kN). Bolts are checked 

for tension only because the frictional force developed by the bolt pretension will 

resist beam shear (see Steps 6 and 7). 
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Steps 6 and 7. Beam shear is resisted by the friction developed between the col
lar flanges and the collar corners. The collar flanges are clamped against the collar 
corner assemblies and column when the collar bolts are pretensioned. This preten
sion clamping force creates friction between the machined surfaces of the collar 
flanges and collar corners. The machined surfaces are classified as a Class B surface 
(unpainted blast-cleaned steel surfaces). From AISC Specification Section 13.8, the 
design frictional resistance per bolt is: 

Rn = µDuh.,cTbns 

<j> = 0.85 for oversized bolt holes 

µ =0.50 

Du = 1.13 

hsc = 1.0 

n = 102 kips ( 454 kN) 

ns = 1 

(Spec. Eq. 13-4) 

<J>Rn = (0.85)(0.50)(1.13)(1.0)(102)(1) = 49.0 kips/bolt (218 kN/bolt) 

There are 16 bolts per beam end providing a total of 784 kips (3490 kN) of frictional 
resistance against shear. This frictional force is significantly greater than any beam 
shear developed by an allowable beam. 

Steps 8 and 9. The available length of weld for the collar web extension and collar 
corner assemblies allow for minimum sized fillet welds to resist beam shear. 

Steps 10 and 11. The collar corner assemblies provide additional strength to the 
column walls to resist panel zone shear. Without taking into consideration the contri
bution of the concrete fill, the column section along with the collar corner assemblies 
should provide sufficient strength for anticipated panel zone shear; this should be 
confirmed during the design procedure calculations. 
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CHAPTER 11 

SIDEPLATE MOMENT CONNECTION 

11.1. GENERAL 

The SidePlate® moment connection is a post-Northridge connection system that uses 

a configuration of redundant interconnecting structural plate and fillet weld groups, 

which act as positive and discrete load transfer mechanisms to resist and transfer 

applied moment, shear and axial load from the connecting beam(s) to the column. 

This load transfer minimizes highly restrained conditions and triaxial strain concen

trations that typically occur in flange-welded moment connection geometries. The 

connection system is used for both new and retrofit construction and for a multitude 

of design hazards such as earthquakes, extreme winds, and blast and progressive col

lapse mitigation. 

The wide range of applications for SidePlate connection technology, including the 

methodologies used in the fabrication and erection shown herein, are protected 

by one or more U.S. and foreign patents identified at the bottom of the first page 

of Chapter I 1. Information on the SidePlate moment connection can be found at 

www.sideplate.com. The connection is not prequalified when side plates of an unli

censed design and/or manufacturer are used. 

SidePlate Systems Inc. developed, tested and validated SidePlate connection design 

methodology, design controls, critical design variables, and analysis procedures. The 

development of the SidePlate FRAME® configuration that employs the full-length 

beam erection method (which uses a full-length beam assembly fillet-welded in the 

field to a column assembly to achieve maximum shop fabrication and field erection 

efficiencies) builds off the research and testing history of its proven predecessor-the 

original SidePlate steel frame connection system that employs the link-beam erection 

method (which uses column tree assemblies with shop-installed beam stubs, which 

are then connected in the field to a link beam using CJP welds) and its subsequent 

refinements. It represents the culmination of an ongoing research and development 

program (since I 994), which has resulted in further performance enhancements: opti

mizing the use of connection component materials with advanced analysis methods 

and maximizing the efficiency, simplicity and quality control of its fabrication and 

erection processes. Following the guidance of the AISC Seismic Provisions, the vali

dation of the SidePlate FRAME configuration consists of: 

(a) Analytical testing conducted by SidePlate Systems using nonlinear finite ele

ment analysis (FEA) for rolled shapes, plates and welds and validated inelastic

material properties by physical testing.

(b) Physical validation testing conducted at the Lehigh University Center for

Advanced Technology for Large Structural Systems (ATLSS) (Hodgson et al.,
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2010a, 2010b, and 2010c; a total of six cyclic tests) and at University of Cali

fornia, San Diego (UCSD), Charles Lee Powell Laboratories (Minh Huynh and 

Uang, 2012; a total of three cyclic tests). The purpose of these tests was to 

confirm global inelastic rotational behavior of parametrically selected member 

sizes, corroborated by analytical testing, and to identify, confirm and accurately 

quantify important limit state thresholds for critical connection components 

to objectively set critical design controls. The third cyclic test at UCSD was 

a biaxial moment connection test that subjected the framing in the orthogo

nal plane to a constant shear, creating a moment across the column-beam joint 

equivalent to that created by the probable maximum moment at the plastic hinge 

of the primary beam, while the framing in the primary plane was simultane

ously subjected to the qualifying cycle loading specified by the AISC Seismic

Provisions (AISC, 2016a). Tests on SidePlate moment connections, both uniax

ial and biaxial applications, show that yielding is generally concentrated within 

the beam section just outside the ends of the two side plates. Peak strength of 

specimens is usually achieved at an interstory drift angle of approximately 0.03 

to 0.05 rad. Specimen strength then gradually reduces due to local and lateral

torsional buckling of the beam. Ultimate failure typically occurs at interstory 

drift angles of approximately 0.04 to 0.06 rad by low-cycle fatigue fracture from 

local buckling of the beam flanges and web. 

To ensure predictable, reliable and safe performance of the SidePlate FRAME config

uration when subjected to severe load applications, the inelastic material properties, 

finite element modeling (FEM) techniques, and analysis methodologies that were 

used in its analytical testing were initially developed, corroborated and honed based 

on nonlinear analysis of prior full-scale physical testing of the original SidePlate 

connection. The prior physical testing consisted of a series of eight uniaxial cyclic 

tests, one biaxial cyclic test conducted at UCSD, and a separate series of large-scale 

arena blast tests and subsequent monotonic progressive collapse tests: two blast tests 

(one with and one without a concrete slab present), two blast-damaged progressive 

collapse tests, and one non-blast damaged test, conducted by the Defense Threat 

Reduction Agency (DTRA) of the U.S. Department of Defense (DoD), at the Kirtland 

Air Force Base, Albuquerque, NM. This extensive effort has resulted in the ability of 

SidePlate Systems to: 

(a) Reliably replicate and predict the global behavior of the SidePlate FRAME con

figuration compared to actual tests.

(b) Explore, evaluate and determine the behavioral characteristics, redundancies,

and critical limit state thresholds of its connection components.

( c) Establish and calibrate design controls and critical design variables of the Side-

Plate FRAME configuration, as validated by physical testing.

Connection prequalification is based on the completion of several carefully pre

scribed validation testing programs, the development of a safe and reliable plastic 

capacity design methodology that is derived from ample performance data from 
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24 full-scale tests of which two were biaxial, and the judgment of the CPRP. The con
nection prequalification objectives have been successfully completed; the rudiments 
are summarized here: 

(a) System-critical limit states have been identified and captured by physical full
scale cyclic testing and corroborated through nonlinear FEA.

(b) The effectiveness of identified primary and secondary component redundancies
of the connection system has been demonstrated and validated through para
metric performance testing-both physical and analytical.

( c) Critical behavioral characteristics and performance nuances of the connection
system and its components have been identified, captured and validated.

(d) Material sub-models of inelastic stress/strain behavior and fracture thresholds
of weld consumables and base metals have been calibrated to simulate actual
behavior.

(e) Sufficient experimental and analytical data on the performance of the con
nection system have been collected and assessed to establish the likely yield
mechanisms and failure modes.

(f) Rational nonlinear FEA models for predicting the resistance associated with
each mechanism and failure mode have been employed and validated through
physical testing.

(g) Based on the technical merit of the preceding accomplishments, a rational ulti
mate strength design procedure has been developed based on physical testing,
providing confidence that sufficient critical design controls have been estab
lished to preclude the initiation of undesirable mechanisms and failure modes
and to secure expected safe levels of cyclic rotational behavior and deformation
capacity of the connection system for a given design condition.

11.2. SYSTEMS 

The SidePlate moment connection meets the prequalification requirements for spe
cial and intermediate moment frames in both traditional in-plane frame applications 
( one or two beams framing into a column) as well as orthogonal intersecting moment
resisting frames ( comer conditions with two beams orthogonal to one another, as well 
as three or four orthogonal beams framing into the same column). 

The SidePlate moment connection has been used in moment-resisting frames with 
skewed and/or sloped beams with or without skewed side plates, although such usage 
is outside of the scope of this standard. 

SidePlate's unique geometry allows its use in other design applications where in
plane diagonal braces or diagonal dampers are attached to the side plates at the same 
beam-to-column joint as the moment-resisting frame while maintaining the intended 
SMF or IMF level of performance. When such dual systems are used, supplemen
tal calculations must be provided to ensure that the connection elements (plates and 
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welds) have not only been designed for the intended SMF or IMF connection in 
accordance with the prequalification limits set herein, but also for the additional 
axial, shear and moment demands due to the diagonal brace or damper. 

11.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

A wide range of beam sizes, including both wide flange and HSS beams, has been
tested with the SidePlate moment connection. For wide-flange sections, the smallest
beam size was a W18x35 (W460x52) and the heaviest a W40x297 (W1000x443).
Beam compactness ratios have varied from that of a W18x35 (W460x52) with b1

/2y =
7.06 to a W40x294 (W1000x438) with h1

/2t1 = 3.11. For HSS beam members, tests
have focused on small members such as the HSS7x4xV2 (HSS177.8x101.6x12.7)
having ratios of b/t = 5.60 and h/t = 12.1. As a result of the SidePlate testing pro
grams, critical ultimate strength design parameters for the design and detailing of the
SidePlate moment connection system have been developed for general project use.
These requirements and design limits are the result of a detailed assessment of actual
performance data coupled with independent physical validation testing and/or cor
roborative analytical testing of full-scale test specimens using nonlinear FEA. It was
the judgment of the CPRP that the maximum beam depth and weight of the SidePlate
moment connection would be limited to the nominal beam depth and approximate
weight of the sections tested, as has been the case for all other connections.

Because the behavior and overall ductility of the SidePlate moment connection sys
tem is defined by the plastic rotational capacity of the beam, the limit state for the
SidePlate moment connection system is ultimately the failure of the beam flange,
away from the connection. Therefore, the limit of the beam's hinge-to-hinge span
to-depth ratio of the beam, Lh/d, is based on the demonstrated rotational capacity of
the beam.

As an example, for test specimen 3 tested at Lehigh University (Hodgson et al.,
2010c), the W40x294 (W1000x438) beam connected to the W36x395 (W920x588)
column reached two full cycles at 0.06 rad of rotation (measured at the centerline
of the column), which is significantly higher than the performance threshold of one
cycle at 0.04 rad of rotation required for successful qualification testing by the AISC
Seismic Provisions. Most of the rotation at that amplitude came from the beam rota
tion at the plastic hinge. With the rotation of the column at 0.06 rad, the measured
rotation at the beam hinge was between 0.085 and 0.09 rad [see Figure C-11. l (a)].
The tested half-span was 14.5 ft (4.42 m), which represents a frame span of 29 ft
(8.84 m) and an Lh/d ratio of 5.5. Assuming that 100% of the frame system's rotation
comes from the beam's hinge rotation (a conservative assumption because it ignores
the rotational contributions of the column and connection elements), it is possible
to calculate a minimum span at which the frame drift requirement of one cycle at
0.04 rad is maintained, while the beam reaches a maximum of 0.085 rad of rotation.
Making this calculation gives a minimum span of 20 ft (6.1 m) and an Lh/d ratio of
3. Making this same calculation for the tests of the W36x150 (W920x223) beam
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[Minh Huynh and Uang, 2012; Figure C-11.l(b)] using an average maximum beam 

rotation of 0.08 rad of rotation, gives a minimum span of l 8 ft JO in. (5.74 m) and an 

Lh/d ratio of 3.2. Given that there will be variations in the performance of wide-flange 

beams due to local effects such as flange buckling, it is reasonable to set the lower 

bound Lh/d ratio for the SidePJate moment connection system at 4.5 for SMF using 

the U-shaped cover plate and 3.0 for IMF using the U-shaped cover plate, regardless 

of beam compactness. It should be noted that the minimum Lh/d ratio of 4.5 (where 

Lh is measured from the centerline of the beam's plastic hinges) typically equates 

to 6.7 as measured from the face of column to face of column when the typical side 

plate extension of 0.77d (shown as "Side plate {A} extension" in Figure 11.5) from 

face of column is used. The 6.7 ratio, which is slightly Jess than the 7.0 for other SMF 

moment connections, alJows the potential for a deeper beam to be used in a shorter 

bay than other SMF moment connections. 

All moment-connected beams are required to satisfy the width-to-thickness require

ments of AISC Seismic Provisions Sections E2 and E 3. 

Required lateral bracing of the beam folJows the AISC Seismic Provisions. However, 

due to the significant lateral and torsional restraint provided by the side plates as 

observed in past full-scale tests, for calculation purposes, the unbraced length of the 

beam is taken as the distance between the respective ends of each side plate extension 

(see Figures 11. JO through 11. 15 for depictions of the alphabetical designations). As 

determined by the full-scale tests, no additional lateral bracing is required at or near 

the plastic beam hinge location. 

The protected zone is defined as shown in Figures 11.6 and 11.7 and extends from 

the end of the side plate to one-half the beam depth beyond the plastic hinge loca

tion, which is located at one-third the beam depth beyond the end of the side plate. 

This definition is based on test observations that indicate yielding typically does not 

extend past 8 3% of the depth of the beam from the end of the side plate. 

2. Column Limitations

SidePlate moment connections have been tested with Wl4 (W360), Wl6 (W4JO), 

W30 (W760), and W33 (W840) built-up I-sections and a rolled W36 (W920). 

Although no tested data are available for test specimens using built-up box columns, 

the side plates transfer the loads to the column in the same way as with wide-flange 

columns. The only difference is that the horizontal shear component at the top and 

bottom of the side plates {A} now transfer that horizontal shear directly into the 

face of the built-up box column web using a shop fillet weld, and thus, an inter

nal horizontal shear plate or stiffener is not required. As such, built-up box columns 

are prequalified as long as they meet all applicable requirements of the AISC Seis
mic Provisions. There are no internal stiffener plates within the column, and there 

are no requirements that the columns be filled with concrete for either SMF or IMF

applications. However, in some blast applications, there may be advantages to filling 

the HSS or built-box columns with concrete to strengthen the column walls in such 

extreme loading applications. 
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Test Specimen 3 (W40x294 Beam to W36x395 Column) 

(a) 

Tests IJCSO 1 and IJCSO 2 (W36x1SO Beam to W36x231 Col,um1�)

(b) 

Fig. C-11.1. SidePlate tests-backbone curves.for (a) W40x294 (W1000x438) beam; 

and (b) W36x150 (W920x223) beam (measured at the beam hinge location). 
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The behavior of SidePlate connections with cruciform columns is similar to uniaxial 

one- and two-sided moment connection configurations because the ultimate failure 

mechanism remains in the beam. Successful tests have been conducted on SidePlate 

connections with cruciform columns using W36 (W920) shapes with rolled or built

up structural tees. 

For SMF systems, the column bracing requirements of AISC Seismic Provisions Sec

tion E3.4c. l are satisfied when a lateral brace is located at or near the intersection 

of the frame beams and the column. Full-scale tests have demonstrated that the full

depth side plates provide the required indirect lateral bracing of the column flanges 

through the side plate-to-column flange welds and the connection elements that con

nect the column web to the side plates. Therefore, no additional direct lateral bracing 

of the column flanges is required. 

3. Connection Limitations

All test specimens have used ASTM A572/ A572M Grade 50 plate material. Nonlin

ear finite element parametric modeling of side plate extensions in the range of 0.65d

to l .Od has demonstrated similar overall connection and beam behavior when com

pared to the results of full-scale tests.

Because there is a controlJed level of plasticity within the design of the two side

plates, the side plate protected zones have been designated based upon test observa

tions. Protected zones are indicated in Figures 11.6 and 11.7.

11.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

See Figures 11.10 through 11.15 for depictions of the alphabetical and numeri

cal designations. The beams and columns selected must satisfy physical geometric 

compatibility requirements between the beam flange and column flange to allow suf

ficient lateral space for depositing fillet welds { 5} along the longitudinal edges of the 

beam flanges that connect to the top and bottom cover plates { B}. Equations 11.4-1 

and 11 .4-1 M assist designers in selecting appropriate final beam and column size 

combinations prior to the SidePlate connection actually being designed for a specific 

project. 

Unlike more conventional moment frame designs that typically rely on the deforma

tion of the column panel zone to achieve the required rotational capacity, SidePlate 

technology instead stiffens and strengthens the column panel zone by providing a 

minimum of three panel zones (the column web plus the two full-depth side plates). 

This configuration forces the vast majority of plastic deformation to occur through 

flange local buckling of the beam. 

The column web must be capable of resisting the panel zone shear loads transferred 

from the horizontal shear plates { D} through the pair of shop fillet welds { 3}. The 

strength of the column web is thereby calculated and compared to the ultimate 

strength of the welds { 3} on both sides of the web. To be acceptable, the panel zone 

shear strength of the column must be greater than the strength of the two welds. This 

ensures that the limit state will be failure of the welds as opposed to failure of the 
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column web. The following calculation and check is built into the SidePlate connec
tion design software: 

where 

Ru < l .O 
R,, 

(C-11.4-1) 

Rn = nominal strength of column web panel zone in accordance with AISC 
Specification Section JI0.6b, kips (N) 

Ru = ultimate strength of fillet welds { 3} from horizontal shear plates to 
column 

w;�·:::�::detew [1 + 3b1,;t1c l
d,pdetcw

where 
hfe = width of column flange, in. (mm) 
de = depth of column, in. (mm) 
dsp = depth of SidePlate, in. (mm) 
tew = thickness of column web, in. (mm) 
fje = thickness of column flange, in. (mm) 

(from Spec. Eq. JI0-11) 

In determining the SMF column-beam moment ratio to satisfy strong column/weak 
beam design criteria, the beam-imposed moment, Mpb, is calculated at the column 
centerline using statics (i.e., accounting for the increase in moment due to shear 
amplification from the location of the plastic hinge to the center of the column, due to 
the development of the plastic moment capacity, Mpr, of the beam at the plastic hinge 
location) and then linearly decreased to one-quarter the column depth above and 
below the extreme top and bottom fibers of the side plates. This location is used for 
determination of the column strength as the column is unlikely to form a hinge within 
the panel zone due to the presence and strengthening effects of the two side plates. 

This requirement need not apply if any of the exceptions articulated in AISC Seismic

Provisions Section E3.4a are satisfied. The calculation and check is included in the 
SidePlate connection design software. 

11.5. CONNECTION WELDING LIMITATIONS 

Fillet welds joining the connection plates to the beam and column provided on all of 
the SidePlate test specimens have been made by either the self-shielded flux cored arc 
welding process (FCAW-S or FCAW-G) with a few specimens using the submerged 
arc welding process (SAW) for certain shop fillet welds. Other than the original 
three prototype tests in 1994 and 1995 that used a non-notch-tough weld electrode, 
tested electrodes satisfy minimum Charpy V-notch toughness as required by the 2010 
AISC Seismic Provisions. Test specimens that included either a field complete-joint
penetration groove-welded beam-to-beam splice or field fillet welds specifically uti
lized E70T-6 for the horizontal position and E7 l T-8 for the vertical position. 
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11.6. CONNECTION DETAILING 

Figures 11.10 through 11.12 show typical one- and two-sided moment connection 

details used for shop fabrication of the column with fillet welds. Tests have shown 

that the horizontal shear plate { D} need not be welded to the column flanges for suc

cessful performance of the connection. However, if there are orthogonal forces being 

transferred through the connection from collector, chord or cantilever beams, then fil

let welds connecting the horizontal shear plates and the column flanges are required. 

Tests have shown that the use of oversized bolt holes in the side plates, located near 

their free end (see Figure C-11.2), does not affect the performance of the connection 

because beam moments and shears are transferred through fillet welds. Bolts from the 

side plate to the vertical shear element are only required for erection of the full-length 

beam assembly prior to field welding of the connection. 

Figure 11.13 shows the typical full-length beam detail used for shop fabrication of the 

beam with fillet welds. Multiple options can be used to create the vertical shear ele

ment, such as a combination of angles and plates or simply bent plates. Figure 11.14 

shows the typical full-length beam-to-side plate detail used for field erection of the 

beam with fillet welds. 

11.7. DESIGN PROCEDURE 

The design procedure for the SidePlate connection system is based on results from 

both physical testing and detailed nonlinear finite element modeling. The proce

dure uses an ultimate strength design approach to size the plates and welds in the 

connection, incorporating strength, plasticity and fracture limits. For welds, an ulti

mate strength analysis incorporating the instantaneous center of rotation is used (as 

described in the AISC Steel Construction Manual Part 8). Overall, the design process 

is consistent with the expected seismic behavior of an SMF system: Lateral drifts 

due to seismic loads induce moments and shear forces in the columns and beams. 

Where these moments exceed the yield capacity of a beam, a plastic hinge will form. 

While the primary yield mechanism is plastic bending in the beam, a balanced design 

approach allows for secondary plastic bending to occur within the side plates. Ulti

mately, the location of the hinge in the beam directly affects the amplification of 

load (i.e., moment and shear from both seismic and gravity) that is resisted by the 

components of the connection, the column panel zone, and the column (as shown in 

Figure C-11.2). The capacity of each connection component can then be designed to 

resist its respective load demands induced by the seismic drift (including any increase 

due to shear amplification as measured from the beam plastic hinge). 

For the SidePlate moment connection, all of the connection details, including the 

sizing of connection plates and fillet welds, are designed and provided by engineers 

at SidePlate Systems Inc. The design of these details is based upon basic engineering 

principles, plastic capacities validated by full-scale testing, and nonlinear finite ele

ment analysis. A description of the design methods is presented in Step 7. The initial 

design procedure for the engineer of record in designing a project with SidePlate 

moment connections largely involves: 
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• Sizing the frame's beams and columns, shown in Steps 1 and 2.

9.2-215 

• Checking applicable building code requirements and performing a pre

liminary compliance check with all prequalification limitations, shown in

Steps 3 and 4.

• Verifying that the SidePlate moment connections have been designed with

the correct project data as outlined in Step 5 and are compliant with all

prequalification limits, including final column-beam relationship limita

tions as shown in Steps 6, 7 and 8.

Step 1. Equations 11.4-1/11.4-1 M should be used as a guide in selecting beam and 

column section combinations during design iterations. 

Satisfying these equations minimizes the possibility of incompatible beam and col

umn combinations that cannot be fabricated and erected or that may not ultimately 

satisfy column-beam moment ratio requirements. 

Step 2. The SidePlate connection design forces a plastic hinge to form in the beam 

beyond the extension of the side plates from the face of the column ( dimension A 

in Figure 11.5). Because inelastic behavior is forced into the beam at the hinge, the 

effective span of the beam is reduced, thus increasing the lateral stiffness and strength 

of the frame (see Figure C-11.3). This increase in stiffness and strength provided by 

the two parallel side plates should be simulated when creating elastic models of the 

steel frame. Many commercial structural analysis software programs have a built-in 

feature for modeling the stiffness and strength of the SidePlate connection. 

M* pr,b

de 
2 

'' ' 
: l: 0 ' ,, 
I ____ _j1.._ 

X 
Plastic hinge 
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2 

Fig. C-11.2. Amplification o.f maximum probable 

plastic hinge moment, Mpr, to the column face. 
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Step 5. Some structural engineers design moment-frame buildings with a lateral-only 

computer analysis. The results are then superimposed with results from additional 

lateral and vertical load analysis to check beam and column stresses. Because these 

additional lateral and vertical loads can affect the design of the SidePlate moment 

connection, they must also be submitted with the lateral-only model forces. Such 

additional lateral and vertical loads include drag and chord forces, factored shear 

loads at the plastic hinge location due to gravity loads on the moment frame beam 

itself, loads from gravity beams framing into the face of the side plates, and gravity 

loads from cantilever beams (including vertical loads due to earthquakes) framing 

into the face of the side plates. 

There are instances where an in-plane lateral drag or chord axial force needs to 

transfer through the SidePlate moment connection, as well as instances where it is 

necessary to transfer lateral drag or chord axial forces from the orthogonal direction 

through the SidePlate moment connection. In such instances, these loads must be 

submitted in order to properly design the SidePlate moment connection for these 

conditions. 

Step 6 of the procedure requires SidePlate Systems to review the information 

received from the structural engineer, including the assumptions used in the genera

tion of final beam and column sizes to ensure compliance with all applicable building 

code requirements and prequalification limitations contained herein. Upon reach

ing concurrence with the structural engineer of record that beam and column sizes 

are acceptable and final, SidePlate Systems designs and details all of the SidePlate 

moment connections for a specific project in accordance with Step 7. 

The SidePlate moment connection design procedure is based on the idealized primary 

behavior of an SMF system: the formation of a plastic hinge in the beam, outside of 

the connection. Although the primary yield mechanism is development of a plastic 

hinge in the beam near the end of the side plate, secondary plastic behavior (plastic 

Fig. C-11.3. Increased frame stiffness with reduction in effective span of the beam. 
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moment capacity) is developed within the side plates themselves, at the face of the 

column. Overall, a balanced design is used for the connection components to ensure 
that the plastic hinge will form at the predetermined location. The demands on the 
connection components are a function of the strain-hardened moment capacity of the 

beam, the gravity loads carried by the beam, and the relative locations of each com
ponent and the beam's plastic hinge. Connection components closer to the column 

centerline are subjected to increased moment amplification compared to components 

located closer to the beam's plastic hinge as illustrated in Figure C-11.2. 

Step 7 of the process requires that SidePlate Systems design and detail the connection 
components for the actions and loads determined in Step 6. The procedure uses an 

ultimate strength design approach to size plates and welds that incorporates strength, 
plasticity and fracture limits. For welds, an ultimate strength analysis incorporating 

the instantaneous center of rotation is used (as described in the AISC Steel Con

struction Manual Part 8). Overall, the design process is consistent with the expected 
seismic behavior of an SMF system as described previously. 

The SidePlate moment connection components are divided into four distinct design 

groups: 

(a) Load transfer out of the beam.

(b) Load transfer into the side plates {A}.

( c) Design of the side plates {A} at the column face.

( d) Load transfer into the column.

The transfer of load out of the beam is achieved through welds { 4} and { 5}. The loads 

are, in tum, transferred through the vertical shear elements { E} and cover plates { B} 
into the side plates {A} by welds { 6} and { 7}, respectively. The load at the column 

face (gap region) is resisted solely by the side plates {A}, which transfers the load 
directly into the column through weld { 2} and indirectly through weld { 3} through 

the combination of weld { 1 } and the horizontal shear plates { D}. At each of the four 

design locations, the elements are designed for the combination of moment, Mgroup, 
and shear, Vu. 

Connection Design 

Side Plate {A}. To achieve the balanced design for the connection-the primary 

yield mechanism developing in the beam outside of the connection with secondary 
plastic behavior within the side plates-the required minimum thickness of the side 

plate is calculated using an effective side plate plastic section modulus, Zeff, gener

ated from actual side plate behavior obtained from stress and strain profiles along 
the depth of the side plate, as recorded in test data and nonlinear analysis (see Fig

ure C-11.4). The moment capacity of the plates, Mn.sp, is then calculated using the 

simplified Zeff and an effective plastic stress, F
ye, of the plate. Allowing for yielding 

of the plate as observed in testing and analyses (Figure C-11.5) and comparing to the 
design demand Mgroup calculated at the face of column gives: 
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(1) 
(.) 
C 

where 

Mn,sp = FyeZ�ff 

Mgroup :::; l.O
Mn,sp 

(C-11.7-1) 

To ensure the proper behavior of the side plates and to preclude undesirable limit 
states such as buckling or rupture of the side plates, the ratio of the gap distance 
between the end of the beam and the face of the column to the side plate thickness is 
kept within a range for all connection designs. The optimum gap-to-thickness ratio 
has been derived based upon the results of full-scale testing and parametric nonlinear 
analysis. 

Cover Plate {B}. The thickness of the cover plates {B) is determined by calculating 
the resultant shear force demand, Ru, from the beam moment couple as: 

(C-11.7-2) 

and by calculating the vertical shear loads, resisted through the critical shear plane of 
the cover plates { B). 

The critical shear plane is defined as a section cut through the cover plate {B} adja
cent to the boundary of weld {7}, as shown in Figure C-11.6. Hence, the thickness, 
tcp

, of the cover plates is: 

0.50 

Ru 
tcp = -- - - --

2(0.6)FyeLcrit 
(C-11.7-3) 

----Test Specimen 1a@ 4.0% rad. 

-····-··---Test Specimen 1b @4.4% rad.

--Test Specimen 2b@ 3% rad. 

---Test Specimen 2c@ 4.5% rad. 

- -Test Specimen 3@ 4.5% rad.
0 

ro 
(.) 

t 0.00 
(1) 

(1) 

.t::! 
ro 

0 

z 

-0.50

-1.4

Plate stress 

design envelope 

0.0 

Normalized Stress (F y) 

1.4 

Fig. C-11.4. Stress profile along depth of side plate at the column face at maximum load cycle. 
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where 

Lcrit = length of critical shear plane through cover plate as shown in Fig-

ure C-11.6, in. (mm) 

Vertical Shear Element (VSE) {F}. The thickness of the VSE {Fl (which may 

include angles { E} and/or bent plates { C}, see Figures 11.10 through 11.15) is deter

mined as the thickness required to transfer the vertical shear demand from the beam 

web into the side plates {A}. The vertical shear force demand, Vu, at this load transfer 

comes from the combination of the capacities of the cover plates and the VSE. The 

minimum thickness of the VSE, fvse, to resist the vertical shear force is computed as 

follows: 

Yielded depth of 

side plate {A} 

v: 
fvse = -- - --

2(0.6)Fydpl 

. I 
Fig. C-11.5. Idealized plastic stress distribution.for computation 

of the effective plastic modulus, Zeff, of the side plate. 

Lcrit = fw{7}+ ¼in. (6 mm) 

,.,, f .................... , 
Critical shear planes---+-< 

of a cover plate {B} 

Fig. C-Jl.6. Critical shear plane of cover plate {BJ. 
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where 

V� = calculated vertical shear demand resisted by VSE, kips (N) 

d
p1 = depth of vertical shear element, in. (mm) 

[Comm. 11.7. 

Horizontal Shear Plate (HSP) {D}. The thickness of the HSP { D} ( see Figures 11.10 

through 11.15) is determined as the thickness required to transfer the horizontal shear 

demand from the top (or bottom) of the side plate into the column web. The shear 

demand on the HSP is calculated as the design load developed through the fillet weld 

connecting the top (or bottom) edge of the side plate to the HSP (weld { 1 }). The 

demand force is determined using an ultimate strength analysis of the weld group at 

the column ( weld { 1 } and weld { 2}) as described in the following section. 

where 

V;' 
th,p =- - - (C-11.7-5) 

(0.6)F
y
l
p1 

v;; = calculated horizontal shear demand delivered by weld { 1} to the HSP, 

kips (N) 

l
p1 = effective length of horizontal shear plate, in. (mm) 

Welds. Welds are categorized into three weld groups and sized using an ultimate 

strength analysis. 

The weld groups are categorized as follows (see Figures 1 I. 10 through 11.15): fillet 

welds from the beam flange to the cover plate (weld { 5} and weld { Sal) and the fillet 

weld from the beam web to the VSE (weld { 4}) constitute weld group 1. Fillet welds 

Plastic 
hinge 

� -- --Weld group 3 � 

Fig. C-11. 7. Location of design weld groups and associated moment demand (MG#). 
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from the cover plate to the side plate (weld {7}) and fillet welds from the VSE to the 

side plate (weld { 6}) constitute weld group 2. Fillet welds from the side plate to the 

HSP (weld { 1} ), fillet welds from the side plate to the column flange tips (weld (2}) 

and fillet welds from the HSP to the column web ( weld { 3}) make up weld group 3. 

Refer to Figure C-11 . 7. 

The ultimate strength design approach for the welds incorporates an instantaneous 

center of rotation method as shown in Figure C-11.8 and described in the AISC Steel 

Construction Manual Part 8. 

At each calculation iteration, the nominal shear strength, Rn, of each weld group, for 

a determined eccentricity, e, is compared to the demand from the amplified moment 

to the instantaneous center of the group, Vpre. The process is continued until equilib

rium is achieved. Because the process is iterative, SidePlate Systems engineers use 

a design spreadsheet to compute the weld sizes required to achieve the moment and 

shear capacity needed for each weld group to resist the amplified moment and vertical 

shear demand, Mgroup and Vu, respectively. 

Step 8 requires that the engineer of record review calculations and drawings sup

plied by SidePlate engineers to ensure that all project-specific moment connection 

designs have been appropriately completed and that all applicable project-specific 

design loads, building code requirements, building geometry, and beam-to-column 

combinations have been satisfactorily addressed. 

The Connection Prequalification Review Panel (CPRP) has prequalified the SidePlate 

moment connection after reviewing the proprietary connection design procedure con

tained in the SidePlate FRAME Connection Design Software (version 5.2, revised 

January 2013), as summarized here. In the event that SidePlate FRAME connec

tion designs use a later software version to accommodate minor format changes in 

y A 

p 

Fig. C-11.8. Instantaneous center of rotation of a sample weld group. 
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the software's user input summary and output summary, the SidePlate connection 

designs will be accompanied by a SidePlate validation report that demonstrates that 

the design dimensions, lengths and sizes of all plates and welds generated using the 

CPRP-reviewed connection design procedure remain unchanged from that obtained 

using the later version connection design software. Representative beam sizes 

to be included in the validation report are W36x150 (W920x223) and W40x294 

(W1000x438). 
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CHAPTER12 

SIMPSON STRONG-TIE STRONG FRAME 

MOMENT CONNECTION 

12.1. GENERAL 

9.2-223 

The Simpson Strong-Tie® Strong Frame® moment connection uses patented Yield

Link™ structural fuse technology to create a field bolted, partially restrained (PR) 

moment connection for strong-axis wide-flange beam-to-column connections. The 

Yield-Link elements are bolt-on, bolt-off easily replaceable elements that absorb 

inelastic demands, rather than forming plastic hinges in the members, and allow for 

rapid structural resiliency to be achieved if necessary. The connection eliminates field 

welding, and the frame behavior afforded by the connection enables frames to be 

designed without the need for flange bracing on the beams. This is particularly useful 

in structures where providing flange bracing can be difficult (such as when integrated 

into wood structures) or is an undesirable architectural intrusion. Connection testing 

qualified the use of snug-tight bolts for typical field-installed bolts, simplifying bolt 

installation, inspection and frame erection. 

The connection centers around the Yield-Link (Link) structural fuse performance 

and a capacity-based design procedure that, under lateral loading, pushes inelastic 

demand into the Links rather than the members. Unlike other prequalified special 

moment frame ( SMF) connections, little if any inelastic behavior is expected in the 

members. The Link is a modified T-stub and serves to transfer moment from the beam 

to the column. The flange of the Link bolts to the column flange with four snug-tight 

ASTM F3 l 25 Grade A325 orA325M bolts (pretensioned ASTM F3 I 25 Grade A325, 

A325M or Fl852 bolt assemblies are also permitted). The stem of the Link bolts 

to the beam flange with pretensioned ASTM F3125 Grade A325, A325M, A490, 

A490M, Fl 852 or F2280 bolt assemblies. In between the connection to the beam and 

column, the stem of the Link is elongated and contains a section with reduced area 

that defines the location of yielding in the Link. This reduced area controls the axial 

strength of the Link and provides for very reliable estimates of the yield and ulti

mate moment strength of the beam to column connection. To prevent buckling of the 

yielding section of the Link when in compression, a buckling restraint plate (BRP) is 

placed over the Link and bolted to the beam flange on either side of the reduced-area 

section of the Link. The BRP uses snug tight ASTM F3125 Grade A325 or A325M 

bolts that pass through a spacer plate that fills the gap between the bottom of the BRP 

and the near surface of the beam flange. The web of the beam connects to the column 

via a single-plate shear connection. The connection uses an arrangement of bolts that 

permit transfer of shear and axial forces between the beam and column, while at the 

same time limiting the transfer of moment. This is accomplished by having a central 

pivot point defined by a center bolt passing through standard holes in both the beam 
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web and the shear plate and by having the upper and lower bolts in the shear plate 

pass through horizontal slots in the shear plate and standard holes in the beam web. 

This arrangement creates a hinge in the beam web to column flange connection and 

defines the effective rotation point for the plastic hinge. Shear-plate bolts are permit

ted to be snug-tight ASTM F3 l 25 Grade A325 or A325M or pretensioned ASTM 

F3125 Grade A325, A325M or F l  852. The hinge is used to transfer net axial force 

from the beam to column, so in addition to shear- and moment-related design provi

sions found in other prequalified moment connections, this connection also contains 

design provisions for axial load transfer. 

Initial qualification testing consisted of a series of nine reversed cyclic tests according 

to Section E3.6c of ANSI/ AISC 341-10 (AISC, 2010a) covering three configurations, 

each with three replications. Each test consisted of a single-story, single-bay frame 

with lateral loads (in-plane shear) introduced into the top flange of the beam through 

a wood nailer connected to the beam flange. Only one end of the beam used the 

Strong Frame connection, and the remaining beam-to-column and column-to-test bed 

connections were pinned. This configuration was chosen for testing the connection 

over the typical cantilever beam configuration for two primary reasons: It allowed 

beam axial loads to be driven through the joint to enable verification of both the 

axial and moment related design provisions, and it permitted observation of the beam 

flange response when flange bracing was omitted. The testing resulted in all frames 

reaching a drift level of 0.05 rad without a loss of strength greater than 20% of the 

nominal plastic moment strength, M
p
, satisfying the requirements of Section E3.6b of 

ANSI/ AISC 341-10. For this connection M
p 

is calculated using the yielding area of 

the links and the connection geometry rather than the beam properties. 

At the current time there are no other PR connections that have been prequalified 

as an SMF connection, a situation not directly addressed in ANSI/ AISC 341-10. 

Accordingly, even though the initial testing met the SMF connection performance 

requirements of ANSI/AISC 341-10, additional requirements were created to dem

onstrate the suitability of the connection and the design procedure for use as SMF or 

IMF connections in high-seismic applications. 

The first supplemental requirement was to assess the connection performance through 

a component equivalency evaluation using the procedures found in FEMA P-795, 

Quantification of Building Seismic Performance Factors: Component Equivalency 

Methodology (FEMA, 2011). An independent study was commissioned to perform 

the FEMA P-795 evaluation, comparing the Strong Frame connection to the reduced 

beam section (RBS) connection, resulting in two changes to the design procedure. 

The Link flange-to-stem weld was required to develop the full strength of the unre

duced portion of the stem at the column side-it had been previously designed for 

the probable maximum tensile strength of the reduced yielding area-and a single 

thickness of stem material, ½ in. (13 mm), was selected-initially different thick

nesses were considered. Six additional tests similar to those described previously 

(three reversed cyclic tests according to ANSI/ AISC 341-10 and three monotonic 

tests) were then conducted to verify the performance with the amended design and 

detailing procedure. 
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Although not required by ANSI/ AISC 341-10, the monotonic tests were conducted to 

satisfy FEMA P-795 requirements. The purpose of the monotonic testing is to better 

understand the collapse behavior of buildings using the connection by investigat

ing the interstory drift capacity afforded by the connection. The results of the cyclic 

tests again showed that the connection meets the performance requirements of ANSI/ 

AISC 341-10 and that the ultimate limit state was as predicted: a net section frac

ture in the reduced portion of the Links. The results of the monotonic tests showed 

that the connection has tremendous displacement capacity, the tests being stopped at 

9.5% interstory drift without failure or decreasing from peak capacity. The conclu

sion from the FEMA P-795 study is that the Strong Frame connection is equivalent to 

the prequalified RBS connection. It should be noted that for all the tests-initial and 

secondary, cyclic and monotonic-yielding initiated from about 1 to 1.5% interstory 

drift as is typically expected of frames with SMF connections. 

Even with the successful FEMA P-795 evaluation, a second supplemental require

ment was added to look more at system behavior rather than the individual connection 

behavior as was the focus of the FEMA P-795 evaluation. To address this additional 

requirement, a series of nonlinear response history analyses were performed using 

a suite of ground motions and a suite of archetype buildings to compare the seis

mic response of buildings using the Strong Frame connection to buildings using a 

prequalified connection. The connection chosen for comparison was again the RBS

connection. As before, an independent study was commissioned, with designs for 

both systems minimized to the extent allowed by the respective design procedures. 

The study included the development of archetype designs for representative steel 

moment frames for a two-story, four-story, and six-story building using ASCE/SEI 

7-10, ANSI/AISC 360-10 (AISC, 2010b) and ANSI/AISC 341-10 and was evaluated

using seven scaled ground motion pairs. The study demonstrated that the perfor

mances of the Strong Frame and comparable RBS structures were very similar and

within acceptable levels. No collapses were predicted by the analysis. The most

severe response was recorded for the two-story RBS archetype, which exhibited a

maximum story drift ratio for one record of nearly 5%. Mean story drift response for

both the Strong Frame and RBS structures averaged approximately 2.3%, and the

mean plus one standard deviation response averaged 3% for the Strong Frame struc

tures and 2.8% for the RBS structures.

In addition to the cyclic and monotonic testing specifically used to qualify the Strong 

Frame connection, other large-scale shake table test programs have employed the 

connection. Steel frames using the Strong Frame connection were part of the 2009 

NEESWood Capstone tests at Japan's E-Defense facility in Miki, Japan (van de Lindt 

et al., 2009). The full-scale seven-story structure consisted of first-story steel framing 

using the Strong Frame connection, which supported a six-story wood light-frame 

structure on top and had a plan dimension of 40 ft by 60 ft (12 m by 18 m). More 

recently, steel frames using the Strong Frame connection were employed as retrofit 

elements in the first story of a four-story full-scale light frame wood building built 

to simulate a typical San Francisco-style wood structure with a soft/weak first story 

due to ground-level parking. Known as the NEESSoft project (Pryor et al., 2014), the 
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building was successfully tested at the NEES@UCSD outdoor shake table under a 

variety of different ground motions. 

12.3. PREQUALIFICATION LIMITS 

1. Beam Limitations

A number of different beam sizes were used in the frame tests, with the largest being

Wl6 (W410) profiles. Because the capacity-based design procedure forces inelastic

behavior into the connection rather than the beam, in general, the width-to-thick

ness requirements of the AISC Specification for Structural Steel Buildings (ANSI/

AISC 360-16) (AISC, 2016b) apply. However, because the connection does rely on

the beam flange and web to form part of the buckling restraint assembly for the

yielding portion of the Link, the beam flange is required to have a minimum thick

ness of 0.40 in. (IO mm) and the width-to-thickness value cannot exceed Ar in AISC

Specification Table B4. la. Additionally, the capacity-based design procedure and

connection performance (no plastic hinging in the beam) allows the beam stability

bracing to be designed in accordance with the AISC Specification. The protected zone

encompasses the shear connection and yielding portions of the connection, specifi

cally the Yield-Links, and elements of the connection in contact with both.

2. Column Limitations

A number of different column sizes were used in the frame tests, with the largest

being WI 8 (W460) profiles. Because only strong-axis connections were tested,

beams are required to connect to column flanges. Where frames are detailed so as

to create plastic hinging at the column base, the width-to-thickness requirements for

highly ductile members apply in the first story. Otherwise, the requirements of the

AISC Specification apply. Column lateral bracing requirements in the AISC Seismic

Provisions for Structural Steel Buildings (ANSI/ AISC 341-16) (AISC, 2016a) are

to be satisfied. An exception is provided to allow bracing the column at the level of

the top flange of the beam only if additional limits are placed on the column flexural

design strength provisions of the AISC Specification to ensure the columns remain

elastic outside the panel zones. The limits are noted in Step 13.2 of the Section 12.9

Design Procedure requirements.

3. Bolting Limitations

The connection testing specifically prequalified a number of bolts in the connection

to be installed snug-tight. These include the Link flange-to-column flange bolts and

the shear-plate bolts. These same bolts may also be installed pretensioned if desired.

The buckling restraint plate bolts are required to be installed only snug-tight. The

Link stem-to-beam bolts are required to be installed pretensioned to prevent slip that

would occur under design loads. In the prequalification testing, slip would typically

start between 2% to 3% interstory drift, at which point the bolts went into bearing.

No special preparation of either the Links or the beam flange surfaces in the test

frames was done. The only prequalification requirement is that faying surfaces not

be painted.
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12.4. COLUMN-BEAM RELATIONSHIP LIMITATIONS 

The requirements for the Strong Frame connection are similar to those of other 

prequalified SMF connections. Mpr, however, is calculated based on the probable

maximum tensile strength of the Links, Mpr = Pr-link (d + t.,tem), where P,./ink is the

probable maximum tensile strength of the Link calculated as the product of the yield 

area; specified minimum tensile strength, Fu; and the ratio of the expected tensile 

strength to the specified minimum tensile strength, R1• When Links are fabricated 

from ASTM A572/A572M Grade 50 (345) plate material, this approach results in 

a 23% higher estimate of demand than what would be calculated if an approach 

equivalent to that of other SMF connections was used (Equation 2.4-1 ). Basing con

nection demand on the section properties and the expected tensile strength is used 

in numerous places in the design procedure and produces similarly higher demands 

when compared to typical SMF requirements. This is consistent with the overall goal 

of keeping nearly all inelastic demand in the replaceable Yield-Link elements and 

creating little if any inelastic demand in the members. Using this higher demand also 

applies to the evaluation of panel zone strength, which for the Strong Frame connec

tion is done in accordance with the AISC Specification rather than the AISC Seismic 

Provisions. One effect of this requirement is the use of the AISC Specification <I> =

0.90 rather than the AISC Seismic Provision <!>v = 1.00 (AISC Seismic Provisions Sec

tion E3.6e), in conjunction with nominal resistance, R11, calculated in accordance with 

AISC Specification Section J l 0.6. Added to the differences in how Mpr is calculated

results in panel zone shear demands approximately 26% higher than would be calcu

lated if typical SMF design methodologies were used. 

12.5. CONTINUITY PLATES 

The need for continuity plates is determined in the design procedure by basing 

demand on the expected tensile strength of the Links as discussed in Commentary 

Section 12.4 and design strength as determined by the AISC Specification. As was 

used successfully in the qualification testing, fillet welds are permitted at the web and 

flanges of the column. 

12.6. YIELD-LINK FLANGE-TO-STEM WELD LIMITATIONS 

As discussed previously, initially the design demand for this weld was based on the 

expected tensile strength of the reduced portion of the Link. While this did permit 

the qualification testing to successfully meet the performance requirements of the 

Seismic Provisions, the ultimate limit state for some of the tests was failure of this 

weld rather than the more desirable failure in the yielding area of the Link. As a 

result of the additional requirement to pass the FEMA P-795 component equivalency 

evaluation, which compared the Strong Frame connection performance to that of an 

RBS connection, this weld was changed to require either complete-joint-penetration 

groove welds or double-sided fillet welds that develop the tensile strength of the 

unreduced portion of the Link. 
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12.7. FABRICATION OF YIELD-LINK CUTS 

The fabrication requirements reflect production quality necessary to ensure the proper 

performance of the links. 

12.8. CONNECTION DETAILING 

The requirements of this section reflect the tested conditions and common allowances 

where appropriate. The connection is detailed to accommodate up to 0.07-rad rota

tion, which, along with frame flexibility, will accommodate the expected interstory 

drift without affecting any connection element other than the Yield-Links. Shear plate 

connection welds are required to develop the strength of the shear plate, and Yield

Link thickness is limited to material nominally ½ in. (13 mm) thick and fabricated 

from one of the three permitted steel grades. 

The stems of the pair of Yield-Links at each connection must be fabricated from the 

same heat of material to ensure minimum variability in actual F
y 

and Fu for the pair 

of Links in a connection. This is because imbalance of the Link strengths can drive 

additional force into the central pivot bolt of the connection. This force is parallel to 

and can be cumulative with the net axial connection force in the beam, which is also 

resisted by the central pivot bolt. Rather than include an explicit design procedure 

to accommodate unbalanced Link strength, it was decided at this time to simply use 

material from the same heat for the stems of each pair of Links at a given connection. 

In general, the topic of the potential adverse effects of unequal strength in the Links, 

or flanges, of a moment connection is not limited to just the Strong Frame connection. 

While the central pivot design of the Strong Frame connection in essence attempts to 

maintain the location of the plastic neutral axis at the centerline of the beam even if 

the Links are of different strengths-and thus create relatively even strain demands in 

each link for a given connection rotation-the same is not true for traditional welded 

up shapes that may have different flange strengths and form plastic hinges in the 

beam cross section. The neutral axis of the plastic section would shift toward the 

flange with higher strength, and uneven strain demands in the flanges would result. 

However, the effect on inelastic performance for this condition has not been studied, 

and currently there are no requirements to control flange strength in SMF connections 

using built-up sections subject to plastic hinging. 

12.9. DESIGN PROCEDURE 

The design procedure for the Strong Frame connection parallels the design concepts 

for frames with other moment connections but is adapted to the specific configura

tion of the connection. Connection moment strength is controlled by the strength of 

the Yield-Links and shear strength by the strength of the shear-plate connection. This 

allows beams to be designed, if desired, to be unbraced yet stable under the combined 

effects of expected ultimate connection moment strength, gravity loads, and axial 

load resulting from lateral loading. Unlike some historical PR moment connections, 

the Strong Frame connection is proportioned to remain elastic under the combined 

effects of design lateral and vertical loads, with the Yield-Links only experiencing 
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inelastic behavior during seismic events in which the real seismic forces are expected 

to exceed the unamplified design seismic forces (Rex and Goverdhan, 2000). This 

permits the use of typical elastic analysis procedures similar to other SMF connec

tions. However, like some historical PR moment connections, the beams are designed 

as simple span for gravity loads (Geschwindner and Disque, 2005). This facilitates 

post-earthquake repairs, should they be needed, by ensuring the beam is proportioned 

to support its design gravity loads even if the Links are removed during replacement. 

In addition to the various strength checks for frame members and elements of the 

connection, the PR nature of the Strong Frame connection requires a detailed stiff

ness check using actual connection stiffness to ensure lateral drift limits are met. This 

means that the lateral stiffness-to-mass and lateral yield strength-to-mass ratios are 

required to be the same as any other frame using SMF connections. As such, the code 

equations for base shear and period estimation are equally applicable to frames using 

the Strong Frame connection as they are to frames using other SMF connections. This 

was verified as part of the nonlinear response history study comparing Strong Frame 

and RBS connections discussed previously. For each of the archetype structures, the 

periods of the RBS frames and Strong Frame frames were virtually identical. 

The design process can be iterative, and Step 1 begins with suggestions on how to 

create trial values for sizes of the frame members and provides an initial estimate of 

story drift which is explicitly checked later in the design procedure. In addition to 

designing the beam as simply supported, Step 2 also suggests a deflection limit on the 

beam to limit member end rotations that would affect the connection. 

Step 5 determines the width of the yielding portion of the Link based on the permitted 

thickness of ½ in. (13 mm) and subject to limitations that include a maximum width 

of 3 ½ in. (88 mm), which corresponds to the strongest Yield-Link that has been quali

fied. Testing showed that for the approved steel grades, if the length of the straight 

portion of the yielding section of the Link is proportioned such that the strain demand 

in that section does not exceed 0.085 when the connection is subjected to a rotation of 

0.05 rad, the Link will possess sufficient toughness to enable the connection to meet 

the cyclic test performance requirements of the AISC Seismic Provisions, and this is 

reflected in Step 6. 

In Step 7, the Link expected yield strength and probable maximum tensile strength 

are computed. The value of R1 is specified as 1.2 to reflect the proper value from 

AISC Seismic Provisions Table A3. l for ASTM A572/ A572M Grade 50 (345) plates, 

strips and sheets. If the Link is fabricated from hot-rolled structural shapes of ASTM 

A992/A992M or A913/A9I3M Grade 50 (345) as permitted, the tabulated value of 

R1 = I. I is used. 

In Step 8, the Link-to-beam flange connection is designed. Both here and in the 

web shear-plate connection, bolt bearing is required to be designed using bearing 

values that limit deformation at the bolt hole. The purpose of this is to again drive the 

inelastic response into the reduced portion of the Link and to keep other areas of the 

connection outside of the link essentially damage free to facilitate Link replacement 

should it be desired after a seismic event. 
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In Step 9.2, the required Yield-Link flange thickness, for a no prying action condi

tion with a force limited by the probable maximum tensile strength of the Link as 

reflected in the calculation of r1 in Step 9.1, is determined. 

Step 11 is a procedure for calculating the actual connection stiffness for use in check

ing frame drift and connection behavior. The Link stiffness is calculated as three 

springs in series, where the springs represent the stiffnesses of the Link flange in 

bending, the yielding portion of the link stem under axial load and the nonyielding 

portion of the Link stem under axial load. Once the axial stiffness of the Links is 

computed, the connection can either be modeled with appropriate geometry using 

discrete axial elements to represent the top and bottom links at a connection, or an 

equivalent rotational spring can be determined and used in the modeling. As seen in 

Figure C-12.1, this approach has been shown to be very effective for modeling both 

the elastic and inelastic behavior of the connection (Pryor and Murray, 2013). 

Step 11.2 requires that the frame, using the actual Strong Frame connection proper

ties, meets the required drift limit and that the connection response is elastic under 

design load combinations (not including amplified seismic load combinations). The 

calculation of required shear in Step 12 is analogous to that used in designing RBS 

connections. Because a plastic hinge is not formed in the beam in Strong Frame 

connections, the value of Lh is the distances between the rotational points in the 

shear plate connections rather than between the centers of plastic hinges. The user 

is directed to the Commentary for Chapter 5, Reduced Beam Section (RBS) Moment 

Connection, for additional information. 

Required member checks are in Step 13. Step 13.1 requires the beams to be checked 

using the AISC Spec(fication under combined demand that consists of the maximum 

probable end moments, axial forces considering either the maximum that the system 

can deliver, or from amplified seismic loads and gravity loads. If the designer chooses, 
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Fig. C-12.1 Testing vs. FEA analysis.for.frame modeled with 

all material nonlinearity in the Yield-Link elements. 
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beam size can be selected to meet the requirements of the AISC Specification under 

this combined loading without lateral bracing. In Step 13.2, column design demand 

is determined from load combinations that include seismic effects derived from either 

the maximum that the system can deliver or the amplified seismic loads. The design 

strength of the column outside the panel zone is not permitted to exceed qlbF
y
Sx, 

where qlb = 0.90 even if otherwise permitted by AISC Specification Section F2 when 

column bracing is only provided at the level of the top flange of the beam. 

In Step 15, the shear plate and beam web are designed in accordance with the AISC 

Specification to permit hinging about a central rotation point while resisting the beam 

shear and axial force demand determined from capacity-based design principles. In 

Step 15.1, note that the bolt shear demand is controlled by the shear force on the cen

ter bolt in the connection because it takes its full portion of the vertical shear reaction 

in combination with any axial loads being transferred from the beam to the column, 

combined using the square root of the sum of the squares (vector sum) rule. 

Analogous to a beam flange force, in Step 16, the maximum probable axial strength 

of the Yield-Link is used to calculate panel zone shear demand. As is the case for typi

cal connections, Link strengths are summed for double-sided connections. 

Borrowing from the Bolted Unstiffened and Stiffened Extended End-Plate Moment 

Connections provisions in Chapter 6, Step 18 provides an analogous design proce

dure for checking the column flanges for flexural yielding based on the maximum 

probable tensile strength of the Yield-Link. 

If the design strength of the column web or flange without continuity plates or 

stiffeners is insufficient to support the maximum probable tensile strength of the 

Yield-Links, the design requirements for the stiffeners or continuity plates are in 

Step 19. Fillet welds are permitted at both column web and flange connections to the 

continuity plates or stiffeners. 
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CHAPTER13 

DOUBLE-TEE MOMENT CONNECTION 

13.1. GENERAL 

The double-tee provisions were written primarily based on testing performed at the 

Georgia Institute of Technology. The series of six connection tests used a W14x145 

(W360x216) column and either a W21x44 (W530x66) or W24x55 (W610x82) 

beam (Swanson, 1999). The tests are summarized in Table C-13. l .  This series of six 

full-scale assembly tests was supplemented by a series of 48 tests on T-stub compo

nents conducted at the Georgia Institute of Technology (Swanson, 1999; Swanson 

and Leon, 2000). None of the tested configurations included a concrete slab, and all 

of the tested configurations included a single-plate shear connection between the web 

of the beam and the column flange. 

Research work conducted at the University of Wyoming (McManus and Pucket, 

2010) was also considered in development of these double-tee provisions. Testing 

associated with this program included 22 T-stub component tests with very wide 

gages between the two rows of bolts connecting the T-flange to the column flange 

and T-stubs with very thick shims between the T-flange and column flange. These 

shims were arranged to provide a gap between the T-flange and column flange such 

that inelastic bending of the of the T-flange could occur not only when the T-stub was 

subjected to tension but also when it was subjected to compression. 

Research work conducted at the University of Cincinnati on T-stubs built-up from 

thicker plates was also considered in the development of these provisions (Hantouche 

et al., 20 l 3; Hantouche et al., 2015). The intent of this work was to allow for the use of 

built-up T-stub components in the double-tee connections. However, since the testing 

that was performed at the University of Cincinnati did not include full-scale assem

blies, the CPRP elected to not permit built-up T-stubs in this edition of the provisions. 

A series of five full-scale beam-column subassemblies was tested at the University 

of Texas at Austin in 1996 (Ulloa Barbaran, 1996; Larson, 1996). These assemblies 

consisted of cantilever W36x150 (W920x223) beams connected to pinned-pinned 

W14x426 (W360x634) columns using a shear tab to resist shear and, in most cases, 

fully-bolted T-stubs to resist moment. The first specimen was designed with a shear

only connection-with a shear tab but without T-stubs-so as to investigate the 

contribution of the shear tab and beam web to the moment strength of the connection. 

The second and third specimens were designed both with a shear tab and T-stubs, but 

the T-stubs were configured to provide only a partial strength beam connection. The 

fourth and fifth specimens were designed with both a shear tab and T-stubs with the 

tees in the fourth specimen proportioned to transmit 100% of the beam moment to 

the column and the tees in the fifth specimen proportioned to transmit approximately 

125% of the beam's plastic moment (Ulloa Barbaran, 1996). The connections were 
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TABLE C-13.1. 

Summary of PrequalificationTests on Double-Tee Connections 

Test Beam Column T-stub Bolts 

FS-03 W21x44 W14x145 W16x45 1/a-in. A490 

FS-04 W21x44 W14x145 W16x45 1-in. A490

FS-05 W24x55 W14x145* W16x100 1/a-in. A490 

FS-06 W24x55 W14x145* W16x100 1-in. A490

FS-07 W24x55 W14x145* W21x93 1/a-in. A490 

FS-08 W24x55 W14x145* W21x93 1-in. A490

• Column was stiffened with continuity and doubler plates.

loaded by applying a displacement to the end of the cantilever beam. The fourth and 

fifth specimens are most germane to the topic of prequailification of double-tee con

nections. The fourth specimen failed when the bolts connecting the T-stubs to the 

column flange fractured. After disassembling the connection, small fractures near 

the bolt holes in the flange of the beam were noted. Testing of the fifth specimen 

was stopped when a fracture of the beam flange was noticed. None of the specimens 

performed adequately to be considered for use in SMF or IMF systems. 

Research on bolted flange plate (BFP) connections conducted at the University of 

Illinois (Schneider and Teeraparbwong, 2002) and at the University of California 

at San Diego (Sato et. al., 2007) was also considered because the connection of the 

flange plate to the beam flange in a BFP connection is nearly identical to the connec

tion of the T-stem to the beam flange in a double-tee connection. 

13.2. SYSTEMS 

None of the tested configurations included a concrete slab; thus, the slab must be iso

lated from the column to avoid developing unintended and unproven mechanism in 

the connection as built during a seismic event. Further, no shear studs were present in 

the tested configuration; therefore, as a result, shear studs are precluded in the as-built 

connections in a conservative but consistent decision aimed at preventing potential 

fractures from initiating at the stud welds in regions expected to undergo significant 

inelastic strains. Given that the distance from the face of the column to one beam 

depth beyond the shear bolts farthest from the column may be a large distance, the 

requirement that studs be omitted in this region may create difficulties for composite 

beam systems. However, the requirement is felt necessary to preserve the anticipated 

performance of the connection. It is speculated that the presence of the bolts and nuts 

connecting the beam flange to the T-stem (the shear bolts) will transfer some shear 

between the steel and concrete without compromising the seismic performance of the 

connection. 

Double-tee connections tested at Georgia Tech ranged in stiffness from connections 

that were clearly fully restrained (FR) to nearly partially restrained (PR). The AISC 
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Seismic Provisions explicitly permit PR connections in OMFs but are silent on the 

use of PR connections in IMFs and SMFs. This Standard precludes the use of PR 

double-tee connections until the issue can be considered in more detail. Step 13 of 

the double-tee design procedure includes a check of the connection stiffness to ensure 

that it satisfies the FR criteria. 

13.3. PREQUALIFICATION LIMITS 

Prequalification limits for the beam are based on the configurations successfully 

tested at Georgia Tech. Limitations for the column are based on limitation for other 

prequalified connection types. 

13.5. CONNECTION DETAILING 

1. T-Stub Material Specifications

T-stubs tested at Georgia Tech were cut from W-shapes rolled from either ASTM

A572 Grade 50 or dual grade ASTM A36/ A572 Grade 50 steel. In all cases, the yield

and tensile strengths of the steel used for the T-stubs were consistent with ASTM

A572 Grade 50 (345) or ASTM A992/ A992M material. Details are available in

Swanson (1999).

2. Continuity Plates

All of the experiments upon which these provisions are based were conducted with

continuity plates present. As a result, continuity plates are required in the prequalified

double-tee connections. The continuity plates are required to control column-flange

bending that may result in column-flange prying forces in the tension bolts between

the T-flange and column flange. While T-flange prying is considered explicitly in the

design procedure, column-flange prying is not. Further, when two rows of four ten

sion bolts are used, it is speculated that the absence of continuity plates may result in

column-flange bending that could produce larger forces in the interior tension bolts

than the exterior tension bolts. More research is needed before the requirement of

including continuity plates can be relaxed.

4. Bolts

All of the tests used as a basis for prequalification employed two identical T-stubs and

bolt patterns that were arranged symmetrically with respect to the axes of the beam

and column (with the exception of the web bolts, which are slightly off center with

respect to the plane of the beam web and column web). Further, all prequalification

tests used two rows of bolts between the T-stem and beam flange and between the

T-flange and column flange. Significant questions remain regarding whether addi

tional rows of bolts between the T-flange and column flange would participate in

carrying load without the presence of stiffeners on the T-stub.

All of the six full-scale assemblies tested at Georgia Tech made use of ASTM F3125 

Grade A490 bolts, but a number of the T-stub component tests included ASTM F3 l 25 

Grade A325 fasteners. As a result, Grade A325, A325M, A490 or A490M bolts, 
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or their tension control equivalents, are permitted in the double-tee connections. 
While all of the tested configurations used the same diameter and grade of fasteners 
throughout the connections, there is no requirement that all bolts in the prequalified 
connection be the same diameter or grade. It is expected that all bolts will likely be 
Grade A490 or A490M, but there may be advantages to using larger-diameter ten
sion bolts between the T-flange and column flange and smaller-diameter shear bolts 
between the T-stem and beam flange. 

Oversize holes are not permitted in the beam flange, because if they are used, it is 
difficult to achieve adequate moment capacity in the beam at the row of shear bolts 
farthest from the column face. 

Of the 22 experiments conducted at the University of Wyoming, 18 components failed 
with a fracture of the flange of the T-stub. Of the 60 T-stub components tested at Geor
gia Tech (including the 12 T-stubs in the full-scale assembly tests), no fractures in the 
flanges were observed. An analysis of the 82 experiments revealed that the T-stubs 
that failed via flange fracture all had a ratio of tension bolt gage to T-flange thickness 
(g1h/t11) that was greater than 10. No flange fractures were observed in T-stub compo
nents with a ratio of g1b/t11 of less than 9. After considering the data, the CPRP elected 
to limit the ratio of gt1)t11 to be not greater than 7.0, a value that includes all of the 
components tested at Georgia Tech. 

All bolts are required to be installed as pretensioned fasteners and faying surfaces are 
required to be prepared as they would be in slip-critical connections. The connections 
are not intended to be designed as slip-critical, however. The required pretension and 
faying surface preparations are intended to provide a reasonable level of friction to 
prevent slip at service loads and provide slip resistance conducive to energy dissipa
tion at design loads. Prevention of slip at design loads is not considered desirable as 
this would limit a robust energy dissipation mechanism of the connection. 

5. T-Stub Shims

The thickness of shims between the T-flange and column flange is limited to a
maximum of¼ in. (6 mm) to preclude the use of shims that would be similar in con
figuration to the shimmed configuration in the University of Wyoming experiments
where the T-flange was permitted to flex both when the T-stub was in tension and
when it was in compression. Further, the use of shims that extend the full width and
breadth of the T-flange is encouraged.

13.6. DESIGN PROCEDURE 

Step 1. The determination of the probable maximum moment is consistent with 
other prequalified moment connections, such as the bolted flange-plate connection, 
based on Cpr, which is described in Section 2.4.3. 

Step 2. The maximum shear bolt diameter is determined that will allow the full 
plastic moment of the beam to be developed at the shear bolts farthest from the 
column face, while precluding a net-section rupture of the beam flange in tension. 
The underlying model in the double-tee connection differs from the bolted flange 
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plate connection and Kaiser bolted bracket connection. The underlying model for the 

bolted flange plate and Kaiser bolted bracket connections is the same that appears in 

Section Fl 3 of the AISC Specification for Structural Steel Buildings (AISC, 2016b ), 

which compares the gross yielding strength of the flange to the net section rupture 

strength of the flange. In Section Fl 3 of the AISC Specification, if it is found that 

net section strength governs, then a method is provided to reduce available flexural 

strength of the beam. In the bolted flange plate and Kaiser bolted bracket connec

tions, a moment strength less than the full plastic moment is not acceptable, so the 

analogous checks in those design procedures are reformulated so as to determine the 

maximum bolt diameter while ensuring that a strength reduction is not required. The 

check in Step 2 of the double-tee design procedure, gross yielding is compared to 

net-section fracture, but the comparison is made on the plastic flexural section instead 

of on the axial section of the tension flange. Again, a flexural strength less than the 

full plastic moment is not acceptable, so no provision was envisioned for computing 

a reduced strength when the net fracture strength governs. 

The checks described previously are predicated on the assumption that there are two 

bolts in standard holes in the tension flange of the beam. The difference in basis 

between bolted flange plate and double-tee design procedures is based on experimen

tal observations at Georgia Tech that beams that did not satisfy the design check of 

Section Fl 3 in the AISC Specification-and, thus, had bolts larger in diameter than 

would be permitted in the bolted flange plate design procedure-were still able to 

develop their full plastic moment at the critical net section computed using measured 

yield stresses. Based on that observation, the bolted flange plate version of the beam 

net-section check was deemed to be too conservative, thus, the double-tee version of 

the check was introduced. A thorough discussion of the issue is provided by Swanson 

(2016). 

In the event that the check in Equation 13.6-2 is not satisfied (e.g., larger bolts diam

eter are required), reinforcement of the beam could be provided. It should be noted, 

however, that none of the experiments upon which these provisions are based included 

any reinforcement of the beam flanges at the critical net section. Thus, reinforcing the 

beam flange is not within the scope of this prequalified connection design procedure. 

The check can be made on a section assuming that there are holes in both the tension 

flange and compression flange of the beam, which is simpler as is shown in Equa

tion 13.6-3, or it can be assumed that only the holes in tension are critical, which is 

more complicated but does allow for slightly larger diameter bolts. 

Step 3. Bolt shear will govern in most cases, using typical bolt spacing and end 

distances. The bearing and tearout strength of the T-stem and beam flange will be 

checked in Step 18 after additional dimensions of the connection are determined. A 

simple calculation can be performed at this stage to determine bolt spacing and end 

distance that will guarantee that shear of the bolt will govern, which will maximize 

the strength of the shear bolts. 

Step 4. Equation 13.6-5 is used to estimate the number of shear bolts that will 

be required to connect the T-stem to the beam flange. The quantity l .25M
p
r in the 
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numerator is in place as a preliminary estimate of the moment at the face of column, 

M1; which cannot be determined until the number of shear bolts is known. 

Step 5. The location of the plastic hinge relative to the column face is determined 

in this design step. This is based on spacing and end distance of the shear bolts and 

the setback distance of the end of the beam relative to the column face, which will 

be much larger than the ½ in. (12 mm) that is typically used for bolted flange plate 

connections and simple shear connections to allow space for the T-flanges between 

the end of the beam and column face. 

Step 6. Calculation of the shear force at the plastic hinge is consistent with the AISC 

Seismic Provisions. The shear force required to develop a full plastic mechanism in 

the beam is based on Eel as shown in Equation E 1-1 of the AISC Seismic Provisions 

and combined with gravity loads, as is indicated. 

Step 7. The moment at the face of the column is determined by adding the probable 

maximum at the plastic hinge, Mpr, to the moment created by shear force at the plastic 

hinge acting over the distance Sh. 

Step 8. The maximum probable flange force is determined by dividing the moment 

at the column face, MJ, by the distance between centerlines of the stems of the top and 

bottom T-stubs. Because the thickness of the T-stems has not yet been determined, 

this distance is estimated as l .05db. The expected flange force will be computed using 

the actual distance between the T-stem in Step 14 after the actual stem thickness is 

known. 

Step 9. The size of the T-stem is determined based on gross yielding and net fracture 

in tension, and gross yielding or buckling in compression. The gross section of the 

T-stem at the first row of shear bolts will be determined by the width of the T-stub

and the thickness of the T-stem. The width of the T-stub will be governed by the spac

ing of the bolts between the T-flange and column flange. As a general rule of thumb,

assume that the T-stub will be slightly narrower than the width of the column flange.

The lesser of the actual T-stub width and the Whitmore width is used in calculating

section properties. If the T-stem is not tapered, the actual width is simply the T-stub

width, WT. If the T-stem is tapered, then the actual width will depend on the geometry

of the taper.

The typical gages for beam sections published in the AISC Steel Construction Man

ual can generally be used for the shear bolts. In some cases, it may be advantageous to 

use a wider gage as long as edge distance requirements are met, which will increase 

the Whitmore width of the stem and allow more entering and tightening clearance, 

but this may lower the block shear strength of the beam flange. 

The strength of the T-stem will be backchecked in Step 16 after the section from 

which the T-stubs are to be cut is selected in Step 12. 

Step 10. Equation 13.6-16 provides a lower bound estimate of the required diameter 

of the tension bolts based on the assumption that there is no prying in the T-flange. 

Larger bolts may be required depending on the level of prying present in the T-flange 
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and may be desirable to allow a ductile prying mechanism to form in the T-flange 

(Swanson, 2002). 

Step 11. The provisions in this step are based on the prying model developed by 

Swanson (Swanson, 2002). The strength of the tension bolts and T-flange will be 

confirmed in Step 17 after the final T-stub dimensions are determined in Step 12. In 

general, the smallest gage possible for the tension bolts is desirable from a strength 

point of view; however, larger gages can provide additional ductility in the T-flange at 

the expense of higher prying forces. The gage of the tension bolts will be governed by 

the entering and tightening clearances of the tension bolts relative to the beam flange, 

T-stem and shear bolts. Care must also be taken to ensure that there is sufficient space

between the top and bottom T-stubs for the shear tab.

The thickness of the T-flange is also a critical parameter and influences the strength of 

the T-stub greatly. A solution envelope for a typical T-stub is shown in Figure C-13.1 

and is the result of plotting a T-stub's flange capacity as a function of the flange 

thickness. The bold line OABC defines the capacity of the flange and tension bolts, 

and the region below this line represents an adequate design. Segment OA defines the 

flange mechanism strength and is calculated as <J>T1 using Equation 13.6-46. Segment 

AB, computed as <J>T2 using Equation 13.6-47, is referred to as a mixed-mode failure 

because yielding of the T-flange and bolt failure are both expected. Segment BC rep

resents the conventional strength of the bolts without prying and is computed as q>T3 

using Equation 13.6-48. Point A in the chart is generally considered to represent a 

balanced failure because the full strength of the flange is exhausted at the same time 

Fig. C-13.1. Relationship ofT-stub capacity to flange thickness. 
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that the bolt forces, including prying, become critical. The flange thickness associ
ated with the point B is often referred to as the critical thickness, fft,crit, because a 
T-stub with a flange thickness greater than that will have negligible prying and will
develop the full tensile strength of the bolts.

The initial tension bolt diameter determined in Step 10 using Equation 13.6-16 is 
based on setting <pT3 equal to Fpr/n11, and solving for dt1,. The initial flange thickness 
determined in Step 11 using Equation 13.6-21 corresponds to Segment AB of Fig
ure C-13.1 and is found by setting <pT2 equal to Fp1/n11, and solving for tfl. The flange 
thickness associated with a balanced failure, point A in Figure C-13.1, can be found 
by setting <pT1 equal to <pT2 and solving for tfl, as is shown in Equation 13.6-25. The 
strength of flanges thinner than the thickness given in Equation 13.6-25 will be gov
erned by a plastic flange mechanism. The critical flange thickness associated with 
point B in Figure C-13 .1, can be found by setting the flange strength for a mixed
mode failure, <pT2, equal to the flange strength in the absence of prying, <pT3, and 
solving for y1, as shown in Equation 13.6-26. 

The dimension a is estimated in Step 11 as shown in Equation 13.6-18. After the final 
T-stub dimensions are determined in Step 12, the T-flange and tension bolt strength
is backchecked in Step 17, using a different value of a as calculated in Equation
13.6-52. When determining the gage of the tension bolts, g11,, keep in mind entering
and tightening clearances for the tension bolts, particularly in the side of the T-stem
adjacent to the beam where the flange of the beam can interfere with tightening of the
tension bolts. Using a smaller tension bolt gage reduces prying forces in the bolts, but
if the gage is too small, it may be very challenging, if not impossible, to pretension
the tension bolts.

Step 12. Select a W-shape that the T-stubs can be cut from. The depth of the W-shape 
must be sufficiently large to accommodate the distance from the face of the column 
to the end of the T-stems, which is Sh plus the end distance of the shear bolts in the 
T-stem. The web thickness and flange thickness of the W-shape must be large enough
to accommodate the values of tsr and tfl computed in Steps 9 and 11, respectively.
Finally, the flange width of the W-shape must be large enough to accommodate the
gage of the tension bolts and the required edge distance.

Step 13. The initial stiffness of the connection is computed based on the stiffness 
model proposed by Swanson (1999) and is compared to a minimum stiffness of 
I 8EIIL that is required for a FR connection. It is expected that most connections 
designed on the basis of developing the full plastic moment of the beam will be stout 
enough to qualify as FR. Still, this check is required for the double-tee connection. 

Step 14. After the final dimensions of the T-stubs and connection are determined, 
the expected flange force, Ff, is computed based on actual dimensions instead of 
estimated dimensions. 

Step 15. After the expected flange force, Ff, has been determined and the actual 
dimensions of the connection are known, the strength of the shear bolts is checked to 
ensure that they are adequate. 
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Step 16. After the expected flange force, F1; has been determined and the actual 
dimensions of the connection are known, the strength of the T-stem is checked to 
ensure that it is adequate. 

Step 17. After the expected flange force, Ff, has been determined and the actual 
dimensions of the connection are known, the strength of the T-flange and tension 
bolts is checked to ensure that they are adequate. Shear and tension interaction in the 
tension bolts need not be considered. Because the shear plate will undoubtedly be 
much stiffer with respect to vertical forces than the T-stem, it is safely assumed that 
the web bolts carry all of the beam's shear force to the column while the tension bolts 
carry only tension resulting from the beam's moment. This can be demonstrated by 
considering the ratio of the stiffness of the shear plate to the stiffness of the T-stems 
on the top and bottom flanges of the beam. 

Kshear 

KT-stems 

12L�ptsp
3( 2)(12)WTt,r 

If it is assumed that Lsp � WT, l.<t � 2tsp, and Lsp � 20 tsp, then this ratio reduces to 
25 indicating that the shear connection is 25 times stiffer than the flange connections 
with respect to resisting vertical forces. 

Step 18. Bearing and tearout of the shear bolts relative to the T-stem and beam flange 
is checked consistent with Section J3 .10 of the AISC Specification using actual 
dimensions and the expected flange force, Ff-

Step 19. Block shear of the T-stem and beam flange should be checked in a manner 
consistent with Section 14.3 of the AISC Specification. For the purpose of this design, 
the block shear failure shall be considered a ductile failure mode. 

The "alternate block shear" mechanism illustrated in Figure 13. 7 need not be checked. 
For this failure mechanism to form, a net rupture of the beam flange must occur, and 
this is precluded by the check in Step 2. In numerous documented tests of double-tee 
and bolted flange plate connections, this alternative block shear mechanism has not 
been observed. 

Step 20. Because of the large setback required, the shear connection will most likely 
need to be designed as an "extended" shear tab, particularly when one considers 
that the shear connection should be designed with sufficient strength in the event of 
the failure of the T-stubs. Most importantly, the length of the shear connection, Lsc, 
should be determined so as to fit between the flanges of the T-stubs allowing ample 
clearance. 

Consistent with AISC Specification Section J4.3, block shear of the beam web should 
be checked for the failure path shown in Figure C-13.2. For the purpose of this design, 
the block shear failure shall be considered a ductile failure mode. 

Step 21. The strength of the column flange adjacent to the T-stub is considered 
in Step 21. A yield line analysis is the basis for the strength in Equations 13.6-55 
through 13.6-61. The yield-line pattern is shown in Figure 13.8, wherein it is assumed 
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that the top T-stub is in tension. With the requirement that both T-stubs be identical, 

checking only one location is satisfactory. 

Note that the yield-line pattern shown in Figure 13.8 is applicable to both the cases of 

T-stubs with eight tension bolts or four tension bolts. In the case where eight tension

bolts are used, the yield pattern is defined by the inner four bolts and the associated

gage, g;c, shown in the figure.

Step 22. In checking the column for web local yielding and web local crippling 

consistent with Sections JI 0.2 and J l 0 .3 of the AISC Specification, respectively, the 

bearing length, lb, can be taken as 5kT + fst, where kT is the k dimension of the T-stub 

and fst is the T-stub stem thickness. Given the requirement for continuity plates, how

ever, web local yielding and web local buckling are not expected to control. 

Fig. C-13.2. Block shear failure mode for the beam web. 
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APPENDIX A 

CASTING REQUIREMENTS 

Al. CAST STEEL GRADE 

The cast steel grade is selected for its ability to provide ductility similar to that of 

rolled steel. The material has a specified minimum yield and tensile strength of 50 ksi 

(354 MPa) and 80 ksi (566 MPa), respectively. The ASTM specification requires the 

castings be produced in conjunction with a heat treatment process that includes nor

malizing and stress relieving. It also requires each heat of steel meet strict mechanical 

properties. These properties include the specified tensile and yield strengths, as well 

as elongation and area reduction limitations. 

A2. QUALITY CONTROL (QC) 

See Commentary Section 3.7. 

2. First Article Inspection (FAI) of Castings

The intent of this section is that at least one casting of each pattern undergo first

article inspection (FAI). When a casting pattern is replaced or when the rigging is

modified, FAI is to be repeated.

3. Visual Inspection of Castings

All casting surfaces shall be free of adhering sand, scales, cracks, hot tears, porosity,

cold laps and chaplets. All cored holes in castings shall be free of flash and raised

surfaces. The ASTM specification includes acceptance criteria for the four levels of

surface inspection. Level I is the most stringent criteria. The Manufacturers Standard

ization Society (MSS) specification includes a set of reference comparators for the

visual determination of surface texture, surface roughness and surface discontinuities.

4. Nondestructive Testing (NDT) of Castings

These provisions require the use of nondestructive testing (NDT) to verify the cast

ings do not contain indications that exceed the specified requirements.

Radiographic testing (RT) is capable of detecting internal discontinuities and is speci

fied only for the FAI. The ASTM specifications contain referenced radiographs and

five levels of RT acceptance. The lower acceptance levels are more stringent and are

typically required on high-performance aerospace parts such as jet engine turbine

blades or on parts that may leak, such as valves or pumps. Level III is considered the

industry standard for structurally critical components.
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Ultrasonic testing (UT) is also capable of detecting internal discontinuities and is 

specified for production castings. The ASTM specification includes seven levels of 

UT acceptance. The lower acceptance levels are more stringent and are typically 

reserved for machined surfaces subject to contact stresses, such as gear teeth. Level 3 

is considered the industry standard for structurally critical components. 

The areas to be covered by RT or UT are those adjacent to the junctions of: 

(1) The vertical flange and the horizontal flange.

(2) The vertical flange and the vertical stiffener.

(3) The horizontal flange and the vertical stiffener.

Magnetic particle testing (MT) is required to detect other forms of discontinuities 

on or near the surface of the casting. The ASTM specification includes five levels of 

MT acceptance. The lower levels are more stringent and are typically reserved for 

pressure vessels. Level V is considered the industry standard for structurally critical 

components. 

Shrinkage is one of the more commonly occurring internal discontinuities and is a 

result of metal contraction in the mold during solidification. Shrinkage is avoided 

using reservoirs of molten metal known as risers that compensate for the volumetric 

contraction during solidification. Numerical modeling of solidification and predic

tion of shrinkage have been the focus of a number of investigations performed in 

conjunction with the Steel Founders' Society of America (SFSA). Niyama et al. 

(1982) developed a criterion that relates the casting temperature gradient and cool

ing rate. Based on the Niyama criterion, Hardin et al. (1999) developed a correlation 

between casting simulation and radiographic testing. Subsequently, Carlson et al. 

(2003) determined that variation in internal porosity (shrinkage) was related to the 

pattern and rigging of the casting mold. 

Based on these conclusions, the provisions require RT and MT on the FAI of castings 

to verify that the pattern and rigging are capable of producing a satisfactory casting. 

Subsequent castings manufactured with the same pattern and rigging require UT and 

MT to verify production consistency. 

Research performed by Briggs (1967) on the effect of discontinuities found that cast

ings perform satisfactorily under loads in excess of service requirements even with 

discontinuities of considerable magnitude. Testing demonstrated fatigue and static 

failures occurred at the location of maximum stress regardless of the presence of 

discontinuities in other sections. 

6. Tensile Requirements

Coupons or keel blocks for tensile testing shall be cast and treated from the same

batch of representative castings. Each test specimen shall have complete documenta

tion and traceability. If the specimens fail to meet required specifications, then all the

castings they represent shall be rejected.
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A3. MANUFACTURER DOCUMENTS 

Submittal documents allow a thorough review on the part of the patent holder, engi

neer of record, the authority having jurisdiction, and outside consultants, if required. 
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FORGING REQUIREMENTS 

There is no Commentary for this Appendix. 
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Column design . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 5-18 

System requirements ............................................... 9.1-59 

V-braced and inverted V-braced frames ............................. 9.1-59 

K-braced frames ............................................ 5-4, 9.1-60 

Nonbuilding structures . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 5-3 

Width-to-thickness limitations ................................... 1-42, 9.1-61 

Ordinary moment frames ........................................... 4-3, 9.1-33 

Analysis ......................................................... 9.1-33 

Beam design ................................................. 4-14, 9.1-33 

Beam-to-column connections .................................... 4-17, 9.1-34 

Column design ............................................... 4-10, 9.1-33 

Comparison to IMF and SMF . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 4-230 

Demand critical welds .............................................. 9.1-34 

FR moment connections ............................................. 9.1-34 

PR moment connections ............................................. 9.1-35 
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Story drift and stability check . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 4-7 

Overstrength factor ................................................ 1-14, 9.1-9 

Performance goals. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-5 

Period ................................................................ 1-7 

Prequalified connection standard .......................................... 9.2-i 

Prequalification ...................................................... 9 .1-138 

Beam-to-column connections .................................. 9.1-138, 9.2-i 

Link-to-column connections ......................................... 9.1-138 

Protected zone ................................................... 1-23, 9.1-20 

Qualification 

Buckling-restrained braced frames .................................... 9.1-151 

Beam-to-column connections ........................................ 9.1-142 

Link-to-column connections ......................................... 9.1-142 

Quality assurance ............................................... 1-21, 9.1-127 

Quality control ................................................. 1-21, 9.1-127 

Reduced beam section moment connection ............................ 4-9 7, 9.2-14 

Redundancy factor . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-16 

Response modification coefficient .................................... 1-13, 9.1-1 

R = 3 applications . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-14, 3-2 

Response spectra. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-7 

R-factor (see Response modification coefficient)

Risk category . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-7 

Seismic design category . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . I -7 

Seismic force-resisting system 

Identification on drawings . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-27 

Seismic joints . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-18 

Seismic Provisions for Structural Steel Buildings ............................. 9.1-i 

Shear wall coupling . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 7-11 

Shop drawings ....................................................... 9 .1-124 

Special cantilever column systems ........................................ 9.1-57 

Width-to-thickness limitations . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-42 

Special concentrically braced frames ................................ 5-120, 9.1-62 

Analysis ................................................... 5-132, 9.1-63 

Beam design .......................................... 5-142, 5-158, 9.1-66 

Brace design .......................................... 5-121, 5-127, 9.1-66 

Column design . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 5-136, 9 .1-66 

Column splice design ......................................... 5-169 , 9.1-70 

Connection design .................... 5-175, 5-232, 5-259 , 5-337, 5-363, 9.1-67 

Demand critical welds .............................................. 9.1-67 
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System requirements . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 5-120, 9 .1-64 

Lateral force distribution ......................................... 9.1-64 

V-braced and inverted V-braced frames ....................... 5-121, 9.1-64 

K-braced frames ................................................ 9.1-65 

Tension-only frames ............................................. 9.1-65 

Width-to-thickness limitations .............................. 1-42, 5-121, 9.1-66 

Special moment frame ............................................ 4-34, 9.1-39 

Analysis ......................................................... 9.1-40 

Beam design ................................................. 4-49 , 9.1-43 

Beam flanges ..................................................... 9.1-43 

Column base ................................................ 4-204, 4-113 

Column design ............................................... 4-45, 9.1-43 

Column-beam moment ratio .......................................... 9.1-40 

Comparison to OMF and IMF ........................................ .4-230 

Connections ...................................................... 9 .1-44 

Beam-to-column connections ........................... .4-97, 4-120, 9.1-44 

Bolted flange plate connection ..................................... .4-120 

Column splices ........................................... 4-200, 9.1-50 

Conformance demonstration ...................................... 9.1-45 

Continuity plates ............................................... 9 .1-48 

Demand critical welds ........................................... 9 .1-44 

Panel zone .................................................... 9 .1-46 

Reduced beam section connection ................................... .4-97 

Required shear strength .......................................... 9.1-45 

Stability bracing at beam-to-column connections ..................... 9.1-42 

Stability bracing of beams ........................................... 9 .1-41 

Protected zones .................................................... 9 .1-4 3 

Story drift and stability check ......................................... .4-40 

Width-to-thickness limitations ................................... 1-42, 9.1-43 

Special plate shear walls ................................................ 9 .1-85 

Analysis ......................................................... 9.1-85 

Connections ...................................................... 9 .1-88 

Column splices ................................................. 9 .1-89 

Connections of webs to boundary elements .......................... 9 .1-89 

Demand critical welds ........................................... 9 .1-88 

HBE-to-VBE connections ........................................ 9.1-88 

Horizontal boundary elements ........................................ 9 .1-88 

Perforated webs ................................................... 9.1-89 

Protected zone .................................................... 9.1-88 
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System requirements ............................................... 9 .1-86 

Stiffness of boundary elements .................................... 9.1-86 

HBE-to-VBE connection moment ratio .............................. 9.1-87 

Bracing ....................................................... 9 .1-87 

Openings in webs ............................................... 9 .1-87 

Webs ............................................................ 9.1-87 

Width-to-thickness limitations ................................... 1-42, 9.1-87 

Special truss moment frames ...................................... 4-144, 9.1-52 

Analysis ......................................................... 9.1-52 

Special segment ................................................ 9.1-52 

Nonspecial segment. ............................................ 9.1-52 

Built-up chord members ............................................. 9.1-55 

Column design . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 4-170 

Connections ...................................................... 9.1-55 

Demand critical welds ........................................... 9.1-55 

Connections of diagonal web members in the special segment ........... 9.1-55 

Connections of truss to column .................................... 4-173 

Column splices ................................................. 9.1-55 

Truss chord splice . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 4-184 

Protected zones .................................................... 9.1-55 

Strength of special segment members ............................ 4-153, 9.1-54 

System requirements ............................................... 9.1-53 

Nonspecial segment. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 4-162 

Special segment ................................................ 9.1-53 

Stability bracing of trusses ........................................ 9.1-53 

Stability bracing of truss-to-column connections ...................... 9.1-53 

Stiffness of stability bracing ...................................... 9.1-54 

Width-to-thickness limitations ................................... 1-42, 9.1-55 

Specifications, codes and standards . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-4, 9 -1 

Stability bracing ...................................................... 9.1-17 

Stability design methods .................................................. 2-5 

Steel headed stud anchors. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1-36, 1-82 

Steel plate shear walls; see Special plate shear walls 

Stiffeners; see Continuity plates and stiffeners 

Story drift .......................................... 1-19 , 3-5, 4-7, 4-40, 4-150 

Structural modeling. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 2-8 

Gravity loads ...................................................... 2-14 

Stiffness of structural elements . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 2-8 

Strength of structural elements. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 2-8 

Wall overstrength ...................................................... 7-16 

AMERICAN INSTITUTE OF STEEL CONSTRUCTION 



13 

Weld access hole .................................................. 1-30, 1-39 

Welded joints ........................................................ 9.1-25 

Welding provisions. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 9 .1-6, 9 .2-10 

AWS D l.8 ........................................................ 1-24 

Demand critical welds .......................................... 1-22, 9.1-6 

Inspection ....................................................... 9 .1-130 

Notch toughness verification test ....................................... 9.1-5 

Width-to-thickness limitations; see Local buckling and specific systems 
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